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INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION

WORKING COMMISSION W18 - TIMBER STRUCTURES

MEETING THIRTY-TWO

GRAZ, AUSTRIA 23-25 AUGUST 1999

MINUTES
{F Lam)

1. CBAIRMAN’S INTRODUCTION

H.J Blass opened the meeting and welcomed the participants. He noted the name
change of CIB to International Council for Research and Innovation in Building and
Construction.

Prof. Riesberger, Dean of Faculty of Civil Engineering, Technical University of Graz
(TU), welcomed the participants and gave an introduction to the history of TU Graz.

Prof. Pischl, Head of Timber Structures Department Technical University of Graz,
welcomed the participants and presented a brief history of forestry and timber
engineering in Austria.

G.Schickhofer dealt with meeting organization matters.

H.J.Blass stated that a CIBW18 meeting in Austria was held in Vienna 1979. The
current 1999 meeting is the 2nd CIBW18 venue in Austria. Papers 32-12-1 and 32-
13-1 are canceled because the authors cannot attend the meeting. These papers will
not appear in the proceedings. Papers brought directly to the meeting will not be
accepted. Three late submissions, 32-5-1, 32-7-8, and 32-9-2 will be fitted into the
agenda. The presentations are limited to 15 minutes with 10 minutes discussion
period. Presenters are reminded that they should conclude presentation with
statements concerning impact of research to code applications. There are 9 topics
covered originally in this meeting: limit state design, stress grading, stresses for solid
timber, timber joints and fasteners, duration of load, laminated members, trussed
rafters, structural stability, and serviceability. Meeting proceedings are targeted to be
available by Christmas 1999,

2. CO-OPERATION WITH OTHER ORGANISATIONS
(a) RILEM
S.Thelandersson gave a brief discussion of RILEM timber related activities. He
reported that there are currently two timber groups in RILEM. A RILEM meeting

in Timber Engineering will be held in Stockholm Sept. 1999. Expecting 120
participants.



(b) CENTC 124 and TC 250

CEN - Activities in CEN on TC 124 Standards for Timber Structures and TC 250
Subcommittee 5 have been discussed.

H.J Larsen presented activities in TC 124: Seismic work has been included, two new
standards related to glued in rods and machine grading are under development and
will be included when ready. Revision of standards on measurement of Bending
Strength and Stiffness is also under discussion. A Leijten is the convenor for
working group 1 "Test Method" and the Fastener and Joint work group is looking
for a new convener.

H.J.Blass will retive from chairing TC 250 Subcommittee 5 by the end of the year and
J . Kénig will take over the chairmanship. J.Kénig gave a brief presentation of TC
250 subcommittee 5 activities and presented a timetable for conversion to EN
standard.

(¢) TUFRO $5.02

IUFRO S5.02 - F.Rouger replaced P.Hoffmeyer as the new convenor for IUFRO
55.02. He reported that [UFRO 5.02 meeting was intended for a small group of
40 to 50 people to present and discuss basic timber engineering and scientific
issues. The last JTUFRO 5.02 mecting was held 2 years ago. F.Rouger also
discussed the relationship between CIBW18 and IUFRO S5.02 and looks forward
to improve the collaboration between the two groups and reduce overlap.
H.J.Blass raised the question of the possibility of holding CIBW18 and IURFO
55.02 meetings in alternating years. Based on past record, it was rationalized that
the annual CIBW18 meeting format should be kept. And the group will attempt to
find a way to promote JUFRO S55.02 activities. F.Rouger suggested establishing a
common paper review committee to steer the papers to appropriate forum.

LIMIT STATE DESIGN

Paper 32-1-1  Determination of Partial Coefficients and Modification factors -
H.J Larsen, 8.5vensson, S.Thelandersson

Presenter: H.J. Larsen

- H.J.Blass asked whether wind loads were considered in the analysis.

- H.J.Larsen answered that wind loads were not considered and it would be useful to do
the analysis.

- A.Ranta-Maunus asked why a different DOL model was needed for panel material,

- H.J Larsen responded that the Foschi model did not work for o,<0.2 which is needed
for panel material,

- E.Karacabeyli asked why was the DOL model calibrated to Madison curve.

- H.J.Larsen responded that data with full size material were not available.

- I.Lam commented that although the shape of stress ratio versus log time curve from
the fitted DOL model looks correct, such curves based on N. American DOL data on full
size timber would intersect with the Madison curve at a time << 100 years.

- H.J Larsen said that the comments would be taken into consideration.
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- 8.Svensson said that the model was fitted to Madison curve and checked against some
available data from literature.

- E.Karacabeyli commented that the use of two models might impact on result
consistency.

- S.Thelandersson commented that exact shape of the curve might not matter as results
represented the behaviour well.

- A Ranta-Maunus asked why the mean values were compared.

- §.Thelandersson responded that comparison of ratios of short- and long-term 5% %tile
strengths approximately egualed similar ratios of mean strengths; therefore, mean
strength was used.

Paper 32-1-2  Design by testing Structural Timber Components - V.Enjily and
L. Whale

Presenter: V.Enjily

+ H.J.Blass questioned that if the procedure was based on timber component having
CV<8%, what would be needed for other timber components that might have CV>8%.

- V.Enjily responded that the procedure would not be not valid for cases with CV>8%.

« H.J.Larsen stated that the EC5 does not require sample size of 30. Also one might
have difficulties promoting the concept.

- V.Enjily responded that when timber properties could be considered as component
would be an important issue for this procedure.

- H.J.Larsen further questioned that whether CV<8% would be correct based on the
limited sample size.

STRESS GRADING

Paper 32-5-1  Actual Possibilities of the machine grading of timber - K. Frithwald
and A.Bernasconi

Presenter: K.Frithwald.

- H.J.Larsen pointed out that the detection of failure location would not be critical in
machine stress grading. He also questioned whether the machine performance or
machine settings in the different machines were responsible for the poor performance.

- K.Frithwald responded that the machine manufacturers would need to provide the
answer.

- R.Gorlacher pointed out that some of the machine used has settings for glulam
laminates not structural timber. The 1ssue of edgewise and flatwise application was not
considered with these machines.

- G.Schickhofer responded that tensile tests were also performed.

- F.Rouger pointed out that the new version of CEN519 is better than the old version
and output of machine is important.

Paper 32-5-2  Detection of severe timber defects by machine grading -
A.Bernasconi, L. Bostrom, B.Schacht

Presenter: A.Bernasconi.

- F.Rouger discussed the intent to create distribution of grades.
- A.Bernasconi stated that it would be a possible safety concern if severe defects were
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missed.
- P.Quenneville questioned whether any of the defects were more problematic,
- A.Bernasconi responded prebroken specimen.
S.Thelandersson pointed out that this study clearly confirmed the general
misconception that the tails of MSR timber strength distributions were truncated.
- M.Ansell stated that image analysis might be used for grain deviation detection.

STRESSES FOR SOLID TIMBER

Paper 32-6-1  Development of high-resistance glued Robinia products and an
attempt to assign such products to the European system of strength
classes - G.Schickhofer, B.Obermayr

Presenter: G.Schickhofer

- H.J.Blass pointed out that the procedure to set characteristic bending strength to /0.6
of characteristic tensile strength might not be conservative because the 0.6 factor was
intended to be used to conservatively convert characteristic tensile strength to
characteristic bending strength and not the other way around.

- C.Mettem discussed the use of hardwood.

- A Jorissen questioned how the quality of test material was selected.

- (G.Schickhofer responded that the quality of test material was determined by the
supplier.

- B.J.Yeh commented the COV seemed high.

- G.Schickhofer responded that most beams failed in the finger joints.

- A.Ceccotti informed that hardwood such as Chestnut would also be used in Italy.

Paper 32-6-2  Length and load configuration effects in the code format - T.Isaksson
Presenter: T.Isaksson

- 'T.D.G.Canisius discussed the general application of the method in design such as 2 and
3 spans situations,

- T.Isaksson responded that theory was statistical effect based and could be applied to
complicated loading.

- A Jorissen questioned how the strength of reference length determined.

- T.Isaksson responded that bending tests with 2 loading points were used.

Paper 32-6-3  Length effect on the tensile strength of truss chord members - F.Lam
Presenter: F.Lam

- B.J.Yeh asked whether the reduction in COV of series system was considered.

- F.Lam responded that the simulation procedures directly took it into account.

- T.D.G.Canistus requested the presenter to comment on the difference in safety level
and snow load return period between EU and N. America.

- F.Lam responded that different regions/countries should set their own safety level and
the loading return period. In Canada the timber code adopted a safety level equivalent to
the steel code and the retumn period for snow was 30 years.

- S.Thelandersson asked how was the k factor determined .

- F.Lam discussed the use of Equation 10 to establish k from a minimization of error

4



procedure.

- A Ranta-Maunus questioned whether the conclusion from this paper that length effect
was most important for long span cases contradicted with the conclusion from paper 32-
6-4 that length effect was most important for short span cases.

- F.Lam responded that there was no contradiction because the conclusion from current
paper was based on the decrease in strength with increase in length (point of view of
safety} and the conclusion from paper 32-6-4 was based on the increase in strength with
decrease in length (point of view of utilization).

Paper 32-6-4  Tensile strength perpendicular to grain of glued laminated timber -
H.J. Blass, M.Schmid

Presenter: M.Schmid

+ S.Svensson questioned whether climatic treatment was considered as tension strength
perpendicular to grain would be very sensitive to climatic changes.
- M.Schmid responded that the climatic condition was under normal laboratory
condition and it was almost constant. The material was left in the ab for a long time.
- (3.8chickhofer commented on the code applications.
- M.Schmid responded that the tension strength perpendicular to grain is strength class
independent
- H.J1.Blass added that the tension strength perpendicular to grain is very low and one
should detail structures so that it would not depend on tension strength perpendicular to
grain.
- P.Quenneville asked for an explanation of why the previous findings that tensile
strength perpendicular to grain was dependent on density differ from current findings.
- H.J.Blass responded that solid database were not available before.
- A Jorissen asked whether fracture mechanics approach was used.
- M. Schmid responded that it was not tried.

A Ranta-Maunus added that the past database that showed tensile strength
perpendicular to grain was dependent on density was based on clear wood data.

Paper 32-6-5  On the reliability-based sirength adjustment factors for timber design
- I.D.G. Canisius

Presenter: T.D.G.Canisius
- No discussions.
TIMBER JOINTS AND FASTENERS

Paper 32-7-1  Behaviour of wood-steel-wood bolted glulam  connections -
M. Mohammad, J H.P.Quenneville

Presenter: J.H.P.Quenneville

- H.J Larsen commented that with 6 mm displacement the failure mode should be
considered as bearing (B) rather than row shear (RS) failures.

- P.Quenneville agreed that Table 2 group 2 should be identified as B/RS failures.
Capacities based on RS predictions should be close to those based on B predictions. The
predicted capacities of Group 2 might be increased.
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- AlJorissen questioned whether RS as a group was observed in cases with close row
spacing of 5d.

- P.Quenneville responded that RS as a group was not observed in those cases as
specimen thickness also would have an impact.

- AJorissen discussed the single fastener connection strength and the redistribution of
load.

- P.Quenneville responded that some localized ductility was possible.

- H.J Larsen cautioned that the theory and recommendations were based on test results
mean values with sample size of 10 only.

- I .Karacabeyli asked whether the findings could be extrapolated to large bolt diameter
cases.

- P.Quenneville responded that it would depend on the ductility or localized breaking.

- AlJorissen pointed out that one of the equations could tead to negative shear capacity.

- P.Quenneville agreed that the equation did not have a lower bound and would look into
1t.

- C.Mettem discussed the issue of tension strength perpendicular to grain.

- A Mischler guestioned whether the strength of the bolts was measured.

- P.Quenneville responded that the strength of the bolts was not measured. They were
Grade 2 bolts.

- A Mischler pointed out that without measuring the strength of the bolts might lead to
dangerous situation if different grades of steel were used.

- M.Ansell commented that the choice of yield stress for steel would have an impact.

- P.Quenneville responded that only mild steel would be permitted in the Canadian
Code.

Paper 32-7-2 A new set of experimental ltests on beams loaded perpendicular-to-
grain by dowel-type joints - M. Ballerini

Presenter: M.Ballerini

- A Leijten questioned whether the failure was governed by compression perpendicular
to grain rather than tension perpendicular to grain. If so the Van der Put model for
compression perpendicular to grain would fit the data well.

- M.Ballerini responded that the forms of the Van der Put formulae for compression and
tension perpendicular to grain failures were similar. The only difference was the use of
either compression or tension perpendicular to grain strength values in the respective
equation.

- C.Mettem commented that modification factors for perpendicular to grain applications
would also be available from TRADA.

- P.Quenneville asked where was the location of the split with respect to the bolt.

- M.Ballerini responded that the splits generally were located from mid diameter of the
bolt to the compression side of the bolt.

Paper 32-7-3  Design and analysis of bolted timber joints under lateral force
perpendicular to grain - M. Yasumura, L. Daudeville

Presenter: M.Yasumura

- Brief discussion took place on the yield strength of the connection and embedment
strength of the bolt.



Paper 32-7-4  Predicting capacities of joinis with laterally loaded nails - L.Smith,
JH.P.Quenneville

Presenter: J.IHL.P.Quenneville

- C.N.Fouepe asked the applicability of the results to tropical hard wood.

- H.J.Blass commented that for high-density tropical hardwood pre-drilling would be
needed before nailing. Also embedment strength data for high-density tropical hardwood
would be needed. Otherwise the equations should still be valid.

- E.Karacabeyll asked about the applicability of the results to plywood to wood
connections.

- LH.P.Quenneville responded that the results would be valid for timber to timber
connections only.

Paper 32-7-5  Strength reduction rules for multiple fastener joints - A.Mischler,
E.Gehri

Presenter: A.Mischler

- H.J.Blass asked for clarification of the title of the paper in relation to the conclusions.

- A.Mischler responded that the dowel slenderness ratio has a major influence on
strength capacity of dowel.

- P.Quenneville asked which cases listed in Table 3 were ductile.

- A Mischler responded that 10d/10d and 10d/7d cases were very ductile.

- AlJorissen discussed and clarified that timber to timber joints were previously studied
which differed from the current steel to timber connections. Timber to timber joints
would tend to have higher ductility than steel to timber joints, In the past study sample
size of 140 were used and only 2 cases were brittle failures,

- A Jorissen asked whether the values reported in Table | were test results.

- A .Mischler responded that they were test results but Johansen theory fitted the results
well,

- Detailed discussion took place on the difference in results between timber to timber
connection and steel to timber connection with respect to the influence of the side
members.

- A.Leijten questioned whether embedment tests could replace connection tests.

- H.J.Blass said that it would be end distance dependent. He also questioned whether
the same level of confidence can be expected in the cases of I dowel in line (N=25) and
3 dowels in line (N=5).

- A.Mischler responded that this was considered by density matching of the test
specimens in the single and mulfiple specimen groups.

- P.Quennevitle asked about the use of same tolerance in the paraliel and perpendicular
directions

- A Mischler clarified that in slender dowels one could balance the tolerance in the
parallel and perpendicular directions. This was not the case for non-slender dowels.

Paper 32-7-6  The stiffness of multiple bolted connections - A.Jorissen
Presenter: A Jorissen
- A.Ceccotti asked which density value was used in EC3 predictions and test result

comparisons.
- A.Jorissen responded that an equation in EC5 was used for density adjustments.
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- A.Leijten discussed the issue of serviceability versus ultimate limit state 1ssues n
boited joints,
- A Jorissen responded that there was no additional friction from washers.

Paper 32-7-7  Conceniric loading tests on givder truss components - T.N.Reynolds,
A.Refford, V. Enjily, L.Whale

Presented by T.N.Reynolds

- A Leijten raised a question on the relatively short span of 60 cm with respect to the 40
em long metal plate and pointed out that the sample size was limited. He also
questioned the use of a 2.5 factor to obtain characteristic values, which were not based
on material test properties.
- T.N.Reynolds and V.Enjily responded that the study allowed the design formula to be
evaluated. Furthermore additional test results on 16 girder trusses were conducted but
not included in the present paper and the 2.5 factor was used to convert the girder truss
results to be used in the current study.
- 8. Thelandersson stated that the span influence should be addressed.
- T.N.Reynolds and V.Enjily responded that the observed failure mode in this study was
representative in truss applications. They tried spans of 1.6 to 1.8 m but the failure
modes were found to be dominated by bending and shear failures.
- C.N.Fouepe suggested that FEM approach could be used to analyze the system.
- P.Quenneville suggested the use of Ehlbeck formula for dowel.

T.N.Reynolds responded that the metal plate situation differ from the dowel
application which would have stress concentration.
- §.Svensson stated that all test results should be shown and information on the variation
of data should be provided.
- M.Ansell suggested the nail plate could be made full depth to eliminate the problem.
- T.N.Reynolds responded that similar recommendations were made to the industry.
- H.J.Blass asked why the reinforcement plate were not moved closer together in view of
the failure mode of the unreinforced cases.
- T.N.Reynolds responded that the failure mode of the unreinforced cases was not
known apriori and the placement of the reinforcement plates was based on industry
recommendations which provided only temporary arrest of the failure.
- H.J.Blass stated that the reinforcement plates could be used in other situation such as
notched beams and split area. However, design formula would be required.
- V.Enjily agreed and added that in Australia reinforcement plates were used in shear
applications. The suggestion of using large plate was rejected because large presses
were not available.

Paper 32-7-8  Dowel type connections with slotted-in steel plates - M.U.Pedersen,
C.0.Clorius, L.Damkilde, P.Hoffmeyer, L.Esklidsen

Presenter: M. U .Pedersen

- H.J.Blass asked how were the My values obtained.

- M.U.Pedersen responded that they were measured by 3 point bending of the dowel
upto 35 degree.

- H.J.Blass cominented that since the connection test did not reach the same level of
rotation, one should consider using smatler My values in the model.

- A Jorissen asked and received clarification that Johansen theory was used.

- H.J.Blass asked about the procedures used to consider oversize holes.
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- M.U Pedersen responded that the stresses in one of the direction were removed in the
analysis to account for the oversized hole.

Paper 32-7-9  Creep of nail plate reinforced bolt joints - J. Vesa, A. Kevarinmaki
Presenter: J.Vesa

- H.J.Blass commented that both the metal nail plate and the timber joint carried the
loads. He asked whether the load sharing between the metal nail plate and the timber
joint would change over time in a creep test.

+ J.Vesa responded that it was not likely as the metal nail plate was much stiffer than the
timber joint,

Paper 32-7-10  The behaviour of timber joints with ring connectors - E.Gehri,
A.Mischler

Presenter; A Mischler

- H.J.Blass commented that the paper content has severe deficiencies as previous work
by other researchers were ignored and in some cases the interpretation of past results
were incorrect. The paper in its present form would need major revisions before it
would be allowed to appear in the proceedings.

- A Mischier responded that he wiil discuss the issue with the first author.

+ J.H.P.Quenneville also suggested that the author should examine some of the past
research in UK and Canada.

Paper 32-7-11  Non-metallic, adhesiveless joints for timber structures - R.D.Drake,
M.P.Ansell, C.J. Mettem, R.Bainbridge

Presenter: M.P. Ansell

- H.J.Blass asked how were the dowels nstalled.

* ML.P.Ansell responded that the dowels were installed using a press.

- H.J.Larsen commented that this was an interesting test material and asked about the
bending properties of the dowel.

* M.P.Ansell responded that the dowels were tested in shear mode to obtain their
"bendmg" properties. It was felt that this mode of testing was appropriate after
observing the failure mode of the dowels in a joint.

- H.J.Larsen commented that the use of Johansen theory based on shear failure might not
be appropriate

- F.Lam asked whether there were plans to conduct cyclic tests.

- M.P.Ansell responded that at the moment no cyclic tests of the connection were
available but there were fatigue test results in other applications.

- [1.J.Blass asked about the cost of the dowels.

- M.P.Ansell responded that the cost were similar to steel.

- H.J.Blass asked about the reserved capacity in relation to the observed shear failure.

* M.P.Ansell responded that the dowel is irreversible at high loads.

- A Jorissen asked about the post peak load response and failure mechanism.

* M.P.Ansell responded that the connection would absorb significant amount of energy
at high loads based on its failure mechanism.

- E Karacabeyli asked whether this dowel could be made into a bolt.

- M.P.Ansell responded that it would be possible.
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Paper 32-7-12  Effect of spacing and edge distance on the axial strength of glued-in-
rods - H.J.Blass, B.Laskewitz

Presenter: B.Laskewilz

- C.N.Fouepe commented that the findings of distance > 5d would fit with theoretical
results of orthrotropic material.

- A Jorissen asked how to obtain characteristic values based on regression equation.

- B.Laskewitz responded that the number of test was small but regression analysis was
appropriate.

- H.I.Blass added that more test results will be available later from the European Project.
- A Jorissen commented that r* values were low.

- B.Laskewitz respondeﬁd that density information could also be used to perform multipie
regression to improve r°,

- B.J.Ych asked whether environmental conditions were considered.

- B.Laskewitz responded that yes there are test results.

- C.N.Fouepe asked what are the failure modes.

- B.Laskewitz responded that mixed adhesive and wood failures were observed in each
failed specimen with mostly wood failure.

- B Karacabeyli commented that improving t* in equation would be needed.

- A Jorissen commented that splitting of wood might be due to tension perpendicular to
grain stresses.

- H.J.Blass responded that high strength steel was used to get the failure mode. Mild
steel could be used to get more ductile connection.

Paper 32-7-13  Evaluation of material combinations for bonded in rods to achieve
improved timber connections - C.J.Mettem, R.Bainbridge, K.Harvey,
M.P.Ansell, J.G.Broughton, A.R. Hutchinson

Presenter: C.J.Metten

- §.Svensson received clarification from C.J.Metten on the HDT* values in Table 8.

DURATION OF LOAD

Paper 32-9-1  Bending-stress-redistribution caused by different creep in tension and
compression and resulting DOL-effect - P. Becker, K. Rautenstrauch

Presenter: P.Becker

- H.J.Larsen severely questioned the basic assumptions made in the paper.

- §.Thelandersson agreed with H.J.Larsen that the principle of linear viscoelasticity
theory would not be appropriate in this case.

- H.J Larsen stated that the results may be acceptable only if limitations were put on the
approach based on the assumed stress strain relationship and not generalised to
application to timber.

- A.Ranta-Maunus commented that non-linear creep model was used in VIT. Results
were presented a few years ago in Copenhagen. The results also showed minor
mfluence on DOL.

- M.Ansell agreed with the point that initial damage was compression and ultimate
failure was in tension.
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- F.Rouger also pointed out that since the influence on DOL was insignificant; therefore,
the title of the paper was inappropriate.

Paper 32-9-2 The long term performance of ply-web beams - R.Grantham, V.Enjily
Presenter: R.Grantham

- P.Becker commented that the creep recovery period was too short.

- R.Grantham agreed but pointed out that there were funding limitations.

- H.J.Larsen stated that comments and reference to EC5 should be revised to reflect
design values 1ssue.

- S.Svensson questioned about the influence on climatic data to results.

- R.Grantham and V.Enjily responded that there was insufficient detailed climatic data
to allow comparisons; therefore, the formula only accounted for time effects and did not
account for climate.

- S.Svensson commented that the results would be highly dependent on climatic
conditions.

- V.Enjily responded that additional results were available from a different study.

- A.Ranta-Maunus stated that shear creep is much more significant than bending creep in
pane! material; therefore, l-beam would be especially susceptible to creep under
permanent loads.

+ V.Enjily stated that creep in I-beam rather than creep of individual elements was
measured.

- M.U.Pedersen commented that the change in deformation resulted from drying
shrinkage on the compression side.

- C.Mettem discussed issues on web buckling and depth of web member. He also
commented that report on component-based properties rather than material properties
might cause difficulties for application to design.

- R.Grantham responded that fateral web buckling was not observed.

* F.Rouger asked and received clarification on the calculation of design load.

LAMINATED MEMBERS

Paper 32-12-1  The bending stiffness of nail-laminated timber elements in transverse
direction - 1. Wolf, O.Schafer

Presenter: T.Wolf

- H.J.Blass asked and received clarification that the withdrawal information of nails was
based on measurements conducted in another institution.
- H.J.Blass commented that the deformation of 2 to 3 mm was high and head side
deformation should aiso be considered.

P.Quenneville asked and received clarification that repeated loading was not
considered.
- G.Schickohfer disagreed with the use of concrete model analogy.
- B.Mohr stated permanent load should not be applied to nails.
- H.J.Blass clarified that permanent load should not be applied to smooth shank nail
only.
- G.Schickhofer further stated that these members should be considered as one span
elements without plate action.
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TRUSSED RAFTERS

Paper 32-14-1  Analysis of timber reinforced with punched metal plate fasteners -
J. Nielsen

Presented by J. Nielsen

- H.J.Blass asked whether the installation of nail plates would have a weakening effect
from the nails cutting the wood fibers.

- I.Nielsen stated that this would be an issue with thick nail plates.

- S.Thelandersson asked about the use of grading method.

- I.Nielsen responded that the material was visually graded

- §.Thelandersson further commented that machine grading could be used to develop
matched sample group.

- ] Nielsen responded that the material was density/weight matched.

- F.Lam asked about the compression failure mode and stated that reinforcement on the
tension side would not help the situation.

- P.Quenneville stated that 4 point bending should be used to eliminate the compression
problem.

- I.Nielsen agreed.

- S.Svensson questioned and received clarification on load deformation curves,

- P.Quennevilie suggested that characteristic strength might be increased by reinforcing
defects rather the entire section.

- E.Karacabeyli asked 1f the use of a bigger plate would affect results.

- I.Nielsen responded that moment capacity would be different.

- AlJorissen stated that the linear model could not predict large deformation due to
compression failure.

- L.Nielsen agreed and this would be a research topic in the future.

STRUCTURAL STABILITY

Paper 32-15-1  Three-dimensional interaction in stabilization of multi-storey timber
frame buildings - S.Andreasson

Presenter: S.Andreasson

- B Killsner questioned the procedure that calibrated the model directly to full scale wall
tests rather than fastener load slip information. He pointed out that the calibrated model
would be specific to the full scale wall tests because the stiffness of the structure is
sensitive to the location and distribution of fasteners within a system and the application
of dead load during testing.

- A.Andreasson responded that the smear action of fastener was considered and single
fastener based model calibration was difficult.

- ¥.Lam agreed that although single fastener based model calibration procedures were
more difficult, past work at UBC are successful examples.

Paper 32-15-2  Application of capacity spectrum method to timber houses - N.Kawai
Presenter: N.Kawai

- M.Yasumura asked and received clarification of the procedures used to establish heq
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12,

values and suggested that higher cycles rather than the first cycle 1n the load deformation
curves of cyclic tests could be used to establish heq values.

Paper 32-15-3  Design methods for shear walls with openings - C.Ni, E . Karacabeyli,
A.Ceccotii

Presenter: E.Karacabeyl:

-V Enjily received clarification of the term vd.

- M.Yasamura asked about the applicability of the procedures to multi-story systems.

- E.Karacabeyli responded that the design procedures could be applied to multi-story
system based on a story to story approach.

- H.J.Larsen received clarification of the formula J with respect to both loading
directions.

- §.Thelandersson asked about the applicability of the procedures to serviceability rather
than capacity.

- E.Xaracabeyli and A.Ceccotti responded that stiffness and displacement work was not
considered here. More analyses would be needed.

Paper 32-15-4  Static cyclic lateral loading tests on nailed plywood shear walls -
K. Komatsu, K.H Hwang, Y.Itou

Presenter: K.Komatsu

- A.Cecotti asked about the procedures to get ductility-based force reduction factor
based on a static analysis.

- K. Komatsu responded that the Japanese system would only require static cyclic results
and would not need ductility-based force reduction factor.

- F.Lam asked and received clarification that only envelope curves from static cychic test
results were shown.

SERVICEABILITY

Paper 32-20-1  Floor vibrations - B.Mohr

Presenter: B.Mohr

: Tc.iDi.G.Canisius asked whether experiment data were used to calibrate simplified
model.

- B.Mohr responded that the simplified model was compared to FEM results.

OTHER BUSINESS

V.Enjily asked and received clarification from J.Ehlbeck that there is no connection
between CIBWI18 and RILEM activities on metal hardware fasteners.

H.J .Blass reminded the participants to send in the corrected final version of the paper
within 4 weeks as a printed master copy. The title page should reflect the new name
change of CIB W18. H.J.Blass also suggested that for participants who are not currently
a member of CIBW18 to consider becoming official members.
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14.

VENUE AND PROGRAM FOR NEXT MEETING
TU Delft Netherlands will be the venue for the 33" CIBW18 meeting during the week
of August 28, 2000 to September 1, 2000. It will again be a 3 day meeting with 2.5 days

of technical session and half day for technical excursion.

The venue for the 34" CIBW18 meeting is provisionally set in the Ist week of
September 2001 in Venice Italy.

The venue for the 35" CIBWI18 meeting is provisionally set in the 1" week of
September 2002 in Japan.

H.J.Blass thanked Prof. Pischl, Prof. Schickhofer, and the staff of TU Graz for
successfully hosting the 33™ CIBW18 meeting and will be looking forward to future
cooperation.

The 33" CIBW 18 meeting was closed (1500).

CLOSE
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4-10-2 Calculation of Timber Beams Subjected to Bending and Normal Force -
H J Larsen
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Bending Strength of Glulam Beams, a Design Proposal - F Ehibeck and I Colling

Glulam Beams, Bending Strength in Relation to the Bending Strength of the
Finger Joints - H Riberholt

Shear Strength of Continuous Beams - R H Leicester and F G Young

The Strength of Norwegian Glued Laminated Beams - K Soll,
I3 Aasheim and R H Falk

The Influence of the Elastic Modulus on the Simulated Bending Strength of
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Glulam Standard Part 1: Glued Timber Structures; Requirements for Timber
(Second Draft)

Experiments to Provide for Elevated Forces at the Supports of Wooden Beams
with Particular Regard to Shearing Stresses and Long-Term Loadings - F
Wassipaul and R Lackner

Two Laminated Timber Arch Railway Bridges Built in Perth in 1849 - L G Booth

Consideration of Combined Stresses for Lumber and Giued Laminated Timber -
K Mohler

Consideration of Combined Stresses for Lumber and Glued Laminated Timber
(addition to Paper CIB-W18/9-6-4) - K Mdohler

Gluiam Standard Part 2: Glued Timber Structures; Rating (3rd draft)
Glulam Standard Part 3: Glued Timber Structures; Performance (3 rd draft)
Glutam Standard Part 3: Glued Timber Structures; Performance (4th draft)
Proposals for CEI-Bois/CIB-W18& Glulam Standards - H J Larsen

Guidelines for the Manufacturing of Glued Load-Bearing Timber Structures -
Stevin Laboratory

Double Tapered Curved Glulam Beams - H Riberholt

Comment on CIB-W18/14-12-3 - E Gehri

Report on European Glulam Control and Production Standard - H Riberholt
Longitudinal Shear Design of Glued Laminated Beams - R O Foschi
Strength of Glued Laminated Timber - J Ehlbeck and F Colling

Strength Model for Glulam Columns - H J Blaf}

Influence of Volume and Stress Distribution on the Shear Strength and Tensile
Strength Perpendicular to Grain - ¥ Colling

Time-Dependent Behaviour of Glued-Laminated Beams - ¥ Zaupa

Modulus of Rupture of Glulam Beam Composed of Arbitrary Laminae -
K Komatsu and N Kawamoto

An Appraisal of the Young's Modulus Values Specified for Glulam in
Eurocode 5- L RJ Whale, B O Hilsonand P D Rodd

The Strength of Glued Laminated Timber (Gluiam): Influence of Lamination
Qualities and Strength of Finger Joints - J Ehlbeck and F Colling

Comparison of a Shear Strength Design Method in Eurocode 5 and a More
Traditional One - H Riberholt

The Dependence of the Bending Strength on the Glued Laminated Timber Girder
Depth - M Badstube, W Rug and W Schéne

Acid Deterioration of Glulam Beams in Buildings from the Early Half of the
1960s - Prelimination summary of the research project; Overhead pictures -
B A Hedlund

Experimental Investigation of normal Stress Distribution in Glue Laminated
Wooden Arches - Z Miclczarek and W Chanaj

Ultimate Strength of Wooden Beams with Tension Reinforcement as a Function
of Random Material Properties - R Candowicz and T Dziuba

Bending Strength of Glulam Beams, a Design Proposal - J Ehlbeck and F Colling
Probability Based Design Method for Glued Laminated Timber - M F Stone
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Glulam Beams, Bending Strength in Relation to the Bending Strength of the
Finger Joints - H Riberholt

Glued Laminated Timber - Strength Classes and Determination of Characteristic
Properties - H Riberholt, J Ehlbeck and A Fewell

Contribution to the Determination of the Bending Strength of Glulam Beams
- I Colling, J Ehlbeck and R Gérlacher

Influence of Perpendicular-to-Grain Stressed Volume on the Load-Carrying
Capacity of Curved and Tapered Glulam Beams - J Ehlbeck and J Kiirth

Determination of Characteristic Bending Values of Glued Laminated Timber. EN-
Approach and Reality - E Gehri

Norwegian Bending Tests with Glued Laminated Beams-Comparative
Calculations with the "Karlsruhe Calculation Model” - E Aasheim, K Solli,
F Colling, R H Falk, J Ehlbeck and R Gérlacher

Simulation Analysis of Norwegian Spruce Glued-Laminated Timber -
R Hernandez and R H Falk

Investigation of Laminating Effects in Glued-Laminated Timber - ¥ Colling and
R H Falk

Comparing Design Results for Glulam Beams According to Eurocode 5 and to the
French Working Stress Design Code (CB71) - F Rouger

State of the Art Report: Glulam Timber Bridge Design in the U.S. - M A Ritter
and T G Williamson

Common Design Practice for Timber Bridges in the United Kingdom -
C J Mettem, ] P Marcroft and G Davis

Influence of Weak Zones on Stress Distribution in Glulam Beams - E Serrano and
H J Larsen

Determination of Characteristic Bending Strength of Glued Laminated Timber -
E Gehri

Size Factor of Norwegian Glued Laminated Beams - E Aasheim and K H Solli
Design of Glulam Beams with Holes - K Riipola

Compression Resistance of Glued Laminated Timber Short Columns- U Korin
Development of Efficient Glued Laminated Timber - G Schickhofer
Experimental Investigation and Analysis of Reinforced Glulam Beams - K Oiger

Depth Factor for Glued Laminated Timber-Discussion of the Eurocode 5
Approach - B Kéllsner, O Carling and C J Johansson

The bending stiffness of nail-laminated timber elements in transverse direction-
T Wolf and O Schiifer

PARTICLE AND FIBRE BUILDING BOARDS
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Fibre Building Boards for CIB Timber Code (First Draft)- O Brynildsen

Determination of the Bearing Strength and the Load-Deformation Characteristics
of Particleboard - K Méhier, T Budianto and J Ehlbeck

The Structural Use of Tempered Hardboard - W W L Chan

Tests on Laminated Beams from Hardboard under Short- and Longterm Load -
W Nozynski
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11-13-2 Determination of Deformation of Special Densified Hardboard under Long-term
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11-13-3 Determination of Deformation of Hardboard under Long-term Load in Changing
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21-13-1 Design Values for Nailed Chipbeard - Timber Joints - A R Abbott

25-13-1 Bending Strength and Stiffness of Izopanel Plates - Z Mielczarek

28-13-1 Background Information for "Design Rated Oriented Strand Board (OSB)" in
CSA Standards - Summary of Short-term Test Results - E Karacabeyli, P Lau, C R
Henderson, F V Meakes and W Deacon

28-13-2 Torsional Stiffness of Wood-Hardboard Composed [-Beam - P Olejniczak
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4-9-1 Long-term Loading of Trussed Rafters with Different Connection Systems -
T Feldborg and M Johansen

6-9-3 Deflection of Trussed Rafters under Alternating Loading During a Year -
T Feldborg and M Johansen

7-2-1 Lateral Bracing of Timber Struts - J A Simon

9-14-1 Timber Trusses - Code Related Problems - T F Williams
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J A Simon
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12-14-1 A Simple Design Method for Standard Trusses - A R Egerup
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14-14-2 Truss-Plate Modelling in the Analysis of Trusses - R O Foschi

14-14-3 Cantilevered Timber Trusses - A R Egerup

14-7-5 The Effect of Support Eccentricity on the Design of W- and WW-Trusses with
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Bracing Caleulations for Trussed Ratter Roofs - H I Burgess

The Design of Continuous Members in Timber Trussed Rafters with Punched
Metal Connector Plates - P O Reece

A Rafier Design Method Matching UK. Test Results for Trussed Rafters -
FH 1 Burgess

Full-Scale Tests on Tumber Fink Trusses Made from Irish Grown Sitka Spruce -
V Picardo

Data from Full Scale Tests on Prefabricated Trussed Rafters - V Picardo
Simplified Static Analysis and Dimensioning of Trussed Rafters - H Riberholt
Simplified Calculation Method for W-Trusses - B Kéllsner

Simplified Calculation Method for W-Trusses (Part 2) - B Killsner

Model for Trussed Rafter Design - T Poutanen

Annex on Simplified Design of W-Trusses - H J Larsen

Simplified Static Analysis and Dimensioning of Trussed Rafters - Part 2 -
H Riberholt

Joint Eccentricity in Trussed Rafters - T Poutanen

Some Notes about Testing Nail Plates Subjected to Moment Load - T Poutanen
Moment Distribution in Trussed Rafters - T Poutanen

Practical Design Methods for Trussed Rafters - A R Egerup

Guidelines for Design of Timber Trussed Rafters - H Riberholt

Analyses of Timber Trussed Rafters of the W-Type - H Riberholt

Proposal for Eurocode 5 Text on Timber Trussed Rafters - H Riberholt

Capacity of Support Arcas Reinforced with Nail Plates in Trussed Rafters -
A Kevarinméki

Moment Anchorage Capacity of Nail Plates in Shear Tests - A Kevarinmaki and
I. Kangas

Design Values of Anchorage Strength of Nail Plate Joints by 2-curve Method and
Interpolation - J Kangas and A Kevarinmaksi

Test of Nail Plates Subjected to Moment - E Aashetm
Moment Anchorage Capacity of Nail Plates - A Kevarinméki and J Kangas

Rotational Stiffness of Nail Plates in Moment Anchorage - A Kevarinmaki and
J Kangas

Solution of Plastic Moment Anchorage Stress in Nail Plates - A Kevarinmaki
Testing of Metal-Plate-Connected Wood-Truss Joints - R Gupta

Simulated Accidental Events on a Trussed Rafter Roofed Building - C J Mettem
and J P Marcroft

The Stability Behaviour of Timber Trussed Rafter Roofs - Studies Based on
Eurocode 5 and Full Scale Testing - R J Bainbridge, C J Mettern, A Reffold and
T Studer

Analysis of Timber Reinforced with Punched Metal Plate Fasteners- J Nielsen
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8-15-1 Laterally Loaded Timber Columns: Tests and Theory - H J Larsen

13-15-1 Timber and Wood-Based Products Structures. Panels for Roof Coverings.
Methods of Testing and Strength Assessment Criteria. Polish Standard BN-
78/7159-03

16-15-1 Determination of Bracing Structures for Compression Members and Beams -
H Briininghoff

[7-15-1 Proposal for Chapter 7.4 Bracing - H Briininghoff

17-15-2 Seismic Design of Small Wood Framed Houses - K F Hansen

18-15-1 Full-Scale Structures in Glued Laminated Timber, Dynamic Tests: Theoretical and
Experimental Studies - A Ceccotti and A Vignoli

18-15-2 Stabilizing Bracings - H Briininghoff

19-15-1 Connections Deformability in Timber Structures: a Theoretical Evaluation of its
Influence on Seismic Effects - A Ceccotti and A Vignoh

19-15-2 The Bracing of Trussed Beams - M H Kessel and J Natterer

19-15-3 Racking Resistance of Wooden Frame Walls with Various Openings -
M Yasumura

19-15-4 Some Experiences of Restoration of Timber Structures for Country Buildings -
G Cardinale and P Spinelli

19-15-5 Non-Destructive Vibration Tests on Existing Wooden Dwellings
- Y Hirashima

20-15-1 Behaviour Factor of Timber Structures in Seismic Zones. - A Ceccotti and
A Vignoli

21-15-1 Rectangular Section Deep Beam - Columns with Continuous Lateral Restraint -
HJ Burgess

21-15-2 Buckling Modes and Permissible Axial Loads for Continuously Braced Columns-
HJ Burgess

21-15-3 Simple Approaches for Column Bracing Calculations - H J Burgess

21-15-4 Calculations for Discrete Column Restraints - 11 J Burgess

21-15-5 Behaviour Factor of Timber Structures in Seismic Zones (Part Two)
- A Ceccotti and A Vignoli

22-15-1 Suggested Changes in Code Bracing Recommendations for Beams and Columns -
H J Burgess

22-15-2 Research and Development of Timber Frame Structures for Agriculture in Poland-
S Kus and J Kerste

22-15-3 Ensuring of Three-Dimensional Stiffness of Buildings with Wood Structures -
A K Shenghelia

22-15-5 Seismic Behavior of Arched Frames in Timber Construction - M Yasumura

22-15-6 The Robustness of Timber Structures - C J Mettem and J P Marcroft

22-15-7 Influence of Geometrical and Structural Imperfections on the Limit Load of Wood
Columns - P Dutko

23-15-1 Calculation of a Wind Girder Loaded also by Discretely Spaced Braces for Roof
Members - H J Burgess

23-15-2 Stability Design and Code Rules for Straight Timber Beams -

TACM van der Put
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A Brief Description of Formula of Beam-Columns in China Code - S'Y Huang
Seismic Behavior of Braced Frames in Timber Construction - M Yasumara

On a Better Evaluation of the Seismic Bekavior Factor of Low-Dissipative Timber
Structures - A Ceccottt and A Vignoli

Disproportionate Collapse of Timber Structures - C J Mettem and J P Marcroft

Performance of Timber Frame Structures During the Loma Prieta California
Earthquake - M R O'Halloran and E G Elias

Discussion About the Description of Timber Beam-Column Formula - S Y Huang
Seismic Behavior of Wood-Framed Shear Walls - M Yasumura
Structural Assessment of Timber Framed Building Systems - U Korin

Mechanical Properties of Wood-framed Shear Walls Subjected to Reversed Cyclic
Lateral Loading - M Yasumura

Bracing Requirements to Prevent Lateral Buckling in Trussed Rafters -

C J Mettem and P J Moss

Eurocode 8 - Part 1.3 « Chapter 5 - Specific Rules for Timber Buildings in Seismic
Regions - K Becker, A Ceccotti, H Charlier, E Katsaragakis, H J Larsen and
H Zeitter

Hurricane Andrew - Structural Performance of Buildings in South Florida -
M R O'Halloran, E L Keith, J D Rose and T P Cunningham

Lateral Resistance of Wood Based Shear Walls with Oversized Sheathing Panels -
FLam, HGL Prion and M He

Damage of Wooden Buildings Caused by the 1995 Hyogo-Ken Nanbu Earthquake
- M Yasumura, N Kawai, N Yamaguchi and S Nakajima

The Racking Resistance of Timber Frame Walls: Design by Test and Calculation -
D R Griffiths, C J Mettem, V Enjily, P J Steer

Current Developments in Medium-Rise Timber Frame Buildings in the UK -
C J Mettem, G C Pitts, P J Steer, V Enjily

Natural Frequency Prediction for Timber Floors - R J Bainbridge, and C J Mettem

Cyclic Performance of Perforated Wood Shear Walls with Oversize Oriented
Strand Board Panels - Ming He, H Magnusson, I Lam, and H G L Prion

A Numerical Analysis of Shear Walls Structural Performances - L Davenne, L
Daudeville, N Kawai and M Yasumura

Seismic Force Modification Factors for the Design of Multi-Storey Wood-Frame
Platform Construction - E Karacabeyli and A Ceccotti

Evaluation of Wood Framed Shear Walls Subjected to Lateral Load -
M Yasumura and N Kawai

Seismic Performance Testing On Wood-Framed Shear Wall - N Kawai

Robustness Principles in the Design of Medium-Rise Timber-Framed Buildings -
C J Mettemy, M W Milner, R J Bainbridge and V. Enjily

Numerical Simulation of Pseudo-Dynamic Tests Performed to Shear Walls -

L Daudeville, L Davenne, N Richard, N Kawai and M Yasumura

Force Modification Factors for Braced Timber Frames - H G L Prion, M Popovski
and E Karacabeylt

Three-Dimensional Interaction in Stabilisation of Muiti-Storey Timber Frame
Buildings « 5 Andreasson
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Application of Capacity Spectrum Method to Timber Houses - N Kawai

DPesign Methods for Shear Walls with Openings - C Ni, E Karacabeyli and
A Ceccotti

Static Cyclic Lateral Loading Tests on Nailed Plywood Shear Walls - K Komatsu,
K H Hwang and Y Ttou

British Standard BS 5268 the Structural Use of Timber: Part 4 Fire Resistance of
Timber Structures

CIB Structural Timber Design Code. Chapter 9. Performance in Fire
Simulation of Fire in Tests of Axially Loaded Wood Wall Studs - J Kénig

Modelling the Effective Cross Section of Timber Frame Members Exposed to Fire
- J Kénig

The Effect of Density on Charring and Loss of Bending Strength in Fire - J Kénig

Tests on Glued-Laminated Beams in Bending Exposed to Natural Fires -
F Bolonius Olesen and J Kénig
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On Testing Whether a Prescribed Exclusion Limit is Attained - W G Warren
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P Glos
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- B Norén

Discussion of Sampling and Analysis Procedures - P W Post
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Spruce - V Picardo

Sampling of Timber in Structural Sizes - P Glos

Notes on Sampling Factors for Characteristic Values - R H Leicester
Load Factors for Proof and Prototype Testing - R H Leicester
Confidence in Estimates of Characteristic Values - R H Leicester

Draft Australian Standard: Methods for Evaluation of Strength and Stiffness of
Graded Timber - R H Leicester

The Determination of Characteristic Strength Values for Stress Grades of
Structural Timber. Part 1 - AR Fewell and P Glos

Comment on the Strength Classes in Eurocode 5 by an Analysis of a Stochastic
Model of Grading - A proposal for a supplement of the design concept - M Kiesel

Use of Small Samples for In-Service Strength Measurement - R H Leicester and
F G Young

Equivalence of Characteristic Values - R H Leicester and F G Young
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27-17-1 Statistical Control of Timber Strength - R H Leicester and H O Breitinger
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1 General

In most codes the safety requirements are expressed in symbolic form as

SO Getyon Gia + 102 Qzenes) S kinog R Yo (1)
where

S Action effect

G Permanent action

0\, (2, .. Variable actions

R Capacity
Y Partial coefficient (safety element) on G, J and R
Kmod Factor that takes into account the difference between the resistance in the

structure under the actual conditions and the resistance determined in a
standard test. For most materials other than wood, Ku.e is equal to unity.
For wood, k,.s depends on the moisture and load history.

Index k denotes characteristic value, i.e. a chosen or prescribed fractile in the distribution.

By setting % = .1 = 2= ... = 1, expression (1) corresponds to the permissible stress
system, the safety factor being %/Knoe. In the now common partial safety system, % is
different from at least one . It should be noted that a factor can be moved freely from the



action side to the resistance side, 1.e. the safety level is described by %36 %00, -
Examples of pvalues are given in table 1.

Table 1~ Examples of y-values,

Nordic
Eurocodes recommendations > New Danish Code ¥

% 1.35 [.0 1.0
e imposed actions ¥ 1.5 1.3 i.3

natural actions ¥ 1.5 1.3 15
%n

timber 1.3 1.5 1.64

glulam 1.3 1.35 1.50
Yo, (timber) .95 1.95 2,13 -2.46

1) [ENV [991-1, 1994] and [ENV 1995-1-1, 1993]. - 2) e.g. [DS 409, 1982] and [DS 413,
1982]. — 3) [DS 409, 1998] and [DS 413, 1998]. Until the end of 1998 the Danish values
were identical to the Nordic ones. ~ 4) Floor loads etc. — 5) Wind and snow loads etc.

2 Danish code calibrations

In connection with a revision of the Danish structural codes (in force from Ist January
1999) a calibration study was carried out by S. O. Hansen and J. Dalsgaard S¢rensen. Its
purpose was to ensure uniform reliability across structures and materials. The results are

Table 2 — Assumptions and old and optimised partial coefficients

Fractile  Coeffl. of variation, Distribution Partial coefficients

per cent per cent
Old Optimised

Selfweight 50 Normal .07 1.0 (fixed)

concrete 6

steel 4

wood 6
Other permanent 50 10 Normal 1.0 1.0 (fixed)
Variable action 98 Gumbel

imposed 20 1.3 1.3

natural 40 1.3 1.5
Concrete 10/5 % 15 1.58 1.49

reinforcement 0.1/5% 5 Log- 1.32 1.23
Steel 5 5 normal 142 1.29
Wood

structural 5 20 1.49 1.64

glulam 5 15 1.34 1.51
Model uncertainty 50 Normal

concrete 5

steel 3

wood 5

1) 7=1 is a “holy” number for Danes due to the influence of geotechnical people in the
code comimittees. — 2) Old codes/new codes.



published in [Sgrensen, 1998]. The main load combination studied was permanent action
and one variable, acting in the same direction, i.e. uplift was not studied. Two structures
were investigated: a simply supported beam and an axially loaded column. The
assumptions regarding distribution functions, existing (old) partial coefficients etc. are
given in tabie 2.

The safety indices, S, were calculated according to the standard method proposed by
Hashofer and Lind, see e.g. {Thoft-Christensen & Baker]. The results are given in table 3.
The relation between safety indec and formal probability of failure is given in table 4.

Table 3 — Caleulated values of safety index

Concrete Steel Glulam

beam column beam column heam column
Old
mean 5.39 4.64 5.06 5.10 4.58 4.58
standard deviation  0.62 0.26 0.64 0.66 0.27 0.27
Optimised
mean 4.69 481 4.64 4.47 4.81 4.81
standard deviation (.34 0.20 0.39 041 0.22 0.22

Table 4 — Relation between safety index and formal probability of failure

Safety index 3.1 3.7 43 4.7 5.2

Annual probability of failure 107 10 107 10 107

The variation between structures of one material and between materials is high and the
scatter within a group is also high. An optimisation was therefore performed to make the 5
values as uniform as possible. The resulting jvalues are given in table 3 (the optimum
values for jpare 1.28 and 1.52, respectively, but the values have been rounded off). As can
be seen in the lower part of table 3, the Svalues have become much more uniform.

An immediate result of this would be an increase of up to 25 per cent in the required
geometrical parameters for timber structures (second moment of area for beams, area for
tension members, etc.). Increasing the k,.qo-values has to some extent counteracted this, see
table 5, which also gives the Eurocode 5-values. Even so, the size of many structures will
increase when the structures are designed accoirding to the new Danish Timber Code.

One could argue that because of the greater uniformity the general safety level should have
been reduced ~ the structures with very low f-values having been removed — but the
majority of the members of the Danish code committee decided to maintain an average [
value of 4.8 on the grounds that, for many structures (other than timber), the new values
had already resuited in reduced sizes and they dared not go further.

Qut of kindness to the timber people, the effect of using other distributions - for instance, a
Weibull distribution - was investigated. This distribution has a certain attraction because it
is linked to the failure type often found in timber, namely brittle failure due to shear or
tension perpendicular to the grain. The calculations simply demonstrated yet again that the
formal probability of failure depends heavily on the assumed distribution and that if the
distribution was really a Weibull distribution it would require even bigger partial



coefficients to cbtain a required B-value. It should be stressed that the calculated
probabilities of failure are formal values. Their purpose is to ensure uniform reliability
(expressed by B-values} for comparable structures. Far too little is known about the tails of
the distributions to calculate the true probabilities of failure. This is not an argument for not
studying in greater detail the lower tails of the strength distribution. Wood is a graded
natural product and the grading, whether visual or mechanical, has a great influence. This
is, for example, demonstrated by [Foschi et al., 1989], see figure 2: it will often be better to
use the distribution fitted to the lower 10-20 per cent strength values than to the complete
data set. Of course, the mean values become lower but that is more than counteracted by
the reduced coefficient of variation.

Table 5 — kyoq values according (o old and new Danish Timber Design Code together with
the values of Eurocode 5.

Old Danish Code Eurocode 5 New Danish Code
(Strength Class C24)
Permanent 0.7 0.6 0.6
Storage 0.7 0.7 0.7
Imposed 0.7 0.8 0.8
Snow 0.8 0.9 0.9
Wind 1.0 0.9 1.10
Accidental 1.0 1.10 1.10
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Figure 1 — 2-parameter Weibull fiited to test data. From [Foschi et al., 1989]

3 Damage models

The determination of partial coefficients as described above is based on the assumption
that the strength at a given time is independent of the previous load history. This is not the
case for timber and wood-based products. Load above a certain threshold stress (that may
be zero} results in a weakening of the material. This means that a given high load is more
dangerous if it occurs late in the load history than if it occurs early. This is taken into
account by the factor k. in (1).



To determune ko 1t 18 necessary to have a model for the damage incurred by a load history.
There are different models that try to explain the long-term behaviour of timber. The
models use a variable 1) to describe the damage at time /. This variable increases with
time (and moisture history), depending on the intensity and duration of applied stress from
o= 0 in the undamaged state until failure occurs, at which time ¢ is unity.

One of the simplest damage models is the one proposed by Gerhards [Gerhards & Link,
19861

doddt = exp (A-Borf) {(2)

A and B are constants, o is the applied stress and f'is the short-term strength. For Douglas
fir 4 = 40 (In day) and B = 50. In this model —~ known as the U.S. Damage Accumulation
Model — the threshold stress is zero.

The best known damage models are those proposed by Ricardo O. Foschi et al. They are
not based on theoretical considerations, but a reasonable differential egquation is proposed
for the damage development and the parameters in the model are determined by curve
fitting. The first model, proposed in [Barrett & Foschi, 1978}, can be expressed as:

doddt = A(o- o)’ + Ca for o> & 3)

oy is the threshold stress. A more complicated model is proposed in [Foschi & Yao, 1984}
and this is the model normally referred to as Foschi’s Model or the Canadian Damage
Model:

dotdt = Alo- o)’ + Clo- ®)'a for o> oy (4)

A model proposed by Nielsen, see for example the short presentation in [Madsen, 1992], is
based on a fracture mechanics approach.

The models are discussed in [Foschi & Yao, 1986]. The following is quoted from the
conclusions:

““...the fracture mechanics approach (Nielsen’s) and the damage accumulation mode]
(expression(4)) by Foschi were found suitable to represent accurately the
experimental trends... The model by Gerhards was found to be lacking in the
flexibility needed to follow the experimental trends. The fracture mechanics
approach is not easy to use, since it requires numerical integration to obtain the time-
to-failure in all cases when the applied stress varies with time...”

The models (3) and (4) are discussed in [Elingwood & Rosowosky, 1991]. They conclude:

““...The damage rate models in (3) and (4) are nearly the same except at stress levels
below about 0.65. Equation (4} 1s more difficult to implement because it cannot be
non-dimensionalised...Accordingly, subsequent comparisons of the effect of the
damage model... will be made using the models described by (3)...”

The models are used in [Ellingwood & Rosowosky, 19917 to calculate the effect of live
load and snow load. They conclude:

“...Detailed examination of the simulated damage accumulation processes...revealed
that for both light occupancy live and snow loads, damage usually accamulates only
during one or two of the largest load pulses to occur during 50 years...This behaviour
is a result of the highly non-linear nature of the damage-rate models...”



4 Determination of k.4 for timber

At the Department of Structural Engineering in Lund, Sweden, a probabilistic analysis has
been made to calibrate k. for timber under combinations of permanent action and snow.
The analysis and the results are summarised in the following. For more details readers are
referred to [Svensson et al., 1999] and [Thelandersson et al,, 1999} The steps in the
procedure used to determine Konog WETE!

Step 1

The annual snow load was assumed to have a triangular variation as shown in figure 2 with
a normally distributed maximum load with mean g and coefficient of variation COVy. The
annual snow period is also assumed to be normally distributed with mean g and
coefficient of variation COVy= COVp, i.e. it is assumed that the two variables are fully
correlated. Two locations were investigated: Umed in Northern Sweden (with a severe
continental climate) and Lund in Southern Sweden (with a mild Atantic climate), see
[Forsler et al., 1971]. The values used are given in table 6. A load sequence covering 50
years is constructed by drawing the annual maximum load at random.

S Q

1.2

1 4
0.8 -
0.6 4
0.4 4
0.2 -

Q t T T 1

0 1 L—L—l 2 3 Time [year] 4

Figure 2 ~ Load sequence of snow load covering 4 years.

The method for determining the k. -factor is not fimited to the simple triangular shapes of
variable loads; any continuous function can be used to describe the variable loads. The
triangular shaped annual snow variation with randomly selected amplitude and period, even
though simple, has however the ability to simulate the mean snow amplitude and relative
time period for continuous years of snow with good accuracy, see [Thelandersson et al.,
1999].

Table 6 - Assumed values for the two locations: Umed and Lund,

Umead Lund
Maximum annual snow load
Coefficient of variation COVg 0.35 0.66
Annual snow period
Mean, yr hours 3592 788
Coefficient of variation 0.35 0.66
Required mean bending capacity pp/(HctHo)
Lo /(o) = 1 (only snow) 4.12 5.99
2,77 2.88

U/ (LT Ho) = 0.2 (80 per cent permanent load)

U 4o = mean total load




Step 2

The required bending capacity for the snow load described in Step 1 was determined as
described in section 2, the only differences being that — in accordance with the Swedish
requirements — a normal distribution was used for snow (instead of Gumbel’s) and the
required safety index was = 4.3. The required mean bending capacity is shown in figure
3. Examples of the required mean bending capacity are given in table 7.

The analysis shows that a more variable action requires a higher load carrying capacity
relative to the action than an action with lower variability. In reality, a structure in Lund
does not require higher load carrying capacity than in Umed. The required load carrying
capacity in absolute terms is higher for Umea because the average snow load is three times
greater than in Lund.
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Figure 3 — Required mean bending capacity fir for Umed and Lund as _function of the ratio
berween mean variable load and mean total load.

Table 7 — Examples of required bending capacity (Ug) for short-term load, calculated
equivalent load S.q, required bending capacity for the equivalent loads ppso and kg
Mean total load is (g i)

Umed Lund

Ho UG+ Ug) 0 0.20 0 0.20
Hr (UG L) 4.12 2.77 5.9 2.88
Sequ /(JuG+/JQ)

mean 2.38 }.69 3.24 1.65

Coefficient of variation 0.096 0.022 0.134 0.070
Hrso /(LT o) 532 3.57 7.56 3.60
Kmod 0.78 0.78 0.79 0.80
Step 3

As argued above, Foschi’s simple damage model, expression (3), was used. The relative
threshold stress was put at 0.5, and the parameters in the model were evaluated against the
so-called Madison curve, [Wood, 1947] as modified by [Pearson, 1972], i.e. against a ramp
load with a loading time £, = 2 minutes and then constant load until failure. To acquire an
overall acceptable correlation between the model and the Madison curve the ramp load
strength corresponding to 2 minutes (log 7 = -1,5) was underestimated. The result is shown
in figure 4,
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Figure 4 — Damage accumulation model (3) fitted to the Madison curve. The constants are
A=7.0810° B =17 and C = 1/20000.

Step 4

With the damage accumulation model the minimum resistance, R, required to survive
under a 50-year snow load sequence was calculated for 400 sequences for each location
and for two load combinations of table 3: one with snow load only and one with 80 per
cent permanent Joad. This resistance can be interpreted as an equivalent time-independent
foad Segu; = Rumini. The equivalent load, see figure 4, can be approximated with good
accuracy by normal distributions with the parameters given in table 7.
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Figure 5 — Equivalent loads for Umed with two load combinations. Right: only snow load
Left: 80 per cent permanent load.

Step 5

0

The required bending capacity g so for the equivalent foad was calculated as in Step 2, but
the reference period was changed from 1 year to 50 years. This corresponds to changing the
safety index from 4.3 to = 3.3. The mean value pp 5o is given in table 7 for the two load
combinations: snow load alone and 80 per cent permanent load.

tS[(?,p 6
kmoa 18 now calculated as tip/tig so. The result is given in table 7.

It is interesting to note that kg 15 practically independent of the location; the differences
are mainly reflected in the different requirement to the relative short-term strengths.



S Determination of &, for a panel material

The method described above was also used for a typical panel material with a relative
threshold stress of 0.2, although without success: the fitting of the Foschi damage model to
the corresponding “Madison”-curve became unstable. Instead, Gerhards” damage model,
expression (2) was used, sce figure 6, with the following assumptions:

e The short-term strength corresponds to the two-minute Joading case
e The threshold value is obtained for 10° hours (~100 years).

Stress ratio

1 oo

0,8 T~

0.6 \

0,4 \
0,2 \

T

TimeI [Lag(h)]

0 | : ; ; : :
-1 0 1 2 3 4 5 6 7 8

Figure 6 — Damage accumulation according to Gerhards™ model. A = 18 and B = 22.
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Figure 7 — Equivalent loads for Umed and Lund for snow load alone.

The parameters are the same as in section 4 except that the coefficient of variation for the
bending capacity is taken equal to 0.15 and the dimensional uncertainty is assumed to
correspond to a coefficient of variation 0.05. The calculated equivalent loads are shown in
figure 7. The results are summarised in table 8.

A value of k,0q = 0.5 seems reasonable for snow loaded panel materials with k.q = 0.2 for
permanent actions.



Table 8 — Results corresponding to table 7 for a panel material.

Umed Lund
Ho/ (o 1) 0 0.65 0 0.65
HSequ 3.79 3.49 4.51 3.72
COV S,y 0.074 0.046 0.122 0.09
LR 3.65 3.02 5.33 3.72
Ui 5o 7.33 6.65 9.27 7.33
fonod 0.50 0.45 0.58 (.56
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DESIGN BY TESTING OF STRUCTURAL
TIMBER COMPONENTS

Enjily V
Building Research Establishment (BRE), CTTC - Timber Engineering, UK
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TimberSolve Ltd, UK

1. ABSTRACT

This paper is concerned with the conversion of component test results such as trussed
rafters, wall panels, ply-web beams, etc. to design values in accordance with DD ENV
1995-1-1", Since the publication of DD ENV 1995-1-1: 1994", the lack of guidance for
converting component test results into design values and the importance of number of tests
required for practical and economical reasons have been repeatedly highlighted.

Annex A of DD ENV 1995-1-1: 1994 (although informative) deals with the
determination of 5-percentile characteristic values from test results and acceptance criteria
for a sample. Although, this part of DD ENV 1995-1-1" may be adequate for determining
the properties of materials or small component tests, such as joints, it is totally
unacceptable for component tests by the industry, as the minimum number of tests given in
this section of DD ENV 1995-1-1" is 30. This is not only uneconomical, it is also
impractical for component tests such as trussed rafters, wall panels, ply-web beams, glulam
beams, etc.

A method is proposed for converting component test results to design values using
suggested modification factors and the acceptance of the results for consideration by
CIB/W 18, TC250/SCS5 and its Project Teams for inclusion in DD ENV 1995-1-1¢D.

2- INTRODUCTION

There has been attempts in the past(2’3) to evolve methods to quantify the consequent risks
of any decision process required to classify products (components) into design values on
the basis of evidence from small samples based on the statistical theories. The minimum
number of tests for which an acceptable statistical justification could be obtained was
found to be 10%; this is still unacceptable and unrealistic for component tests for industry.

ENV 1991-1, Eurocode 1%, Section 8 deals with “Design assisted by testing” which
provides guidance for planning and evaluating tests related to structural design, based on
two principles:

“(1)P Where calculation rules or material properties given in ENVs 1991 to 1999
are not sufficient, or where economy may result from tests on prototypes,
part of the design procedure may be performed on the basis of test. Note:
Some of the clanses in this section may also be helpful in cases when the
performance of an existing structure is to be investigated™.



(2P Tests shall be set up and cvaluated in such a way that the structure has the
same level of reliability with respect to all possible limit states and design
situations as achieved by design based on calculation procedures specified
in ENVs 1991 to 1999, including this part of ENV1991.”

ENV 1991-1“ aiso gives guidance on “Derivation of design values” with a principle of
“The determination of the design values for a material; property, a model parameter or
resistance value from tests can be performed in either of the following two ways:
(a)- by assessing a characteristic value, which is divided by a partial factor and
possibly multiplied by an explicit conversion factor;
(b)- by direct determination of the design value, implicit or explicit accounting
for the conversion aspects and the total reliability required.
ENV 1991-1 then goes on to say that in general method (a) should be used.”. Annex D
(informative) of ENV 1991-1" states that testing may be carried out if adequate
calculation models are not available, if a large number of similar components will be used,
and if their real behaviour is of special interest. The Annex also gives some guidance on
the conversion of test results to design values, BUT admits that the guidance given is
incomplete since it must also depend on the type of test and materials involved.

Annex A of DD ENV 1995-1-1: 1994 (although informative) deals with the
determination of 5-percentile characteristic values from test results and acceptance criteria
for a sample. Although, this part of DD ENV 1995-1-1 may be adequate for determining
the properties of materials or small component tests, such as joints, it is totally
unacceptable for component tests by the industry as the minimum number of tests given in
this section of DD ENV 1995-1-10 is 30. This is not only uneconomical, it is also
impractical for component tests such as trussed rafters, wall panels, ply-web beams, glulam
beams, etc.

British Standards BS5268: Parts 2 (design of timber structures), 3 (Trussed rafter
roofs) and &7 (wall panels) provide methods to convert the component test results into
design values. Identical modification factors (although expressed in different formats) for
reducing the component test results are also given in each standard as the number of tests
reduces from 5 to 1. The modification factors given in these standards are based on the
assumption that the coefficient of variation of the components tested is 8%. This is an
important factor, as when the coefficient of variation increases so does the number of
replicates to be tested. In BS5268: Parts 2% and 3(6), the load-duration is considered while
in Part 67 it is not (which is correct as the wind loading is assumed to be short-term,
assuming that the duration of test is the same as that given for short-term loading).

3. DERIVATION MTHODS OF DESIGN VALUES

3.1- ENV 1991-1% Methed

ENV 1991-1, Section 8 and Annex D, provide guidance for planning and evaluating
experiments related to structural design, when the number of tests is sufficient for a
statistical interpretation of their results.



ENV 1991-1" states that the derivation of the design values for a material property, a
model parameter or & resistance value from tests can be performed in cther of the
following ways:
a) by assessing a characteristic value, which is divided by a partial factor and
possibly multiplied by an explicit conversion factor. That is :
| X, . explicit conversion factor / partial factor |
b) by direct determination of the design value, implicit or explicitly accounting
for the conversion aspects and the total reliability required.

ENV 1991-1 carries on stating that “In general method a) should be used.”.

3.1.1- Assessment of Design value by testing

Statistical evaluation of resistance / material tests is given in Clauses D.3.2.1,
D.3.2.2 and D.3.2.3 of ENV 1991-1. They give operational formulae for
deriving design values from tests for resistance and material testing where the
characteristic value is determined from standardised or established distribution
of the material properties. Bayesian procedure with vague prior distributions
are used which leads to almost the same result as classical statistics with
confidence levels equal to 0.75.

Two methods are distinguished namely; a) and b) stated above. The values and
formulae used in these two methods are based on:

- the normal distribution;

- a complete lack of prior knowledge for the mean;

- a complete lack of prior knowledge for the coefficient of
variation in the case “V, unknown” or, on the other hand,
full knowledge for the coefficient of variation in the case “Vy
known”.

3.1.1.1- Method a): Assessment via the characteristic value
Assume that a sample of n numerical test results is available. The design of a
variable X is obtained from:

Xa=Nd Ximy/ 1 = Mg M (FKVY /v Equation 1

Where: vy = the partial factor for the design
N¢ = the design value of the conversion factor
Xk = the characteristic value including statistical uncertainty
my = the mean of the sample results ( = Zx;/n)
V, = the coefficient of variation of X
K, = the coefficient from Table 1

Note: ENV 1991-1 does not provide guidance for g and K, values in
Table 1 are based on 5% characteristic value and on the normal
distribution.

Twao cases are considered for V.
i)  The coefficient of variation of V is known from pre-knowledge
(previous knowledge might be found from the evaluation of
previous tests in comparable situations). In this case the



modification factors for “Vy known” given in Table 1 should be
used.

ii)  The coefficient of variation of Vy is unknown from pre-knowledge
but must be estimated from the sample by the following:
=1/{n-1). V(X -my )2 ............ Eqguation 2
Ve=Sy/me Equation 3
In this case the modification factors for “V, unknown” given in
Table 1 should be used.
n 1 2 3 4 5 6 8 10 20 30 P
V, known 2.31 20] SISO LB LR A 20168 16T L 164
V,unknown oaonaden o] 387083 2333021852700k 02 R T6 1T 164
Tab]e 1 Values of K, for the 5% characteristic value
3.1.1.2-  Method b): Direct Assessment of the design value

The design value should be obtained from:

X = Na Xog = Mg M (I-KGVy) o Equation 4

Where the notations are the same as before except that 1y should now cover all
uncertainties not covered by the tests. The value of K, should be obtained
from Tables 2 and 3.

n

! 8 10 20 | 30 oa

V, known

A4, 36"' 4 3:3.27.1.32311:3,16 1 313 3.08

VY, unknown

362507 4.51]3:64'1:344 1 3,08

Table 2: Va]uéé .of. Kn”fm; fhé .ULS design value, if X is dominating

n

V, known

4 5 ] 8 10 20 30 oo
ST TTwTT = SETEEWTS

V. unknown oo |97

183 L1 128

Table 3: Values of K[l for the ULS de:31gn value lf X is non- dommatmg

3.2- SIMPLIFIED PROPOSED METHOD FOR DD ENV 1995-1-1

3.2.1- Criterion for Testing

All structures/components should be tested in accordance with relevant EN standards

supporting DD ENV 1995-1-1". These ENs are generally well established and no extra

work is needed other than usual amendments (if necessary) during the course of their

application. Design by Testing may be carried out where;

e a structure or part of a structure is not amenable to calculation, or where calculation is
deemed impracticable;

e materials or design methods are used other than those of the relevant specification or
code of practice;

e there is doubt or disagreement as to whether the structure or some part of it conforms to
design rules, or as to whether the guality of the materials is of the required standard;



e aroutine check of a structure is required by prior agreement hetween the client and the
manufacturer.

Where possibie, more than one structure of the same design should be tested to enable an
assessment to be made of the likely variability in performance. Table 4 gives factors (K,)
for the number of tests based on:

e the assumption that the coefficient of variation of the components tested is 8% (this is
an important factor, as when the coefficient of variation increases, so does the number
of replicates to be tested).

e experience of behaviour of components in service.

e proof of their safe use in the past few decades.

No of tests (n) 1 2 3 4 5
Modification factor K, §70.80 | “0.87 1093 [ 097} 1.00
Table 4: Modification factors for number of tests

3.2.2« Ultimate Limit State Design
The minimum ultimate load obtained from testing should be:

Minimum Ultimate Testload >=F; x %,/ M x Kueg X Ky ) ool Equation 5
Where:
Fg = Design load on the component based on ENV 1991-1, The Design load (Fy)

should be based on ENV 1991-1 and be equal to Yr Fe, where r is the
partial factor for the action considered and Fy, is the representative value of
the action (ie design lnads for different types of actions using relevant load
factors).

Yo = Modification factor for primary structural maferial in the component given in
DD ENV 1995-1-1,

Kes = Modification factor for load duration given in DD ENV 1995-1 -1

K, = Modification factor for the number of component tests (Table 4),

n = 0.894 for timber, plywood and glulam timber components in Service Classes
1,2 & 3.

n = 0.93 for components with panel products other than plywood in Service
Class 1.

n = 1.182 for components with panel products other than plywood in Service
Class 2.

Tables 5 to 8 in Annex A include factors of safety obtained using Equation 5 above for
each category of materials, service classes and load-durations. The factors for permanent
toading would not be used in practice as it is unlikely that a structure or component would
have a design load consisting of permanent [oad only (ie self-weight). However, they are
included in Tables 5 to 8.

3.2.3- Serviceability Limit State Design
The Serviceability Limit State is reached during testing if :
{(a)- a discontinuity, indicating irreversible damage, occurs on the load deflection
curve even if eracks or other damage are not visible. OR



{(b)- when 0.4F; load is reached whichever occurs first. The mean stiffness value
Riean 18 calculated from the individual R values from the prototype testing.
The mean stiffness value shali fulfil the following requirement:

Rme;ln = (_’YF 1::k ! 61‘;3(113i1‘cd ) (1+Kdef.x) / [08 Kn (l"}”chf,)*)] ------------- Equation 6

Where:
Rypean = Mean stiffness of component in N/mm found by testing (Fieo/Siext ).

F

= the characteristic load, in kN, depending on joad categories as specified in ENV
1991-2-1 at the requirement deflection Srequireq , it M.

Karx = creep factor depending on the type of material, end-use and Service Class given

in DD ENV 1995-1-1%9,

Kuaery = creep factor for short-term duration given in DD ENV 1995-1. 14,
Orequired = permissible deflection in design given in DD ENV 1995-1-147,

6!*:8[

Yr
Ks

4-

= deflection in test.
= |oad factor = 1.0
= modification factor for number of tests given in Table 4 of this document.

CONCLUSIONS AND RECOMMENDATIONS

The lack of guidance for converting component test results into design values and the
importance of the number of tests required for practical and economical reasons have
been highlighted.
The assessment of the conversion factor from test to design is strongly dependent on
the type of test and the type of material. No further guidance is given in DD ENV
1991-1: 1994, DD ENV 1991-1: 1994 admits that the guidance given for Design by
Testing is_incomplete since it must also depend on the type of test and materials
involved.
The current DD ENV 1995-1-1 and ENV 1991-1 methods of deriving design values by
testing is not appropriate for timber structures / components.
Although, Annex A of DD ENV 1995-1-1: 1994 may be adequate for determining the
properties of materials or small component tests, such as joints, it is totally
unacceptable for component tests by the industry, as the minimum number of tests
given in this section of DD ENV 1995-1-1 is 30. This is not only cumbersome and
uneconomical, it is also impractical for component tests such as trussed rafters, wall
panels, ply-web beams, glulam beams, etc.
It is recommended that the proposed simplified Design by Testing methods for
Ultimate and Serviceability limit state designs given in this paper should be adopted for
the revision of DD ENV 1995-1-1: 1994. The modification factors recommended for
the number of component tests in this paper are based on:

- the assumption that the coefficient of variation of the components tested is

8% (this is an important factor, as when the coefficient of variation
increases, so does the number of replicates to be tested).

- experience of behaviour of components in service.

- proof of their safe use in the past few decades.
The factor 1 used in Equation 5 has three values, one for timber, plywood and
glulaminated timber (0.894) and another two for board materials other than plywood
rejated to service classes 1 and 2 (0.93 and 1.182 respectively).

6



e Tables 5 to 8 in Annex A include factors of safety obtained using the proposed method.
The factors for permanent Joading would not be used in practice as it is unlikely that a
structure or component would have a design load consisting of a permanent load only
(ie self-weight).
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ANNEX A

Factors of safety obtained using proposed method of
Design by Testing (Equation 5)
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Table 7

Load- - - No.of
durations fests |
Permanent I 5.82 - - - 6.87 - - - - _ _ _
e A : N 536 _ R _ 6.32 R - - ~ _ - _
30 5.01 - - - 5.91 - - - - - - -
4 4.80 . - - 5.67 - - - . - - -
5 4.66 - - - 5.50 - - - - - - -
Loug-term. " |:1° 3.88 3.84 2.89 - 4.58 3.84 2.89 - - - - -
SR 2 3.57 3.53 2.65 - 4.21 3.53 2.65 - - - - -
3 3.34 332 1248 - 394 332 {248 - - - - -
-4 3.20 3.47 2.37 - 3.78 3.17 2.37 - - - - -
-5 3.11 3.07 2.30 - 3.07 3.07 2.30 - - - - -
Medinm-~ |} 2.69 266 {224 - 3.06 2,66 | 2.24 - - - - -
term - | 2. 247 245 ] 2.06 - 2.81 245 | 2.06 - - - - -
C 3 2.31 2.30 1.93 - 2.63 2.30 1.93 - - - - -
4 . 2.22 2.19 1.84 - 2.52 2.19 1.84 - - - - -
5 2.15 2.13 1.79 - 244 2.13 1.79 - - - - -
Shortterm - | 1© 2.06 203 | 1.96 - 2.29 2.03 | 1.96 . - - - -
ST 2 1.89 188 | 1.81 - 2.11 1.88 | 181 - - - - -
3. 1.77 175 1.70 - 1.97 1.75 1.70 - - - - -
4 1.70 1.68 1.62 - 1.89 1.68 1.62 - - - - -
3 [.65 1.62 1.57 - 1.83 1.62 1.57 - - - - -
Proposed NAD | BS5268: | BS5268: | Proposed NAD | BS5268: | BSS5268: §i Proposed NAD | BS3268: | BS5268:;
method Part2 Part 3 method Part 2 Part 3 method Part 2 Part 3
{Equation 5) (Equation 5) {(Equation 5)

Comparison of safety factors of
5), OSB (EN360

(EN3124 &

?

12

“Design by Testing” with existing factors given in national standards for particleboard
(rades 2) and Fiberboard (EN622-3, hardboard).
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Actual possibilities of the machine grading of timber

K. Frithwald (Joanneum Research, Judenburg), Dr. A. Bernasconi (BFH Hamburg)

1 Introduction

I the Austrian and German sawmilling and wood construction industry structural timber is
visually graded according to DIN 4074, But visual grading only allows a prediction of the
very wide variation of mechanical properties within a piece of lumber or between several
pieces. The dimensioning values including relative high safety factors have to be
established to reach the lowest strength and stiffness values, which can not be realized by
visual grading. Therefore of that only a limited utilisation of the potential timber properties
is possible. Additionally visual grading only fulfils partly existing requirements of quality
control. Generally the competition between wood and other material in the structural
building sector puts structural lumber under high technical and economical pressure. This
requires more efficient utilisation of the technical possibilities of timber which is only
possible with a reliable prediction of the mechanical properties of timber. This is one
reason why research and the industry have been engaged in the further development and
practical utilisation of machine strength grading.

The aim of the study “Actual possibilities of machine grading of timber” is the comparison

of the various technologies for strength grading for timber in Europe. The efficiency of

grading is described as

a) vyield in each strength class and

b) their mechanical properties which have to meet the requirements of the international
EN- or national DIN-standards.

2 Material tested

For this study standard spruce timber in two dimensions was purchased from a big sawmill
in Germany. The timber was planed and dried to 12 % m.c.:

s 223 lamellas for gluelam-production with 38x150x4000 mm® and

e 301 flexural beams for timber-frame construction with 46x114x3000 mm".

3 Grading methods

All boards and beams were normally graded on six different grading machines according

to the rules and requirements of the machines and the daily use in the timber industry:

¢ Steinkamp and Sylvatest determining the dynamic MOE from the speed of ultrasonic
waves longitudinal through the piece of timber,

e  Grademaster determining the dynamic MOE from the resonance frequency of the
piece of timber and the density and visible knots by scanning technique,

e Cook-Bolinder and Computermatic as bending machines,

e Eurogrecomat as bending machine with x-ray detection of density and knots.

Finally a visual grading of all boards according to DIN 4074 was performed.



4 Determination of the mechanical properties

The grading and classification of timber {c.f. the requirements of the EN 519 and DIN
4074) is based on the determination of the critical section of the board (where failure is
expected to occur). The testing and determination of the mechanical properties — bending a
tensile strength and stiffness (as MOE) — have to be done at this critical section of the
board. Therefore the grading system must be able to determine the weakest section of the
piece of timber (see chapter 5.1).

After the mechanical and visual grading the mechanical properties of each piece was

tested according to DIN EN 408:

e Tensile MOR and MOE were determined for the gluelam-lamellas on the full length
(free testing length of about 3 m), which allows an exact determination of the weakest
section of the board (over the iength of 3 m).

e Bending MOR and MOE were determined for the flexural beams in an universal
testing machine (bending at four points according to EN 408 and EN 384",

The density of the timber was determined from the mass and the volume of the whole
piece of timber.

5 Results

In the following, the names of the various machine grading systems are not visibly linked
with the results. For the various machines only A, B, C, D, E, F is used which reflects not
the sequence described in chapter 3.

5.1 Critical section
The determination of the critical section is required in EN 384, EN 519 resp. DIN 4074,

Depending on the grading system different methods to determine this weakest section are
used, such as lowest bending stiffness (Computermatic, Cook-Bolinder and Eurogrecomat)
or knot dimension (Grademaster). Some grading systems — e.g. the grading based on speed
of ultrasonic waves longitudinal through the timber piece — cannot predict the critical
section and therefore do not meet the requirements of the EN or DIN standards for strength
grading.

The predicted critical section of the board often differs with the different grading
machines. The tension test for the gluelam-lamellas determines the critical section best,
which means that this is the section of ultimate lowest strength in the board. A comparison
can be made of the distance between the ultimate lowest {tension test) and the predicted
critical section prediced by the various machines.

Generally, if the distance would be high in general terms, the requirement of prediction of
the critical section can be questioned.

" The tested section was positioned, that most of the critical sections of the different grading machines lay
heween the inner load points (see chapter 5.1).



Fig. 1 shows the frequency of the distance between actual failure and predicted critical
section for the four machines which can predict the critical section. Only 40-50 % of the
results are within 500 mm and only 55-70 % are within 1000 mm.

Fig. I:

100%
0%
80%
0%
60%
50%
40%

30%

cum. percentage [%]

20%
10%

0%

Frequency curve: Distance of the machine determined critical section from the
actual failure section of the glulam-lamellas

T e

T A

R—1

- C

Il i i i $ ! |
T L] T T T T 1

1000 1500 2000 2500 3000 3500

distance [mm]

Fig. 2 shows more in detail the frequency for the first 300 mm. As it can be scen the
machines show very different results, For 100 mm it varies between 17 and 34 %, for 200
mm between 30 and 39 %.

Fig. 2;

45%
40%
35%
30%
25%
20%

15%

cum, percentage { %]

10%

5%

0%

Detail of the frequency curve in Fig. 11: Max. 300 mm distance of the machine
determined critical section from the actual failure section of the glulam-lamellas

L 1 | ) i i
¥ T T L t 1

150 200

distance {mm}

250 300



5.2 Yield in strength classes

From the results of the tension test (fension MOR, MOE, density) the boards could be
attributed to “strength classes”. The same could be obtained for the bending test. These
strength classes are called “(pot.) MS” for the machine grading and “(pot.) §” for the visual
grading respectively. The yield gained in the various classes (<MS7 — MS17), (<87-513)
from the machines A-F and the visual grading can be compared with the pot. MS and pot.
S results:

Tab. 1 shows this comparison for the gluelam-lamellas. Fig. 3 shows the result in an
diagram. The pot. MS resp. the pot. S is quite different from the yield of the visual grading
(“vis™) and the different grading machines (“A-F”):

Tab. 1:  Comparison of the machine resp. visual obtained yield with the potential yield
for gluelam-lamellas

strength clags | A B C D j&)

<MS/US/S™ T (0% 0% 7% 0% 10%
MS/US/IS 7 7% W% 3% 13%  13%
MSUS/S 10 58% 58% 31% 53% 27%
MS/US/S 13 19%  23% 33% 25% 24%
MS/US 17 16% 0% 2% 9% 27%

MS/US/S 13 + 35%  33%  59%  34%  51%
MS/US 17

Fig. 3. Comparison of the machine resp. visual obtained yield with the potential yield
Jor gluelam-lamellas (see also Tab. 1)
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* In the foilowing only the term ., MS* is used for a strength class: “MS” substitutes “US” resp. “S”.



Tab. 2 shows the comparison of the yield for the beams tested for bending strength. Fig. 4
gives the comparisons in a diagram.

Tab. 2:  Comparison of the machine resp. visual obtained yield with the potential yield
Jor construction timber for bending

strength class A B C D E vis
<MS7 0% 0% 2% 0% % 1%
MS7 5% 5% 2% 19% (2% 57%
MS10 40%  55%  27%  02%  30% 42%
MS13 33%  20% S51%  12% 28% 1%
MSt7 22%  14%  18% 7%  20% ]
MS13 -+ MS17 35% 40%  09%  19%  48% 1%

Fig. 4:  Comparison of the machine resp. visual obtained vyield with the potential yield
Jor construction timber for bending (see also Tab. 2)

100% T
90% T
80%
I MS17
7060+ B MS13
B pS10
[ o
0% £ Ms7
- 8 oM$7
o) 50%
-
k] 0% T
-
0% T
0% T
10% T
06 i

vis

effl. MS{f,E, )
. SHLE, 1)

grading machine / technique

The effective mechanical properties of each strength class were calculated for each grading
machine:

e S-percentile of the tensile- resp. bending-MOR and density and

¢ mean characteristic value of the tensile- resp. bending-MOE.

These were compared with the requirements of the EN and DIN standards.



The required values for strength, stiffness and density (EN 338) are mostly not achieved.

5.3

S-percentile of the MOR

Tab. 3 shows a comparison between achieved and required (EN 338) values for gluelam-
lamellas, fig. 5 shows the absolute deviation. Tab. 4 and fig. 6 contains similar information

for the beams bending tested.

Tab. 3:

Deviation of the f,00s of the gluelam-lamellas from the requirements of EN 338

C D EN 338  vis

(10,1) 10,1 7.3

(o l) 10} 10,2 1h5 9,9 10,4
13,1 13,1 12,1 £3,1 13,0 10,9 15,9
17,1 21,4 19,0

22,5 (21,6)

-1%
-T% T%  -14% -6% -7% -22% 14%
-2 6% -18% 2% -14%  -34% 6%
J% -5% 6% (JO%) 6%  -21%

Fig. 5:

A feoas [N mmz]

{The values in brackets are based upon less than 20 boards in each strength class in contrary to the reguirements in EN 338.)

Absolute deviation of the f,p.05 of the gluelam-lamellas from the required f, 05 in
EN 338 [[\Vm.m2 ]
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Tab. 4:  Deviation of the fuos of the construction timber for bending from the
requirements of EN 338

B

E EN 338 Vis

12,2
(1L7) (12,2) £4,9 20,3 19,2
20,4 20,5 18,5 22,5 20,3 25,7

243 28,1

35,8

21,5
30,7

{-27%) (-24%)
-15%  -15%  -23% 6%  -13% 7%
3% -20% -30%  -18%  -21%
<24%  -11%  -14% 1% -23%

Fig. 6:  Absolute deviation of the f,,0s of the construction timber for bending from the
required f,, 55 in EN 338 [N/mm®]
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5.4 Mean characteristic value for MOE

EN 338 requires mean characteristic values for MOE. The results from destructive testing
are attributed to the strength classes determined by the machines and visual grading. In
Tab. 5 and fig. 7 and tab. 6 and fig. 8 the difference between requirement in EN 338 and
the achievements are compared.

Tab. 5:  Deviation of the Ep mean 0 the gluelam-lamellas from the requirements of EN
338

C D

(9743) 8615
(7857) 8615 (8198) 8423 9761
10776 10895 9909  108%6 10703
13203 13390 11974 13784 12466 11360 |
15189 15748 14527 (15831) 13847

A B

(8549)
10450
11537
12811

F

8% 2% 5% 22%  (12%) 31%
1% -10% -1% 3% -11% 5%
3% -8% 6% A% -13% 7%

12% 4%  {(13%) 1% -1%

Fig. 7:  Absolute deviation of the Egmean of the gluelam-lamellas from the required
Ep mean in EN 338 [N/mm?]

0 T
2500
2000
1500

1000

B Ms 7
B MS 10
B MS 13
3 MS 17

500

0

-500

AED mozn [N/MM?]

-1000

-1500

-2000 T

grading machine / technique



Deviation of the Egmean of the
requirements of EN 338

Tab. 6:

construction timber for bending from the

B C

D EN 338 wis

14179 14894 14418

A B (10052} 8351 {8933)
{(7379) (7642) (6962) 8562 9923 10997
9790 1015t 9266 11158 10466 11655
11652 12364 11435 73628 12007 11275)

15778

13859

A B C

(-621) (-358) (-1038)
-1210 -B49 -1734
-1348 636 -1565

179 804 418

D
562 1923 2997
158 -534 655
628 993 (-725)

C

A =

(-8%) (4%) (-13%) 1%  24% 37%

1% -8%  -16% 1% 5% 6%

0% 5% -12% 5% 8% (-6%)
1% 6% 3% J3%  -1%

Fig. 8:  Absolute deviation of the Eg mean of the construction timber for bending from the
. - 2
required Epmean tn EN 338 [N/mm*]
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5.8  Characteristic value of the densitiy

The importance of the density on the grading of timber has to be discussed:

Tab. 7:  Deviation of the p. of the gluelam-lamellas from the requirements of the
German NAD

German  vis
NAD
(130,8} 3339 (3794) (374,2)
(336,8) 3345 (329.6) 3355 3391 (3462) ‘
1556 3582 347.6 3584 3435 3266
4006 4053 3770 4072 3683
4150 4202 4068 (431,7) 386,7

Fig. 9:  Absolute deviation of the py of the gluelam-lamellas from the required py in the
German NAD [kg/m’]
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Tab. 8: Deviation of the py of the construction timber for bending from the requirements
of the German NAD

B German v
NAD
ik HE (373,8) 330,41 (425,0)
(3104) (314,3) (305,0) 332,77 3613 3659
351,77 3566 3473 3674 35827 330.5
3835 3973 3704
409,2 4316 420,9

German

C German  vis
NAD

(-39.6) (-3535) (-450) -17.3 11,3 159
-283 234 -32,7  -l126  -27.3 -40,5

-16,5 -2,7 (-22,0)

German A B

NAD

German  vis

- German A

NAD NAD
(-11%;) (-10%;} {-13%} -5% 3% 5%
7% -6% -9% -3% -7% 1%
4% -1% -6% 5% -8% {-6%}

-3% 3% 25 5% -8%

Fig. 10; Absolute deviation of the py of the construction timber for bending from the
required py in the German NAD [kg/r113 ]
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5.6 Comparison of the machine determined and the pofential strength class

Tab. 9:

Comparison of the machine resp. visual determined strength class and the

potential strength class from the tension test of the gluelam-lamella

mach, > pot.  +3¢lagses | 0 O

+2¢classes | 4 3

+1 class | 36 35

mach. < pot.
-2 classes | M 15
-3 classes ¢ 6

-4 classes | O O

4 4 15 2 21| 6 7
21 3 6 0 0
20 10 0| 0

¢ 0
2 1
28 14

2 6
] 0
0

1 2 1
5 12 7
16 28 6

7 1 12
1 0 0
0 0 0

mach. > pot.

mach. < pot.

total

218249

Fig. 11:

Comparison of the machine resp. visual determined sirength class and the

potential strengih class from the tension test of the gluelam-lamella (cf. Tab 7.)
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Tab. 10: Comparison of the machine resp. visual determined strength class and the
potential strength class from the bending test of the construction timber for
bending

mach. > pot. +4 classes 0 0 0 0 0 0
+3 classes | 0 G ¢ 0 i 0 0 0 0 0 0 0
+2classes | 17 4 200 63 G I 7 0 5 2

+iclags | 105 86 132 44 F6 30 | 35 29 45 15 26 10

mach. < pot. -1 class : 258 68 119 g 14 3 2823 40
-2 classes | 4 8 4 28 1o ] 3 1 g 6 34
Jclasses ] 0 02 ! 6 0 0 ¢ 1 2 0
-4 ¢lasses | O Y G 0 0 0 0 0 0 0 0 0
"""" total | total | 297 739777296296 297397 | 106 100 1001007 100100

mach. > pot,

Fig. 12: Comparison of the machine resp. visual determined strength class and the
potential strength class from ithe bending test of the construction timber for
bending (cf. Tab. 8)
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57 Conclusions

The possibilities of visual and machine grading can not be estimated by the yield in the
strength classes. That requires a correct grading in the different strength classes. Therefore
according to EN 338 all “characteristic values of bending strength, density and mean
modulus of elasticity (...) {have to be} greater or equal to the values” of the given strength

class.
Tab. 11: Approximate limits of the different criteria’s

>30 % of the boards
20...30 % of the boards
<20 % of the boards

very high =05 % about -9..+9 %
high 51..65 % lower" about -10,..-29 %
moderate 31,40 % much lower ¥ about 2-30 %
poos 16..30 % higher about +10...+29 %
very poor <15 %

extreme little

very Hitle
tittle
big

extreme big

2%

-5 % (for p: -6 %)

2-10 % 220 % of the boards
=20 % 20..40 % of the boards
>-20 % =40 % of the boards

" The machine determined yield is fower than the effective yield. This is not “bad” in regard to the safety, but in regard to the

profitability of the grading machine. For the potential strength of the timber is not fully used.

Tab. 12:  Summary of the visual g1

‘ading and machine grading (gluelam-lamelias)

detection of the critical cross-
section .
dispersion of the strength-values in one
strength class

separation of the different strength classes

yield in MS13+MS17
achieved yield compared to the potential
fi,0,08

EO.lncnn

S
machine derived strength class

compared to the potential
strength class

A B C D E F vis
T o i %)) sy 5
e v - v T e -
0 + + + - o -

0 O + (4] + +-4 (]

+ + ke + ++ - o
0 0 - 0 - . e
++ ++ - ++ + - e
L S O o 0. . 0.

0 - 0 . --

"The grading systes can not detect the critical cross section.
B The critical cross section can be detected by visual grading, but this was not dene systematically in this project.



Tab. 13 Summary of the visual grading and machine (construction timber in bending)

A B C D E Vi$
dispersion of the strength-values in one 0 0 0
strength class
separation of the different strength classes ) o o 0 - -
nregard ostrength
yield in MS13+MS17 + + e - + "=
achieved yield compared to the potential - ++ - + ++ o
LR R N U
fi,0,05 - - -~ “- . S
Eo mean 0 + 0 0
B . S . O T
machine derived strength class| -- . - 0 - 0
compared to the potential
strength class

None of the tested grading systems fulfils all in EN 338 resp. the German NAD required
characteristic values.

The quality of the tested grading systems (i.e. the fulfilment of the required characteristic
values and a least possible classification of the boards in a higher strength class than the
potential strength class) depends less on the actual quality of the grading (the quality of
separation of the different strength classes and the dispersion of the single strength values
in a strength class), but it depends on the yield in the higher strength classes MS13 +
MS17.

The higher the machine or visual determined yield in MS13 + MS17, the lower are
the characteristic values (above all the strength), and the boards are graded in a
higher strength class than the correct strength class according to the tensile resp.
bending tests.

The rules for grading and classification of timber should be discussed based on the results
of the timber properties in the different strength classes and compared with the
requirements of the standards (EN 338 + NAD, DIN 4074 and DIN 1052).

What would have been the results, if all grading machines produced the same vield in the
different strength classes?






Detection of severe timber defects
by machine grading

Dr. A. Bernasconi, BFH Hamburg, Germany
Dr. L. Bostrom, SP Bords, Sweden
Dipl.-Holzwirtin B, Schacht, Universitat Hamburg, Germany

1. introduction

The grading of timber in strength classes by machine-grading systems is influenced by the
detection of different characteristics or defects of a piece of timber. Typical characteristics
are knots, their position and dimension, fibre deviation, bending stiffhess, density variation,
The prediction of the strength of the timber - as the most important characteristic in grading
- is mostly derived from measurements of other parameters, such as the determination of
deflection, the determination of the bending force necessary to achieve a deflection,
(ultrasonic) wave propagation time, x-ray technique or the determination of vibration
frequency.

Different systems of grading machines supply reliable results for normal timber
characteristics and are currently used. The setup of the grading system is the result of many
experimental tests and is usually given by a correlation between directly measured
parameters and the expected strength of each piece of timber. The basis of the
determination of this correlation is the high variation of the wood characteristic, because the
grading system should be able to grade each piece of timber by given conditions: for
example spruce with defined dimension of the cross section and moisture content. But it is
still unknown, whether the grading machines are able to detect severe defects and determine
correctly the mechanical properties of the tested timber, in order to assure a proper
classification of the timber.

The objective of this project was to test the ability of different grading machines to detect
significant timber defects. For this three groups of spruce timber specimens with particular
characteristics was first graded by different grading machines and later tested by foading to
determine the effective strength and stiffness. The specimens were picked out of the regular
production of a sawmill by visual means regarding that the defects were "well fitting". In
fact the specimens were rejected in the sawmills by more or less accurate visual grading,
Thus, it has to be stated that the total number of chosen samples are not representative and
could not be compared with standard timber graded in a sawmill.



2. Timber specimens - investigated defects

2.1 Principles

Tt was first decided to use natural timber defects for testing and not man-made defects, as
the influence of man-made defects on the strength of the timber does not give information
about the ability to detect important natural defects by machine grading, Three different
kinds of defects were tested. The common property was derived from the fact that each
defect was not simple to detect and would have an important influence on the ultimate
strength of the timber.

2.2 Grain deviation

Grain deviations have a higher influence on the ultimate strength of timber. Grain deviations
are caused e.g. by big knots or by growth that is not straight (e.g. juvenile wood). In this
test, only severe grain deviation was considered. Specimens with severe grain deviation,
rejected by first visual control in the sawmill, were picked out for grading and testing. The
chosen samples were grown in the southern part of Sweden.

2.3 Slip planes

Slip planes appear as compression failures in a part of the cross section and are mostly
caused by high loads from storm, inadequate handling or transportation. The very small
damaged area in the longitudinal direction and the fact that only a compression failure
occurs make the detection of the damage very difficult. By planing the surfaces, it is
possible to detect some slip planes by visual inspection, but only the bigger damages can be
detected. Practically it is possible to detect some slip planes in logs, as reinforcements are
built up by forming tissue in the concerned zone after a storm damage . If the damage is
caused by the handling of the log, it is very hard to detect it visually before the surfaces are
planed.

Slip plane damages are mechanically caused compression failures. In this way the timber is
partially or completely broken in the damaged zone. This fracture reduces the tension
strength of the timber in a particular section, but normally it does not affect the compression
strength.

Timber with slip planes was selected from the rejected production of a sawmill in the region
of Zurich, Switzerland. The sawmill uses a quality control system to detect timber with slip
planes based on rigorous visual cbservation of each surface by optimized lighting. The
detected timber with slip planes is rejected after the ultrasonic wave grading and before
finger-jointing.

2.4 Pre-broken timber

Pre-broken timber was tested only in one part of the project. The test elements were loaded
in a bending testing equipment up to the first clearly "audible” crack. Immediately after
unloading, it was not possible in most cases to determine the broken zone visually, because
only a part of the cross section was broken and the timber pieces did not show plastic
deformations.



Timber pieces were fractured in this way to be graded by the different machines and to be
tested up to ultimate bending capacity later.

3. Machine-grading systems

It was the intention of the present work to test the ability of common grading systems to
detect severe timber defects, so that commonly used grading equipment was required for
the grading procedure. The decision on the different grading machines was determined by
the availability of the grading machines in mills or in research laboratories.

Due to the fact that the bending tests were carried out at the SP in Boras and in order to
reduce shipping costs, grading was carried out with the following grading machines. The
complete machine grading data for each piece of timber was stored on a personal computer
for all of the grading machines.

3.1 Cook-Bolinder

The Cook-Bolinder is one of the oldest grading machines. The working principle is based
on the determination of the bending stiffness by measuring the bending load required to
achieve a predetermined deformation. The results of the machine measurements are based
on flatwise bending stiffness of the timber. The measurements were carried out twice by
rotating the test specimen at 180 degrees to prevent the influence of timber curvature. The
average of the two measurements indicates the definitive values of the stiffness.

Based on a predetermined statistical regression between resistance and stiffness, it 1s
possible to grade each specimen into a class of resistance; the weakest section being the
fowest stiffness along the longitudinal axis.

Grading tests were carried out with the Cook-Bolinder machine at the laboratory of the SP
in Boras.

3.2 Computermatic

The Computermatic grading machine is based on the same principle as the Cook-Bolinder,
but it measures bending deflection with a given bending load. The curvature of the test
specimens 15 determined by direct measurement, and it is considered when calculating the
stiffness.

The determination of the resistance class of the specimens is also based on a predefined
correlation between machine values and resistance.

These grading tests, as well, were carried out with the Computermatic machine at the
laboratory of the SP in Boras.



3.3 Eurogrecomat

The Eurogrecomat is a German grading machine based on continuous measurement of the
bending stiffness along the longitudinal axis. Additional parameters for grading are density,
knots position and knot size (diameter) by x-ray.

The machine is calibrated in order to grade timber in different classes and automatically
determines the class for each piece of timber. The Eurogrecomat grading was done in a
Swedish sawmill and ordered the timber in the resistance classes C18 and C30.

3.4 Dynagrade

The grading by the Dynagrade equipment is based on the measurement of vibrations and
determination of the vibration frequency of the timber. Vibration frequency of the timber
was precisely determined by a microphone; specimen length was determined by a laser
measurement system. The test result was the indicated property (IP) for the grading and the
decision on rejection or acceptance, graded in class C18 or C24.

4. Tested material

Planed spruce timber specimens (4000 x 150 x 45 mm) and planed surfaces were tested.
Timber samples with grain deviations and slip planes were picked out from the rejected
timber at two sawmills. The timber tested was kiln dried at a moisture content of 12 %.

In the total, 159 samples were graded and tested: 98 showed severe grain deviation, 22
sample were pre-broken and 39 were slip pilane samples.

5. Determination of the mechanical properties

After grading on the four different machine grading systems, the mechanical properties of
each timber were determined by bending tests. Four point bending tests were carried out to
EN 408. For each sample, maximum load and the curvature in the middle part of the beam
were measured, finally MOR and MOE were calculated.

Exact dimension of each timber, density and moisture were determined, as well.
The bending tests, as well, were done at the testing laboratory of the SP in Boras.

Due to very low mechanical properties of some timber samples tested, some of the results
from the bending test could not be used for the final discussion. In some tests, the bending
faiture was outside of the middle part of the bent beam (failure between foad and support)
so that the measured maximum force and the calculated bending strength were not
considered in the discussion. In some cases, the timber sample could not be tested correctly,
because the investigated defect was near to the end of the beam, and it was not possible to
test the defect zone in the nuddle part of the element.



Therefore, in all cases of possible uncertainty the tested beam was eliminated. Thus, only a
part of the results could be considered in the final discussion, as shown i the foliowing
table.

Number of tested | Samples considered
elements in the discussion
Timber with slip planes 39 27
Pre-broken timber 22 19
Grain deviation 98 75
Total 159 121

Table 1: Number of tested samples and of specimens considered in the
discussion

6. Results

6.1. Grading into strength classes

The timber was graded by Dynagrade in the classes C18 and C24 and by Eurogrecomat in
the classes C18 and C30. For a comparative discussion of the classification of the different
grading systems, the results of each grading procedure were completed with the limits for
all the three grading classes (C18, C24 and C30). For this, a linear distribution between the
indicating property from the grading machine and the resistance class was assumed. This is
not an impeccable method, but it allows a direct comparison of the different grading systems
and gives some indications on the more or less accurate detection of the timber defects
investigated.

6.2 Slip planes

In the most cases slip planes were not recognized by the grading systems. The failure occurs
very brittle, and it seems that there is no correspondence between the dimensions of the slip
planes and the measured MOE. The details of the results of the "misgraded" timber are
summarized in the table 2.

Specimen Bending Cook- Computer- | Dynagrade Euro-
strength Bolinder matic grecomat

Unit N/mm? Grading classes
C03 29.3 C24 C24 C24 *C30
Co4 25.5 C24 *C30 *C30 *C30
C06 19.0 *C30 *C30 *C30 *C30
Co7 24.7 *C30 *C30 *C30 *C30
Coo 21.9 *C30 *C30 *C30 *C30
Cl10 23.4 *C30 *C30 *C30 *C30
C12 12.2 *C24 *C24 *C30 *C30
Cl4 15.8 *C30 *C30 *C30 *C30
Cl6 17.2 *C24 *C24 *C30 *C30
C18 17.8 *C24 *C24 *C30 *C30




C20 264 *C30 *C30 *C30 *C30
C21 24.6 *C30 *C30 *C30 *(C30
C25 i3.6 *C30 *C30 *C24 *C30
33 21.9 C18 Cl18 *(C24 Cl18
C34 24.4 *C30 *C30 C24 C24
Number of "misgraded"
elements 12 13 13 13
In % of 27 samples 44 Y% 48 % 48 % 48 %

Table 2: "Misgraded" timber samples with slip planes - results from each grading system
and bending strength: asterised values (*) did not meet the requirement

6.3. Grain deviation

The results of timber samples with grain deviations show considerable differences
depending on the grading systems. "Misgraded" samples are summarized in table 3.

Specimen Bending Cook- Computer- | Dynagrade Euro-
strength Bolinder matic grecomat

Unit N/mm? Grading classes
S02 16.8 *C30 *C30 *C18 *C24
S03 18.0 *C24 C18 Cl18
S10 217 *C30 *(C24 R *(C24
SIS 283 *C30 C24 C18 C24
S16 26.2 *C30 *C30 C18 C24
S24 23.9 *C30 *C24 C18 *C30
825 19.2 *C24 *C24 R Cl18
§26 11.6 *C18 R R R
S27 20.9 *C24 *C24 C18 C18
S28 22.8 *C30 *C30 *C24 *C30
S32 223 *C30 *C30 *C30 *C30
S38 15.4 *C30 *C30 R R
S40 18.1 *C24 C18 R R
542 14.7 *C24 *C24 *Cl18 *C24
S44 16.1 *C24 *C18 R *C18
549 277 *C30 C24 R *C30
S51 28.8 *C30 *C30 C18 C24
S54 13.2 *C30 *C30 *Cl18 *C30
S59 13.1 *C24 *C18 R *C18
S62 28.7 *C30 *C30 Cl18 *C30
566 212 *C24 *C24 C18 *C24
S76 283 *C30 *C30 C24 *C30
S82 237 *C24 C18 R *C24
S86 28.6 *C30 *C30 C24 *C30
S87 17.2 *C24 *Cl18 R *Cl18
S90 16.3 *C30 *C30 R *C30




592 29.2 *C30 *C30 Cl18 *C30
S98 29.1 *C30 *C30 C18 *C30
Number of misgraded
elements 28 22 5 19
In % of 75 37 % 29 % 7 % 25%

Table 3: "Misgraded" timber samples with grain deviation - results from each grading
system and bending strength values

6.4 Pre-broken timber

The number of investigated samples in the group of "pre-broken timber" was very small; the
results merely indicate the detection of the defect by the grading procedure. Grading was
carried out only with the Cook-Bolinder and the Computermatic, as the timber samples
were not finished at the time of the grading in the mills. But the Jow number of results,
nevertheless, indicates some interesting observations, as shown in table 4.

Specimen Bending Cook- Computer-
strength Bolinder matic

Unit N/mm?* Grading classes
BO1 1.6 *C30 *C30
BIll 12.3 *C30 *C30
Bl12 8.5 *(C24 *C30
B22 3.8 R *CI18
B28 22.7 *C30 *C30

Number of "misgraded"

clements 4 5

In% of 22 21 % 26%

Table 4: "Misgraded" pre-broken timber samples - results from two grading systems and
bending strength values

The timber samples were pre-broken before machine-grading, and the ultimate bending
resistance in the bending test - after grading - was very small, as summarized in table 4. It is

interesting to notice that grading by measuring the flatwise bending stiffness classified some
samples as C30, although the edgewise bending resistance was considerably low.

7. Conclusions and discussion

7.1 Global overview

An overview on the results of the different grading systems is given in table 5.



Number of Number of "misgraded” samples
elements Cook- Computer- | Dynagrade | Eurogrecomat
Bolinder matic
n %o 1 %o n %o n %o
Slip
planes 27 12 044 1 13 | 48 13 | 48 13 48
Broken
timber 19 4 21 5 21 - - - -
Grain
deviation 75 28 137 22 | 37 5 7 19 25
Total 121 (102) | 44 | 36| 40 | 33 18 | 181 32 31

Table 5: "Misgraded" elements by defect and grading systems

It seems very difficult for the selected grading systems to recognize the types of severe
timber defects indicated. Cook-Bolinder and Computermatic are working on the same
principle (measurement of the bending stiffness) and show similar results and similar rates of
"misgrading".

The grading was defined as "mistake", if the bending strength was smaller than the 5 %
requirement (characteristic value according EN 338). Thus, it can be assumed that a
successful grading was obtained if the ratio of mistakes was less than 5 %.

7.2. Slip planes

Detecting slip planes, the Eurogrecomat was not more advisable than the Cook-Bolinder
and the Computermatic, although the Eurogrecomat disposes of a x-ray system to
determine the position and the dimension of knots. It is possible that the slip planes are too
small for being recognized by x-ray investigation. X-ray detects only variations of density
and it seems that the variation of density caused by slip planes is too small to be detected, or
probably the region of higher density is to small. A short additional investigation with the
same timber material (not discussed in this paper) has confirmed that slip planes were not
identified by x-ray systems like those used for luggage inspection on airports.

Grading by Dynagrade leads to the same results; probably the damage by slip planes is too
small and does not influence the vibration frequency of the board.

7.3, Pre-broken timber

Pre-broken timber represents a very severe defect and should not appear in practical
application of grading in mills. But broken timber as used by this investigation is very similar
to the damage by slip planes. The extreme low values of ultimate bending resistance show
that the timber was completely broken in some cases at the time it was graded as "good
quality timber " (C30 for example). The small number of specimens in this investigation



does not allow representative conclusions. But it should not be forgotien that it was
possible to grade broken timber as C30.

7.4. Grain deviations

Severe grain deviation is the most common timber defect in this investigation. The different
grading results on the different testing systems are very important. Cook-Bolinder and
Computermatic show more or less similar results. It is possible that the part of defected
timber in the tested beam is shorter than the length of the measurement of the bending
stiffness in the machine (support distance usually 700 to 900 mm) and for this reason, the
influence on the MOE measured is too low to downgrade the sample. This leads to a
number of upgrades and a high ratio of "mistakes" by the grading output.

The Eurogrecomat considers the distribution of the density and the information from the ray
analysis as parameters to grade each timber sample. It is not clear if this caused better
results with severe grain deviation by Eurogrecomat, but the rate of "mistakes" is smaller
than for Cook-Bolinder and Computermatic (which was exclusively based on measurement
of bending stiffness).

The grading by Dynagrade produces an interesting resuit: most defects were detected and
the timber elements are correctly downgraded or rejected. It seems as if the grain deviation
has a great influence on the vibration frequency. This consequently, 1s good to detect severe
grain deviation in timber. The "mistake" rate of 7 % by the grading of 75 samples is a good
result for a practical application. The requirements for resistance are normally given by 5 %
values (characteristical value),

7.5. Conclusions and questions

The investigations carried out show clearly that machine-grading of timber with severe
defects leads to some difficulties. Severe grain deviation is a frequent quality mark in
common timber production. Severe grain deviation can be detected more or less easily by
visual quality control. But machine grading should guarantee for the correct grading and
should be used as substitute for the not always reliable judgement of the grading personnel.
In case of the grading system investigated, only the measurement of the vibration frequency
allows the detection of timber defects and gives good results for practical timber usage
(required bending strength not fulfilled inup to 5 % of the samples).

Grading machines mostly work on the bending principle, so that the detection of severe
grain deviation is not possible. Therefore, "mistakes” by grading seems possible.

Other investigated defects - pre-broken timber and slip planes - were very poorly detected
and the result was a high percentage of "mistakes" by grading. The requirement for bending
strength was not fulfilled in up to about 50 % of the investigated samples. Pre-broken
timber normally should not be graded, but in case of grading pre-broken timber it should be
expected that these samples will be automatically downgraded and rejected and not graded,
as for example C30. Also slip planes are not so infrequently found in timber production, It
was relatively simple to find sawmills, forestry agencies or timber companies offering defect
timber. The reliable detection of slip planes does not seem to be possible for the investigated
grading systems. Unfortunately, slip planes have an important influence on resistance values.



The chosen grading systems are practically used for the machine-grading of timber. But the
use of timber with higher mechanical properties (C30 and higher) for structural purposes Is
possible since new codes appeared (EN 519, EN 338, EC 3, or the new DIN codes for
grading and strength classes for timber). The difficulties to detect some of the timber
defects can lead to a reduction of the safety of some buildings.

This work should not only end with the presentation of the results. Also questions should be
asked on the requirement of grading systems, if the actual grading fulfilled the requirements
on safety and if the non-detection of severe defects in timber can be accepted as normal
characteristic of the grading machine. If so, it is necessary to mention the reasons related.
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Abstract

Both national design codes and EN 338 list strength classes D30 to D70 for hardwood in
addition to softwood classes C14 to C50 (according to CEN/TC124/WG2/N304). Many
current papers analyse and discuss the correlations between a grading class and strength
classes for softwood, generally used as structural timber - defined by wood species, origin
and application. For hardwood these correlations are largely unclear. The question that
arises is, what hardwoods are already used as structural timber and what hardwoods should
be used 1o a grealer extent in the construction industry? In order to find an answer it is
essential that we are familiar with the performance of the relevant hardwood species such
as oak, beech, ash, chestnut and robinia. Owing to the natural durability and classification
of the robinia species as resistance class 1-2 according to EN 350-2, this wood species is
above all very suitable for outdoor use - for example bridge building and facade elements.
However, there is no knowledge concerning wood quality, grading features concerning
strength and appearance, the specific determination of grading parameters and threshold
values, and allocation to a suitable strength class. For this reason, the present project
attempted to define applications and suitable products, based on the resistance of the
robinia species, and to identify characteristic parameters for this purpose. In addition to
tensile tests performed on 45 robinia boards with a cross-section of 20 / 115 mm and 46
finger joints, extensive bending tests were conducted on structural laminated timber and
glued laminated timber (glulam). The tests comprised 8§ series with 47 structural laminated
timber beams (packs of 2, 3, 4 and 5), and 3 series with a total of 33 glulam beams (h =
160 mm and h = 300 mm). With the aid of the available material parameters, the aim is to
attempt to assign the robinia wood species to a strength class and a grading range on the
basis of EN 338. In addition, the application of the functional relationships of EN 1194 to
robinia are examined. The results show that it is indeed conceivable - using further research
results - to extend the scope of application of EN 1194 to hardwood.

1.0 Introduction
Forestry aspects, scopes of use and application

The robinia originates from North America. It was introduced to Europe as an ormamental
and avenue tree at the beginning of the 17th century. Today, therc are a large number of
regions where the species is known to grow in significant quantities. Of particular interest
is Hungary, where robinia forests already account for 20% of the total forest area,
representing a growing stock of about 35 miilion cubic metre stock. In Austria, robinia
only accounts for 0.2% of the total stock, and can therefore be qualified as being
nsignificant for forestry purposes, and it is also for this reason that there is no forestry
maintenance or the required qualities. The replacement time of the robinia tree is 31 years,
but the following growth and timber defects can be observed as a result of defective care:

e arching
o forking
e irregular annual ring structure and annual ring width
e eccentric growth
e  knottiness
The robinia is a ring-porous deciduous tree with a marked contrast in density between the

annual rings (tendency towards tangential cracks and cutting cracks if dried quickly). The
natural durability of robinia wood - durability class 1-2 (very resistant to resistant) -



guaraniees that this wood is ideally suited for external applications — bridge building,
facade elements. The present work will deal in particular with glued products.

2.0 Mechanical and physical parameter of bar-shaped robinia
products for use in the building sector,

2.1 Tests

2.1.1 General

Bending and tensile tests on test specimens with dimensions appropriate to construction
elements are used to determine the structurally relevant strength, rigidity and density
values. The objective is to achieve an overview of the mechanical characteristics of
possible robinia wood products. Given the relatively small scope of sampling, an aliocation
to a strength class in the European standards is only possible to a limited extent, and must
be regarded with caution. On the contrary, the aim is rather to determine the strength class
range for robinia and to develop pessible products and to determine the scopes of
application that result.

2.1.2  Starting material

Roughly 61 m?® of round timber from various regions of Europe - Austria/Danube riverside
meadows (21 m?3), Poland, Czech Republic, Hungary (roughly 40 m?®) were required for the
manufacturer of bar-shaped and panel-shaped sample specimens. Cutting produced a
quantity of 30.4 m® sawn timber (yield: roughly 50 %) in the form of posts, boards and
veneer (6 mm).

Of this, 23 m?® were required for the production of bar-shaped specimens - boards, finger
joints, structural laminated timber (SL.T) and glued laminated timber (glulam). The volume
of the finished elements was roughly 6.5 m?®. Accordingly, only roughly 28% of the sawn
timber available could be used for the production of higher quality products such as SLT
and glulam. The extremely high rejection rate must be ascribed to the lower quality of the
round timber and the sawn timber.

The remaining quantity of sawn timber was used for the production of 3-layer and S-layer
panel clements. The investigations carried out on these elements are not the subject of the
present contribution.

2.1.3  Test schedule and scope of tests

The main element of the tests on the robinia was the bending test on glued beams, both
beams with vertical glued joints - structural laminated timber (SLT) - and other beams with
horizontal glued joints - glued laminated timber (glulam) being investigated. In order to be
able to determine the system factor (homogenisation through a number of adjoining
lamellae) of the structural laminated timber, tests were made of beams in the form of packs
of 2,3,4 and 5, consisting of 2 (DUQ), 3 (TRIO), 4 (QUATTRO) and 5 (CINQUE) vertical
lameilae. In the casc of the glued laminated timber beams, 2 series of different depths
(160 mm, 300 mm) were tested in order to determine the influence of different dimensions
(volume influence) on the mechanical characteristics of robinia wood.



Fig. 2.1 shows an overview of the schedule and scope of the bending test.

bending test

I
I I

structural laminated glued laminated
timber (SLT) timber (GLT)
! I
: I [ | I I
pack of 2 pack of 3 pack of 4 pack of 5 d=160mm d=300mm
‘PUO! TRIC ‘QUATTRO! 'CINQUE’

D30 T20 T150 Q145 C145 8160 B300-1 B30G-2
11 pieces 10 pieces 4 pieces 16 pieces 6 pieces 14 pieces 6 pieces 13 pieces

Fig. 2.1: Bending test, test schedule and scope of test

A further element of the investigations to determine the mechanical characteristics of
robinia wood was the tensile test on lamellac and on finger joints.
Fig. 2.2 shows an overview of the schedule and scope of the tensile tests.

tensile test
]

i i
lamellae finger joints
Z KZ
45 pieces 46 pieces

Fig. 2.2: Tensile test, test schedule and scope of test

2.1.4  Test configuration and execution

The bending tests on the structural laminated timber and on the glued laminated timber
beams with a depth of 160 mm were carried out at the Construction Test Institute at the
Technical University of Graz under the direction of Prof. K. Kernbichler. The tensile tests
on the boards and the finger joints, and the bending tests on glued laminated timber beams
with a depth of 300 mun were carried out at the Institute for Wood Technology at the ETH
Zurich.



Structural laminated timber

The test configuration corresponds with the test procedure pursuant to ONORM EN 408, as
shown in Fig. 2.3. The tota! length and the span 1 refer to a beam depth h of 150 mm. Since
the actual beam depth of the test sample varied between 140 mm and 150 mim, the distance
between support and application of load is not 6k but [18 x 150 (span) - 6h (distance
between the load application points))/2, with the values thus calculated lying within a
variation range of +/-1.5h, as specified and permitted in EN 408,

75 a=(2700-6hy2 =60 . a=(2700-6hy2 75
7 A Ji ’] ’E
£, h=sh e E
2 ] 2 1
e A |
W
B A AN :
2 2
) 1=2700 )
A g

Fig. 2.3; Test procedure for bending test pursuant to ONORM EN 408

Table 2.1 lists the most important dimensions of the test samples for the different series.
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Table 2.1: Dimensions of the SLT test samples

In the course of the test, the static modulus of elasticity was measured according to
ONORM EN 408. Having determined the modulus of elasticity, bending strength was then

determined, with no interruption to the load process.

Glued laminated timber (glulam)

As in the case of structural laminated timber, the test procedure was arranged pursuant to

ONORM EN 408 (see Fig. 2.3),




Table 2.2 lists the most important dimensions of the test specimens for the different series.
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Table 2.2: Dimensions of the glulam test specimens

The actual course of the test - determination of the bending modulus of elasticity and
determination of bending strength - is analogous to that for the structural laminated timber
series.

Tensile tests on lameliae

Fig. 2.4 shows the test configuration for the tensile tests. The free test length is 2000 mm,
corresponding to the minimum length in EN 1194 for which no length adjustment to the
test result is necessary. The measurement range for the measurement of the static modulus
of elasticity corresponds to 560 mm, a slight departure from the measurement length
requited by ONORM EN 408 of four times the width (575 mm). The scope of the test
comprised 45 lamellae with a cross-section of 20/ 115 mm.

_B_-Mmmf,} 6 Nimm?. =
e — determination of MOE b
< F [ I ! ™ F p
.m_______l ‘ ]
S — 560 | R
6 N/imm? # 4_" 6 Nmm?*
j clamping jaws determination of MOE clamping jawsi
| i 1
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<« I lamella 20/115mm f >
1 !
]
350, 2000 _ g 350..,....‘.%
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2700 1?(_

Fig. 2.4: Test procedure for the tensile tests on lamellae



In addition to dimensions, mass and timber moisture, uitrasonic speed was also recorded
using the "Sylvatest” measurement instrument, in order to be able to determine the
correlations 1o tensile strength and the static modulus of efasticity.

The test was carried out with the GEHZU 850 testing machine. Tensile strength was
applied using clamping jaws in which the lamella were mounted with a pressing force of
6 N/mm?*.

The static modulus of elasticity was determined by means of displacement transducers
screwed onto both narrow edges of the lamella. The two measured stress-strain diagrams
were used to calculate the modulus of elasticity values by means of a regression straight
line for both narrow edges, and this was then used to calculate the static modules of
elasticity of the lamella as a whole as a mean value.

Once the modulus of elasticity had been determined, tensile strength was determined,
without any release of the load during the two test procedures.

Tensile tests on finger joints

The test procedure corresponds essentially with the test configuration for the tensile test on
lamellae shown in Fig. 2.4. The differences are firstly the free test length of 200 mm and
sccondly the length of the clamping jaws of 300 mm. Pressing force 1s unchanged as
compared with the tensile tests on lamellae.

The lamellae used for the finger joint investigation are identical with those used for
determining tensile strength of robinia wood (cross-section 20 / 115 mm). The finger jont
has a length of 15 mm (precise dimensions 15/ 3.8 /0.3 / 0.11) and was glued with the
phenol-resorcinol resin glie mixture Aerodux 185 and HRP 150 hardener.

The tests to determine tensile strength of the finger joints comprise 46 test specimens.

As with the tensile tests on lamellae, the test determined not only the dimenstons, volume
and wood moisture but also ultrasonic speed. The static modulus of electricity was not
determined.

The tests were carried with the GEHZU 600 tensile testing machine.

2.2 Test results

2.2.1 General

The test results were evaluated using the unadjusted values; this primarily means that the
test results are not adjusted to the standard wood moisture content of 12%. The reason for
this is that there are no known adjustment functions for robinia timber and that the
application of functions for other wood types such as spruce may lead to a falsification of
the test results that would be difficult to assess. By using the unadjusted measurement
values for the evaluation, the influence of wood moisture content on the mechanical
(strength, modulus of elasticity) and physical parameters (density) of rebinia wood was not
taken into account.



2.2.2 Tensite test on lamellae

Table 2.3 lisis the results of the statistical evaluation

scope of test} mean value § 5%-fractile | COV | function
tensile strength  [N/mm?] 45 61,6 31,1 43,5 | Lognhormal

N tensile MOE [N/mm?| 40 18380 14720 - Weibull
density [kg/m? 45 787 £99 7.2 | Lognormal

Comments:

In the measurement of the modulus of elasticity, a defect occurred in 5 test samples which led fo unrealistic
results, For this reason, these test samples are not taken into account in the statistical evaluation. This
explains why the sample is smaller, 4G items instead of 45.

Table 2.3: Statistical evaluation of the tensile tests on lamellae

The evaiuation reveals two points that must be particularly emphasised.

On the one hand, robinia wood has a very high tensile modulus of elasticity (B, ;,= 18380
N/mm?) with little spread (COV,,,,=10.1%).

Secondly, although the tensile strength achieved is considerabie (f,=61.6 N/mm?),
nevertheless there is considerable spread in the test results (COV, . . =43.5%), for which
reason the 5%-fractile value of 31.1 N/mm* must be regarded as rather low. The
correlations also show that tensile strength only moderately correlates with other
parameters such as modulus of elasticity, density or ultrasonic speed.

Both the considerable spread and the moderate correlation are due to local defects in the
lamella which are the result of the non-existence of strength-relevant grading criteria for
robinia wood. Fig. 2.5 shows three characteristic fractures of lamellae under tensile.

Fig. 2.5:  Characteristic fractures of lamellae under tensile
Angle grain/grain deviation - large individual knots - brittle fracture

The most frequent defect causing a fracture is angle grain, in many cases caused by a large
branch. Knots themselves play a somewhat subordinate role, which may however be due to
the fact that these were largely eliminated in the preliminary grading. Some of the lamellae
suffered very brittle fracture, as shown in the fracture image of lamella Z38.



2.2.3  Tensile test, finger joints

Table 2.4 lists the results of the statistical evaluation.

scope of test] mean value | 5%-fractile { COV | function
tensile strength  [N/mm?] 48 53,3 27,7 29,3 Normat

S lensie MOE  [N/mm?) 46 ] : . .
density [kg/m?) 46 780 674 - Weibull

Table 2.4: Statistical cvaluation of the tensile tests on finger joints

Almost all test specimens failed when the finger joints were puiled apart (D-fracture). This
leads to the conclusion that the joint geometry and/or the gluing quality and the production
process are unsuitable for robinia wood. This also means that the tensile strength of the
finger joints achieved is not satisfactory, since it is 11 % lower in comparison with that of
the lametlae.

Since most of the finger joints failed through pulling apart, it is permissible to conclude
that the wood quality of the series provided had no influence on the test results.

2.2.4 Structural laminated timber

Table 2.5 lists the results of the statistical evaluation.

scope of test] mean value | 5%-fractile | COV | function
bending strength [N/mm? 11 44,4 34,4 13,6 Normal
§ bending MCE  [N/mm?] 11 16970 14570 8,6 Normal
density [kg/m3) 11 750 702 4 Lognormal
hending strength [N/mm?) 10 63,1 39,5 23,1 | Lognormal
E bending MOE  [N/mm? 10 15370 13380 8,5 | Lognormal
density [kg/m?] 10 767 740 - Weibull
o bending strength [N/mm# 4 69,1 442 27,6 | Lognormal
uld bending MOE  [N/mm?] 4 17930 15960 7.1 | Lognormal
- density [kg/m3] 4 827 787 - Weibull
o bending strength [N/mm? 16 64,0 51,1 13,8 | Lognormal
= bending MOE  [N/fmm?] 16 17420 15770 - Weibull
© density (kg/m?) 16 802 750 - Weibull
™ bending strength [N/mm?] 8 79,8 73,7 4,9 { Lognormal
3 bending MOE [N/mm?] 8 17560 15690 5,7 1 Lognormal
© density [kg/m?} 8 787 724 3,5 { Lognormal
Comments:

The D30 and T2¢ test beams series were glued with resorcinol resin glue, which proved to be unsuitable for
gluing the two series. However, production-related defects cannot be excluded. As a result of this, the test
results concerning bending strength and the bending modulus of elasticity arc of only limited
representational character,

Table 2.5: Statistical evaluation of the bending tests on structural laminated timber



The structural laminated timber 1s marked by the fact that the vertical lamellac have a
certain homogenising effect, which is greater the more lamellac are laid next to each other,
This system factor can also be found in the present test series. However, thanks to the in
part low size of the samples (T150 and C145), the results are of only limited informational
value.

Fig. 2.6 sets out for comparison the parameters for bending strength (mean value, 5%-
fractile value, standard deviation) against the number of lamellae. It shows that the spread
falls strongly as the number of lamellae increases (homogenisation), while the 5%-fractile
value increases. However, it should be pointed out that the values of the C145 series appear
too optimistic, which may result from the small size of the sample.
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Fig. 2.6:  Influence of the number of lamellae on bending strength of structural laminated
timber

The bending tests on structural laminated timber confirm the findings from the tensile tests
that the finger joints represent a significant weak point, for a large percentage of the test
specimens failed when the finger joints came apart (D-fracture).

In addition to the finger joints, large knots and considerable grain deviations are the main
causes of failure.

Fig. 2.7 shows examples of the three most important weak points (finger joints, large knot,
grain deviation).

Fig. 2.7: Characteristic fractures of structural laminated timber



2.2.5 Glued laminated timber

in the evaluation of the bending tests on glued laminated timber beams, series B300-1 and
B300-2 were also examined together as serie B30G, thus allowing more precise stalements
concerning correlations as a result of the larger scope of the sample. The bending strength
values were not adjusted on the basis of the different widths pursuant to EN 1194,

Table 2.6 hists the resulls of the statistical evaluation.

scope of test] mean value | 5%-fractile | COV | function
o bending strength  [N/mm?) 14 67,2 48,7 22,4 1 Lognormal
= bending MOE [N/mm?} 14 17640 15200 - Weibull
@ density [kg/m?] 14 783 767 1,2 | Lognormal
- bending strength  [N/mm?] 5 50,2 42.9 9,7 | Lognormal
S lbending MOE  [N/mm?] 5 17490 16170 4.8 | Lognormal
8 density [kg/m? 8 747 732 1,2 | Lognormal
o bending strength  [N/mm?) 13 60,0 381 - Weibull
§ bending MCE IN/mm?] 13 18870 16750 - Weibull
M |density Ikg/m?] 13 779 761 1,5 Normal
o bending strength  [N/mm?] 18 55,4 40,0 20,0 1 Lognormal
S |bending MOE [N/mm?] 19 18480 16090 - Weibul
& density [kgim?] 19 772 735 - Weibuil

Table 2.6: Statistical evaluation of the bending tests on glued laminated timber

The bending tests on glued laminated timber confirm the results of the tensile tests,
according to which the finger joint tensile strength 1s too low in comparison with the
tensile strength of the lamellae, for a large number of the test specimens failed in a finger
joint. The fact that the majority of finger joints failed when the joint was pulled apart is a
further indication that the joint geometry and the gluing require closer investigation.
Additional causes for fracture are knots and angle grain, which frequently occur together.
However, both are of secondary importance as compared with the failure of finger joints.

Fig. 2.8 shows three characteristic fractures of glued laminated timber beams.

Fig. 2.8: Characleristic fractures of glued laminated timber beams
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The frequent occurrence of finger joint failure is probably also a reason why there is no
relationship between bending strength and the bending modutus of elasticity.

On the basis of the different sample dimensions, it is possible to determine the influence of
volume on bending strength. Thus the B160 series beams (d = 160 mm)achieved a 22 %
higher bending strength than the 300-2 series beams (d = 300 mm). In both cases, the
spread is very high (COV=20-22%), with the series B160 being marginally greater,

3.0 Examination of the results in the light of the standards

3.1 General

In this chapter, an attempt is made to consider the test results in the light of the standards,
specificaily EN 338 (D-classes) and EN 1194 (glued laminated timber made of hardwood).
Given the insufficient quantities within the series, it is a problem to classify robinia timber
on the basis of strength based on the present results, and this issue should be regarded as &
restriction of scope.

3.2 EN 338: Allocation of robinia to a D-class

The bending fests on solid wood with a depth of 150 mm required for classification
according to EN 338 could not be carried out, since the quality of the round timber was
msufficient for the cutting of solid timber beams. Instead, structural laminated timber
beams were glued.

Since the possible difference between solid timber and structural laminated timber (SLT)
with respect to bending strength is not known, the bending strength of robinia wood was
determined using the tensiie tests and the relationship between tensile strength and bending
strength specified in document CEN/TC124/WG2/N304 (EN 338) (£, = f,,,/0.6).

In order to increase the information concerning the bending strength of robinia wood, it
was determined using additional tensile tests on 11 lamellae with a cross-section 30 /
120 mm and a free test fength of 1220 mm cited in the literature [3].

Table 3.1 lists the results of the statistical evaluation known from the Iiterature [3].

scope of test] mean value | 5%-fractile | COV | function
tensile strength  {N/mm?) 11 83,1 36,8 34,0 -
N ftensiie MOE [N/mm?] 11 18090 16090 7.0 -
density [kg/m?] 11 - - - -

Table 3.1: Statistical evaluation of the tensile tests from the literature [3]

Concerning the tensile tests in [3], it should be noted that stricter grading criteria were
applied, i.e. the lamellae were free of knots and relatively straight grained. Alongside the
shorter test length, this is probably the main reason why the strength values are higher than
those determined in the course of the present project. What is also remarkable is that the
spread is very large (COV = 34%) despite the stricter classification criteria.
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Given that the test dimensions differ from those in the standards, an adjustment of tensile
strength values is necessary. The conversion is based on EN 1194, both with respect to the
reference dimensions (d = 150 mm, 1 = 2000 mm) and with respect to the determination of
the adjustment factor k.. Table 3.2 sets out the adjustment according to EN 1194,

sl

number dimensions adjustment tensile strength
n b d 5 Ksize fooosunadiust | fLo.05.adjust
i fmm} fmmi} {mmj -1 [Nfmm?] [N/mim?]
TU Graz 45 20 115 2000 0,924 31,1 33,64
UNt Hamburg 11 30 120 1220 1,020 36,8 36,086

Table 3.2: Adjustment of tensile strength values to the reference dimensions in EN 1194

Using the adjusted tensile strength values, the tensile strength can be calculated backwards
by means of the relationship f,, = 0.6 £, to EN 338/Document CEN/TC124/WG2/N304,
thus permitting ailocation of robinia wood to a D-class to EN 338. Table 3.3 shows the
parameters of bending strength, modulus of elasticity and density necessary for a
classification, 1t being noted that these were determined from fensile fests, and the D-
classes aliocated to the parameters in question.

bending strength MOE density
fr.05=1/0,6% 005 Eois0 21os
INfmm?) [N/mim# kg/m?}
TU-Graz 56,47 18382 £99
Uni Hamburg 57,08 18089 -
D-class D50 D60 D60

Table 3.3: Allocation of robinia to a D-class pursuant to EN 338 based on tensile tests

Table 3.3 shows that robinia corresponds with class D60 with respect to moduius of
elasticity and density. This is also confirmed by the tests on structural laminated timber
(SLT), for both the modulus of elasticity and density are significantly above the limits for
D60 to EN 338, namely 17000 N/mm? and 700 kg/m?® respectively. Thus the values for the
modulus of elasticity range between 17420 and 17930 N/mm? and the values for density
between 724 and 787 kg/m®. Since the influence of the modified test configuration -
structural laminated timber instead of solid timber - is probably of secondary importance
for the modulus of elasticity and density, the test results can indeed be regarded as
representative. The two test series D30 and T20 were ignored, since the results are
uninformative as a result of defective gluing.

The bending strength values calculated backwards from the tensile tests correspond with
class D50. However, table 3.3. shows that the values from the University of Hamburg are
significantly higher than those of the Technical University Graz. A significant cause of this
is probably, as already mentioned, the different grading and the scope of the samples. Thus
angle grain was largely climinated for the tests at the University of Hamburg, which was
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not the case for the Technical University of Graz. The fact that angle grain was the main
cause of fracture m the tests i this project, shows, on the other hand, the significant
influence that grain angle has on the tensile strength of robinia wood. By determining
grading criteria, in particular with respect to grain angle, it should therefore be possible to
classify robmia wood as hardwood af least in strength class D50,

The tests on structural laminated timber (SL'T), are of only limited representational value
for allocation to a class, thanks to the system factors explained in chapter 2.2.4 between
packs of 2 (DUQ), 3 (TRIO), 4 (QUATTRO) and 5 (CINQUE). Nevertheless they show
that a classification of robinia wood in hardwood class D50 is justified. Thus in series
145, a bending strength f . of 5i.1 N/mm? was achieved. Although the actual
characteristic bending strength f, , of robinia wood 1s probably below this value as a result
of the system factor, since i many of the test bases a failure of 2 finger joint was the causc
of the fracture, the influence of the system factor did not have an effect to the extent

expected.

In summary it can be said that robinia wood is in the range of hardwood classes D50
and D60 to EN 338, While the modulus of elasticity and density most probably satisty
the threshold values for D60, bending strength is probably in class D50, It is true that
the determination of bending strength is somewhat uncertain, but the fact that DS0
was achieved without detailed grading shows that D50 is realistic if corresponding
grading criteria are determined, but D60 is probably not achievable in the light of the
test results.

3.3 EN 1194: Applicability of the functional relationships to the

hardwood robinia

EN 1194 defines the parameters for glued laminated timber beams as functions of tensile
strength, tensile modulus of elasticity and the density of lamellae. The subject matter of
this chapter is the extent to which these functions can be applied to hardwoods, and in
particular to robinia wood.

Since the cross-section values of the glued laminated timber beams deviate from the
reference dimensions in EN 1194 (b = 150 mm, d = 600 mm), it is necessary to adjust the
bending strength values. Since there is no adjustment function for hardwood, recourse is
had to the formulas specified in EN 1194, Table 3.4 shows the adjustment of the bending
strength values for the glulam bases.

number dimensions adjustment bending strength
n D d | Ksive fm.g.os,unad ust fm.q_OS.adius!
ol [mm] [mm] (mm] (] [N/mm?] [N/mm?]
B160 14 100 160 2880 0,859 48,70 40,10
B300-1 6 120 300 5400 0,923 42,90 39,58
B300-2 13 100 300 5400 0,914 38,10 34,84

Table 3.4: Adjustment of the bending strength values to the reference dimensions in

EN 1194

13




The adjustment of the tensile strength values to the reference dimensions in EN 1194 can
be found in Table 3.2, it being noted that only the tensile tests carried out by the Technical
University of Graz have been taken into account for the questions considered in this
chapter.

Figs. 3.1 to 3.4 set out the connection between the following parameters, on the one hand
{o EN 1194 and on the other hand on the basis of the test results:

o Lamella tensile strength f,,, . - glulam bending strength £, .

o Lamella tensile modulus of elasticity By, e - glulam bending modulus of
elasticity B, .., (mean value)

e Lamella tensile modulus of elasticity g, e = glulam bending modulus of
clasticity B, (caracteristic value)

e  Lamella density o, - glulam density o,

relationship lamella tensile strength - glulam bending strength

£
= fogs =7+ 1'15fl‘0,|‘k| /
c 50 -
5 R PYYEER i PV
5 {Schickhofer, Gehri)
w40 4 k 5
o
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& fm-Q.Dfi.adjusl =40,10 N'm? (B1 60)
g 20 - fm.g.OS.adjusl = 39,58 N/TyTR (8300-1)
5 fﬂ!.ﬂ,of),adjlisl = 34,84 N/mer?é (B300-2)
T
: |
q 10 }
i
0 i ‘ | | ?
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caract. lamelia tensile strength [Nrn)

Fig. 3.1: Relationship between lamella tensile strength and glulam bending strength

Fig. 3.1 shows on the one hand that there is close agreement between the functional
relationship lamelta tensile strength to GLT bending strength pursuant to EN 1194 and the
test results. On the other hand, the figure also shows that the function in EN 1194 appears
too optimistic in the upper strength area, but fundamentally could also be confirmed for
hardwood glued laminated timber (robinia) based on the present resuits.
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relationship mean tensile MOE (lamella) - mean bending MOE {glulam)}
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Fig. 3.2: Relationship between mean ftensile MOE (lamella) and mean bending MOE
(glutam)

Fig. 3.2 shows that the bending modulus of elasticity of robinia glued laminated timber is
not greater than the tensile modulus of elasticity of lamellae. Hence the factor 1.05 in
EN 1194 cannot be confirmed. On the contrary, the bending modulus of elasticity of glued
laminated timber should be set at the same value as the tensile modulus of clasticity of the
lamellae.

relationship mean tensile MOE (lameiia) - 5% -bending MOE (glutam)
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Fig. 3.3: Relationship between mean tensile MOE (lamella) and 5%-bending MOE
(glulam)
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relationship density (lameila) - density {giulam)
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Fig. 3.4: Relationship between density of lamella and density of glued laminated timber

Figs. 3.3 and 3.4 show that the functions in EN 1194 for the relationships between lamella
tensile modulus of clasticity and bending modulus of elasticity (5%-fractile value) and
fameila density and density of glued laminated timber - leaving aside a minimum
overestimate of the density of the glulam - agrees very closely with the test results.

If the figures are examined, it is apparent that the functional relationships specified in
EN 1194 correspond very closely with the relationships determined from the robinia
tests. In particular the functions for glulam density and the 5%-fractile value of the
glulam modulus of elasticity are confirmed. Slight deviations are on the one hand to
be noted for the mean value of the glulam modulus of elasticity, where the factor of
increase over the mean lamella tensile modulus of elasticity of 1.05 cannot be
confirmed, and on the other hand for glulam bending strength, where the glulam
bending strength calculated from lamella tensile strength according to EN 1194 is too
high. However, tests on whitewood already showed that this function is slightly too
optimistic in the upper strength area, and robinia wood is without doubt in this
range.

3.4 EN 1194: Relationship between lamella tensile strength and
finger joint tensile strength

EN 1194 regulates the quality requirements for finger joints. This can be checked either by
tensile tests or by flat edge bending tests on finger joints. In this project, the finger joints
were investigated using tensile tests. On this, EN 1194 lays down that finger joint strength
must be § N/mm? higher than lamella tensile strength.

Table 3.5 sets out a comparison between finger joint tensile strength and lamella tensile

strength on the basis of the tests at the University of Hamburg [3] and those in the present
project at the Technical University of Graz.
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tensile strength values
lamellae finger joint finger joint
range fLo.os from lest range fij.05 from test fij0s 88 required by EN1154
{-] {Nfmm?) [-] [Nfmm?} [N/mm?}
TU Graz 45 31,1 46 27,7 36,1
Uni Hamburg 11 36,8 21 42,0-65,3 41,8

Comments:

At the University of Hamburg, the suitability of three different giues for robinia wood was examined
{melamine, phenol-resorcinel and polyurethane), 21 finger joint tests were carried out for cach type of glue,
This led to the range of finger joint tensile strength set out in the table, with pelyurethane glue achieving the
lowest and phenol-resorcinel achieving the highest strength.

Table 3.5: Comparison of lamella tensile strength and finger joint tensite strength

The comparison in table 3.5 shows a considerable difference between finger joint tensile
strength obtained at the Technical University of Graz and that obtained at the University of
Hamburg. This difference is probably due to the different production processes, for on the
one hand the joint geometry in both cases was identical {15 mm) and on the other hand the
Hamburg tests achieved a significantly higher strength even with the least suitable glue.

Whife the finger joints at the Technical University of Graz were produced under industrial
conditions, those for the University of Hamburg were made under laboratory conditions.
This is reflected above all in pressing time, which was 2 seconds (usual for the production
of glued laminated spruce timber) and 10 seconds respectively. However, the more careful
manufacture in the laboratory probably also had a positive effect on the test results. While
the finger joints of the University of Hamburg satisfy the criterion of EN 1194, the finger
joints of the Technical University of Graz fell significantly short of this level, The f{inger
joint strength is even significantly below lamella tensile strength. It is therefore necessary
to rethink the finger joints of the Technical University of Graz, particularly since the tests
on glued laminated timber beams show that the finger joints represent the most important
weak point. In particular pressing time, joint geometry (joint length — larger glued area)
and an ideal glue recipe adjusted to the characteristics of the type of wood should be the
subject matter of further investigations.

4.0 Summary and final considerations

With respect to the starting material, it is found that given the low forestry significance of
robinia as a wood species in Austria, the foresiry maintenance and hence the quality of the
round timber is not satisfactory. This is shown in the one hand on the low sawn timber
yield and on the other hand in the high reject rate during the production of glued products.
When examining the sawn wood, alongside the features of relevance to appearance - such
as the marked colour differentiation within this type of wood - it is the strength-relevant
and fracture-determining criteria such as

e angle grain and
e  knottiness (large knots affecting cross-section),

that significantly determine the quality of this type of wood.
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In the absence of grading criteria for hardwood in the national grading standard ON DIN
4074-1 - the application of grading rules for softwood appears inappropriate - it is seen as
necessary to define grading criteria for hardwood taking into account strength and stress for
hardwoods, if the latter are to be increasingly used in the construction sector in the future.
This applies not only to the hardwood robinia examined as an example in the present
project, but primarily to the hardwoods beech, oak, chestnut and ash, which are of greater
forestry importance.

The suitability for use of hardwood in the construction sector also depends to a large extent
on its ghuing characteristics. It is thus important to define the suitable glue types for glued
hardwood products in connection with the corresponding areas of use. In the case of
robinia, relatively good results have been achieved with phenol-resorcino! resin glue
Acrodux 185 + HRP 150 hardener.

A further problem area is revealed in the examination of factory-made finger joints. A pure
failure of the wood only occurred with one single finger joint sample. In all the other finger
joints, the feature causing the defect was the pulling apart of the joint. In this context, it
should be noted that account shouid be taken of a

e finger joint gecometry,

»  finger joint manufacture (pressing time, pressing force, etc.)

o and a corresponding glue type and a glue recipe based on the ingredients of
hardwood

that are suitable for hardwoods.

The tests show that robinia wood will lie in the range of hardwood classes D50 and D60 to
EN 338. While the modulus of elasticity and density probably satisfy the threshold values
for D60, bending strength probably falls in class D50, It is true that the determination of
bending strength is somewhat uncertain, but the fact that D50 was achieved without
detailed grading shows that D530G is realistic if corresponding grading criteria are
determined, while D60 is probably not achievable in the light of the test results.

If Figs. 3.1 to 3.4 arc examined, it is apparent that the functional relationships specified in
EN 1194 correspond very closely with the relationships determined from the robinia tests.
In particuiar the functions for glulam density and the 5%-fractile value of the glulam
modulus of elasticity are confirmed. Slight deviations are on the one hand to be noted for
the mean value of the glulam modulus of elasticity, where the factor of increase over the
mean lamella tensile modulus of elasticity of 1.05 cannot be confirmed, and on the other
hand for glulam bending strength, where the glulam bending strength calculated from
lamella tensile strength according to EN 1194 is too high. However, tests on whitewood
have already shown that this function is too optimistic in the upper strength area, and
robinia wood is without doubt in this range.

If greater use is to be made of the hardwoods beech, oak, chestnut, ash and robinia in the
coustruction sector, e.g. in the form of glued laminated timber, it is necessary to ensure that
the timber construction engineer has access to the corresponding material characteristic
values. Thus in the author's opinion, the following guestions must in particular be
answered:
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What grading criteria for specifying strength should apply for hardwoods?
Which D-classes of EN 338 are the relevant hardwood types to be ascribed to?

Do the relationships specified in EN 1194 also apply to hardwoods?

The present project has been able to reveal the problems related to these questions and sct
them out using the hardwood robinia as an example, but they remain largely unanswered.
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Length and Load Configuration
Effects in the Code Format
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Abstract

The effect of length and type of loading on the load carrying capacity of a timber member is the subject of
this paper. The effects are evaluated using reliability methods and a calibration according to the code format
is performed. Based on a model of the between and within member variability of bending strength, serics of
beams of different lengths are subjected to different load configurations. The results of simulated testing of
beams of different lengths under different loads can be used to evaluate the effect of length and load.

Both the Swedish and European design code are based on using partial coefficients. When calibrating
these coefficients, one of the parameters is connecled te the uncertainly in the calculation model, This
parameter takes into account the differences between the fength and loading conditions of the beam in the
structure and the length and load used for determining the strength of the beam, i.c, the third point joading
according to EN 408. Using the simulated test results, the calculation model parameter can be evatuated. The
parameter is divided into one stochastic part and one deterministic part. The latter describes known effects
when changing length and load conditions compared to the reference conditions. The introduction of such a
function, which is dependent on length and type of loading, results in a substantial increase in design strength
for most fengths and load configurations.

1 Introduction

An investigation of the within member variability of structural timber has been presented
in previous CIB papers, 28-6-4, 30-10-4 and 31-6-1. The purpose was to experimentally
find data to derive a model of the variation of bending strength within and between timber
beams. Knowledge about the variability makes it possible to investigate the length and load
dependent strength of a beam.

The effect of length and load has often been explained by Weibull theory, e.g.
Eurocode 5, or at least it has been calibrated against the Weibull theory. In this paper the
length and load configuration effect is introduced when calibrating the code format. Based
on simulated testing of beams of different lengths and loading conditions it is possible to
introduce a deterministic function of length and type of loading. This function takes into
account the difference between the standard test set-up and the beam to be designed, i.e. it
improves the precision in the calculation model and thus in most cases giving a higher
resistance of the beam.

2 Modelling the variability of bending strength

Based on experimental tests a model of the variability in bending strength between and
within beams has been developed (see paper CIB W18/31-6-1). The model gives the
distance between weak sections (knot clusters), the strength of weak sections and the
strength of the wood connecting weak sections.

The strength f of section j in beam i is given by eq. (1). The strength is modelled
using a log normal distribution. Figure 1 shows the strength model with its parameters.

in(f,)=p+71, +e, ()

where
4 is the logarithm mean of all weak sections in all beams.



7; is the difference between the logarithm mean of weak sections within a beam i
and s The mean equals zero and the standard deviation is ;.

&; 1s the difference between weak section j in beam i and the value g + 7. The mean
equals zero and the standard deviation is ;.

Longitudinal direction of the beam

Figure 1. Model of the variation of strength along a beam.

The model described above is completed in two ways. One with strong sections connecting
the weaker and one with only weak sections connected to each other, see Figure 2 and
Figure 3 respectively. The strong section strength equals the strength of the strongest weak
section. The reason for proposing the latter model is because the difference in strength
between weak and strong sections was found to be in the same order as the difference
between weak sections, Isaksson (1999). Also, the strength of weak sections was
determined over a length of 400 mm which is close to the average distance between weak

sections.
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Longitudinal direction of the beam

Figure 2. Model 1, lengthwise variation of bending strength with
weak sections connected by stronger wood.
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L.ongitudinal direction of the beam

Figure 3. Model 2, lengthwise variation of bending strength with
weak sections located after each other.

The correlation between strengths of different weak sections is independent of the distance
between the sections. For the investigated material the correlation coefficient is around

0.56.



The experimental tests were performed on Norway spruce (picea abies). The
variability in strength was low and the mean distance between weak sections was 490 mm
resulting in a more or less homogeneous material. In order to investigate the effect of
within member variability for a more variable material, Radiata pine was also used. The
data about this material was found in Leicester et al (1996). The data was adjusted to fit to
the model used in this study. Leicester found the correlation between strength of weak
sections to be around (.30. Several studies, Williamson (1994) and Riberholt et al (1979),
have shown that the correlation is between 0.50 and 0.60 independent of the material. Thus
the correlation for Radiata pine was set to 0.55.

Table 1 summarises the input to the models. For Model 1 and IRP a constant length
of 150 mm is used for the weak sections.

Model
Parameter l o) IRP
Distance {im] Gamma (2.5445, Gamma (2.5445, Exp (1,1300)
194.12) 194.12)
ELength of weak section {mm) 150 - 150
Weak section strength {MPa] LogN (4.01977, LogN (4.01977, LogN (3.75443,
0.247136) 0.247136) 0.38523)

Coeff. of corr. between weak 0.565 0.563 0.55
section strengths
Strong section strength [MPa) greatest weak - greatest weak

section strength section strength

Table [. Summary of the input to the models. Model IRP is used for the Radiata pine
material.

3 Simulating strength testing of beams

Using the model described above, beams of any length can be generated and subjected to
various loads. In this study seven different load configurations are used, see Figure 4. For
each load, the length of the beam is varied between 1.5 m and 5.5 m. All in all, 63 samples
with 10 000 beams in each are generated for each model. Table 2 shows the results of
Model 2. The mean, u,, and standard deviation, o, is based on 10 000 beams. The same
table is generated for Model 1 and Model IRP.

Figure 4. The seven load configurations used in this study.



foad Length (m)

configuration 1.5 2 2.5 3 3.5 4 4.5 5 5.5

1 i 48.658 47615 467774 46119 45593 45160 44750 44382  44.079
o, 10,396 10.219 99()2 9.686 5531 9.373 9.257 9.124 9.030

2 Ly 52,927  51.506 50.579 49 857 49222 48,687 48224 47.861 47.530
a, 12,303 11.658 11314 10995 10713 10530 10363 10218 10.025

3 e 54,868 53310 52245 51460 50784 50223 49763 49374 49.034
a, 12710 12116 11725 114010 11,129 10941 10750 10.574  10.407

4 Ly 61009 59609 58.325 57347 56379 55660 54971 354398 53.943
a, 14,158  13.860 13420 13273 12965 12.648 12366 12,130 11.979

5 U, SER1TT 51480 51.069 50820 50.621 50369 50.152 49852 49.739
o, 11.618 11465 11168 11.151 10950 10.888 10.779 10.742 10.620

6 T $2.382 52344 52,05 52,025 51977 51791 51729 51520 51.482
o, 11.88%  [1.763 11563 11617 11518 11455 11452 11450 11.316

7 Uy 52.447 52.442 52237 52,185 52,178 51.995 51969 51.78% 51778
o, 11.925 11,820 11.621 11.684 11.622 11.533 11565 11.571 11.451

Table 2. Mean, y,, and standard deviation, o, of the resistance r for the 7 load
configurations, and 9 lengths using the Model 2. The box shows the reference length and
load configuration. This configuration is close to the test set-up according to EN408.

4 Probabilistic theories and the code format

4.1 The code format

Both the Swedish code BKR94 and the Eurocede use the partial coefficient method. In this
study the Swedish code is considered but the results are representative for Eurocode as
well. The design format according to BKR 94 is given in eq. (3). #., % and y are partial
coefficients related to the material, safety class and action, respectively.

Rk
R Ss 50 3)
?/Hl?/ﬂ Z '

The resistance Ry is a product of several parameters, eq. (4).
R, =C\kfa (4)

where

Cy is the uncertainty in the model

x reflects climate and duration of load (not included in this study, set to 1)
Jx is the characteristic strength

a is a dimension variable

The uncertainty in the model (C) includes the effect of length and load configuration. Let
us now consider Cy as a product of two variables, namely « and ¥, eq. (5). arepresents a
deterministic relation between different lengths and load configurations. ¥ is the
characteristic value of the stochastic part of C.

C,=a¥, (5)



a is a function of the length, L, and a load configuration coefficient, &, defined according
to eq. (6). Table 3 gives the coefficient for the seven load configurations used throughout
this investigation, see Figure 4.

L
IM (x)dx
&= B B (6)
M X L
M (x) is the moment distribution as a function of the distance x along the beam.
M nar 1s the maximum bending moment in the beam and L is the length of the beam.

. I 411 L

Load C(EE?: %umtlon (J- M (x)dx Moo 5
i M M E
5 2PI2 /9 PL’/3 o007
X qu /12 qu /8 0.667
4 PI*/8 PL /4 0-5
5 PL} /16 PL’/8 0
¢ 8PI2/81 2PL /9 0.444
7 gL} /183 gL’ /12 oo

Table 3. Load configuration coefficient, &, for the different loading conditions studied.

The design strength, using an o function, is now written as

R, =a itk (7)
}/Hiyll

If @ =1 the above equation is the same as the one given in the Swedish code, BKR 94. The
design load is given by eq. (8). This is the governing load combination for a dominating
variable load Q.

Sy =¥:0, +?’QQJ< (8)

where
Yo =1

o= 1.3
G is the characteristic permanent load equal to its mean.
Oy is the characteristic variable load equal to the upper 98th percentile.

4.2 The probabilistic format

In general the relation between the action S (load, stress) and the resistance R (load-
carrying capacity, strength) can be given as a failure function g(R, 3}, eq. (9).

g(R, 5)=R-5 &)



This function divides the two-dimensional space into a safe region, g(R, §) > 0, a failure
region, g(R, §) < 0, and a failure surface (or limit state surface), g(R, 5) = 0. The format
used in this paper is based on the principles given in NKB (1987). The strength R is a
function of several stochastic variables, eq. {10).

R=Capf (10)

where

C is the uncertainty in the model
a is a dimension variable

£ is a duration of load variable
/o is the strength

Duration of load 1s not included in this study which means that p =1.The uncertainty in the
model, C, is divided into one stochastic variable, ¥, and one deterministic variable, o The
deterministic variable aims at improving the calculation model by increasing its precision.
This means that the variability is decreased. Eq. (10) can now be written as

R=c Paf (11)

. R : _ .
The ratio — is referred to as r. Including this in eq. (11) gives
a

....... =l oy (12)

r is the actual simulated test result from different lengths and load configurations, see
Table 2. The strength, r, of a beam of a certain length under a certain type of loading is
thus a product of the uncertainty in the calculation model, ¥, and the "pure" strength f. If
the length and loading of the beam coincides with the prescribed test method for
determining the bending strength, the uncertainty in the calculation model is zero, which
means r = f.

The mean of r is a product of the mean of f and the mean of ¥ according to eq. (13).
This is a consequence of the variables being log-normally distributed.

H, =ty p, (13}
The coefficients of variation are related according to eq. (14).

COV, =COV,; +COV} (14)
The probabilistic format of the action, §, is based on the variable action, Q, and the

permanent action, G, eq. (15). Both are assumed to be normally distributed. Gy and Q; are
characteristic values.

, N IS 20 R LA )
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where 77 = ok
3

The following two variables are also introduced, eqs. (16) and (17).

g= g eN(,o, ) Ccov, =Cov, (16)

k
and
- £ N0 ) cov =cov, (17

q= "Q"m € RPYE g Q

k
{
where u, = o Fo

0. o (098)coV,)
Substituting egs. (16) and (17) into eq. (15) gives
S=0,(gn+q) (18)
The probabilistic format given by the failure function is given by eq. (19).
g(R,S)=R-S =R-0.(g7+4) (19)
where R, S, g and g are normalised stochastic variables.

The next step is to combine the code format and the probabilistic format. This is described
in the next section.

4.3 Combination of code format and probabilistic format

Before attempting to calibrate the parameters in the code format, the probabilistic format
and code format must be combined. The design criterion 18 R, 2 §,, where Ry and Sy are

the designing resistance and action, respectively. Using eq. (8) and 7, S;can be written:
S, =0, lron+7,) (20)

The design criteria and eq. (20) give the following expression for Oy

R
= e2y
Yallt 7o
Inserting this into the failure function, eq. (19), gives
R +
g(R,S)=RWWM=0 22)
Vel t7,



The normalised variables R, ¢’ and ¢ are now introduced into the failure function.

-8 COV}  -g COV
Hr (?XP(““ i COVR)” R, (yk ( i £ )i] Ay ( l v )) (23)
Yollt7

R, ¢'and ¢’ are substituted by ar B, o, fand a, fat the design point. Since there are four
unknowns in eq. {23), ar, @, @, and g, it must be solved iteratively.

Returning to eq. {12), we know that ¥f =%¥ and consequently p, 1, :’u%. Up till

now, the dividing of COV, into COVyand COVy has not been explained but when the
characteristic values of fand ¥ are determined, this is necessary. However, it is not known
how much of COV, is due to COVyand how much is due to COVy. The way in which the
variation is divided affects the calibration of the partial coefficient, y,, but not the final
design value, Ry. Thus, it is only a matter of giving a suitable value of COVy.

The characteristic values are given by egs. (24) and (25).
fo = u, epl@(0.05)c0V, ) (24)
¥, = u, expl@™(0.05)coV,, ) (25)
The partial coefficient connected to the material, y,, is given by eq. (26).

B L, B

= n (26)
?/m?/n Rr!}/n

R d

Ry is equal to Sy and is given by eq. (20), and , is the partial coefficient related to the
safety class, i.e. the safety index S The tools necessary to analyse the results of the
simulations are now available,

5 Calibration of the code format

The procedure of calibrating the code format using the relations given in the previous
sections is described for Model 2. For the other two models, 1 and 1RP, only the results are
given.

Table 2 shows the results obtained from simulating beams using Model 2 input. The
mean and standard deviations given in the table are valid for r. The third point loading of a
beam with a length of 2.5 m is chosen as the reference configuration as this is close to the
test arrangement specified in most codes for determining the bending strength, see for
example EN408. For this reference beam, » should be equal to £, i.e. there is no uncertainty
in the model since it coincides with the actual test arrangement.

The next step is to divide the values in Table 2 by the mean strength of the reference
beam, see Table 4. The normalised values of » are represented by r'. This results in pr =1
and gives a value of ¥close to 1. The values in Table 4 are valid for « =1, i.e. no function
is introduced to account for different lengths and load configurations. The mean of all u, is
denoted tino. 4 in Table 4 is the difference between u, and p,, The standard deviation



for the whole population is given by eq. (27) where # is the total number of length and load
configurations, 1.e. 9 times 7.

2.0 + 2.4 27)
n I

o T

All fengths and load configurations are given the same weight, For Model 2 o 18
1.01193 and oy, 18 0.23385, see also Table 6.

Load Length (m)

configuration 1.5 2 2.5 3 3.5 4 4.5 5 5.5

1 e 0.9620 09414 09248 09118 05014 0.8929 0.8849 0.8775 08715
o, (.2095  0.2020  0.1958 0.1915 0.i1884 0.1853  (.1830 0.1804 0.1785
4 -0.0499 -0.0706 -0.0872 -0.1001 -0.1105 -0.1191 -0.1270 -0.1345 -0.1405

2 10464 10183 | 1 | 09857 09732 09626 09534 09463 0.9307
o, 0.2433  0.2305 : 0.2237 0.2174  0.2118 02082 02049 (.2020 0.1982
4, 0.0345  0.0064 | ‘ 00119 §-0.0262 -0.0388 -0.0493 -0.0585 -0.0657 -0.0722

3 Mo 1.0848  1.0540 1.0329 1.0174 1.0041 0.9930 {.9839 09762 0.9695
g, 0.2513  0.2395 02317 0.2254 0.2200 02163 02125 0.2091  0.2058
A4, 0.0729 00421 0.0210 00055 -0.0079 -0.0190 -0.0281 -0.0358 -0.0425

4 I 1.2062  1.1785  1.1532 11338 11147 1.1005 1.0868 1.0755 1.0665
lo 0 02799  0.2740  0.2653 02624 025603 0.2501 0.2445 0.2398 0.2368
A, 0.1943  0.1667 0.1412 01219 0.1027 00885 00749 0.0636 0.0546

5 He 10244  1.0178 1.0097 1.0048 1.0008 09958 0.9916 0.9856 0.9834
a, 0.2297 02267 02208 02205 02165 02153 0.2131  0.2124 02100
4, 0.0124  0.0059 -0.0023 -0.0072 -00111 -0.0161 -0.0204 -0.0263 -0.0286

6 e 1.0356  1.0349 1.0302 1.0286 1.0276 1.0240 1.0227 1.0186 10.178
g, 0.2351 02326 0.2286 02297 02277 0.2265 0.2264 02264 0.2237
4, 0.0237 0.0230 0.0182 00167 00157 00120 0.0108 00067 0.0059

7 Ly 10369  1.0368 1.0328 1.0317 1.0316 1.0280 1.0275 1.0239 10237
g, 0.2358 0.2337 0.2298 0.2310 0,2298 0.2280 0.2287 02288 0.2264
A, 0.0250 0.0249 0.0209 0.0198 0.197 0.0161 0.0156 00120 0.0118

Table 4. Adjusted mean and standard deviation of »' for the 7 load configurations and 9
lengths using Model 2. The box shows the reference length and load configuration.

It is now time to introduce & into the analysis in order to improve the calculation model. o
is a deterministic function of the Iength, L, and a load configuration coefficient, & see
Section 5.1.

Theoretically, this function can be very complicated and of high order. Here, a more
simple and code friendly function is used. A function of higher order does not improve the
model significantly, see Isaksson 1999. The function is a first-order equation in both L and

£, eq. (28).

a=p+pl+p,é (28)

The evaluation of this function is performed on the complete set of load configurations and
on a set only containing the simply supported beams, i.e. load configuration 1-4. Table 5
gives the function for the three input models and the coefficient of correlation. The
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functions seem (o give about the same relations between L, & and «, thus, a simplified
relation, according to eq. (29) is introduced,

o =1.4-0.456 - 0.03L (29)

Table 6 summarises the data on r' using « according to eq. (29). Model 2 (LC 1-7) is not
improved but changed for the worse when eq. {29) is chosen. The other models work well.

Model a=f(L¢&) r

2,LC -7 a=12135-0.2317¢ -0.0182L 0.75
2,LC 14 o = 1.3854 - 0.39994 - 0.0272L 0.93
LLC 17 a=14421-0.4812& - 0.0287L 0.96
LLC 1-4 a =1.4285-0.4452£ -0.0327L 0.95
IRP, LC 1.7 a =1.4133-0.4956& ~0.0340L 0.97
IRP, 1.C 1-4 o =1.4916-0.5573£ -0.0411L 0.99

Table 5. The « function and coefficient of correlation for the three input models.

Model a=] @ = f(wa)

Ly o G ror COV, 1 U Jo P COV, 1
2,LC 17 1.081932 0.233846 0.2311 (0.989548 0.241712 0.2443
2,LC 14 1.006248 0.239180 0.2377 1.033047 (.233302 0.2258
L, LC 17 1.034975 0.273867 0.2596 1.027192 0.245659 0.2392
LLC 14 0.997974 (0.248822 0.2493 1,023387 0.235772 0.2304
IRP, LC 1-7 (0.998994 (.383400 0.3838 0.971420 0.358075 0.3686
IRP,LC 1-4 0,951868 0.370394 (.3891 1.000033 (0.366578 0.3670

Table 6. Summary of data on ' for the different input models. « = f(L, &) according to eq.
(29).

r' is a product of two log-normally distributed variables, f and ¥ Consequently, the mean
and coefficient of variation of these three variables are given by egs. (30) and (31). The
reduction in COV,,,; due to the introduction of the « function is seen when comparing the
fourth and seventh columns in Table 6, Model 2 excluded.

Mo = Hy Hy (30)
COV} =COV, +COV; (31

It is not possible to conclude how much of COV, is related to COVy and how much to
COVy, ie. how much of the variability is due to the variation in the strength and how
much is due to the uncertainty in the calculation model. The probabilistic part of the
calibration is, however, independent of the proportions since the interesting number is
COV,. The characteristic values of f and ¥ used in the partial coefficient method are,
however, dependent on the values of COV; and COVy, but not the final design value which
is a product of the two.
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A few more assumptions must be made before the calibration can be performed.

o A value of £ must be chosen, in this case 4.3, which corresponds to safety class 2
according to the Swedish code, BKR 94.

e A coefficient of variation for the permanent action g is chosen. In this case COVg

=COV,=0.05.
o A coefficient of variation for the variable action ¢ is chosen. In this case COVp=COV,
= 0.40.

e A coefficient of variation for the dimension variable a is chosen. In this case COV,, =
0.02.

s The sum of the means of the actions is set equal to 1, ug + g =1.

e Based on the values of COV, given in Table 6, it seems reasonable to set COVy to (.20,
and assume that the remainder of the variation is due to %

e g is varied between 0 and 0.90.

The three sensitivity parameters o and 4 are solved iteratively. Once these are found, g
can be determined as ﬂ% . Finally #.% ts given by fkgj% . For each combination of
v o

Jength and load configuration, and for several ratios between permanent and variable
action these two steps are performed:

e sy is determined for @ = 1. The product yup is calculated. The design strength is

¥ S
givenas R, = --_*_Ii__.
7/;111?/;;
o up is determined for = f{L,&). The product sy is calculated. The design strength
¥

is given as R, =
}/nr?yn

#n¥, should be calibrated at a representative proportion between permanent and variable
action or at least so that common usage of a beam is not unsafe. For timber structures the
permanent part of the total action is often low. If y; =0.8 is chosen most combinations of
actions are covered. This value of ug corresponds to a value of 0.64 for the ratio
Gy flGa+Qa).

The results show that the partial coefficient, y,, increases with increasing permanent
action, see Table 7. However, ¥, is not significantly influenced by the introduction of the &
function. In Table 7 y, is around 1.34 for ug =0.8. The corresponding value for Radiata
pine is 1.67.

aky for a =1 is now compared with Ry, for a = f (L,ﬁ) by determining the ratio
between the two, see Figure 5. The ratio is independent of the level of 4. In all cases
except that for the constant bending moment (load configuration 1) and long simply
supported beams, the o function results in an increase in the design value. The increase is
due to the lower coefficient of variation COV,. The increase is independent of the ratio
between permanent and variable action and decreases with length. The most significant
increase in strength is achieved for beams with fixed supports. Compared with a simply
supported beam an increase of 15 % is possible. Under the same conditions Radiata pine
shows a slightly smaller increase of 12 %.
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Mo a=1 a=f(L¢)

Fudni Ry ¥ Yo2 Ry

0 1.1489 2.1527 1.1344 2.2461
0.05 1.1531 2.0908 1.1379 2.1823
1 1.1577 2.0283 1.1418 211858
0.2 1.1687 1.9040 1.1513 1.9910
0.3 1.1827 1.7796 1.1635 1.8635
(.4 1.2008 1.6552 1.1796 1.73359
0.5 1.2249 1.5309 1.2011 1.6083
0.6 1.2573 1.4065 1.2306 1.4803
Q.7 1.3012 1.2822 1.2717 1.3516
0.8 1.3609 1.1578 1.3292 1.2212
0.9 1.4450 1.0334 1.4132 1.0886

Table 7. 3, and Ry for ¢ =1 and a = _f(L, §)according to eq. (29) at different levels of ug.
Model | input and load configurations 1 to 7.

256 &
A8 -
.00
80 -
85
.80

Ry Ry

0o O O = = = o o s

3.0 3.5 4.0 4.5 5.0 5.5
Length {mm]

Figure 5. The ratio aRg/Ry as a function of length and load configuration, wg =0.8.

Model 1 input and load configurations [ to 7. = f(L,f) according to eq. (29).

6 Conclusions

Using a model of the within and between beam variation of bending strength, beams of
different lengths were subjected to seven different load configurations. This enables new
possibilities of evaluating length and load configuration effects.

In this study timber beams in the bending mode are represented by seven load
configurations and lengths between 1.5 m and 5.5 m. A deterministic function « is
introduced to account for the difference between a specific length and load configuration,
and the reference beam. The reference beam is identical with the EN408 test set-up for
determining the bending strength. Introducing this function when calibrating the partial
coefficients in the code format reduces the variability assigned to the resistance variable,
i.e. the uncertainty in the calculation model is reduced.

For the material in this investigation, Norway spruce, the following function of
length, L, and load configuration, £, was found:
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a=1.4-0455-0.03L

This function is added to the design format for the strength

v, f
man

}/le“

Ru‘ =

For a beam this means that halving the length results in around 7 % increase in load
carrying capacity only because of . Including the e-function in the calibration of the
partial coefficients results in significant increase in the designing strength. Compared to
using =1 the increase is more than 10 % for most length and load combinations.

The results presented in this study are pure statistical effects. To be able to explain
the complete behaviour of beams of different lengths under various loading conditions,
other theories like fracture mechanics must be introduced into the model.

Whether length and load configurations should be inciuded in a code is probably a
"political” decision. On the one hand, one may want to encourage the use of timber and
make it more competitive, but the other hand one would not want to discourage engineers
from using timber by having too many coefficients and factors to take into account.
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1 Abstract

Length effect on the tensile strength of multiple member truss chords has been studied.
Simulation and reliability studies have quantified the impact of length and multiple member
effects on the target safety index for tensile failure of truss chord members. Weibull weakest
link based length effect adjustment procedures have been established. Further simulation and
reliability studies have demonstrated the robustness of the proposed length effect adjustment
procedures to maintain target reliability index of long multiple tension chord members.

2 Introduction

In Canada, the specified strengths for tension parallel to grain of structural light framing
members in the Code on Engineering Design in Wood CSA-086.1-94 are supported with test
data from the Canadian Wood Council (CWC) Lumber Properties In-grade Testing Program
(Barrett and Lau, 1995). The tensile strength database for selected species, size, and grade
combinations of visually graded and machine stress rated (MSR) lumber are shown in Table 1.
The test gauge lengths are shown in Table 2 for each specimen size. During testing, the
instantaneous tensile load along the length of the test specimen is considered constant.

Madsen (1992) and Barrett er al. (1994) provided comprehensive reviews of length effect
studies on the tensile strength of lumber. Past experimental studies (L.am and Varogiu 1990,
Madsen 1990, Showalter et al. 1987) demonstrated that tensile strength of lumber was member
length dependent. Madsen (1992) further suggested length and depth adjustment factors for
tension members based on an assumed uniform loading along the member length.

Table 1. Species, size grade combinations of visually graded and MSR lumber from the CWC
Lumber Properties In-grade Testing Program (Tensile Strength).

Material Species Size Grade
Visually Graded Douglas fir/ Larch (DF) 38 mm x 89 mm (2x4) Select Structural (83)

Hem-Fir (HF) 38 mm x 184 mm (2x8) Number 1 (No. 1)
Spruce Pine Fir (SPF) 38 mm x 235 mm (2x10) Number 2 (No. 2)

Machine Stress Rated Spruce Pine Fir 38 mm x 89 mm 1450£-1.3E

| 1650f-1.5E

1800f-1.6E

2100f-1.8E

2400£-2.0E




Table 2. Specimen size and gauge length information from the CWC Lumber Properties In-
grade Testing Program.

Visually Graded Lumber MSR Lumber
Specimen Size Specimen Gauge Specimen Gauge
Lenggth Length Length Length
38 mm x 89 min 3658 mm 2642 mm 4877 mm 3683 mm
38 mm x 184 mm 4877 mm 3683 mm - -
38 mm x 235 mm 4877 mm 3683 mun - -

In Canada, the Technical Committee on Engineering design in Wood, CSA086, adopted
standardized/end-use lengths for presentation of design properties of visually graded material
in the Canadian Code on Engineering Design in Wood (Canadian Standards Association,
1994). The standardized lengths for various design properties adopted in Canadian and US
timber codes are shown in Table 3. The concept of end-use adjustments for member length is
intended to provide design properties suitable for a broad range of applications permitted by
the design code thereby avoiding the need to introduce length adjustments in the code itself.
In the case of MSR material, there is no specific reference to standardized length; therefore,
the test testing gauge length of 3.683 m used in the CWC In-grade test program can be

considered.

Table 3. Standardized lengths (mm), for design property calculations adopted in US National
Design Specification (NDS) and Canadian Standard CAN/CSA 086.1-M94 (CSA).

Width NDS CSA
Bending and Tension Bending and Compression Tension
Length = 17 Width Length = 24 Width

89 3660 1520 2140
140 3660 2380 3360
184 4880 3130 4420
235 4880 4000 5640
286+ 6100 4860 6864

In the Canadian code (Canadian Standards Association, 1994), a target reliability or safety
index (B) is implicitly associated with member design derived using the specified tensile
strength (F)), the size factor (Kz), and performance factor (¢) provided in the code. These
target p values for various modes of loading were established by Foschi et al. (1989) in an
extensive study on the reliability-based design of wood structures which related the
performance of the members in terms of an expected or target probability of failure to the code
design equations. In the case of the design of tension members, a mean target B of 2.81 (with
a range of 2.51 to 3.00) is associated with the performance of a 3.0-m long 38 x 184 mm

member when the performance factor ¢ equals 0.9.



Although the standardized length approach is acceptable in many single member applications,
this approach may lead to “unsafe” designs in long span and multiple-member designs. The
term “unsafe” is taken in the context that the actual safety level may be significantly lower
than the target level of safety. The compromise on the target safety level may be even more
severe in cases where lumber is used as a part of a complex structural system such as wood
frusses. In these systems several 1ssues need to be considered:

1) length effects - the lengths of individual tension members may be different from the
standardized length for design property calculations;

2) multiple member effects - the entire bottom tension chord of a truss, composed of multiple
members, may be considered as a single long series of individual members in tension
because failure of any individual piece in the bottom chord will likely lead to collapse of
the truss. The length of the bottom chord is generally significantly longer than the
standardized length;

3) non-uniform stress effects —~an added level of complexity is introduced due to the fact that
the bottom tension chord member in trusses is commonly subjected to non-constant tensile
load along its length. Therefore, its impact must also be considered to realistically reflect
the member loading conditions.

Foschi et al. (1989) and Lam (1989, 1990) have investigated the reliability of truss systems.
Foschi et al. (1989) examined the reliability of a parallel chord truss system comprised of pin-
jointed sawn lumber. The study provided a methodology for studying the reliability of trusses.
Specific code recommendations were not available from this study because of the lack of
general treatment for different truss geometry and loading. Lam (1989, 1990) studied the
baseline reliability of typical metal plate connected, pitched truss systems by combining
simulation based non-linear finite clement methods with reliability analyses. The results of
these studies (Foschi ef a/. 1989 and Lam 1989, 1990) indicate that the probability of failure
increases as the truss length increases. There is a need to address the length effects on truss
chord members in the code to avoid “unsafe” designs for wood trusses.

In this paper a procedure is proposed and verified for the design of truss chord members under
tension using a Weibull weakest link size effect model to account for length effects and non-
uniform loading along the length of bottom chord truss members.

3  Weibull Weakest Link Theory

Assuming that the siress distribution in a member o(x,y,z) can be normalized as
o (x,y,2) = TA(x,,2) (D

where % is a scalar characteristic stress for the member and A(x,y,z) is a dimensionless

function describing the spatial variation of within-member stresses. According to the classical
two parameter Weibull theory, the probability of failure p, for a volume v subjected to the
stresses of Equation 1 is given by

m

£
p=l-exp (- J[ ] dv) 2)



where m and k are the scale and shape parameters for the strength property distribution. Fora
member subjected to non-uniform tensile loading along the member length, A(x,y,z) = AY). In
such cases, the member can be divided into n uniformly stressed elements with A(y) given as:

A O<ysl,
Ay L,<ysL,

AMy) = A Ly<ysL, (3)
/’i’n Ln~1 <y < Ln

Here, the 2; values can be taken as the ratio between the tensile stress in the i element to the

maximum fensile stress in the series. The probability of failure of a member with cross
sectional area A can therefore be expressed as

RPN k Ly a X L, 7 » K
p=1—exp[—A{ j(%—«} dL + j(%} dL+..+ | (-" i ) dLD (4)

0 ]

For members with the same cross section, comparing the strength of members with uniform
and non-uniform tensile stresses along the member length at common probability of failure,
Equation 4 yields the tensile length effect adjustment factor as follows:

§ = [w-———w—‘ L )

where Ly is the standard length of the member under uniform stress as implied in the code.

4  Verification using Simulation and Reliability Analyses

Simulation and zeliability studies were conducted to 1) evaluate the impact on “target”
reliability indices if tensile length effect on multiple members was ignored and 2) validate the
tensile strength adjustment factors for multiple members under non-uniform tensile stresses
(Equation 5). Since there are many possible combinations of number of members (n), member
length (L;,) and the relative load ratios for each members (A, i =1,...,n), it was not possible to
evaluate every case. Therefore, only a baseline case (one member under uniform load) and 8
fairly representative cases (series of multiple equal length members) were chosen to elucidate
the situation (see Table 4). Within a series of multiple members, the tensile stress in an
individual member is uniform but the tensile stresses may be different between members. For
example, case 1 represents 4 equal length members in a series under uniform stress. Case 8
represents a series of 6 non-uniformly stressed equal length members where 4 of the members
are loaded at 60% of the peak stress in the series and the remaining 2 members are equally
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loaded at the peak stress. Failure of any one member in a series corresponds to the failure of
the system.

Table 4. Load conditions of various cases considered in this study.

Case n Load ratio, A; i=1,...,n

'8 A As A As s
| 1.0

4 1.0 1.0 1.0 1.0

4 10 08 08 1.0

4 1.0 06 06 1.0

6 1.0 1.0 1.0 1.0 (0 1.0
6

6

6

6

Baseline

1.0 10 08 08 10 1.0
1.0 08 08 08 08 1.0
1.0 1.0 066 06 10 1.0
1.0 06 06 06 06 1.0

CO ~1 G\ Lh e W) b

Simulation studies were conducted for each of the 8§ representative cases using the published
information on the statistical distributions on tensile strength properties of Canadian visually
graded and MSR dimension lumber (Barrett and Lau 1994). In total, 18 cells/combinations of
visually graded material were considered: 3 species (DF, HF, SPF); 3 sizes (2x4, 2x8, 2x10);
and 2 grades (SS and No. 2). For MSR material, 5 grades (1450f-1.3E, 1650f-1.5E, 1800f-
1.6E, 2100£-1.85, and 2400£-2.0E) of 2x4 SPF lumber were also considered. Consistent with
the reliability based design procedures developed by Foschi er al (1989), the study used
censored two parameter Weibull tensile strength distributions fitted to the lower 15% of the
test data for the 23 test cells (Table 5).

In each simulated case, a sample size (nn) of 1000 series was used. The tensile strength of
each individual member within a series was simulated first, s;; (i=1,...,n and j=1,..,nn), For
cases {Cases 1 to 8), the tensile strength of a series was taken as the minimum strength
(adjusted for non-uniform stress) of the individual members within a series as:

S, = {minimumli—sf—} (i:1,....,n),(j=1,....,nn)} )

1

Censored two parameters Weibull probability distributions were fitted to the lower 15% of the
various cases of the simulated series strengths S; (j=1,...,nn) and the resulting shape and scale
parameters are shown in Table 6. It should be noted that the simulation studies were based on
In-grade database where members were tested at specific gauge lengths (Table 2). Therefore,
the total length of a series of simulated multiple members would be either 4 times (cases 1 to
3) or 6 times (cases 4 to 8) the specified test gauge lengths given in Table 2.

Next, reliability analyses were performed on the tensile performance of members under dead
and snow load conditions for five Canadian cities (Arvida, Halifax, Ottawa, Saskatoon, and
Vancouver) following the procedures outlined by Foschi et al. (1989). In the current study, the



length effect adjustment factor, & (Bquation 5), was incorporated in the analyses to evaluate the
impact of ignoring length effects and the robustness of the proposed model.

Table 5. Shape and scale parameters of the censored two parameter Weibull tensile strength
distributions (Barrett and Lau 1994).

Size Species Grade Ingrade database
Scale Shape Ro.os UTSa0sg
(MPa) (MPa) (MPa)

x4 DF SS 30.96 6.00 18.31 -
2x4 DF No. 2 21.83 451 11.47 -
2x4 HF S8 33.35 4.77 17.99 -
x4 HF No. 2 21.97 5.49 12.91 -
2x4 SPF S8 26.76 5.88 16.34 -
2x4  SPF No. 2 19.61 4.39 5.69 -
2x8 DF S8 25.34 6.16 14.89 -
2x8 DF No.2 17.55 4.83 9.38 -
2x8 HF SS 22.27 6.93 13.78 -
2x8 HF No. 2 19.40 4.65 10.39 -
2x8 SPF SS 21.46 5.20 12.02 -
2x8 SPF No. 2 15.84 4.75 8.20 -
2x10 DF 5S 22.71 6.53 14.09 -
2x10 DF No. 2 16.08 4,78 8.35 -
2x10 HF S8 22.51 5.68 13.12 -
2x10 HF No. 2 16.59 5.25 8.96 -
2x10 SPF SS 21.85 5.24 11.73 -
2x10 SPF No. 2 16.22 4,59 8.47 -

2x4  SPF 14508~1.3E 23.19 9.08 15.86 11.60

2x4 SPF 1650£-1.5E 26.28 7.22 17.14 14.80

2x4 SPF 1800f-1.6E 32.49 7.66 19.96 17.00

2x4 SPF 2160f-1.8E 38.55 7.55 26.03 22.80

2x4 SPF 2400f-2.0E 40.44 9.62 29.50 27.90

Note:

o Rygs is the non-parametric estimate of the 5™ percentile strength from the Ingrade data.

o UTSyos, is the 5% percentile tensile strength specified for the various MSR lumber grades in NLGA Special

Product Standard for MSR lumber {SPS2).
e The shape and scale parameters correspond to censored two parameters Weibull tensile strength distributions

fitted to the lower 15% of the Ingrade test data.

A limit state design equation for the tensile strength parallel to grain can be expressed as

OLDGQDN**‘OLLGLLN“E_‘d)Ft {7

where o and oy, are the load factors for dead (1.25) and live (1.5) loads, respectively; Gp and
Gy are the dead and live load geometric factors which convert the applied loads to tensile
stresses; Dy and Ly are the nominal design dead load and nominal design total roof snow and
rain load, respectively; Fy is the characteristic tensile strength (typically taken as the 5t

percentile strength); and ¢ is the performance factor.
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If £ is taken as unity, Equation 7 converts to a form of the limit state design equation in the
Canadian Code on Engineering Design in Wood (Canadian Standards Association, 1994)
which ignores length effects. The failure function developed to relate the tensile resistance and
the effect of loads for first-order second-moment reliability analyses is as follows:

G=R-(GpD+GyL) (8)

G=0 = Limit State
G>0 = Safe
G<0 = ailure

where R, D, and L are random variables representing the tensile strength, dead load, and live
snow load, respectively. Statistical distributions and parameters for the snow load for the five
Canadian cities were described in detail in past studies (Foschi e al. 1989). The tensile
strength R was represented by the censored 2 parameter Weibull distributions established for
the various cells and load cases (Tables 4 and 5).

The failure function can be rewritten as:

(c57+)¢ . o

Op EY + 0

G=R-

where y=Dyw/Ln; 8=D/Dy; 1=L/Ly; and e=Gp/Gy. The variables € and y were assumed to equal
1.0 and 0.25, respectively. The values of F, for the various cells considered in this study were
taken as the Rops and UTSqse values given in Table 4 for the visually graded and MSR
material, respectively. The random variable § was assumed to be normal with mean of 1.0 and
standard deviation of 0.1.

First-order second-moment reliability analyses were performed for all the data cells and the
baseline and simulation cases, with =1, to evaluate the impact of ignoring length effects.
Summary results are shown in Table 7. Figure 1 shows example plots of [ versus ¢
relationships for S8, No. 2 and 2100f-1.8E SPF 2x4 material for Vancouver snow load.
Clearly, if length effects were ignored, a range of P resuited for a given ¢ value (which is set at
0.9 in the Canadian code). As expected, the range of § values for a given ¢ depended on the
variability in the lower tail of the strength distribution and hence the grade of material. The
results show that MSR material has a narrower range of B compared to the SS material, which
in turn has a smaller range in B compared to the No. 2 material. These results are consistent
for all species, sizes, and locations for the various cases considered.

It can also be observed that the B versus ¢ relationships for MSR SPF 2x4 material are higher
than that for visually graded material; i.e., for a given ¢ value the B values are higher. The
reasons are that: 1) MSR material is less variable than visually graded material and 2) more
importantly, there is a built in conservatism in the selection of UTSgs,¢ values for the various
MSR grades in relation to the actual Roos values. The choices of UTSos, values for MSR
grades were based on the DF species and research conducted in the early 1970%s.  The

8



Canadian SPF MSR material is modulus of elasticity governed rather strength governed;
therefore, the built in conservatism in tensile strength.

First-order second-moment reliability analyses were performed for all the data cells and
simulation cases, with & defined according Equation 5, to evaluate the robustness of the
proposed length effect parameters. Here the Weibull shape parameter (k) was needed to
calculate £ for the eight load cases. Since k depended on material variability, it was reasoned
that it should take on different values for the S8, No. 2 and MSR material.

The k values were established such that the following error function was individually
minimized for the SS, No. 2, and MSR material:

8 MNemp ROOS‘
051

221

j=1 =l RO.OSsim i

Error = (10)

&)

where Rggs; = non-parametric fifth percentile strength estimates; Roos sim §j = fifth percentile
strength estimates from simulation; j = load case index; 1 = index for cell/combination; and
NegLL = 6, 6, 5 for the SS, No.2 and MSR material, respectively.

The k values for the SS, No. 2, and MSR material were found to be 5.56, 4.42 and 8.81,
respectively. Figure 2 shows example plots of [ versus ¢ relationships for SS, No. 2, and
2100f-1.8E SPF 2x4 material for Vancouver snow load with consideration of length and
multiple member effects. Again these results are typical for all species, sizes and, locations.
Summary results are shown in Table 7. Clearly, length effect adjustments reduced the range of
B values for a given ¢ value. Therefore, for a given ¢ value of 0.9, with length and multiple
member effect adjustment, the B values range around 2.8 for visually graded material and 3.4
for MSR material.

Table 7. Summary Results of Range of reliability indices.

Grade S.S. No. 2 MSR
$=0.9 2x%4 2x8 2x10 2x4 2x8 2x10 2x4

No Adjustment

Maximum 8 2.96 3.08 3.01 2.89 2.88 2.96 3.76
Average [3 2.39 3.00 2.97 2.82 2.84 2.89 3.39
Minimum f3 1.60 1.71 1.82 1.53 1.56 1.58 2.46
Adjusted

Maximum [ 3.00 3.15 3.06 2.98 2.89 3.03 3.76
Average 3 2.91 3.03 2.99 2.85 2.85 2.91 3.41

Minimum [3 2.24 2.37 2.46 2.27 2.31 2.32 2.90

S Conclusions

In this paper the background theory on length effects on the tensile strength of lumber was
reviewed. Simulation and reliability studies were presented to evaluate the impact of length
effect on the tensile strength of chord members in trusses. Results indicate significant length
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effect can be expected for Jong multiple tension chord members. Based on the Weibull
weakest link theory, length effect adjustment parameters were established. Simulation and
reliability studies were conducted to demonstrate the robustness of the proposed length effect
adjustment procedures. A procedure was developed for the design of truss chord members
under tension considering Weibull weakest link based size effect and non-uniform leading
along the length of bottom chord truss members such that the target reliability index can be
maintained.
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Figure !. Reliability Index versus Performance factor relationship of the tensile strength of 2x4
SPF material (without length and multiple member effect adjustment).
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Figure 2. Reliability Index versus Performance factor relationship of the tensile strength of 2x4
SPF material (with length and multiple member effect adjustment).
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Tensile Strength Perpendicular to Grain of
Glued Laminated Timber

H.J. Blafl, M. Schmid
Lehrstuhl fiir Ingenieurholzbau und Baukonstruktionen
Universitit Karlsruhe

1 Introduction

The tensile strength perpendicular to grain of glued laminated timber according to the
Furopean standard EN 1194 is based on the following equation:

flooer = 0,2+ 0,015 £« ()

where figo0x 18 the glulam strength perpendicular to grain and fig,« is the tensile strength
parallel to grain of the planks. According to Eurcode 5 this characteristic strength fiog ek 18
related to a reference Volume of Ve = 0,01 m®. A test method for determining the tensile
strength perpendicular to grain of glulam using this reference volume Vp is given i EN
1193.

Test series according to this test procedure are reported by Aicher und Dill-Langer (1995,
1997). The material they used was especially produced for their research project. The
planed planks of strength class C40 had a constant thickness of 33 mm. Planks including
pith were excluded (so called 3x-log sawing, centre boards with pith were sorted out).

The aim of the project presented here was to determine the tensile strength of ghued
laminated timber of different strength classes commonly used in Germany. The material of
the test specimens should form a representative sample taken out of numerous beams
manufactured by different glulam producers.

2 Test Method

The test method followed EN 1193. The test set up is shown in figure 1. Two inductive
measuring gauges are attached diagonally.
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Table 1 contains the number of glulam beams of different strength classes and the
respective numbers of specimens cut out of the beams. The beams of strength classes GL32
and GL36 were each delivered from two producers using the same strength grading
machine. These two classes had a homogencous cross section set-up consisting of

laminations C35 or C40, respectively.

The beams of strength classes GL24 and GL28 consisted of visually graded planks. The
producer of the glulam GL24 used planks C24 and better, while the beams of strength class
G128 had a combined cross section. The outer planks consisted of C30 and the inner ones
of C24. Because of this stmilar set-up these two glulam strength classes were evaluated

together,
Table 1: Test specimens
strength class GL24, GL28 GL32 GL36
number of beams 54 19 24
number of specimens with the reference volume 79 38 36
Vo= 0,01 m* and a height of 40 cm
number of test specimens with a volume V <V 46 48 61

As shown in table 1 tests were also performed with a volume smaller than the reference
volume Vi = 0,01 m? These specimens had a height less than 40 cm but the same stressed

area of 250 cm?® as recommended m EN 1193,

2




4 Evaluation of the tests

4.1  Tests with the reference volume Vi = 0,01 m®

Figure 2 shows the frequency distribution of the tensile strength perpendicular to grain of
the 153 specimens with the reference volume V.
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Figure 2: Frequency distribution
Table 2 summarises the results of the statistical evaluation. The 5%-percentile was
determined by ranking.
Table 2. Statistical results for specimens with the reference volume V,
Strength Number | Mean | Minimum | Maximum | 5%-percentile Standard-
Class [N/jm?] | [N/mm?} | [N/mm?)] [N/mm?] deviation [N/mm?]
GL24, GL28 79 0,73 0,22 1,35 0,43 0,22
GL32 38 0,83 0,41 1,20 0,50 0,18
GL36 36 0,78 0,05 1,42 0,33 0,26
all 153 0,77 0,05 1,42 0,46 0,22

One spectmen of strength class GL.36 showed the lowest strength value of almost zero.
Figure 3 shows the failed plank, figure 4 a cross section of the same plank cut from the
same beam in some distance from the tested specimen shown in figure 3.




Figure 3: Failed plank of the specimen with the lowest tensile strength

Figure 4: Untested cross section of the same plank as shown in figure 3

Figure 5 shows the load-deformation diagram of the specimen with the lowest strength.
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Figure 5: Load deformation of the specimen with the lowest tensile strength

Figure 6 shows a typical load-deformation diagram.
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Figure 6: Example of a ,,normal* Joad-deformation diagram

According to the diagram in figure 5 the crack seems to propagate from the side with the
positive displacement while the other side even shows negative (compressive) displace-
ments. The strength of the specimen containing a crack is limited by the start of stable
crack growing while in other specimens first the formation of cracks has to take place.

One test specimen broke during the construction without loading.

Figures 7 show some typical crack shapes.

Figure 7: Typical crack shapes



[f the failed plank included pith, the pith was always present in the crack (see Figure 7).

Table 3 contams the coefficients of correlation between the tensile strength and other

parameters showing only a very weak correlation.

Table 3: Coefficients of correlation

Strength Class Density height of planks width of planks
GL24GL28 -0,248 -0,159 0,171
GL32 -0,164 0,085 0,153
GL36 -0,174 0,223 0,218

all -0,148 -0,151 0,161

The coefficient of correlation between the tensile strength and the density 1s even negative.

Figure 8 shows the tensile strength versus the density for all strength classes.
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Figure 9 shows the two- and three-parameter Weibull distributions fitted to the tensile
strength values of all specimens with the reference volume Vi There is no significant

difference between the two distributions.
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Figure 9: Weibull distribution

Table 4 contains the equations of the fitted Weibull distributions and the levels of
significance based on a y-square test.

Table 4: Weibull distributions, level of significance o
Strength Class 2-parameter Weibull 3-parameter Weibull distribution
distribution
S=1-exp- {fo/0,81317" |S=1- exp - {(f,00-0,153)/0,651} %%
(GL24, GL28 : p ,
a=62% a=92%
S=1-exp- {fio/0,9003°"% [S=1-exp- {(f90-0,234)/0,659} "
GL32 : ,
o =42,6 % o=71,5%
GL36 S=1- cxp - {ﬂ=90/0,862}3’]72 S=1- exp - {(ft,90+0,218)/1,093}4’]90
a=273% o =481 %
S=1-exp- {f00/0,848}>% [S=1-exp - {(f00+0,060)/0,910}"%
all ,
a=22% oa=354%

4.2 Tests with volumes smaller than the reference Volume Vi =0,01 m?

Besides the 153 tests with specimens of the reference volume, 155 tests were performed
with smaller volumes with specimens consisting of one, two and three planks. Table 5
contains the evaluation of the test results.

The minimum values shown in table 5 are as high as the mean values of the specimens
with the reference volume Vy as shown in table 2. This might be explained by different
stress distributions in planks close to the intermediate woods compared to planks placed in
the middle part of larger test specimens, further away from the intermediate wood parfs.



Table 5: Results for specimens with a volume smaller than the reference volume Vg
Strength | Number | Number | Mean | Minimum | Maximum 5%- Mean
Class of [N/mm?] | IN/mm?] | [N/mm?] : percentile | Volume
Planks [N/mm?] femy’]
(GL24, GL28 ] 31 1,93 1,35 2,84 1,42 912
(GL24, G128 2 15 1,28 0,72 2,04 0,72 1822
G132 2 17 1,48 0,82 2,15 0,82 1476
GL36 2 24 1,51 1,16 1,88 1,21 1471
G132 3 31 1,37 0,99 1,82 1,01 2186
GL36 3 37 1,29 0,83 2,23 0,90 2195

Figure 11 shows the stress distribution calcutated with a FE-Program of a plank in the
centre of a specimen with the reference volume, figure 12 the stresses in the upper plank of
a specimen with two planks, and figure 13 the stress distribution in the lower plank,

respectively,

Figure 10 shows the model of one plank used for the calculations. Thirteen of these planks
were used for the model of 2 specimen with the reference volume V. The stresses shown
in figures 11 - 13 are referenced to line 1 — 1, the symmetry axis according to figure 10.
The centre of the cylindrical coordinate system of each plank was positioned in the centre
of the lower surface. Beside the stresses in radial and tangential direction and the shear
stresses figures 11 - 13 show stresses transformed perpendicular to line 1 - 1.

The applied load would lead to an uniform stress of 0,77 N/mm?.
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Figure 11: Stresses along line 1-1 of a plank in the midst of a specimen with the

reference volume and a height of 40 cm
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Figure 12: Stress distribution of the upper plank of a specimen of two planks
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Figure 13: Stress distribution of the lower plank of a specimen of two planks

As the diagrams show, the stresses at the timber surface are lower for the planks of a
specimen consisting of only two planks. According to linear elastic fracture mechanics for
isotropic materials a lower load is necessary for crack growing from the surface compared
to crack growing from the centre. If cracks mostly occur at the surface, this could be the
reason for the higher strength of the specimens with small volumes.

5 Volume effect according to Weibull’s theory

If the test series with two and three planks of GL32 and GL36, respectively, as shown in
table 3, are evaluated as one sarnple, table 6 results.

Table 6: Combined series of specimens with a volume smaller than the reference
volume Vg
Number | Number | Strength Class Mean 5% - Mean of
of Planks IN/mm?] fractile [N/mm?] | Volume [cm?]
1 31 GL24, GL28 1,93 1,42 932
2 15 GL24, GL28 1,28 0,72 1822
2 41 GL32, GL36 1,50 1,10 1473
3 67 (GL32, GL36 1,32 0,94 2191

Using the values of table 6 and those of table 2 containing the results of specimens with the
reference volume Vg the exponent k of the two-parameter Weibull distribution is calculated
under the assumption of a uniform stress distribution from:

S=1—expw{cﬂ(‘m}k (2)
Or directly by
G2/G1 = (Vi/ Vo)™ €)
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k= {In(V\/V2}/ {In{cy/o)} 4).

Table 7 and table 8 contain the k-values calculated with the mean-values and the 5%-
percentile values, respectively, of table 2 and table 6. For comparison the k-values of the
two-parameter Weibull-distribution as shown in table 4 are shown in the second cotumn.

Table 7: k-values of the two-parametric Weibulldistribution calculated with the
mean values of table 2 and table 6
Vo= 10000 | Exponent k of the 2- | GL24GL28 | GL24GL28 | GL32GL36 | GL32GL36
cm?® parameter Weibull
distribution as V=932 V=1822 V=1473 V=2191
shown in table 4 cm? cm? cm? cm?
GL24GL28 3,59 2,44 3,03 2,66 2,56
GL32 5,09 2,81 3,93 3,24 3,27
GL36 3,17 2,62 3,44 2,93 2,89
all 3,69 2,58 3,35 2,87 2,82
Table 8: k-values of the two-parametric Weibulldistribution calculated with the
5%-fractile values of table 2 and table 6
Vi = 10000 | Exponent k of the 2- 1 GL24GL28 | GL24GL28 | GL32GL36 | GL32GL36
cm? parameter Weibull
distribution as V=932 V=1822 V=1473 V=2191
shown in table 4 cm? cm?® cm? cm?
GL24GL28 3,59 1,99 3,30 2,04 1,94
GL32 5,09 2,27 4,67 2,43 2,41
GL36 3,17 1,63 2,18 1,59 1,45
all 3,69 2,11 3,80 2,20 2,12

The two-parameter Weibull distribution fitted to all tests with the reference volume is

S =1-exp- {fon/0,848}5

(5)

Ranta-Maunus (1998) compares the tensile strength of specimens with the reference
volume V), with that of larger volumes and gives for short term tests an exponent k = 3,33.
Eurocode 5 assumes k = 5. Consequently the tensile strength of a stressed volume
V1 =0,1 m?should be reduced by

(Vo/ V)* = (0,01 /0,1)** = 0,63
(Vo/ VO = (0,01 /0,10 = 0,50

using k = 5 according to ECS
using the exponent k = 3,33,
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6 Conclusions

The tensile strength perpendicular to the grain shows no significant correlation with wood
density and does not difter for different glulam strength classes. This contradicts EN 1194,
The lowest values determined in tests are close to zero. Structural details with tensile
stresses perpendicular to the grain should be avoided or the timber should be reinforced
perpendicular to the grain.

More important than the volume effect according to Weibull seems to be the presence of
macroscopic defects as ring shake. Macroscopic defects lead to failures governed by stable
crack growth.

Based on the test results the volume effect seems to be stronger than assumed by ECS5. The
exponent k was determined as k = 3 compared to k=3 given in Eurocode 5.
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On the Reliability-based Strength Adjustment
Factors for Timber Design
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Summary Reliability-based moment configuration factors for timber beams were
introduced in 1994. At that time, a simple strength model was used to show that reliability-
based moment configuration factors were smaller, and hence ‘enhance’ the strength less,
than the corresponding characteristic strength-based factors. This observation has been
confirmed recently on the basis of an experimentally based strength model. The reason for
this phenomenon and other situations where similar behaviour may be expected are
presented in this paper.

1 Introduction

In Codes of Practice for engineering design of timber structures, strengths of various
species and classes of timber are provided with respect to standard conditions and
specimen dimensions. Hence, during design exercises various adjustment (or modification)
factors are used to evaluate strengths under non-standard conditions.

Traditionally strength adjustment factors for timber design were based on a chosen fractile,
usually the fifth percentile, of the strength probability distribution. However, as limit states
design (indirectly) aims to provide predetermined levels of structural reliability, reliability-
based procedures are more appropriate for the development of these factors. Reliability-
based adjustment factors can be determined such that equal reliability levels are achieved
under different design situations of a given member. It was Foschi et.al. [1989] who
pioneered the development of such modification factors.

Strength adjustment factors for moment configuration effects in beams is a recent topic of
interest to researchers and engineers. Moment configuration effects refer to the statistical
‘strength’”  difference in timber beams, apparent under different bending moment
configurations. This phenomenon is caused by the lengthwise variation of timber strength.
For example, consider the European beam strength (MOR) test method where the strength
of the (presumed) weakest cross section of each test beam is evaluated. (The strength-
testing of the weakest cross section is only an ideal: it is not possible to always pre-
determine and always test the weakest cross section.) When this ‘minimum’ test strength is
used in a design exercise, it is effectively implied that the positions of maximum bending
moment under all relevant design situations coincide with the weakest cross section of
each and every beam. However, the coincidence of positions of weakest strength and the



maximum moment is not a certain event; bot it is a probabilistic one governed by both the
bending moment profile and the statistics of the lengthwise strength variation. Moment
Configuration Factors (MCFs) are expected to consider this probabilistic phenomenon to
evaluate the probabilistic ‘strength’ (maximum bending moment) of a beam under various
non-standard (i.e. non-uniform) bending moment profiles. Figure 1 provides a schematic
representation of this phenomenon with respect to a single beam.

There have been many past attempts at determining characteristic strength based MCFs,
defined as the ratio between the respective (Sth percentile) characteristic strength values
under a given moment profile and the reference (uniform) moment profile. Most of these
past works have been detailed in various previous publications such as, for example,
Canisius [1992] and Canisius and Isaksson [1996], and most are available in previous CIB-
W18 Proceedings. Some recent related works, inciuding the development of strength
maodels, are given at the end of this paper.

It was in 1994 that the concept of reliability-based moment configuration factors was
introduced as a better alternative to characteristic strength-based MCFs [Canisius, 1994].
A reliability-based MCF was defined as the strength adjustment factor that provides the
same reliability level under the relevant non-uniform bending moment profile and under a
uniform moment, when both these loads provide the same peak bending moments. In that
paper, under the considered conditions, the reliability-based strength enhancement factors
were observed to be smaller (and closer to unity) than the corresponding characteristic
strength-based factors. This view has now been confirmed with an experimentally based
superior strength model by Isaksson [1998].

This paper explains the statistical reason for the observed differences between
characteristic strength-based and reliability-based MCFs. In addition, some observations
are made on strength adjustment factors that reflect other statistical and physical causes for
changes in timber strength.

2 Reliability and Characteristic Strength-based Moment
Configuration Factors

As background material, this section presents some results obtained by Canisius [1994].
The determination of the MCFs presented did not consider phenomena such as self-weight,
duration of load, load sharing and size effects, and assumed that beam failure is governed
only by the bending strength.

The presented results were obtained in relation to a 3-parameter Weibull strength
distribution for 47mmX95mmX4m Canadian Hem Fir under dry conditions. This strength
distribution was obtained from the BRE data bank. As detailed by Canisius [1994], the
test-strength distribution was manipulated to obtain an approximate statistical relation for
the lengthwise variation of strength. The load distribution was assumed to be a Gumbel
distribution.

Table 1 shows a comparison of characteristic strength-based and reliability-based MCFs
for several simple examples. These situations correspond to a simply supported beam with
a central concentrated load and a uniformly distributed load, and to a cantilever with a



concentrated load at its tip. The last colurnn of the Table presents the MCFs determined on
the basis of the (5th percentile) characteristic strength values under the respective moment
configurations. The reliability-based MCFs are presented for probabilities of failure of 1E-
03, 1E-04, 1E-05 and 1E-06, denoted respectively as P3, P4, P5 and P6. The considered
residential and commercial loads with coefficients of variation (COV) of 0.272 and 0.133,
respectively, were obtained from Foschi et.al. [1989].

L.oad COV=0272 COV = (.133 Characteristic
Type P6 P5 P4 P3 P6 P3 P4 P3 strength-based
Conc. Ld, .14 157 | 120 [ 123 § i1 | 113 ] 115 | 1.20 1.31
UDL 1.10 LI | 112 [ 114 F (.08 | 109 | 100 | 112 1.17
Cantileve 1.19 122 1 125 1 129 1 115 1 147 | 120 | 1.26 1,38

r

Table 1. Reliability-based and characteristic strength-based moment
configuration factors. (From Canisius, 1994)

As to be seen from Table 1, for each load case the MCFs decrease with the increase of
reliability level considered. In each load COV case, all the reliability-based factors are
smaller than the corresponding characteristic strength-based factor, and the difference
increases with the increase of the target reliability level.

From the presented results it can be also seen that, for a given bending moment profile and
reliability level, the reliability-based factor is smaller for the load with the lower COV. For
example, the MCFs are 1.15 and 1.20 for COVs of ¢.133 and 0.272, respectively, for a
probability of failure of 1 in 1000 (P4 of Table 1).

3 A General Strength Change (Reduction)

Reliability-based and characteristic strength-based strength adjustment factors for a general
strength change (in relation to a standard test strength) are considered here. These strength
variations are arbitrary reductions given rise to by translations (C) and factoring (by A)
according to the relation

X' = AX+C

where X is the (original) test strength and X’ is the new strength under a different
condition. The results presented here were obtained from an internal BRE document
[Canisius, 1993].

The ratio ‘g’ between the reliability-based and characteristic strength-based strength
adjustrent factors for a load with a coefficient of variation of 0.272 are presented in Figure
2. The horizontal axis of the Figure represents the reliability levels considered in
determining the reliability-based strength adjustment factors, As can be seen from the
results, for strength factoring only (i.e. C=0) the characteristic strength and reliability-



based adjpustment factors are identical (i.e. q = 1.0). With the relative increase of the
translational component C, the ratio ¢ is seen to be smaller under a given A value. That is,
here the strength reduction in terms of the characteristic strength is greater than what is
implied by reliability-based considerations. (The opposite would have been observed under
a strength enhancing phenomenen such as the moment configuration effect.) For a given A
and C (#0), the difference between the two types of factors increases with the decrease of
the probability of failure.

4  Biscussion

4.1 The Bending Strength Distribution, and Lower and Upper
Strength Bounds

Consider a beam as shown in Figure 3-a with, for example, four idealised concentrated
defects. Let the unique strength of this beam when there are no defects be Scea . Let the
strength of the beam with defects, when under a uniform bending moment, be Sy . This
(ideal) ‘test strength’ of the beam is equal to the strength of its weakest cross section (i.e.
where the most significant defect oceurs).

The strengths of the above beam when subject to two other bending moment
configurations are shown in Figure 3-a. For example, when a central concentrated load
and a uniformly distributed load act on the {simply supported) beam, the beam strengths
are the maximum applied bending moments S; and S, , respectively.

Now, the defect-free strength Sge,r of each beam in a population wounid be randomly
distributed. Let this random distribution possess a lower limit S¢pow and, possibly, also an
upper Hmit Senign a$ shown in Figure 3-b. At a cross section where there is a defect, the
bending strength will be lower than the defect-free strength in relation to the relative size
and location of the defect within the cross section.

Let us consider a beam with the lowest defect-free strength Sgp 0w (Figure 3-¢). This beam
has been shown with the most significant defect that may be expected to occur under the
relevant grading criteria. The lower bound S of the beam strength distribution under the
uniform moment profile is equal to its strength at the cross-section with this defect, As the
bending moment profile is uniform, the lower bound does not depend on the location of the
defect along the beam. However, the weakest ‘strength’ of the beam when subject to a non-
uniform bending moment prefile would occur when the location of the defect coincides
with the respective peak bending moment. Even then, the lowest beam strength will
uniquely be Sy (see Figure 3-c). As the most significant defect is considered here, this
unique strength lower bound is not affected by the presence of additional defects within the
bean.

Arguments similar to the above apply with respect to the highest beam strength under
various bending moment profiles. In that case, a unique upper bound will be formed by the
defectless beam having the maximum strength S, When there are no defectless beams
a unique upper bound may not exist. However, this would not affect the following
discussion which is in relation to the iower tail of the strength distribution.



4.2 Strength Enhancement (Modification) Factors

Consider Figure 4 where a strength enhancement is shown. Here X' is the 5th percentile
(characteristic) strength from the statistical distribution for test strengths (Line C1), and
X is the corresponding value from the strength distribution (Line C2) under a non-
uniform bending moment. Based on these, the characteristic strength-based MCF (MCF¢)
is given by

MCFc = X2/ X'

During a design exercise, the use of an MCF would result in the reduction of beam section
modulus such that all beam strengths (in terms of bending moment) are scaled by the factor
1/ MCFc¢ . This would result in beams with a ‘test strength’ distribution as denoted by Line
C3 of Figure 4.

Now consider Figure 5 where the lower taif of the strength distribution and the upper tail
of the action-effect (maximum bending moment) distribution are shown in detail. In the
case of a structural engineering problem the overlap of load and strength curves typically
occurs only slightly; for example, as shown in Figure 5. The probability of failure of a
member is related to the extent of this overlap, with a higher overlap implying a relatively
higher probability of failure.

In Figure 5, Line C2 for the non-uniform moment profile represents a higher reliability
Jevel than that under a uniform moment with the same maximum stress {Line C1). Line C4
is the strength distribution under the ‘non-uniform moment’ profile for beams with a cross-
section as represented by Line C3. Now, although the expected result of the strength
adjustment is that probability of failure under Line C4 be the same as that under Line C1,
due to the higher level of factoring by MCFc, this result is not achieved here, The solution
for this is to use a reliability-based factor MCFg , which is smaller than MCF¢ . This would
give strength distributions C5 (for uniform moment) and C6 (for non-uniform moment),
resulting in identical levels of reliability under the moment profiles represented by Lines
C1 and C6.

4.3 The Relative Size of Reliability-based MCFs

The process of determining reliability-based strength factors essentially results in a
weighted average of the MCFs for fractiles within the strength region of interest, viz. the
lower tail of the strength distribution where the overlap with the action-effect curve occurs.
Now, as can be appreciated from Figure 5, when the target reliability is increased, the
overlap of action-effect and strength probability distribution curves would decrease. That
is, the increase of the target reliability level would result in reliability-based MCFs that are
more related to the lowest portion of the strength distribution curve and less related to the
MCF at the 5th percentile characteristic strength. Thus, with the MCF at the strength lower
bound being unity, MCFr also would approach unity as the target reliability level is
increased. This explains the two effects observed in Section 2, viz.

e ‘equal reliability’ considerations provide strength-enhancing MCFs smaller than the
corresponding characteristic strength-based MCFs, and

e as the target probability of failure decreases, the reliability-based MCFs approach unity.



It is to be noted that while the above considerations refer to the change of strength
distribution curve, the numerical examples used here caiculated the reliability-based
factors by changing the action-effect distribution. The latter reflects the procedure for a
strength check. However, any difference in MCFs due to this is not expected to be of
significance for engineering purposes.

4.4 Statistical Length Effect

Statistical length effect (where no fracture energy considerations are made) is a
phenomenon similar to the moment configuration effect. Here, as the member length is
increased, the strength distribution ‘shifts to the left’ to reflect a corresponding strength
reduction, The lower bound of strength under any member length occurs when the most
significant defect occurs in the member with the lowest defect free strength. Then,
considering argumests similar to that presented with respect to MCFs, it can be shown that
reliability-based strength changes are lower (ie. factors to be nearer to 1) than the
corresponding characteristic strength-based values, This, in fact, has been observed by
Isaksson 19981,

4.5 Physical Changes of Strength

In the case of physical changes of strength - e.g. under moisture variations - the strength
lower bound iself will change. Although such changes need not be identical for all
fractiles, it is plausible to assume that similar changes occur within limited ranges of
fractiles, for example, within the distribution lower tail. Thus, a reliability-based factor,
which is a weighted average of similar values, need not be much different from the
corresponding characteristic strength-based factor. However, these considerations need not
be applicable in a similar manner to damage accumulation phenomena such as the duration
of load effect.

5  Conclusion

This paper presented some example results for reliability-based moment configuration
factors (MCFs) obtained from the author’s previous works. It explains the statistical
reasons for the observations that reliability-based moment configuration factors (MCFs)

e are smaller than corresponding characteristic strength-based factors, and

e approach unity as the target reliability level is increased.

Although the presented numerical results are based on particular probability distributions,
provided there is a (non-zero) strength lower bound and the reliability levels are not very
low, the presented statistical arguments are generally applicable; including even when
more than a single action is present. The paper also explains how similar arguments may
be applied to other statistical strength adjustment factors and why the same need not be
true for physical strength adjustment factors.

Isaksson [1998], who considered reliability-based MCFs and length effects, concluded that
some strength adjustment factors may have only relatively minor effect on timber design.
As explained in this paper, this is a situation aided by the presence of an invariant (non-
zeroy lower bound to the statistical distribution of strength.



It is seen that a study of reasons for statistical strength changes and their effect on the
probability distribution can provide an initial indication of the relative size of (reltability-
based) strength adjustment factors to be expected. Where the reliability-based strength
adjustment factors are very low, Code developers need to weigh the benefits of possibly
marginal changes in economy or safety index against the disadvantages of increasing the
complexity of design and the higher possibility of human error.
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Behaviour of Wood-Steel-Wood
Bolted Glulam Connections

M. Mohammad and J.H.P. Quenneville
Department of Civil Engineering, Royal Military College of Canada (RMC), Canada

Abstract

This paper details verifications tests carried out at the Royal Military College of
Canada (RMC) on wood-steel-wood bolted glulam connections. Twelve groups of
specimens were tested. Specimens configurations were selected in such a way to include
fundamental cases. Comparisons between experimental results and predictions from
proposed equations for wood-steel-wood and wood-steel bolted connections are given.
Proposed design equations were found to provide better predictions of the ultimate loads
than current design procedure especially for bearing. However, row shear-out predictions
seem to over-estimate the shear strength. Adjustment may need to be made to the proposed
equations for row shear-out by introducing the effective thickness concept instead of using
the full members thickness. Better predictions for row shear-out were achieved using the
effective thickness instead of the full thickness. The research program is described in this
paper along with results and proposed design equations for wood-steel-wood bolted
connections.

1 Background

1.1  General

The current design equations in the Canadian design code (CSA 1994), are based
on work by Johansen (1949) and further modified by Larsen (1973) and were first
introduced into the Canadian design code in the 1989 edition (086-89). In this design
approach, failure 1s assumed to be governed by bearing (crushing of wood ) and/or bending
of the bolts (Mode I and Mode III according to the European Yield Model (EYM)). This
assumption resulis in a ductile failure mode for connections as long as the minimum
requirement for spacing, end distances and edge distances are met. Consequently, the
fatlure modes that show brittle failure (which are typical in connections with multiple
fasteners) were assumed not to occur.

However, when using large fastener (typical in non-residential timber structures),
brittle failure modes such as splitting, row shear, tearing and a combination of tearing and
shear-out (known as a group tear-out) are the norm. Test results from various sources
(Yasumura et al. 1987, Massé et al. 1988, Mohammad ef al. 1997, Quenneville 1998)
confirm that for multiple fastener connections, brittle modes of failure were dominant
especially for fasteners with low slenderness ratio (1/d). These modes of failure can not be
predicted by the EYM, resulting in discrepancies between design strength values and actual
experimental ones.

The current design model in the Canadian code for bolted timber connections (CSA
086-94) assumes connections to fail in a ductile manner. To account for situations where
the connections show a brittle behaviour (generally connections with multiple bolts),
modifications factors were introduced. Test results conducted at the Royal Military College
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of Canada (RMC) on double shear steel-to-wood bolted connections using 12.7 mum or 19.1
mm have shown that the current Canadian design approach leads to conservative design
strength values. Connections resistances as calculated from the 086-94 design code were
found to be as low as one third of the experimental values (Quenneville 1998). This leads
to the connections being over-designed.

Bolted connections are a priority for the CSA O86 commuttee. It is recognized that
there is a need for a fundamental design method for bolts. The most desirable approach
would be similar to the one used for other construction materials (i.e. steel), where a two-
step process is utilized. The first step would be to check yield failure in the bolt, and is
calculated by multiplying the capacity of one bolt in the connection times the number of
bolts. The second step consist of checking the failure around the bolt, and is calculated by
determining bearing and the combined tension and shear capacity of wood. This step
depends on the joint configuration, spacing, end distances, etc,

1.2 Proposed Design Equations by Quenneville

In an attempt to follow that concept towards developing a more rational approach to
optimize connections design strength, a set of equations has been developed by
Quenneville to predict the ultimate strength of connections based on the actual failure
modes and mechanisms observed during tests (Quenneville 1998). Design equations were
derived using specified strength values for glulam material as listed in 086-94. Failure
modes covered in these design equations were row shear (RS), group tear-out (GT) and
bearing (B). The connection strength (p,) would be the minimum of pyrs, pugr and pus.
Design equations proposed by Quenneville (1998) are given below.

Row shear-out:
pHRS = 2 ”r [w J." f,v MIN(G’SIJ) N (I‘)

Group tear-out
Pur = (20,1, MIN(e,s,) N) + (t, (n,-1)(s,-(@d+2))f,,) )

Bearing:
pu.’il = 08](;4 d tw nr N (3)
pun = 081, d non N| [L L Tr lij 4)
| 6(f.+/) /), 52d
pun = 087, d n.n N z—‘ﬁ (5)
' 3.+ 1) S
where, £= Fore: MAXHI 085-— o.ogsN(Mm

Validation tests on steel-wood-steel bolted connections were carried out at the RMC to
compare predictions from proposed equations with those of the O86.1-94 values, A
reasonably good agreement was found especially for group tear-out and row shear-out.
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However, proposed destgn equations for wood-steel-wood bolted connections were
not validated and there is a pressing need to carry out some extra connection tests to ensure
that the changes in bolted connection design equations are well justified and that they have
been validated for practical situations. So, the main objective of this research project was
to verify if the proposed design equations provide a reasonable accuracy for wood-steel-
wood connections with single or multiple bolts. This will be accomplished by comparing
predictions from proposed design equations with experimental tests. These tests are also
required to complement the results database already available at the RMC. The
configurations vsed were identified as the practical cases which results were not already
available.

2 Materials and Test Procedures

2.1 Specimens

Twelve groups of 10 replicates were used in this study. Detailed groups are given in
Table 1. Specimens were made of either glulam or lumber wood members. All glulam
specimens consisted of a single member (130mm) or two members (80mm) with a steel
plate in the middle (except for group 8). The reason for choosing the two sizes of glulam
members was to compare the response of the connections, using a single wood member
with a slot in the middle or when using two separate members. Specimens made with
lumber (groups 9 to 12} were S-P-F, No. 1 38mm by 140mm (2 in.x 6 in.). The wood
members were sampled, cut and stored in a conditioning chamber to attain a 12%
equilibrium moisture content {(EMC). Specimens in groups 1, 2 and 4 were made of single
[30mm by 190mm Spruce glulam, grade 20f-E. A slot of 10 mm wide was made in the
middle of the member for a 9.5mm (? in.) steel plate using a chain saw. One row of one or
two 19.1mm (¥ in.) bolts was used in these groups with different end distances (depending
on the specimens configuration). In groups 3 and 5 to 7, two members of 80mm x 190mm
sandwiching a 9.5mm (? in.} steel plate were used (W-S-W), One or two rows of two
19.1mm (% in.) bolts were used with an end distance and a spacing of 5 times the bolt
diameter. Group 8 was fabricated with a single 80mm wood member and a steel side plate
(W-S). Groups 9 through 12 were fabricated using two 38mm lumber members nailed
together using 90mm (3% in.) nails, Two types of bolts where used in this study, 12.7mm
(2 in.} and 19.1mm (>4 in.). Detailed connections configurations are listed in Table 1.

2.2 Test Set-up and Procedures

A typical test set-up is shown in Figure 1. All bolts were finger tight to allow a self-
alignment. Spectmens were loaded parallel to grain and were fabricated with identical
connection configurations at each end. Three set-ups were used depending on the type of
specimens (W-S-W or W-5). A universal loading machine (MTS) was used to apply the
load. A monotonic tension load was applied through the central steel plate (W-S-W) or
through the side steel plate (W-S). Four linear variable displacement transducers (LVDTSs)
were used to record the slip of the wood side member(s) with reference to the steel plate
(two at each end). A data logging system was used to record the machine load and slip
from the four IVDTs. An initial preload of about 1.0 kN was applied to the specimens.
The test was displacement driven at a rate of 0.9mm/min. (0.035in/min.) in accordance
with ASTM standard D07.05.02 (ASTM 1994). Tests were stopped upon failure, when the
load dropped with no recovery.
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Figure 1. Typical test set-up for specimens with slots in the middle.

Table 1. Summary of specimens configurations.

End

Gr Wood Specimen  Boltsize  #of #of Tye dist Spacing
roup type size {d) rows bolts/row yp I8 (2}" ce (sh)
(mm) (mm)
1 Giulam 130x190 19.1 1 1 Insert 95 (5d) N/A
2 Gilulam 130x190 19.1 1 1 Insert 191 (10d) N/A
3 Glulam  2@80x190 191 1 2 W-S-W 85 (5d) 95 (5d)
4 Glulam 130%x190 19.1 4 2 Insert 95 (6d) 95 (5d)
5 Glulam  2@80x190 19.1 2 2 W-S-W 95 (5d) 5d
6 Glulam  2@80x190 19.1 1 gl W-3-W 85 (5d) N/A
7 Glulam  2@80x190 19.1 2 9 W-S-W 85 (5d) N/A
8 Glulam 80x190 19.1 2 i W-S 85 {bd) N/A
g Lumber 2@38x140 12.7 i 1 W-S 63 (5d) N/A
10 Lumber 2@38x140 12.7 1 2 W-8 63 (bd) 63 (bd)
11 Lumber 2@38x140 19.1 1 1 W-S 95 (6d) NIA
12 Lumber  2@38x140 19.1 1 2 W-S 95 (56d) 95 (5d)

3

Results and Discussion

Test results are given in Table 2. The ultimate strength values for each group was
determined and the lower 5th percentile value was calculated using a two-parameter
Weibull distribution based on a 75% confidence level (ASTM 1994). Tests results were

adjusted for a normal duration loading by dividing by a factor of 1.25 (086.1-94).

Calculated values for connections capacities using the Canadian Standards CSA 086-94
design code are presented in Table 2 for comparison, 086.1-94 values were the lateral
strength resistances as determined from 086.1-94, Clause 10.4.4 (CSA 1994). Predictions
using the equations proposed by Quenneville and modes of failures observed for each
group are given as well. Figure 2 shows typical load-slip relationships for all specimens in

group 1 (ductile) and group 5 (brittle).



60 250

o e 200
Z 40 o RN
< e ' 150 -
® 30
S
- 100 -

20

10 = 50

(5d)
0 \ ' ' T 0 e . 4
0 2 4 6 8 10 0 2 4 6 8 10
Deformation {mm) Deformation (mmj}
a) Group 1 by Group 5

Figure 2. Typical load-slip envelopes for group 1 (ductile) and in group 5 (brittle).

3.1 Comparison Between Selected Groups

Connections in group 1 with an end distance of 5d has a lower 5th percentile value
compared to group 2 with an end distance of 10d by a factor of 0.66. From Table 2, the 5th
percentile value for groups 3 and 4 are the same. The same was found when comparing
group 1 and 6 (25.7 kN compared to 28.9 kN). This indicates that for this type of
connections, using two members or a single one with a steel plate in the middle does not
have any significant influence on the 5th percentile strength of the connections. This is
quite Interesting, since the cumulative thickness of wood in group 4 is less than that of
group 3 (120mm compared to 180mm). Comparing the 5th percentile value for group 7
(with two members, double shear) and group 8 (with a single member, single shear), it was
found that the 5th percentile value for group 7 was almost twice as much as that for group
8, Table 2. The 5th percentile value for group 11 with a single 19.1mm bolt was found to
be almost twice as much as that of 12.7mm bolts for the same end distance (5d).

3.2 Observations on Failure Modes

Generally, two dominant types of failures were observed in all connection
specimens. These were row shear and to a lesser extent splitting. Connections specimens in
group 1 with a single bolt and an end distance of 5 times the bolt diameter and with a
single 130mm wood member, exhibited considerable bearing prior to failure. However, the
final failure was mainly in row shear. Group 2 with a single bolt and an end distance of 10
the bolt diameter failed mostly in splitting. Bearing deformation was more obvious than in
group 1. Localized row shear failures followed the major splitting failure at the ultimate
load. Group 3 with two members and two bolts in a row failed in row shear as well,
however, few specimens failed in splitting. Group 4, with two bolts in a row and a spacing
and end distance of 5d failed mostly in row shear. Hardly any signs of bearing were
observed. The failure scenario for these few specimens was as follows: splitting developed
first, resulting in a sudden drop in the load, followed by failure in row shear. More bearing
deformation was noticed in group 3 compared to that of group 4 which has similar
configurations but made with single 130mm member and a slot in the middle. Group 5
failed mainly in row shear. Few specimens failed in splitting as well. Failure in groups 6
and 7 was mainly due to row shear. Some specimens in group 6 exhibited some bearing
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deformation prior to failure. In group 8, with a single shear type of connection, fatlure was
sudden and characterized by a row shear-out in one row followed by failure in the second.
Bearing deformation was obvious in few specimens. Group 9 failed in bearing. Groups 10
and 11 failed ultimately in row shear, however, few specimens failed in bearing.
Specimens in groupl2 with two 19.1 mm bolts failed mainly in row shear-out.

3.3 Comparison Between O86 Predictions and Experimental Values

Predictions using the current design code (086.1-94) were found to be quite
conservative compared to the validation tests results (the lower 5th percentile). Validation
tests showed that the ratio between 086.1-94 values and the experimental values was
found to be between 0.52 to 0.85 with an average of .73 which is considered to be quite
low. It can be seen in Figures 3-a) and b) 4 that most of 086.1-94 predicted values lie
below the 450 line, thus considered to be over-designed.

Table 2. Validation tests results and predictions using 086.1-94 and proposed equations.

Sth % 086.1- 086/ Quennevilie’s Proposed Equatious** Obs.erved
Group  test 94  5th % Puin.  failure
Purs DPuct Pupy DPuB2 PuBs PuBs DPubs mode
................................. KN
1 26 21 081 41 41 41 28 3% - -- 28 B/IRS
2 39 28 071t 76 76 41 28 3% - -- 28 B/S
3 61 46 075 76 76 82 &6 78 - -~ 56 RS
4 61 42 068 105 105 110 61 78 - -- 61 RS
5 107 55 052 188 255 216 122 1566 -- - 122 RS/S
B 29 23 079 55 55 5H5 30 39 - - 30 RS
7 69 46 0668 110 205 140 61 78 = - 61 RS
8 28 23 083 52 101 B85 30 57 48 39 30 RS
9 8 &) 075 10 10 18 8 17 16 9 8 B
10 13 11 085 18 18 3B 16 34 32 18 16 RS
11 15 11 073 14 14 25 15 28 24 19 14 RS/B
12 22 16 073 25 25 50 29 &7 47 38 25 RS

’ Adjusted for the normal duration of loading by dividing over a factor of 1.25.

" Calculated based on the foltowing material strength values for Spruce glulam or Spruce lumber.
f. (specified strength in shear // to grain} = 1.75 or 1.0 MPa
fiy (specified strength in tension // to grain) =12.7 or 8.6 MPa
f, (bolt yield strength) = 310 MPa
G (mean relative density) = (.44 or 0.42

One reason for such discrepancies between O86 values and those of the
experimental could attributed to the axial tensioning force that develops in the bolt once
the plastic hinge is developed. This axial force reinforces the connection and results in the
connection sustaining higher loads. In fact the axial force may even alter the mode of
failure completely in some cases. The influence of the axial force was obvious especially in
group 2, where almost all tested specimens exhibited that effect. This could be observed in
the load-slip curve as a discontinuity in the envelope at about 55 kN followed by an
increase in the capacity of the connection due to the development of a plastic hinge and the
axial tensioning force in the bolt. Since the EYM is only valid for a dowel type of
connections, it is not surprising that O86 predictions for bearing based on the EYM under-
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estimate the failure load. The EYM does not take into consideration the axial tensioning
force that develops in the bolt. That perhaps explains higher values for the experimental
tests compared to O86.1-94 predictions. Other reasons could be attributed to group and
loaded end distance modification factors (Jg and J;)) used in the calculations of the 086-94
values. These factors are very restrictive resulting further in underestimating the capacity of
bolted connections. I was estimated by extrapolation.

3.4 Validation of Proposed Design Equations

In order to verify if the proposed design eguations provide some reasonable
accuracy, strength values calculated using the proposed equations were compared with
experimental values (5" 9%). Figures 3-a) and b) show comparisons between the
experimental values (based on the validation tests conducted at RMC) and those predicted
using either O86.1-94 or proposed equations. Minimum values predicted by the proposed
equations were taken as the design values and were plotted against the experimental values.
Predicted row shear values were also plotted since most specimens failed in row shear.

Figure 3-a) suggests a good correlation between the experimental and the minimum
predicted values which are based on failure due to bearing (B) for W-S-W connections.
However, predictions for row shear-out were found to be relatively high (RS). Keeping in
mind that almost all groups (with the exception of group 2) failed mainly in row shear,
these predictions should be closer to the experimental values than bearing predictions.
Better row shear predictions were found using the proposed equations, especially for
groups 9 to 12. However, row shear-out predictions for group 8 were found to be high. The
following discussion describes a theory proposed by Jorissen (1998) that could explain
such a discrepancy between predictions using the proposed equations for row shear-out and
those obtained from tests for wood-steel-wood bolted connections.

4  Analysis

In the new design equations for row shear predictions of bolted wood-steel-wood
connections proposed by Quenneville (1998), the row shear failure was assumed to occur
over the full thickness of the wood member (t,, was taken as equal to member thickness).
This assumption is usually valid for connections with rigid type fasteners, where the
embedment stress is assumed to be uniform over the full timber thickness, resulting in the
crack being developed over the whole thickness. This was validated with visual inspection
of the failed specimens, where the shear failure plane occurred across the full timber
thickness (see Figurc 4-a)). Good agreements were found between predictions from
Quenneville proposed equation for row shear strength and those from validation tests for
steel-wood-steel connections (Quenneville 1998).

However, row shear predictions for wood-steel-wood connections calculated over
the full thickness of the wood side members were found to be high, compared to the
validations tests (the lower 5" percentile). Further inspection of failed wood-steel-wood
connections with a middle steel plate revealed that row shear failure did not occur over the
full thickness of the wood side member but over a specified thickness which was smaller
than the full thickness (t), as can be seen in Figure 4-b). Considering that similar type of
fasteners (% in. or % in. bolts) were used in both types of connections and with more or
less similar thickness of wood members, the influence of material properties was
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eliminated (groups I to 8). This difference in the row shear failure pattern could be
attributed to the embedment stress distribution along the fastener length. A different
embedment stress distribution clearly takes place in connections with a middle steel plate,
compared to those with steel side members.

Embedment stress distribution for rigid dowel type fasteners 1s assumed to be
uniform along the fastener length, Figure 5-a), and c). However, the development of the
plastic hinge in the fastener alters the embedment stress distribution along the fastener axis,
and the assumption of uniform distribution over the full wood member thickness becomes
no longer valid. Figure 5-b) and d) shows the embedment stress distribution along the
fastener for connections with non-rigid dowel type fasteners and with steel side plates or
middle steel plate. A uniform embedment stress distribution is assumed only over a
specified length y. Now, for connections with a middle steel plate, this assumption results
in crack propagation near the shear planes over a length y,, which is assumed to be slightly
higher than y. Lets refer to this specified thickness as the "effective thickness®™. This means
that the shear force (F) is acting over a reduced thickness which is less than the actual
thickness of the wood side member (Jorissen 1998). The result is a lower than anticipated
shear strength for the connection with a middle steel plate. This perhaps explain the high
values predicted by the proposed equations if the full thickness of the wood member is
used in the calculations (Table 2). The thickness across which row shear-out failure plane
took place was measured for all groups and the mean value for each group 1s presented n
column 2 (except for groups 9 to 12 where the thickness of a single lumber member was
considered as being the experimental one), Table 3. These values are clearly smaller than
the full thickness of connections wood members (column 2). However, for connections
with steel side plates, though the embedment stress distribution is also assumed to be
uniform over a length y, smaller than the full thickness, different stress distribution is
associated with this type of connections, see Figure 5-b). This distribution does not seem to
influence the propagation of the cracks near the shear planes. The development of infinite
number of plastic hinges in the fastener (unlike the case for wood-steel-wood connections)
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leads to nearly uniform stress distribution underneath the fastener. Failure usually occurs
across the full thickness for the type of fasteners used in the validation study of bolted
stecl-wood-steel connections. This may not necessarily be the case for connections with
higher slenderness ratio, where row shear failure is not dominant anyway, This may lead to
the conclusion that the previous theory could be only applicable for connections with a
middle steel plate. Adjustment to the wood side member thickness (tw) may be necessary to
account for that phenomenon.

The following discussion describes how to determine the effective thickness (ve)
across which the row shear failure takes place for wood-steel-wood connections, based on
the stress distribution along the fasteners, for rigid and non-rigid dowel type fasteners.

~ Shear
plane
a)
Row shear-out in S-W-S Row shear-out in W-S-W
bolted connections bolted connections

Figure 4. Typical row shear-out failure in bolted steel-wood-steel or wood-steel-wood
CONnections.

4.1 How to Determine The Effective Thickness (y,)?

Johansen’s Yield Model for double shear symmetrical connections with a single
internal steel plate and assuming a rigid dowel type fastener (see Figure 5-a) and 5-¢)) for
failure Mode [, is given by the following equation:

F=dtf, (6)
where,
F = applied load resisted by one side of the wood member, N
d = bolt diameter, mm
t = thickness of the side wood member, mm
fiv = embedment strength of wood, N/mm?

For Meode II (Figure 5-d), the failure mode 1s given by the following equation:

F=yife ™



where,
y = the length along which the embedment stress is assumed to be uniform, mm.

Using Eq. (7), the length y can be determined as follows:
N
s ®)

Additional stress analysis given by Jorissen (1998) indicated that for connections
with more slender dowel type fasteners, cracks propagate near the shear planes over a
thickness y,, which is assumed to be slightly bigger than y, see Figure 5-d). For
connections with rigid dowel type fasteners, it can be assumed that y = ye = ty. The value y.
was determined using linear interpolation where y <y, <t and was given by the following

equation:
{—y
=11+ O s
2 ( o ] ©
where,

Cy is a constant (0 < Cy < 1.0), which was calculated based on the following equation:

S '
C, m0.3—€l— (10)
where,
8y = bolt spacing in a row,
e = end distance.

For connections with a single fastener, Cy was taken as equal to 1.0. Since y, = t for
rigid dowel type of fasteners, Eq. {10} doesn’t influence the caiculation for rigid dowel
fasteners. Eq. (10) was derived empirically using test results (Jorissen 1998).

Measured values for the effective thickness (y.) across which row shear-out failure
took place were found to be quite comparable with those calculated using Eq. (9), except
for connection made with lumber (W-8), where due to the presence of discontinuity, row
shear failure occurred at the joint between the two wood members, Table 3. Substituting
the value 2y, for t, (or y. for group 8 through 12, with a single shear) leads to better
predictions for row shear-out, except for group 2, which failed mainly in splitting, see
Table 2. Two sets of predictions are shown in Table 4 based on whether the length y was
calculated from Eq. (7) using the mean value for F or using the st percentile value (from
group 1). Row shear-out predictions based on the effective length, as calculated using the
mean value for I, seem to agree well with the test results. Figures 3-a) and b) show
comparisons between experimental results and the row shear values predicted by the
proposed equations based on full wood member thickness, or the effective thickness (ye.)
(using the mean value for F, and referred to in the figure as “Modified RS”). Row shear-out
predictions calculated using the effective thickness tend fo agree well with the
experimental values, where the row shear-out failure controlled. Substituting the 5t
percentile value for F in Eq. (7) leads to lower predictions for row shear, Table 4.

Based on the above discussion, it is evident that using the full thickness in the row
shear-out predictions in the proposed design equations overestimates the row shear strength
of wood-steel-wood bolted connections. Better predictions for row shear-out strength
could be achieved using the effective thickness approach.
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Figure 5. The embedment stress distribution (f,, ) along the fastener length for connections
with steel side members and those with middle steel plate.

Table 3. Comparison between measured and calculated effective thicknesses.

Wood member Effective thickness .
Group thickness - Ratio
Experimental Eq. (9)
......................... (Mmm}

1 60 48 58 0.8
2 60 57 58 1
3 80 49 55 0.9
4 60 42 52 0.8
5 80 58 55 1.1
6 80 62 68 0.9
7 80 75 68 1.1
8 80 41 &8 0.7
9 76 38 66 0.7
10 76 38 54 0.7
11 78 38 76 0.5
12 76 38 71 0.5
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Table 4. Test results and predictions using 086.1-94 or proposed design equations based
on the effective thickness, y, and calculated using either the mean value for F or the 5% 95,

5t % Quennevilie’s Proposed Equations Bearing
Group test 086.1 -94 " " ” - " —
Duns PugT Purs PuGr PuB Min. PuB Min.
................................. KN
1 26 21 39 39 36 35 27 27
2 39 28 73 73 64 64 27 27
3 61 46 69 69 52 52 54 51
4 61 42 64 64 49 49 53 49
5 107 55 110 172 83 134 108 83
6 29 23 47 47 39 39 29 27
7 69 48 93 175 78 147 58 1)
8 28 23 48 96 36 71 30 27
9 8 8 8 8 7 7 8 7
10 13 11 12 12 8 8 14 12
11 15 11 14 14 12 12 14 14
12 22 16 23 23 15 16 28 26

' Based on the mean value for “F” in Eq. {7), for connections with single fastener.
E ]
Based on the 5th percentile value for “F” in Eq. (7).

5 Conclusions

Based on the validation tests of the proposed design equations for wood-steel-wood
bolted connections, it can be concluded that:

1. Current Canadian design code (086.1-94) leads to over-designed wood-steel-wood
bolted glulam connections, especially with multiple bolts, where it under-estimates
the failure loads.

2. Proposed design equations for wood-steel-wood bolted connections provide better
predictions of the ultimate loads than current design procedure, especially for
bearing.

3. Better predictions for row shear-out can be achieved if the effective thickness

principle is used.

Recommendations

Findings from this project have promoted some further expansion to the project to
cover bolted wood-steel-wood connections loaded parallel-to-grain with different
configurations than those tested. This may include verification tests on wood-steel-wood
connections with three rows with two or more bolts per row. In addition, tests are necessary
to verify the proposed design equations for bolted wood-steel-wood connections loaded
perpendicular-to-grain.
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A new set of experimental tests on beams loaded
perpendicular-to-grain by dowel-type joints

Marco Ballerini

University of Trento, Department of Mechanics & Structural Engineering, Italy

Abstract: The results of an experimental programme on the splitting strength of beams
loaded perpendicular-to-the-grain by dowel-type joints are reported. The ultimate loads of
beams failed by splitting are analysed and the types of failure are highlighted. Finally, the
effectiveness of available prediction formulas from literature are compared and discussed
with regard to this set of experimental data.

1 Introduction

Timber elements loaded over their depth by perpendicular-to-grain connections should be
avoided in timber engineering. This way of loading indeed, is responsible for local
perpendicular-to-grain tensile stresses, that may lead the beams to failure for splitting at
load levels considerably lower than the bearing capacity of connections or of the bending
strength of timber elements. Nevertheless, since in some designs this kind of loading may be
fixed, the problem of the evaluation of the splitting strength of beams is still actual,

The Eurocode 5 [1] takes into consideration this problem by means of a very simple formula
which doesn’t take into account the effect of the joint’s geometry and assumes a linear
relationship between the splitting strength and the distance of the furthest row of fasteners
from the loaded edge of the beam.

Some researcher think this formula unsatisfactory.

Ehlbeck, Gorlacher and Werner [2-3] indeed, on the basis of the results of previous
experimental researches (Molher and Lautenschldger [4], Molher and Siebert [5], Ehlbeck
and Gorlacher [6]), have developed a different formula. The formula is based on both
theoretical considerations (with the support of linear elastic numerical analyses) and on the
best fitting of the experimental results. Moreover, TACM van der Put [7-8], on the basis of
an energetic approach in the framework of the Linear Elastic Fracture Mechanics, has
developed a third prediction formula.

If the above mentioned experimental results are compared with available prediction
formulas, it is possible to notice that the best fit is supplied by the formula of Ehibeck,
Gorlacher and Werner, but also the one of TACM van der Put (which doesn’t take into
account the joint’s geometry) gives reasonable results.

However, if the attention is focused on connections with few fasteners it is possible to
detect how the first one is characterised by quite large scattering while the second one
overestimates the splitting strengths.

Since, as stated in [2-3], the joint configuration affects considerably the strength of the
beams, a new experimental programme on beams loaded by connections made with only one
or two dowels (not much investigated in previous researches) has been carried out at the
University of Trento. The main intent of the programme is to provide a set of tests able to
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exploit the strength of beams loaded by a single connector and to evaluate, if possible, the
influence on this strength of a second connector, Another characteristics of this set of tests
is the slenderness of the beams which is higher than those of previous researches.

In the following the experimental programme and the test set-up will be described in detail.
The experimental results will be presented, the types of failure highlighted and the influence
on the strength of the main parameter exploited. Finally the effectiveness of available
prediction formulas will be compared and discussed with regard to this set of experimental
data.

2 The experimental programme and testing procedure

The experimental programme consists of two series of bending tests on simply supported
glulam beams, loaded at mid-span by means of perpendicular to grain connections,

The first series, hereafter denoted S1, is characterised by connections made with only one
10 mm dowel; the second one, hereafter denoted S2, has connections made with two 10
mm dowels spaced 30 mm (3d) on the beam height.

The glulam beams, which are made with European whitewood (Picea abies), have cross
sections respectively of 40 by 196 mm and of 40 by 397 mm and are tested on a span length
of 3400 num. The slenderness ratios (L/4) are then 17.3 for beams 196 mm high, and 8.6 for
beams 397 mm high.

For series S1, the ratio o (a/h) between the distance of the fastener from the loaded edge of
the beam (a,) and the beam’s height (/) ranges from 0.2 to 0.7 for beams 196 mm high and
from 0.1 to 0.7 for beams 397 mm high. For series S2 the same ratio (computed from the
furthest fastener) ranges respectively from 0.35 to 0.7 and from 0.17 to 0.7.

The tests have been carried out upside-down with the test set-up shown in figure 1. The
load was applied by means of a servo-hydraulic actuator with a capacity of 100 kN
controlling the displacement of actuator’s head. The velocity of the head of the actuator has
been fixed at 3 mm/min for beams 196 mm high, and at 1 mm/min for beams 397 mm high;
consequently, the duration of tests has ranged from 8 to 20 minutes.

The load is transferred to the dowel(s) by means of two square-section steel bars which are
able to prevent any rotation of the end of the dowel(s). To avoid any problem due to lateral
buckling, bracings have been placed at about 1/3 of the span length at the bottom side of the

beams (in compression).
t 2V
vV v
v

Figure T — Test set-up and arrangement of displacement transducers



During the tests the bottom and upper mid-span deflections of the beams, the displacement
of the dowel(s) and the displacements of the beams at supports (as itlustrated in figure 1)
have been automatically collected.

3 Tests results

The results of the experimental programme are summarised in Table 1 where the main data
0f 49 tests are reported.

. No.of d ar B _4, F. -
Specimen tests (mm) (mm) (mm) o= 7 (kN) Type of failure
S1-2020 2 10 40 0 020 7.6/7.6 total splitting
51-2025 2 10 50 0 026 72/82 total splitting
S1-2030 2 10 60 0 0.31 8.8/7.8 total splitting
S1-2035 2 10 70 0 036 94/9.2 total splitting
S1-2040 2 10 80 0 041 9.9/10.7 total splitting
S1-2050 2 10 100 0 0.51] 10.4/10.7 total splitting
S$1-2060 2 10 120 0 061 14.8/16.3 splitt. + bending
S1-2070 2 24 140 0 071 13.4/16.0 splitt. + bending / bending
S52-2035 1 10 70 30 036 9.9 total splitting
52-2040 1 10 80 30 041 12.2 total splitting
S2-2050 1 16 100 30 0.5] 14.7 total splitting
§2-2060 1 10 120 30 0.6 14.9 splitting + bending
S2-2070 2 10 140 30 071 12.9/13.4 bending
S1-4010 3 10 40 0 010 64/81/7.0 limited splitting
S1-4015 2 16 60 0 015 8.0/7.5 limited splitting
S51-4020 2 10 80 0 020 9.2/9.5 limited splitting
S1-4025 2 10 160 0 0.25 10.4/10.4 limited splitting
S1-4030 3 10 120 0 030 12.9/12.4/134 total splitting
S1-4035 1 10 140 0 035 12.0 total splitting
S1-4040 2 10/24 160 O 040 16.5/18.3 total splitting
S1-4050 2 10 200 0 050 15.6/14.0 total splitting
S1-4060 2 10/24 2406 0  0.60 18.9/20.1 total splitting
S2-4018 1 10 70 30 0.18 9.8 limited splitting
$2-4020 1 10 8 30 0.20 10.6 limited splitting
S$2-4030 1 10 126 30 030 19.6 total splitting
S2-4040 | 10 160 30 040 17.1 total splitting
S2-4043 1 10 170 30 0.43 19.6 total splitting
§$2-4050 1 10 200 30 0.50 18.1 total splitting
S$2-4060 1 10 240 30 0.60 24.8 total splitting
§2-4070 1 24 280 70 0.71 35.6 total splitting

Table 1 - Joints® parameters, failure loads and types of failure of tested specimens.
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The only data not reported in table 1 concern the properties of the wood of the beams; they
. . . 3 R

can be summarised in an average density of about 430 kg/m” and a moisture content of

laminations in the range of 8-12%.

Different types of failure of the beams have been observed in the experimental programme:
s  the splitting failure;

o the bending failure;

e  the embedding failure.

The splitting failure has been experienced by the most part of beams. In all specimens failed

for splitting a stable crack propagation have been observed till the maximum load.

However, two different kinds of final collapses have been recorded:

e atotal splitting of beams in two elements (sometimes with the crack propagating along
the grain till the supports and sometimes with one side of the crack propagating
diagonally till the upper edge of the beam);

e alimited splitting of beams but with a considerabie loss of bearing capacity.

The former type of collapse (see figures 2 and 3), has been noticed in beams 196 mm high

and in beams 397 mm high characterised by a values greater than 0.3. The latter one (see

figure 4), has been experienced only by beams 397 mm high with o values Jower than (.3.

These different final collapses can be ascribed essentially to the amount of internal work

accumulated before failure by the more slender beams and by the less slender ones with

higher o values {an then higher failure loads).

S1-2035-1

TALauv

Figure 3 — The total splitting failure of specimen $2-4043-1.
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The bending fatlure has been occurred only in the more slender beams characterised by o
values of about 0.6 and 0.7 (see table 1). This is due to the fact that in so slender beams
failure loads of about 13-16 kN (like the ones shown by these specimens) are responsible
for bending elastic stresses at the outermost fibres of about 43-53 MPa.

In spite of this, since the bending failure load and the splitting one are of the same order,
some of these specimens have failed for splitting, suddenly tollowed by the bending fatlure
of'the residual section of the beam (figure 5), and not for bending.

Finaily, some specimens have experienced embedding failure. The data of these tests are not
reported in table | since are nof of interest {or the research. For some specimens this type of
failure is a direct consequence of the smalf bearing area of the dowel, which gives to the
connection a very lomied bearing capacity. For others specimens however, it is due to the
difficuity in obtaining the splitting failure when the connections are placed near the unloaded
edge of the beams.

With regard to the perpendicular-to-grain plastic deformations under the dowel’s contact
area, it 1s necessary to highlight that all tests, with the only exception of those characterised
by very low o values, have shown more or less plastic deformations before failure.

Figure 4 — The limited splitting failure of specimen S1-4010-2

o 2l

- R
S1-2060-3

e

Figure 5 — The splitting-bending failure of specimen S1-2060-3



The typical load-deflection diagrams are reported in figure 6. From the figure it can be
noticed that while the flexural behaviour of the beams is quite linear till the end of the tests,
the displacements of the dowels show a change in slope well before the maximum load.
Since the load at which this change happens is generally well below the bearing capacity of
the dowel, probably it is the load at which the cracks start to propagate.

¢ (kN F (kN
16} ( ) - - : 16 (k) - ;
[Specimen $1-2030-1] ; |Specimen $1-4050-2] .
: : ; : ST
12 i g L
7o :
: il
10 ; o
A7 g
8 : - ,' X
6 AT ' i
2 ; —beam midspan deflections —— beam midspan deflections
------ dowel displacement : o | — —~dowel displacement
0 :
0 4 & 12 16 20 24 28 0 4 8 12 H 20 24 28
Displacements {mm) Displacements (inm)

Figure 6 — Typical load-deflection (beam) and load-displacement (dowel) diagrams.

An appraisal of the influence of the fundamental parameter a. (distance of the furthest
fastener from the beam’s loaded edge) on the splitting strength of tested specimens is clearly
detectable in figure 7 where all the failure data are reported. In the same figure, a linear
fitting has been superimposed to the data of each test series.

As is possible to see from the figure, the splitting strength of the beams grows quite linearly
with g, (the coefficients of determination - R%- are of about 0.85 for each series) and the
slope of the linear fitting is linked more to the number of rows of fastener(s) than to the size
of the beams.

40 Fu (KN) 4o Fu (KN)
splitting failure| | bending failure
< 82-200 : : € 52-200 i : : C -
25 25 /
LA
150 ‘
(3 splitting failure
Gl L (OS1-400
_ - : : & §2-400
0 : ‘ : : 0 ‘ : . :
0 30 60 90 120 150 0 50 100 150 200 250 300

ar {(mm) ar (mm)

Figure 7 — Failure loads vs 4, : linear fittings.
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4  Analysis of test results

The test results have been analysed mainly
with regard to the parameter g, because,
as it is possible to see from figure §, it is
the only parameter which affects
considerably the data of this set of tests.
Differently from figure 7. where the data
are plotted with reference to beams’
height, in figure 8 the data are plotted with
reference to the connections (in the upper
graph the data of joints with one fastener:
S1; in the lower graph the ones of joints
with two fasteners: S2).

In these graphs a power fitting has been
superimposed to the data of each series
and also to the data S1 and S2
independently form the height of beams.
From the figure it 1s possible to notice that
the power fittings computed on the data
S1 and 52 (independently form the height
of beams) are equals to those that can be
obtained from the power fitting of each
series (dashed curves). This allow to say
that there is not a residual influence of the
height of the beams on the power fittings
reported in the graphs.

As already anticipated, the main effect of
the presence of a second connector in the
joint is an increase in the splitting strength
of the beams and, in terms of power
fitting, in an increase of the exponent.

This confirms that the joints geometry has
a big influence on the strength for splitting
of the beams and that this effect cannot be
disregarded by prediction formulas.

This effect can be taken into account in
different ways. If the splitting strength of
beams with joints made by more rows of
fasteners is simply thought as the sum of
the contribution of each row:

A
Fy=kiah
i=]

the graph of figure 9 can be obtained from
this set of data.

In the graph, the failure loads have been
normalised to the failure loads of beams

40 Fu (kN)
.| 181-200
33110 81-400
30
23
2() g
15
19
TPV, 055
5 power fitting: y = .88 x
R =0.89
0 :
0 50 106 150 200 250 300
ay {mm)
3o Fu (M)
Os2-200] : , ﬁ
33| |0s2-400] i : -©
30| '
23
20
15
14
5 power fitting: y = 0.41 x*7
: R =089
0 : ; : _
0 50 100 156G 200 250 300
ay (mm)
Figure 8 — Failure loads vs a, : power
fittings.
L]
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20
15
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s| AT L power fitting: y' = 0.81 x057
: : R = 0.87
0 ‘ . : : :
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Figure 9 - Failure loads normalised to
failure loads of beams with joints
made by only one fastener.



with joints made by only one fastener according to the formula reported on the diagram; in
the formula a; is the distance of the i-th row of fastener(s) from the loaded edge of the
beam.

5  Comparison with prediction formulas

The failure data of this test programme have been compared with the prediction formulas of
Ehlbeck, Gérlacher and Werner [2-3], of TACM van der Put [7-8] and lastly with the
design rule of ECS [1].

The result of the comparisons are shown respectively in figures 10, 11 and 12 where the
ratios between the predicted strengths and the experimental ones are reported versus the
joint not-dimensional parameter o and the height of beams.

For what concerns the first comparison (figure 10) from the left graph it is evident that the
formula predicts very well the strength of beams 197 mm high (mean 1.00, stand.dev. 0.1)
while it is a little less good in the case of beams 397 mm high (mean 1.25, stand.dev. 0.2).
This less effectiveness of the formula is due mainly to a quite large overestimation of the
beams’ strength characterised by low values of the parameter o. Due to this, a little average
overestimation of the strength is detectable in the right graph.

For what concerns the comparison with the formula of van der Put (figure [1) from the
graph it is evident a general overestimation of the strength for the beams of both sizes. This
average overestimation, of about 50%, is mainly due to the high value of the “critical total
energy release rate” (G,) proposed by the author. Moreover, from the left graph, a little
influence of the parameter o on the strength is detectable from the data of $1-400 series.

Finally the comparison with the ECS design rule is reported in figure 12. The diagrams have
been derived assuming for the shear strength of the wood an average value of about 3 MPa.
From the graphs it is evident an influence of the parameter o on the ratios of each series and
also a clear bigger overestimation of the strength of the higher beams. This is due to the
assumed linear relationship with the distance from the loaded edge (a; = ah).

6 Conclusions

A new set of experimental results on the splitting strength of beams loaded perpendicular to
the grain by dowel type connections have been illustrated and the failure modes have been
reported in detail. The main features of this experimental research is the wide range of the
not-dimensional parameter o taken into consideration (form 0.1 to 0.7) and the slenderness
ratios of the beams, well above those of previous experimental programmes.

The analysis of the results has allow to exploit the effect on the splitting strength of the
distance of the furthest fastener from the loaded edge of the beam. Moreover, the
comparison with the failure loads of the beams with joints made by two dowels has allow
the derivation of a possible way to take into account the effect of more rows of fasteners.

Finally, the comparison with the available prediction formulas and with the design rule of

ECS5 has allow to derive the following drawings:

o the formula of Ehlbeck, Gorlacher and Werner is the one that gives the better appraisal
of the splitting strength of the beams of this experimental research;
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the one of TACM van der Put is globally good but overestimates the strength of the
beams of about 50%:;

e the design rule of ECS is the one that shows the lower agreement with the test data (a
clear influence of the parameter o and an evident size effect are detectable from its
figure).
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1. Introduction

The fracture of wood is one of the major causes of brittle failure in timber structures. It
brings serious damages of timber structures under seismic action by reducing the energy
dissipation. Fracture of wood occurs frequently at the joints subjected to the force
perpendicular to the wood grain. This failure is not always predictable because the design of
timber joints is generally based on the yield theory'™ that does not include the failure of joints
due to the fracture of wood. The fracture mechanics is one of the most effective methods to
analyze the fracture of timber structures ™. It is particularly useful for estimating the
maximum strength of the joints when the crack propagation is stable. In the previous paper”,
the fracture of a single bolted joint subjected to a lateral force perpendicular to the grain was
analyzed by means of the ASM (Average Stress Method) and the LEFM (Linear Elastic
Fracture Mechanics). It showed that the ASM and the LEFM were appropriate tools to predict
the crack initiation and propagation of the bolted timber joints subjected to lateral force
perpendicular to the grain, respectively. In this study, the load carrying capacities of a single
and multiple bolted joints obtained from the lateral loading tests were compared with the
results of simulation by means of the LEFM and yield strength.

The crack propagation under the coupling of Mode I and Mode I can be calculated by using
either energy release rate (G) or stress intensity factor (K). The stress intensity factor in
Mode I (K;) and Mode II (K},) can be calculated by the following formula;

K, =Himo,()2xr (1)
r—s0 ’
K, = lino] o, (r2mr @



where, 0, () and 0 () are the tensile stress perpendicular to the grain and the shear stress
at the distance r from the crack tip. The criterion for the crack propagation is generally

expressed as follows;

(_&J {L) _1 ®

Ko K e

where, K- and K, are the critical stress intensity factors in Mode 1 and Mode i, respectively.
The value of K, was set at 0.439MPay” m from the previous study” for spruce of the density
of 440kg/m’. It is discussible what values should be taken for m, n and K. To make the

problem simple, following values were assumed from the calibration between the

experimental results of a single bolted joint and the simulation.

m=1 ; n=2 ; K;=3K

2. Specimens

The outline of specimens is shown in Fig.l. Specimens consisted of spruce glued
laminated wood and 12mm thick steel side plates on both sides of the wooden member,
connected with bolts 16mm in diameter (d). The glued laminated wood was made of laminae
30mm thick with an average density 440kg/m’. The quality of steel used for the side plates and
bolts was JIS (Japanese Industrial Standard) SS 400. The pre-drilled holes of wooden
members were equal to or slightly larger than the bolt diameters, and the diameters of the bolt
holes of steel plates were Imm larger than the bolt diameter. The thickness of the wooden
member was 64mm (4d) and 128mm (84).

Specimens were divided into four groups as shown in Figs.1(a) to (d). Type-T specimens
had joints of a single fastener whose end and edge distances varied from 64mm(4d) to
160mm(10d) and from 64mm(4d) to 112mm(7d), respectively. Type-H specimens had joints
of two fasteners aligned with the grain and spaced 64mm (4d), 112mm (7d) and 160mm (104).
Type-V specimens had joints of two or three fasteners aligned perpendicular to the grain and
spaced 64mm {4d). These specimens were subjected to a tensile force perpendicular to the
grain as shown in Figs.1(a) to (c). Type-B specimens had joints of single, two or three bolts
aligned perpendicular to the grain spaced 64mm(4d). The height of Type-B specimens was
224mm(14d) in the case of single fastener specimen, 192mm(12d) for the specimens of two
fasteners and 256mm(164) for those of three fasteners, The end distance was 64mm(4d) and
112mm(7d) in a single fastener specimen and it was kept as 112mm(7d) for the specimens of
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Fig.1 Outline of specimens

multiple fasteners. The edge distances varied from 64mm{4d), 112mm(7d), 160mm(104) and
the bolt spacing(s) was 64mm(4d). They were subjected to lateral force by bending as shown
in Fig. 1(d).



3. Test method

Three specimens of each type were subjected to lateral loads as shown in Figs.l{a) to {d).
The quasi-static tensile loads were applied to the steel side plates by a hydraulic jack in Types-
T, H and V specimens, and the compressive load was applied on the center of wooden member
in Type-B specimens. Relative displacement between the steel plates and wooden member
was measured with four electric displacement transducers. The nuts were attached to the joints

with little tightening. The lateral loads increased at a constant rate until one of the joints failed.

4. Modeling

Tested joints were modeled with the finite elements as shown in Fig.2, A quarter or half of
the specimen was modeled considering the symmetry. The assumption for the modeling was
the same as in the previous study with a single fastener”; the contact between the wood and
the bolt was complete and there was no friction on them, and the plane stress conditions were
applied and there was no noticeable deformation of the bolt. Young’s modulus of spruce was
assumed 1o be 15,000 MPa in the longitudinal direction and 600 MPa in the transverse
direction and the shear modulus and Poisson’s ratio of 700 MPa and 0.5 were assumed,

respectively.

Fig.2 Finite element mesh for Types-T and B specimens.

Figure 3 shows the boundary conditions of the model. The bolt hole boundary was fixed in
the radial direction but only in the positive direction and free in the tangential direction. The
forced displacements were applied downwards at the lower boundaries in Types-T, V and H
specimens. In Type-B specimens the forced displacements were applied downwards at the
right corner of the upper side. The FEM code CASTEM 2000 developed by the French



Atomic Energy Commissariat (CEA) was used for the analysis.
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5. Results and discussion

5.1 Crack initiation

Figure 4 shows the tensile stress perpendicular to the grain ( 0 ) near the bolt holes along
the x-axis when the average stress perpendicular to the grain reached 4.76MPa in the Type-H
specimens. This shows that the stress in the right side of the hole was slightly higher than that
in the left side, and that the crack initiated at the right boundary of the hole. The stress
perpendicular to the grain at the right boundary of the hole showed almost constant values
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Fig. 4 Stress perpendicular to the grain in Type-H Fig. 5 Stress perpendicular to the grain in
specimen (bolt spacing of 7d). Type-V specimen (three bolts)



around 6.3 to 6.4 MPa regardless of the
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bolt spacing. The stress at the left
boundary varied from 5.74, 5.92 and 6.14
MPa respectively for the bolt spacing of
4d, 7d and 104. This indicates that the
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concentrated mostly at the lowest bolt,

and the upper bolts contributed less than Failure: P=93KN/m per bolt

the lowest bolt against the crack initiation Fig.6 Crack propagation in Type-H specimen
when the multiple bolts were aligned (bolt spacing of 7d).

perpendicular to the grain.

The point of stress at the crack initiation varied within the range from 6.1 to 6.4MPa for all
types of joints tested in this study. This ensures that the location and the approximate force on
the initiating crack can be predicted with the point of stress if the finite meshes are sufficiently
fine and there is no problem of the singularity.



5.2 Crack propagation
Figure 6 shows the process of the crack
propagation in the Type-H specimens when the
bolt spacing was 7d. These figures show that
the crack propagated at the beginning almost
symmetrically to the both directions until the
crack propagated up to 1.2d. Then, the crack
propagation on the right side had almost
the left
Finally, two cracks that had

stopped, and crack continued
propagating.
propagated from both holes met at the center of
the specimen. The lateral load per bolt showed
almost constant value of 160N/mm until the
crack propagated to 1.5d, and then decreased
gradually as the crack propagated. The lateral
load decreased suddenly to 93N/mm when the
crack reached the center of the specimen.

Figure 7 shows the relation between the
load and the crack length in the Type-V
specimens, It shows that the load increased
gradually as the crack propagated up to 2 to
2.5d and then decreased gradually as the crack
propagated.  Thus saying that the crack
propagation was stable at the beginning, but

became unstable when it reached up to 2 to
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2.5d in the Type-V specimens.
5.3 Load carrying capacity

Figs. 8 shows the relationship between edge
distance and the maximum load in the Type-T
specimens and Figs. 9 and 10 show those of the
Type-B specimens when the end distance was 4d
and 7d, respectively. In the Type-T specimens,
the maximum load from the experiment and the
simulation was almost constant and close to the
calculated yield strength regardless of the edge
distance. The calculated yield strength of the joint
that had a single bolt 16mm in diameter with steel
side plating was 205N/mm when the embedding
strength of the wood (obtained from 5% off-set in
embedding test) and the yield moment of bolt were
respectively 12.8MPa and 218Nm”. In the Type-B
specimens, the maximum load was almost the same
as the yield strength when the specimen had the end
distance of 7d, and slightly lower than the yield
strength when the edge distance was 4d. However
the maximum load increased as the edge distance
became larger regardless of the end distance in the
Type-B specimens.

Fig.11 shows the relationship between the
maximum load and bolt spacing of the Type-H
specimens. The maximum load was increased
slightly as the bolt spacing became larger and 25 to
35% smaller than the calculated yield strength.
Fig.12 shows the relationship between the maximum
load per bolt and the number bolts of the Type-V
The load
remarkably as the number of bolts increased, and 35

specimens. maximum decreased
to 41% smaller than the calculated yield strength.
This indicates that all the tested joints of the Types
H and V specimens with multiple fasteners failed

with the fracture of the wood before the joints
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Figure 14 shows the comparison of the experimental maximum load with the
simulated values by means of the LEFM. It shows that the maximum load
obtained from the simulation agreed very well with the experimental results. It
also shows that the maximum load of the Types-T, H and V specimens was mostly
smaller than the calculated yield strength. Special consideration should be done
on the design of these joints.

6. Conclusions

It was found that the load carrying capacity obtained from the simulation by
means of the LEFM agreed very well with the experimental results, and the
LEFM was the appropriate tool to estimate the failure of bolted timber joints. It
was also found that the load carrying capacity of the joints subjected to lateral
force perpendicular to the grain was mostly smaller than the yield strength, and
they failed due to the fracture of the wood before the yielding of bolts. Special
consideration should be done on design of joints subjected to the lateral force

perpendicular to the grain..
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Abstract

Capacities of joints with laterally loaded nails may be predicted using “Buropean yield”
type models (EYM’s) with various levels of complexity. EYM’s presume that a nail and
the wood on which it bears exhibit a rigid-plastic stress-strain response. Consideration is
given in this paper to the ‘original’ model published by K.W. Johansen in 1949 (and
popularized by H.J. Larsen in more recent years), an empirical approximation proposed by
L.R.J. Whale and coworkers in 1987, and a curtailed and ‘simplified’ model proposed by
H.J. Blass and coworkers in 1999. Predictions from the various EYM’s are compared with
experimentally determined ultimate capacities of single shear joints. Experiments covered
a fairly broad range of combinations of ‘head-side’ and ‘point-side” member penetrations.
The impact of modeling assumptions is illustrated in the context of the Canadian timber
design code. Suggestions are made regarding the necessity level of complexity for nailed
joint models used in design.

1. Introduction

Until recently, all North American engineers designed timber structures based on the
‘working stress’ approach. Most still do so. The factor of safety is 1.3 for members loaded
in bending, tension and compression [1]. For timber joints the factor of safety is
inconsistent across various types of joints, and cannot actually be defined. The approach
for splice joints is to take the allowable load as a fraction of the load at the *proportional
limit’ load or an approximation to it {2]. Unadjusted allowable loads apply to a single
fastener/connector subjected to normal duration loading, and a dry service condition.
Deviations from reference conditions are accounted for by a sequence of modification
factors. Concepts and much of the data that underpin working stress design of joints are
the result of research at the US Forest Products Laboratory in the 1930's and 1940's [e.g 3].
It is generally accepted that the working stress method contains inconsistencies in
capacities for different types of fasteners that cannot be justified {4]. For most types of
mechanical joint, the ultimate load lies well above the estimated proportional limit load.
The ratio of ultimate and proportional limit loads can approach 3.5 for nailed softwood
joints and 7.0 for nailed hardwood joints [2]. Thus, the allowable load for a joint is
commonly a small fraction of its ultimate strength. Consequently joints tend to be too stiff



and mmpede redistribution of forces within a system, and only limited energy dissipation
can occur under cyclic loads.

Canada introduced its first limit states design code for timber structures in 1984 [5]. For
timber members this was a soft conversion from the working stress method, although
account was taken of ‘in-grade’ test data for small dimension humber. There was a
fundamental shift with regard to joint design [6]. Data from various sources was re-
analysed so that joint capacities would reflect the strength (ultimate) limi{ state and
serviceability limit state considerations. Strength and serviceability limits were separately
identified for joints made with truss plates, nails and lag screws. Only the strength limit
state was considered in other cases, e.g. laterally loaded bolts, nails loaded in withdrawal.
Ultimate capacities of laterally loaded bolts and nails were calculated based on Johansen’s
yield theory [7, 8]. The theory has become known as the European Yield Model (EYM) in
North America. [ts use was not transparent in 1984 as capacities were given in tabular
form for different combinations of fastener diameter and commercial species group, plus
member thickness and direction of loading in the case of bolts. Use of a Johansen type
approach became transparent for bolted joints in the 1989 edition of the Canadian timber
code. Resistance factors were assigned based on engineering judgement. A resistance
factor, ¢, having a value less than one is applied fo the strength, R, of a joint to account for
uncertainty, Load factors, o values, are applied to the unfactored load effects, F values.
Conceptually an ultimate limit state design equation takes the form: ¢R > 3 aF. Despite
selective refinements, code provisions for joints remain essentially unaltered since 1984 [9,
10].

The CSA 086 Technical Committee that is responsible for the Canadian timber design
code is in the process of a major overhaul of provisions pertaining to joints. Their
objectives include: the elimination of inconsistencies in the approaches used to assign
capacities to different types of fasteners, making the nature of the predicted failure mode
transparent, and adoption of formula based methods whenever feasible. This paper
considers issues related to design of laterally loaded nailed joints. Specifically, the focus is
on the ability of various EYM’s to predict the ultimate load capacity of a single shear
timber-to-timber joint over a broad range of nail penetrations in the head-side and point-
side members,

2, European Yield Models

EYM’s presume that for joints made with metal nails the failure mode will be ductile. This
is usually reasonable even for joints with multiple nails, provided that adeguate end and
spacing distances are employed. In Canada, like most other countries, the capacity per nail
is taken {o be linearly proportional to the number of nails, EYM analysis treats both the
fastener and the wood foundation beneath it as being rigid-plastic materials. Thus, the
‘initial yield” and fully plastic capacities for components, and therefore joints, coincide.
The plastic capacity of the nail, My, can be estimated from a bending test [11]. Some
versions of the EYM use the nail yield stress, oy, based on the relationship oy = 6My/ & ,
where d is the nail shank diameter. The peak moment resisted by the nail is used to
estimate its strength, and because nail material usually exhibits strain hardening, ov is an
apparent rather than a true yield stress. The wood foundation capacity is referred to as the
embedment strength, sy, and is obtained in a test where bending deformation of a nail 1s
prevented [12]. Again the property is based on peak capacity, During derivation of the



capacities for nailed jomts that are tabulated in CSA Standard 086.1 [5, 10] it was assumed
that My = 6.67(20-d) d* Nmm and sy = 1.1 x compressive strength parallel to grain of clear
wood [13], based on [7,8]. More recent information is employed later in this paper.
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Figure 1 — EYM Failure Modes: single shear arrangement

Figure 1 shows the failure modes that are possible for a joint with a nail loaded in single
shear (two-member arrangement). Comparable modes are applicable to multiple shear
arrangements. (Geometric variables are nail diameter, d, total nail length, L, and length of
penetration into the point-side member, L,. Joint capacity increases as thickness of the
members is increased up to the point where a mode 3 failure occurs. It is assumed that the
nail is driven normal to the sides of the members and that members are loaded
concentrically. Neglecting force other than that normal to the axis of the nail, the yield
load for a joint, Py, is determined for any mode from static equilibrium., The governing
mode 1s that giving the lowest estimate of Py. Several forms of the EYM are in use, or
have been proposed. Three forms considered here are:

e Original Model due to Johansen (7], extended by Laersen [8]. This is the basis of
tabulated capacities for nailed joints in the 1984 and subsequent issues of CSA
Standard 086.1 [5,10]. It was assumed that the nail penetrates two-thirds into the
point-side member.



e Empirical Approximation by Whale et al [14]. This is the basis of formula based
calenlations of capacities for bolted and lag screwed joints within the current edition of
CSA Standard 086.1 [10].

o Simplified Model proposed by Blass et al {15]. This has a curtailed set of equations
that yield conservative results if members do not have adequate thickness to develop
the mode 3 failure mechanism.

The appropriate formulae are summarized in the Appendix. For mode 1b it is necessary to
consider the possibility of the bearing failure being in either the head-side or point-side
member. Similarly, mode 2 involves the possibility of the plastic hinge forming in either
member. If all modes are unconstrained, there are six equations to consider.

3. Joint tests: influence of head-side/ point-side penetration

Tests were made on specimens having four 3in (76mm) common wire nails loaded in
single shear, Figure 2. The nails were no. 9 wire gauge, with a nominal diameter of
3.66mm [16]. The actual diameter was 3.76mm with minimal variation between nails.
Thickness of the head-side member was varied between 56 and 25mm to give seven point-
side penetrations that ranged from 20 to 51mm. The members were eastern Canadian
grown spruce. This species belongs to the Spruce-Pine-Fir (S-P-F) commercial
classification. Members were cut from 38mm thick lumber that had been conditioned to
15 percent moisture content. There were 11 test replicates per nail penetration representing
matched density distributions. All members within a specimen had similar densities. The
average density for joint members was 411kg/m’® based on oven dry volume and mass,
with a coefficient of variation 10.2 percent. The average density for S-P-F is taken to be
420kg/m’ for design purposes [10]. At the time of fabrication a double layer of thin
polythene sheet was placed over each joint interface to prevent inter-member friction.
After fabricated specimens were returned to the conditioning chamber and tested 24 hours
later. The moisture content at the time of testing was 15 percent. Load was applied to
specimens using a rate of cross-head movement of 0.1in per minute (2.54mm/ min.). Joint
slip was measured using two LVDT’s, one mounted on each joint plane. The test method
was based on that reported by Mohammad and Smith [17].
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Figure 2 — Four nail test specimen (symmetric)



Two typical sets of load displacement curves are shown in Figure 3. Load is given on a
per nail basis assuming each nail carries one quarter of the fotal load. The trend was that
the maximum load capacity, Puuy, increased as nail penetration in the point-side was
increased. The displacement at which Py, was attained also increased as the penetration
in the point-side was increased. Maximum loads were attained in about 10 minutes or less,
Results are summarised in Figure 4. The 5, 50 and 95 percentile capacities shown were
calculated assuming Pyax values are normally distributed.

Load (kN}
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Figure 3 - Typical test results: Lp= 25 and 5Imm (11 replicates)
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Figure 4 — Test capacity, Puyay, at 5, 50 and 95 percent exclusion levels (N)

4. Comparison of model predictions and experimental data

Table 1 compares Py values predicted from the three models with average experimental
Pumax values. All values are given on a per nail basis. The average nail moment capacity,



My, used in models was 7860 Nmm (coefficient of variation of 1.23 percent) as measured
in three point bending tests [11]. Embedment strength was estimated from the relationship
sy = 0.0446 pop (d/’6)"’0‘3 ¢ where pop s wood density based on oven dry mass and volume.
This expression is a modified form of that by Smith et af {18]. Using the mean density of

41 1kg/m3, and d = 3. 76mm,; sp= 21.8MPa.

Table 1 ~ Predicted and average test capacities

Poini-side | Original model: | Whale et al Blass et al Test:
penetration | Py (N), mede model: model: Prax (N}, mode
(mm) Py (N), mode Py (N), mode
20 886 895 679 784
(2: hinge in h-s) | (2: hinge in h-s) | (interpoiation) (2: hinge in h-s)
25 968 977 849 881
(2: hinge in h-8) | (2: hinge in h-s} | (interpolation) (2: hinge in h-s)
29 1043 1043 985 1008
(2: hinge in h-s) | (2: hinge in h-s) | (interpolation) (2: hinge in h-s)
32 1105 1092 1086 1130
(2: hinge in h-s) | (2: hinge in h-s) | (interpolation) (3 or 2: hinge in h-s
36 1135 1135 1135 1068
3) (3) (3) 3)
39 1135 1135 1135 1097
3) ©) 3) @3)
51 968 977 849 1206
(2: hinge in p-s) | (2: hinge in p-s) | (interpolation) (2: hinge in p-s)

Note: For a mode 2 failure, the designation h-s means the plastic hinge forms in the head-
side member. Similarly, the designation p-s means the hinge forms in the point-side
member.

5. Discussion

It can be seen from Table 1 that predictions from the original EYM and the empirical
approximation by Whale et al are in close agreement for each point-side penetration. The
equation for the yield load is identical for all three models in the case of penetrations where
mode 3 governs. For cases where mode 2 governs and the plastic hinge forms in the head-
side member (penetrations of 20 through 32mm), the simplified model by Blass et al gives
a conservative estimate of Py. The simplified model also gives a conservative prediction
for a penetration of 51mm (mode 2 with the plastic hinge in the point-side member).

Comparison of experimental with model capacities reveals that for most penetrations there
is fairly good agreement whichever EYM is used. The original and empirical
approximation models predict the governing failure mode correctly for every penctration.
In the case of a penetration of 32mm the models predict that mode 2 governs, but the mode
3 capacity is only about 3 percent higher. Both modes 2 and 3 were observed in tests. At
small point-side penetrations the original and empirical models tend to be non-
conservative, while the simplified model tends to be conservative. At the largest
penetration considered (51mm) all models are very conservative. Reasons for the
discrepancy were apparent from observation of how specimens behaved. The experimental



failure mode was mode 2 (with a hinge in the point-side member) but the maximum load
was only reached at a large slip, Figure 3. Because of large displacement effects there was
an additive ‘string resistance’ due to development of tension in the nail. The string
resistance could develop because the large penetration anchored the nail in the point-side
member, and the nail head prevented it from pulling through the head-side member.

Experiments did not consider cases where the head-side member is very thin (smallest
head-side thickness used was 26mm). This was because such a member splits while nails
are being driven. Practical experience supports continued use of a current restriction in the
CSA Standard 086.1 {10] that requires the thickness of the head-side member fo be at 5
times the nail shank diameter. For the size of nail used in tests, this corresponds to a
thickness of 19mm.

It is interesting to compare the observed 5 percentile joint capacities with those implied by
CSA Standard 086.1. As seen in Figure 4, observed 5 percentile values range from 620 to
975N per nail. The 5 percentile value implied by the design code is 1250N (this
incorporates an adjustment factor of 1.25 that converts from the reference ‘standard term’
loading duration to short-term test duration). The code capacity applies to all nails meeting
the requirement that the nail penetrates the head-side member by at least 5d and the point-
side member by at least 8d. Thus, based on the nominal nail diameter, the code permits
joints made with 3in common nails that have point-side penetrations in the range 29 to
58mm. The same strength is assigned for all penetrations that are allowed. As mentioned
earlier, the code capacity was calculated based on the original EYM. It was assumed that
the nail penetrated two-thirds of its Iength (51mm) into the point-side member [13]. At
this ‘calibration point’, the ratio of the 5 percentile test capacity to that implied by the code
is 0.78 (975/1250). The discrepancy can be attributed in part to errors in nail and wood
properties used during derivation of the code capacity. However greater influences are that
the code value Incorporated allowances for string resistance in the nail and inter-member
friction. Comparisons of test and predicted joint capacities in Table 1 indicate that there is
no justification for incorporating the string resistance. Inter-member friction 1s known to
have a significant positive effect on the load capacity of nailed joints, but it is unreliable in
practice and should therefore not be relied on. If both the string resistance and inter-
member friction had been neglected the CSA Standard 086.1 capacity would have been
fairly close to the test value for a point-side penetration of 51mm.

Based on foregoing discussion, it is proposed that the design of single shear nailed timber-
to-timber joints be based on a reduced form of the simplified EYM proposed by Blass et al,
plus a restriction on the minimum head-side member thickness, i.e.:

Proposed code rules

spd LpB Interpolation:
. TTTTIARTE e eeeeeeeeees point-side penetration
Py (1] less than needed to
develop made 3.
Min. sud [4B My {(1+ Bysyd 3% oL Mode 3

The peneiration in the head-side member (L- L) must not be less than 5d.




6. Conclusions

European Yield Model type calculations give accurate predictions of the maximum load
capacities of nailed single shear timber-to-timber joints. A ‘simplified’ model based on the
proposal by Blass et al is the most appropriate choice. Two model equations should be
used in conjunction with a restriction on the minimum head-side member thickness.
Calculations are valid across the range of head-side and point-side nail penetrations that
are of interest to designers. The reference capacities for laterally loaded nailed joints that
are specified in the Canadian timber design code should be revised.

Acknowledgements

Experiments were performed at the University of New Brunswick by Mr. Jason Urquhart
and Mr. Steven Craft who were Research Assistant and NSERC Undergradute Research
Award Student respectively. Financial assistance was provided by the Natural Sciences
and Engineering Research Council of Canada (NSERC).

References

[1] Madsen, B., “Structural behaviour of timber”, Timber Engineering Ltd., North
Vancouver, BC, 1992,

[2] United States Department of Agriculture, “Wood handbook: wood as an engineering
material”, Agriculture Handbook 72, USDA, Washington, DC, (Chapter 7 -
Fastenings), 1987.

[3] Trayer, G.W., “The bearing strength of wood under bolts”, Technical Bulletin No.
332, US Department of Agriculture, Washington, DC, 1932,

[4] Mclain, T.E., “Connector code development and application in the United States:
generic fasteners”, In Proceedings 1992 International Workshop on Wood
Connectors, Forest Products Society, Madison, W1, 52-56, 1993.

[5] Canadian Standards Association, “Engineering design in wood (limit states design)”,
CSA Standard 086.1-M84, CSA, Rexdale, ON, 1984,

[6] DeGrace, R.F,, “Commentary on CSA Standard 086.1-M84 Engineering design in
wood (limit states design)”, Special Publication 086.1.1-M1986, Canadian Standards
Association, Rexdale, ON, 1986,

[7] Johansen, K W., “Theory of timber connectors”, Publication No. 9. International
Association of Bridges and Structural Engineering, Bern, Switzerland, 249-262, 1949,

[8] Larsen, H.J., “Design of bolted joints”, Proceedings International Council for
Building Research Studies and Documentation: Working Commission W18 - Timber
Structures, Bordeaux, France, 1979,

[9] Lepper, M. and Smith, 1., “Fastenings (commentary on chapter 10 of CSA Standard
086.1-1994)”, In Wood Design Manual 1995, Canadian Wood Council, Ottawa, ON,
647-666, 1995.

{10} Canadian Standards Association, “Engineering design in wood (limit states design)”,
CSA Standard 086.1-94, CSA, Rexdale, ON, 1994,

[11}1 Smith, I., Whale, L.R.J., Anderson, C. and Held, L., “Influence of nail properties on
nailed joint behaviour”, Proceedings International Council for Building Research



Studies and Documentation: Working Commission W18 - Timber Structures,
Rapperswil, Switzerland, 1984.

[12] Whale, L.R.J. and Smith, ., “A method for measuring the embedding characteristics
of wood and wood based materials”, Materials and Structures, 22, 403-410, 1989,

[13] Keenan, F.J., Lepper, M.M. and Marshall, C.M., “Improved design of fastenings in
timber structures based on limit states design procedures”. Contract Report to
Canadian Forestry Service, Hul}, QB, 1982.

[14] Whale, L.R.J., Smith, 1. and Larsen, H.J., “Design of nailed and bolted joints -
Proposals for the revision of existing formulae in draft Eurocode 5 and the CIB
Code”, Proceedings International Council for Building Research Studies and
Documentation: Working Commission W18 - Timber Structures, Dublin,
Ireland, 1987,

[15] Blass, H.J., Ehlbeck, J. and Rouger, F., “Simplified design of joints with dowel-type
fasteners”, Pacific Timber Engineering Conference, Rotorua, New Zealand, March
14-18, Forest Research Institute Limited, Rotorua, NZ, 3.275-3.279,1999,

[16] Canadian Standards Association, “Wire nails, spikes and staples”, CSA Standard
B1i11, CSA, Rexdale, ON, 1974,

[17] Mohammad, M.A H. and Smith, 1., “Stiffness of nailed OSB-to-lumber connections”,
Forest Products Journal, 44(11/12), 37-44, 1994,

[18] Smith, 1., Whale, L.R.J.,, Anderson, C., Hilson, B.O. and Rodd, P.D., “Design
properties of laterally loaded nailed or bolted wood joints”, Canadian Journal of Civil
Engineering, August, 15 633-643, 1988.

Appendix - EYM equations

A.1  Original Model due to Johansen [7], extended by Laersen [8]

Mode
sud(L - Lp){[B + 2B*(1+o+o) + BPa?] - B(1+a)) la
1+
Sﬁd (L - Lp) ------------------------------------- 1b
PY - SHd B Lp -------------------------------------- ib
sud (L-Lp ) {[2B(1+B) + 4P(2+B) My /(spd (L-Lp)H]” - B} 5
2+
sud Lp {[2B%(1+p) + 4B(142B) My A(spd Lp 2)1% - B} 5
2B+ 1
Min- o QB M/ B sud 1% oo 3

where: o =Lp/(L-Lp)



A.2  Empirical Approximation by Whale et al [14]

Mode
syd [L - Lp (1 - B
L N R 1a
S].]d (L ~ Lp) ------------------------------------ ib
PY = S],;d ﬁ Lp ..................................... 1b
sud {[B My /{spd (1+B)3]% + (L-Lp M5} oooe e 2
sd {[B My /{syd (1+R)I"+Lp )5} oo 2
Min,
sud 14 My {1+ B) sd 1% comem e 3
A.3  Simplified Model proposed by Blass et al [15]
spd (L-Lp)
I+ [(1+Ry/ BF eI h Interpolation:
%, member thicknesses
Py = sud Lp B € less than needed to
W ---------------------- develop mode 3.
Min. spd [4B My /{(1+ B) spd 11 . oooooooo... Mode 3
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Strength reduction rules for multiple fastener joints®
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1 Introduction

The load-carrying capacity of a multiple fastener joint is often significantly lower than the
strength of one fastener times the number of fasteners. Therefore, strength reduction factors
for multiple fastener joints had to be introduced. But there are large discrepancies between
these factors proposed in several structural codes such as the Canadian CSA 086.1 and the
European ENV 1995-1-1 and ENV 1995-2.

2 Failure modes of multiple fastener joints

The strength reduction of multiple fastener joints are mainly caused by the failure modes
which must not be the same as for the single fastener. In multiple fastener connections
which are commonly used in timber structures, the failure is often caused by the timber
parts and not by the fastener.

2.1  Failure of the timber parts

The following failure modes in the timber are possible:
- Splitting of the timber in a row of dowels
- Tensile failure of the timber in the reduced net section

- Combination of splitting, shear plug and tensile failure (Figure 1).

—

Figure 1:  Typical timber failure in a multiple fastener joint as a combination of
splitting, shear plug and tensile failure



2.2 Failure of the connection

If premature timber failure is avoided by an adequate design of the connection or by
reinforcing the joint area, the failure occurs in the connection itself. The load-carrying
behaviour of a dowel type connection can be described by the Johansen’s theory (Figure 2).

load-carrying capacity
A

Mode I d

Mode |

[

‘Mode Il

Figure 2: Failure modes according o Johansen

3 Importance of ductility

A very important condition in the Johansen theory is that the joint allows large ultimate
deformations in order to reach the plastic failure modes. In multiple fastener connections
even small fabrication tolerances lead to an uneven load distribution among the fasteners,
as it is described by Wilkinson (1986). A certain amount of balancing of these unequal
forces is possible by plastic deformations. Therefore the ultimate deformation capacity of a
multiple fastener joint has to be even larger than the capacity of a single fastener
connection.

As the timber fails in a brittle way, these deformations are typically only possible if the
failure occurs after significant plastic deformations of the steel dowel. This failure mode
(Type III, according to Johansen) can be reached when fasteners of effective slenderness
ratio & bigger than the limit slenderness ratio A, (as defined in figure 2) are used.

4 Research on steel-to-timber connections

In order to investigate the load-carrying behaviour of doweled steel-to-timber connections,
a research project was carried out at the University of British Columbia in Vancouver
Canada in 1998. The connections consisted of a timber main member in Douglas fir and
steel side plates. The dowels had a diameter of 6.3 mm (1/4 "). A typical connection is
shown in figure 3. The influence of the following design parameters were studied:

- Dowel slenderness ratio t; /d (figure 3)
- Dowel bending resistance M,
- Spacing a; and end distance ax

- Fabrication tolerances



- Number of dowels in line n

-~ Number of dowel rows m

{
: @ & e boooonnnz| b diameter d
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Figure 3: Configuration of the rested connections

All the specimen were density sorted in order to have the same mean density in each joint
configuration,

4.1  Material properties

4.1.1  Timber

The mean density of the Douglas fir (Pseudotsuga menziesii) specimen was 560 kg/m’.
The embedement strength f, was determined according EN 383 with 25 specimens:

fi, = 48.9 N/mm* Coefficient of variation = 12 %

4,1.2  Steel dowel

The dowels were cut from 1/4" diameter bars. Two strength classes were used: Mild steel
with a mean tensile strength of 579 N/mm® and STRESSPROOF ® GP steel with a mean
tensile strength of 1020 N/mm?®. The bending behaviour of the two steel strength classes is
shown in figure 4.
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Figure 4: Bending behaviour of mild and STRESSPROOF® steel bars of 1/4" diameter
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4.2 Fabrication of the specimen

The fabrication tolerances were a very important point in this research project. As shown
by Mischler (1998), the fabrication tolerances have a strong impact on the ultimate strength
of connections which fail in a brittle way. In order to achieve the same fabrication
tolerances in all test series, the specimen were drilled with a CNC-machine. But the
precision of this CNC-machine is not representative for connections used in practise.
Therefore a defined fabrication tolerance A was introduced as shown in figure 5.
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& )] L e s loaded dowel
@ O @ N VA o unioaded dowel
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ag+ 4 a,-24 a4 24
| ] L L
g 4 1

Figure 5: Drilling of the specimen with fabrication tolerances 4

The steel plates are drilled with a high precision. Due to the tolerances in the timber
paralle] to the load direction the dowels are loaded uneven. The tolerances perpendicular to
the load-direction lead to higher stresses perpendicular to the grain.

4.3 Influence of dowel slenderness ratio A

The dowel slenderness ratio has a major impact on the load-carrying behaviour of the
connection as shown in figure 2. Two different slenderness ratios were tested:

A = 3:  The dowel remains straight, failure mode ! according Johansen
L =6: Two plastic hinges are formed in the dowel, failure mode Il according to
Johansen

The fabrication tolerances were 0.5 mm in both direction according to figure 5.
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Figure 6: Specimen for connections with dowel slenderness ratio 3 and 6
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The ultimate loads of the tests are represented in table 1 and typical load-slip-plots are
shown in figure 7.

Uhimate load A= 13 A= 6
1 dowel in line 2.89 kN 100 % 3.33 100 %
3 dowels in line 208 kN 72 % 3.38 ~100 %

Table 1: Comparison of the ultimate load per dowel and shear plane of connections
with dowel slenderness ratio 3 respective 6 (Mean value of 25 tests with I
dowel and 5 tests with 3 dowels in line)
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Figure 7: Typical load-slip plots of connections with 3 dowels in line, dowel
slenderness ratio A = 3 respective A = 6.

The connections with dowel slenderness A = 3 and 3 dowels in line fail after short
deformations of only 1.5 mm in timber splitting. The ultimate deformation is too small to
balance the uneven load distribution among the fasteners. Thus, the ultimate load of this
connection-type is significantly lower than the sum of the single fastener strengths ( see
Table 1).

On the other hand the connections with dowel slenderness A = 6 show a very ductile
failure. The dowels are deformed plastically. Therefore, the uneven load distribution
among the fasteners is balanced and the joints with 3 dowels in [ine reach the same
ultimate load per dowel as the single fastener connection.

4.4 Influence of dowel bending resistance M,

For dowels with slenderness ratio A exceeding A,, the load-carrying capacity is
proportional to the square root of the dowel bending resistance M, . High strength dowels
cause higher stresses in the timber. Therefore, multiple fastener connections with high
strength dowels tend to fail in splitting before the load-carrying capacity of the dowels is
reached, even if the dowel slenderness ratio is high enough. Table 2 shows the influence of



the dowel strength on the ultimate strength of connections with | and 3 dowels in line and
dowel slenderness ratio A = 6. The connections are shown in figure 6, the moment
deformation behaviour of the two steel strengths in figure 4,

Ultimate load mild steel STRESSPROOF steel
{ dowel in line 3.33 kN 100 % 470kN 100 %
3 dowels in line 338kN  ~100 % 4.19 kN 89 %

Tuble 2: Ultimate load per dowel and shear plane of connections with different dowel
strengths (Fabrication tolerances 0.5 mm in both directions)

4.5

In timber construction, compact joints with small steel plates are preferred to longer joints
with heavy steel plates. But, if end distance and spacing among the dowels are 100 small,
the timber fails in splitting before reaching the load-carrying capacity of the fasteners.

Influence of spacing and end distance

Table 3 shows the influence of end distance and spacing on the ultimate load of
connections with 3 dowels in line. The reference value of 100 % is the ultimate load of the
single fasteners. Test configuration see figure 6, fabrication tolerances = 0.5 mm in both
directions.

The impact of end distance and spacing is much stronger in connections with dowels of
iow dowel slenderness ratio than in connections with siender dowels of mild steel.

end distance/spacing 7d/4d 10d / 4d 7d/7d | 10d/7d | 10d/10d
h=3 53 % - - 72 % 90 %
% =6 mild steel dowels 91 % 98 % 98 % 100 % 100 %

Table 3:  Influence of end distance and spacing on the ultimate load of connections
with 3 dowels in line compared to the load-carrying capacity of the single
fastener

4.6

Depending on the ductility a connection is more or less sensitive to fabrication tolerances.
Connections with mild steel dowels of high slenderness and large spacing among the
fasteners are ductile enough to balance the uneven load distribution among the fasteners
caused by the tolerances. The load-carrying capacity of connections which fail in splitting
is very much affected by fabrication tolerances.

Influence of fabrication tolerances

The influence of fabrication tolerances on the ultimate load of connections with 3 dowels
in line according to figure 6 is shown in Table 4.



Tolerances parallel 0.5 0.5 0 1.0
Tolerances perpendicular 0.5 0 0.5 1.0
@ =3 mild 10d/7d - 2.08 2.59 2.00 1.75
@ A=6 mild {0d/7d 3.36 3.37
@ A=6  mid 7d/7d 3.42 3.27
@ A=6 8P 10d /7d 4.71 4.19

Tuble 4:  Ultimate load per dowel and shear plane of connections with different
Jabrication tolerances
Where: 4 : dowel slenderness ratio
mild o omild steel dowel

SP . STRESSPROOF steel dowel
10d /7 7d end distance/spacing

5 Discrepancies with the research of Jorissen

New design rules for multiple fastener joint were proposed last year by Jorissen (1998).
Some of his foundings have to be discussed:

5.1 Connections with rigid dowels

Jorissen presents a model based on fracture mechanics (Jorissen, p. 22 ff.) to predict the
load carrying capacity of connections with rigid dowels (Mode I according to Johansen). In
the summary of this chapter on page 28 he writes:

JAn example is presented and discussed for steel to timber connections to show the load
carrying capacity according to Johansen's Yield Model, equations (2.19) and (2.20), and
according to the method based on fracture mechanics, equation (2.29). In figure 2.23 the
load carrying capacity is given for a wide range of diameters (d = 3 to 16 mm) and for a
timber thickness t = 24 mm*.

Jorissen compares the load carrying capacities according to the Johansen equation for rigid
dowels and according to his fracture mechanics model (see figure 8):
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Figure 8: Load carrying capacity of a steel to timber connection according to Jorissen

He concludes.: ,,A model based on fracture mechanics considerations may lead to a more
reliable prediction of the load carrying capacity of single fastener connections with rigid
dowel type fasteners than Johansen's Yield Model".

The equation for rigid dowels according Johansen’s Yield Model (Mode I) reads:
F=d tf with d : dowel diameter
t : timber thickness

fy : embedment strength

The embedment strength fi, is determined according to EN 383,

L =

The thickness should be 1.5d to 4 din
order to comply with the principle of
the test which is to avoid bending the
fastener

Figure 9: Determination of embedment strength according EN 383

The Johansen equation for Mode I is not a Yield Model, but it is just the definition of the
embedment strength, Therefore the line in Figure 8 which Jorissen calls Johansen Yield
Model is not a result of a theoretic model but the result of 360 embedment tests (see
Werner (1993), p. 2-18). Every new model has to fit this line.



The results of Jorissen are not a proof that his model based on fracture mechanics is more
reliable than the Johansen equation for rigid fastener, but it shows that the values according
his model do not fit with the test results,

5.2 Influence of the dowel slenderness ratio

Jorissen found only a small influence of the dowel slenderness ratio on the strength
reduction factor for multiple fastener connections. He even proposed a simplified design
rule without taking the dowel slenderness ratio into account (see Jorissen p. 156).

His consideration are based on the following test results of timber to timber joints.

(Dowel diameter d = 12 mm, end distance =7d , spacing =7 d)

{s tm A F (single) YM Fln=3) R (single) R({(YM)
mm mm [~ [kN] [kN] [kN] [~] [-]
12 24 2 7.45 9.64 19.8 (.89 0.68
24 48 4 13.1 124 32.8 0.83 0.88
59 72 6 15.6 14.4 44.9 0.96 1.04

Table 5:  Results according to Jorissen
were [ : timber thickness of the side member
Iy : timber thickness of the middle member
F(single) :  ultimate load of the single fastener
¥YM . Johansen Yield Model
F(n=3): ultimate load of the connection with 3 dowels

Risingle) . reduction factor based on the ultimate load of the single

fastener
R(YM) . reduction factor based on yield Model value for single
Jastener
R - Er:irf!r'pn’f
N Fﬂ'ﬂgie

Jorissen’s test results show a regulation factor R of 0.89 for connections with rigid dowels
(figure 10, dowel slenderness = 2). This is caused by the fact, that the test values of the
single fastener connections are 30 % lower than the values according the Johansen’s
theory. His model based on fracture mechanics can not explain this difference, because this
model gives the same values for steel-to-timber connections as for timber-to-timber
connections. But single fastener steel-to-timber connections reach the higher value of the
Johansen's model, as it is proved by over 360 tests.

If the yield model value is taken as basis value for the single fastener, the strength
reduction factor for A =2 is stronger (0.68 see Table 5). In this case figure 10 shows the
same influence of the dowel slenderness ratio as the tests on steel-to-timber connections.
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Figure 10:  Influence of the dowel slenderness ratio on the strength reduction factor

6 Conclusion

The tests on steel-to-timber connections show the influence of
- dowel slenderness ratio

- dowel strength

- end distance and spacing

- fabrication tolerances
on the strength reduction factor of multiple fastener connections.

The only difference to the research of Jorissen is caused by the fact, that his values for the
single fastener connections with rigid dowels are 30 % lower than predicted by the
Johansen theory. The Johansen theory has been validated by many researchers for single
fastener connections. As long as there are differences of 30% in the resistances of the
single fastener connection it is not possible to establish reliable rules for multiple fastener
joints.
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The stiffness of multiple bolted connections

A. Jorissen
ABT Consulting Engineers, The Netherlands
Timber Research foundation (SHR), The Netherlands

1 Introduction

The slip characteristics of multiple bolted connections were analysed experimentally and
theoretically [1]. It was found that the stiffness values obtained by tests were considerably
lower than those suggested in ENV-1-1:1993 (Eurocode 5) [2]. This can be explained by
the different hole clearances of each bolt. An alternative equation for the stiffness of
multiple bolted connections is proposed in this paper based on about 850 short term tests
on full-scale multiple bolted connections loaded paraliel to the grain and on results
obtained by a load distribution model. The research was carried out at the Delft University
of Technology, faculty of civil engineering, and supported by the Dutch Technology
Foundation (STW) and by the industry.

2 Present design according to ENV-1-1:1993 (Eurccode 5)

In ENV-1-1:1993 the stiffness of connections with predrilled dowel type fasteners is
calculated according to equation (1), which is used for serviceability limit states
calculations.

15
P d
= Nimm
SEr 20 [ / ] (1)
Where:  k,, = the connection stiffness per shear plane [N/mm].
p, = characteristic value of the timber density [kg/m’]. If the characteristic
densities of the two jointed members are different (p,, and p,,), P
should be calculated according to equation (2).
Pe ™ yPr1 Pra )
d = diameter of the dowel type fastener [mm].

Equation (1) was derived for connections with nails in predrilled holes. However, research
carried out at the University of Karlsruhe [3] with dowelled connections in softwoods
showed that equation (1) may also be used for dowelled connections,

For bolted connections the same slip modulus as for dowelled connections may be used.
However, the slip values for bolted connections calculated with k,,, according to equation
(1) should be increased by 1 mm in order to take the hole clearance into account.



3  Experimental research

All 850 tests were carried out according to figure 1, which was taken from EN 26891 [4].

Fost P
28
e 0.4*F
0.6 | e g o= est
A a
0.4%Fyy
0.4 k= g
0.4 Fost
§ Amed
0.1

Deformation A

Figure I: Load-slip curve and measurements according to EN
26891 [45].

The slip modulus k,,, calculated according to equation (1) is a good approximation of the
slip modulus k, defined in EN 26891 and shown in figure 1. See equation (3).

04 F,,
ser 3 = A

(3)

mad

The displacements A, A, and A, are defined in EN 26891 as

A = Ay

Amod = 4'/3 (A(M - AOi)

Ay = F (At By - Ay - By)

And F,, is the estimated maximum load.

All tests were described in [1] and are summarized in figure 2.

All tests were carried out under standardized conditions (20°C and 65% air moisture
content) on symmetrical timber to timber connections and the specimens were made with
European spruce. Generally M12 bolts, grade 4.6, were used (some test specimens with
M16 and M20 bolts were also tested, however not shown in figure 2). Only the short term
strength was determined. The slenderness ratio was varied by varying the thickness of the
side members (t,) and middle member (1,). Furthermore, the number of bolts parallel to
the grain (n), the number of rows (m), the spacing (a,), the end distance (a,) and the load
direction (tension and compression) were varied.
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Figure 2: Connections studied.

The results for a, = a; = 84 mm (~ 7d) are shown in table 1. The results are given more in
detail in [1], where it can be seen that there is also some influence of the spacing a, and
the loaded end distance a, on the stiffness parameter k, (k, increases if spacing a, and/or
the loaded end distance a, increases).

4 Theory: load distribution model (spring model)

A load distribution model, incorporated in a computermodel, with which the effect of the
individual hole clearances of each bolt on stiffness of multiple bolted connections can be
simulated, was written and used for the explanation of the reduced stiffness. This model, a
spring model being a part of a strength prediction model for multiple bolted connections,
was also described in [1] and is briefly summarised in this paper, see figure 3 and
equations (4)

The result of equations (4) is a value for the load per fastener (F)).

SF, ,|%F,
Ai:A1~1+k:1 ZEL—‘ +61
Koy 2\ Ky (4)
F.
8, = —
by

The axial stiffness of the timber side members between fasteners (i) and (i+1) is called
k. calculated according to equation (5). In analogy, the axial stiffness of the middle
member is called k,;, calculated according to equation (6).
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Figure 3: Spring model.

Notes: A, = the connection slip at fastener i with respect to the reference A = 0.
8, = the fastener slip shown in figure 4.

v = B (5)
5

al;i

E, A
km;i = m"z,"l_t_m (6)



Where: E; E,;, Young's modulus for the timber side members and the middle member
respectively.
A, A, total cross sectional area of the timber side members and the middle
member respectively.
ay, spacing between fasteners (i) and (i+1),

The stiffness parameter k,; describes the unique non-linear load-slip behaviour of the
individual fasteners. To obtain this value, the load-slip curve presented by Foschi [5] and
Blass [6] was extended to the curve presented by equation (7) and shown in figure 4, i.e.
an initial slip 8, due to fabrication tolerances was introduced.

K {6 —602
Fy
single

F=[Fy + k (éméo)](l—e )

Due to the different load-slip behaviour of each fastener, the load may be randomly
distributed. This is different from the linear elastic results, where the load transferred by
the first and last fastener is higher than the load transferred by the other fasteners.

load

“arctan (ky)
R different load-slip curve
for each fastener

/ \\,ﬂarctan (K}
 arctan (kg) '\\

-. |
i !

S— displacement (slip) 6

Figure 4: Load-slip curve.

Figure 5 shows an example with four fasteners, i.e. n = 4, where the initial slip §; is
varied (kg, ki, Fy and F,, are assumed to be identical for each fastener).

Figure 5 shows the influence of individual hole clearances (initial slip). In this case, the
influence of the hole clearance on the load carrying capacity F, .. is less than 10% if the
connection slip at failure is larger than three mm (A = 3 mm). Furthermore, figure 5
shows that the maximum load carrying capacity is reached after A = 6 mm for zero hole
clearances and A = 6.3 mun for the given hole clearances §,.
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Figure 5: Calculated load-slip curves of multiple bolted connections.

The stiffness valus k, which can be compared to k., (equation 1) and k, (equation 3), was
calculated according to equation (8).

F,, - F

04 0.
T T 8
Ao.4 B AO.I @
Where: Lk = connection stiffness

F()A - 04 * i ¥ Fsingle

Fo, = 0.1 % n*Fig.

By = slip at I,

Ay, = slip at Fy,

Figure 5 shows that the connection stiffness k for the case without initial slip is higher
than for the case with initial slip.

5 Results

The results according to equation 1, which is the design equation presented in ENV-1-
1:1993 (Burocode), the experimental value according to equation (3), and the theoretical
values according to equation (8) are presented in table 1.

A constant characteristic density of 378 kg/m’, determined from 2817 test specimens, was
taken for substitution in equation (1). The densities measured varied between 320 kg/m’
and 580 kg/m’. Since the differences in density between the three connected members was
considerably, the characteristic value for the density determined from all tests was
substituted in equation (1).

A random initial slip for each fastener between 0.0 mm and 1.5 mm was substituted in the
load distribution model for the determination of the connection stiffness according to
equation (8).



Table i: Connection stiffness; results.

Equation
tS tll] d
[mm] [mm] [mm] n O @) @)
kscr ks k
[N/mm] | [N/mm]} [N/mm)]
12 24 11.75 3 4317 1038 1810
11.75 5 4317 804 1290
11.75 9 4317 1363 1060 | 1750 )
24 48 11.25 3 4133 1573 1980
11.75 3 4317 1160 1610
11.75 9 4317 1798 1180 § 2500 )
36 48 10.65 5 3913 1154 1320
48 64 15.85 5 5824 3616 4050
60 80 19.85 5 7294 4566 5260
59 72 10.65 3 3913 1442 1920
11.75 5 4317 1582 1500
11.75 9 4317 1519 1440 | 3400 Y

Notes: - k. k, and k in N/mm per shear plane.
- Equation (1) was taken from the European Standard ENV-1-1:1993 (Eurocode 5).
- Equation (3) was taken from the European Standard EN 26891 (Test).
- Equation (8) was taken from [1] (Theoretical resuits).
)* In reality, the initial slip varied between 0.0 and 0.5 mm for these series, which increases
the value for k considerably compared to the assumed initial slip between 0.0 and 1.5 mm,

6 Discussion

The results for the connection stiffness presented in table 1 show a large difference
between those obtained with equation (1) and those obtained with equations (3) and (8).

The values for the connection stiffness obtained with equation (8) can be expected if in all
cases the initial slip is completely random for each individual bolt: the connection stiffness
reduces with increasing number of fasteners. This seems not to be the case (systematic
initial slip). Since the connection load for the determination of the connection stiffness is
only 0.4 times the (estimated) failure load, less than half of the bolts have to carry load
and have to confribute to the connection stiffness, which results in a very low connection
stiffness as shown by the results obtained with equation (3). This is shown in figure 6 for
two differnt two-bolted connections:

Connection A: the load-slip curves of both bolts are identical.

Connection B: the initial slip of bolt 2 (8,) is larger than the initial slip of bolt 1 (3,).
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Figure 6:  Stiffness of a connection with two bolts.

Figure 5 shows the large difference in connection stiffness k between the two two-bolted
connections due to the difference in initial slip (8, = 8, for connection A; 8, > &, for
connection B).

For connections with nine bolts in the row, the results according to equation (8), see tabel
1, also show the large ifluence of the initial slip.

7 Conclusions and recommendations

The research described in this paper show that the determination of the stiffness of

multiple bolted connections according to ENV-1-1:1993 (Eurocode 5) resuit in too high

values for this connection stiffness. On the other hand, the initial slip of the mudtiple

bolted connection is neglegtable, even if the initial slip of the individual bolts is not.

Therefore it is recommended to change the design rules for the stiffness of multiple bolted

connections:

(1}  the slip values should mof be increased by 1 mm in order to take the hole clearance
into account.

(2)  the connection stiffness parameter can be calculated according to equation (9).

1.5
Py

kser - kbolt 70__ (9)

For the deternmination of k,, all tests carried out for the research described in this
paper were used. Minimalisation of the squares of the differences between the
measured k; (equation 3) and the kalculated k. according to equation (9) results in
Ky = 0.3.



Symbols

d bolt diameter

n number of bolts in the load direction (parallei tot the grain)

a, bolt spacing

a, end distance

h timber width

t, /1, thickness of the timber side members / middle member

A 1A, total cross sectional area of the timber side members / middle member
E./E,  Young's modulus of the timber side members / middie member
Pl Py density of the timber side members / middle member

Py characteristic value of the density

ko, k,, Fy load-slip parameters {(see figure 4)

k connection stiffness calculated according to equation (8)

k, connection stiffness (secant modulus, see figure 4)

k;, k,, k, connection stiffness parameters (see figure 1)

K. connection stiffness (code value)

Kpon suggested factor to be introduced for multiple bolted connections (n = 3)
F toad

F angte load carrying capacity of the single bolted connection

Fultipie load carrying capacity of the multiple bolted connection

F.q estimated maximum load (EN 26891 [4])

Fo, 10% of the estimated maximum load

Fou 40% of the estimated maximum load

& slip of the individual bolt

&, initial slip

A connection slip

Ay, connection slip at Fy,

Ay connection slip at F,,
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- A.Leijten raised a question on the relatively short span of 60 cm with respect to the 40 cm long metal
plate and pointed out that the sample size was limited. He also questioned the use of a 2.5 factor to
obtain characteristic values, which were not based on material test properties.

- T.N.Reynolds and V.Enijily responded that the study allowed the design formula to be evaluated.
Furthermore additional test results on 16 girder trusses were conducted but not included in the present
paper and the 2.5 factor was used to convert the girder truss resuits to be used in the current study.

- 8.Thelandersson stated that the span influence should be addressed.

- T.N.Reynolds and V.Enijily responded that the observed failure mode in this study was representative
in truss applications. They tried spans of 1.6 to 1.8 m but the failure modes were found to be
dominated by bending and shear failures.

- C.N.Fouepe suggested that FEM approach could be used to analyze the system.

- P.Quenneville suggested the use of Ehlbeck formula for dowel.

- T.N.Reynolds responded that the metal plate situation differ from the dowel application which would
have stress concentration.

- S.Svensson stated that all test results should be shown and information on the variation of data
should be provided.

- M.Ansell suggested the nail plate could be made full depth to eliminate the problem.

- T.N.Reynolds responded that similar recommendations were made to the industry.

- H.J.Blass asked why the reinforcement plate were not moved closer together in view of the failure
mode of the unreinforced cases.

- T.N.Reynolds responded that the failure mode of the unreinforced cases was not known apriori and
the placement of the reinforcement plates was based on industry recommendations which provided
only temporary arrest of the failure.

- H.J.Blass stated that the reinforcement plates could be used in other situation such as notched
beams and split area. However, design formula would be required.

- V.Enijily agreed and added that in Australia reinforcement plates were used in shear applications. The
suggestion of using large plate was rejected because large presses were not available.



Concentric Loading Tests on Girder Truss Components
by

T N Reynolds (Building Research Establishment, UK)
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L Whale (Timbersoive Ltd, UK)
1. Synopsis

The paper describes a test method for girder truss components under concentric loading and
presents the results of a programme of testing on joint types with punched metal plate
connectors of varying widths and bites. The effect of reinforcing anti-split plates and their
location is also evaluated.

The mode of failure in the majority of specimens was found to be of the form tension
perpendicular to grain. The test results are compared with the formula for this mode given in
BS 5268 part 3 (1998) which was derived from full scale girder tests. A modified formula is
presented. Factors affecting the test results and further work are discussed.

2. Introduction

This work follows from previous investigations into the behaviour of punch metal plate
connections on full-scale girder trusses (Enjily and Tarr, 1993) using a purpose-built
concentric and eccentric loading test rig. A design formula was suggested by Whale (1994),
re-calibrated by Reffold (1995) and incorporated into BS 5268 part 3 (1998). The objective
of the test programme on components (Reynolds and Enjily, 1998) was to determine the
efficacy of such tests and obtain results over a much wider variation of plate sizes and
configuration than entailed in the earlier work.

3. Component Test Method

The components (Figure 1) consisted of an inverted "T" comprising web and chord timber
elements joined together by type GN20 connectors of varying size and configuration (see
Section 13). The timber was grade TR26 ER/EW (Picea Abies) of 35mm thickness. At the
time of testing the average moisture content of the fimber was 14% and did not vary
significantly between specimens.

The components were suspended in the test rig using a simple hanger and yoke arrangement
(Figure 2) enabling a load cell to measure the force transmitted through the specimen. The
web of each test specimen was fixed into the hanger using four M12 bolts, ensuring by
means of a jig that the arrangement of the component was true. The rams for the loading
arms were hydraulically linked to provide equal force, applied at 600mm spacing. The test
rig was set up so that the loading arms and the top of the specimen chord were level to
transmit equal force across the width of the component. This system economically utilised
existing parts of the full-scale girder rig.

The displacement across the connection was measured by linear sprung-loaded
potentiometers fixed either side of the specimen web, with the transducer cores resting on a
short length of aluminium angle fixed by a screw to the underneath of the chord. This
arrangement allowed the true displacement of the chord relative to the web to be measured

1



without the transducers becoming damaged upon failure of the specimen. The results from
the displacement transducers were averaged to take into account any rotational distortion of

the specimen chord under {oad.

Load was applied to the specimen at a rate of approximately 0.2 kN per second (for a typical
faifure load of 30kN the duration of the test is therefore 150 seconds). The test data was
automatically corrected for the weight of the assembly. Five replications for each joint type
were performed which were then averaged. Some 40 different joint types were tested (1.e.
over 200 tests in total) enabling the relationship between failure load and connector bite and

width to be evaluated.
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Figure 2: Test Arrangement
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4, Results

The primary mode of failure for the majority of the test pieces was a failure in tension
perpendicular to the grain of the chord element of the component which occurred at the
bottom of the main connector and propagated horizontally through the specimen (see Figure
3). The nature of this failure was examined in some early tests by partly restraining the
bottom of the chord and thereby arresting the fracture. Other modes of failure which occurred
during the programme included tensile failure of the connector (where the joint type
comprised a connector of relatively low width), anchorage o web failure (where little
connector area was applied to the web) and bending failures of the chord itself. The test
results from these types of faifures, although useful in themselves, were naturally excluded
from the following analysis.

Figure 3: Component post-test

5, Effect of Connector Bite and Width

Figure 4 shows the approximately linear relationships between the width of directly
comparable joint types, i.c. those with the same connector bite (or extent of cover over the
chord) and failure load.

Figure 5 shows the relationships between connector bite and failure load for joint types of
similar width. It is clear that considerable gain in the failure load can be achieved by
increasing the bite of the main connector.
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Figure 4: Effect of Connector Width on Failure Load
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Figure 5: Effect of Connector Bite on Failure Load

Figure 6 shows the test results of all the joint types plotted as a three-dimensional surface
(connector bite and width against failure load). The plot shows increasing failure loads with
both increasing connector bite with width, as expected, but indicates that there are much
higher gains to be made by increasing the connector bite. Increasing connector bite is at least
seven times more effective that increasing connector width.
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6. Comparison with Design Formula

The design formula for failure in tension perpendicular to the grain for the chord (given in
BS 5268: part 3) is:

O L onam 2 K[ 3T/ b(w+16d)] Eqn. 1
where:
G\ 90, adm is the permissible tension stress perpendicular to the

grain in the timber (taken as 2.5 x 0.44N/mm?).
5



T is the net tension force at the joint interface n the
direction perpendicular to the grain (N).

K is a tension force enhancement factor where loads are
applied eccentrically to the chord member. K = 1.0 for
concentrically applied loads.

W is the width of the connector (mm).
b is the member thickness (mim).
d is the effective fastener bite (mm), as defined in Figure 1.

It should be noted that for type GN20 fasteners (BBA 1990) the close spacing of the nail
protrusions means that there is negligible difference between the actual size of the plate and
the defined terms above.

Figure 7 shows the test results for joint types of comparable width and bite which failed in
tension perpendicular to the grain of the chord element, together with the results predicted by
the above equation. It is clear that the equation underestimates both the effect of connector
bite and width for the tests, and that the calculated results are quite conservative, particularly
at high values of bite.

Figure 8 shows the same test results together with those predicted by a simple modification
to the above formula (using 2w + 20d) which shows closer agreement.

Figure 9 shows the same test results together with those predicted by a further equation, the
derivation of which is detailed in Reffold et al (1999):

O g0 am 2 1/ D(w+42dx (dr45)* ] Eqn. 2

Using a value of A = 0.6, the calculated results show a much closer agreement to the test
results.
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Figure 7. Test Results compared with existing formula (Eqn 1).
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Figure 10 shows the calculated values from Egn 1 and 2 for all the joint types (excluding
those with anti-split plates) in terms of factor of safety, with the test results as unity, plotted
for convenience against the area of connector over the chord. The results (Using o, g5 4qn =
2.5 x 0.44N/mm* ) show that the over-conservatism present in the existing formula is greatly
reduced by the new formula.
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Figure 10: Comparison between Existing Formula and New Formula, with
Test Results as Unity.

7. Effect of Timber Thickness

Initially as a check on a single joint type in 47mm thickness timber and subsequently as a
short test series, results from this larger timber size on directly comparable joint types did not
yield the anticipated gain in failure loads (see Table 1 below).

35mm Joint Failure Load (kN) | 47mm Joint  Failure Load (kN)
Type Type

3b 17.5 4b 19.4

1e 13.6 4e 13.7

1l 41.5 4 39.8

10 43.6 40 49.2

3f 26.5 4f 27.2

Table 1. Effect of Timber Thickness

The test results indicate that the tension perpendicular to grain capacity of the components
was only marginally higher {on average 5%) for 47mm nominal thickness timber compared
with 35mm thickness timber. The actual timber thickness' were 46mm and 34mm
respectively (a difference of 30%). This suggests that there is no direct proportionality
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between timber thickness and failure load, which was a fundamental assumption in the
original formula.

8. Effect of Anti-Split Plates

The effect of anti-split plates may be illustrated by comparing the performance of joint type
1i and 1j (no anti-split plates) to joint types of series 5 which have the same width and bite of
the main connector.

Joint Types Connector Bite | Failure L.oad Anti-split plates
{mm) (kN)

1i 44 15.8 ¥

5a,5b,5s,5m,50,5u 44 16.8 (mean) s

1] 72 26.9 ®

5e,5f,5t,5n,5p,5v 72 26.6 (mean) v

Table 2: The Effect of Anti-split plates of Joint Capacity

Overall the test results indicate that the anti-split plates made little or no contribution to the
failure loads.

In the case of series 5 joint types with low bite (44mm) the tension perpendicular to grain
failure which occurs at the bottom of the main connector and propagates horizontally through
the specimen merely by-passes the anti-split plates which are fixed centrally to the chord.
This arrangement of reinforcement, where the overlap is small, is clearly inappropriate and
was probably detailed prior to the failure mechanism becoming apparent (see Figure 11,
below).

Figure 11: Joint type with little anti-split plate overlap.
9



Figure 12: Joint type with 72mm bite.

Where joint types have higher bite (sce Figure 12, above) the centrally placed anti-split
plates are better placed to provide reinforcement since they overlap the bottom of the main
connector. In a few individual tests the anti-split plates were observed to arrest temporarily a
tension crack which developed at the bottom of the main connector - feading to a final peak
load of a few kN higher. The failure mechanism for joint types with higher bite and anti-split
plates also involves some anchorage failure and shearing of the timber around this
reinforcement (the tension perpendicular to grain failure still occurs at the bottom of the main
connector but tends not to propagate through the anti-split plate). This would indicate that
although the anti-split plates appear to contribute to the strength of the joint by altering the
failure mechanism, the failure load is principally determined by the tensile capacity of the
timber directly below the main connector. It is clear, however, that the area of steelwork used
in the reinforcing stitch plates would be much better utilised in increasing the bite of the
main connector - allowing the tensile force in the joint to be transferred over a greater part of
the chord.

10



9. Effect of Anti-Split Plate Size and Spacing

The effect of anti-split plate size (width) and spacing from the main connector may be
determined by comparing the results of the following groups of tests (see Table 3 below):

Joint Type Anti-split plate Anti-split plate Failure Load
Spacing (mm) Width (mm) (ki)
5a 10 50 16.9
5b 25 50 15.7
5s 50 50 19.1
5m 10 76 15.2
50 25 76 17.9
5u 50 76 15.8
S5e 10 50 26.3
of 25 50 29.6
5t 50 50 28.6
5n 10 76 25.1
5p 25 76 24.9
Sv 50 76 25.1

Table 3: Effect of Anti-split Plate Size and Spacing

The results show that the anti-split plate size and spacing had negligible effect on failure
loads over the range of comparable joint types tested and confirms what was detailed earlier -
that anti-split plates are generally ineffective.

10. Discussion

A test method has been developed to determine the effectiveness of trussed rafter joint types
under conceniric loading. Results, although based on a relatively small number of
replications for each joint type, were consistent.

Tests on truss components are highly economic compared with full scale testing and have
been shown to produce useful results. They have the advantage that the forces within truss
connections may be measured directly. Such tests, however, may not entirely replicate the
conditions in a complete trussed rafter - such as the bending moments and tensile forces
within the bottom chord (ceiling tie),

The tests are short duration compared with full-scale tests.

The tests were done using type GN20 connectors and the test results are valid only for this
type of nail plate. Particular note should be made with the definition of bite with respect to
this type of plate with close teeth spacing. An allowance for the position of the last row of
teeth should be made in the plate position tolerance used in design.

The formulae (Eqn 1 and 2) represent design checks for the tension perpendicular to grain
failure mode and not overall joint capacity, where other modes of failure may become
critical. Eqn 2 is a mathematical fit for data over the test range. A simple comparison has
been made between average test results and those predicted by the existing design formula.

11



The mode of failure for full-scale trusses is likely to be affected by nailing/bolting of
multiple plies and for eccentric loading by the force transfer through the joist hanger.

The effect on eccentric loading and multiple plies has not yet been investigated for
components.

11. Conclusions
The principal failure mode for the majority of joint types was in tension perpendicular to the
orain of the component chord, which occurred at the bottom of the main connector (last row

of teeth) and propagated horizontally through the specimen. This is a similar mode of failure
to that observed in full scale testing.

The original design formula (Eqn 1) has been found to be quite conservative for concentric
loading, particularly at high connector bites. A better fit was found between the test data for

35mm timber thickness components and a modified version of the formula (Eqn 2).

No direct proportionality was found between failure load and component timber thickness - a
fundamental assumption when using the original design formula.

Anti-split plates used in the joint types were found to be ineffective, suggesting that the
reinforcing material would be better utilised in increasing the main connector bite.
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13. General Details of Joint Types

Joint Type Mean Failure Timber Nail Plate Details
Load (kN) Thickness (b}
Width (w) Bite (d)
1e 13.6 35 99 44
1f 18.7 35 99 72
1i 15.9 35 200 44
1j 26.6 35 200 72
1k 39.3 35 200 94
1l 41.5 35 200 109
m 238 35 401 44
1n 38.5 35 401 72
1o 43.6 35 401 94
1p 46.9 35 40% 109
3a 9.0 35 50 44
3b 17.5 35 63 72
3c 24.6 35 63 94
3d 28.5 35 63 116
3e 12.0 35 101 44
3f 26,5 35 127 72
3g 28.8 35 101 94
3h 40,0 35 101 116
3k 315 35 203 94
3l 38.1 35 203 118
4b 19.4 47 63 72
4de 13.7 47 99 44
4Af 27.2 47 127 72
4 39.8 47 200 109
40 49.2 47 401 94
Joint Type Mean Failure | Main Plate Details Anti-split Plate Details
(b = 35mm) Load (kN)
width (w) Bite (d} Width {w) Spacing {s)
5a 16.9 200 44 50 10
5b 15,7 200 44 50 25
Se 26.3 200 72 50 10
5f 29.6 200 72 50 25
5h 20.7 343 44 50 25
5| 32.5 343 72 50 25
5m 15.2 200 44 76 10
5n 25.1 200 72 76 10
50 17.9 200 44 76 25
5p 24.9 200 72 76 25
5q 252 343 44 76 25
5r 32.4 343 72. 75 25
55 19.1 200 44 50 50
5 28.6 200 72 50 50
5u 15.8 200 44 76 50
Sy 251 200 72 76 50
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Dowel Type Connections with Slotted-in
Steel Plates

M. Uhre Pedersen, C. Odin Clorius,
L. Dambkilde, P. Hoftmeyer and L. Eskildsen
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Technical University of Denmark. DEK-2800 Lyngby

1 Introduction

I the Eurocode the strength of dowel type connectors is determined according o the
theory of plasticity. When the loading is in the grain direction the strength is well
predicted by the plasticity theory. However, when the loading is in the transverse
direction splitting may supervene plastic failure, as is shown in test series on smaller
specimens with slotted-in steel plates. The scope of the present investigation is to trace
the effect of eccentric transverse loading of full scale connections with slotted-in steel
plates primarily loaded in the grain direction.

1.1  Plastic failure criteria

K. W. Johansen first applied theory of plasticity to dowel type connectors in wood in
(Johansen 1941}, The theory is compact and simple. Perfect plasticity is assumed and
the ultimate load bearing capacity of a single connector is predicted to be when cither
the stresses in the wood reaches the plastic fatlure stress level or when a combination
of plastic failure in wood and dowel is attained. In Figure 1 the three possible failure

2y 2fy 28y

{a) Mode [ (b) Mode II {¢) Mode IH
Figure 1: Fatlure modes for a double shear dowel used with a central steel plote.

modes are shown for a double shear dowel in wood with a slotted-in steel plate. The
forces acting on the dowel and the plastic hinges in the dowel are schematized. The
capacily of the dowel is a function of wood member thickness, ¢, embedding strength,
Jn, diameter, d, and the plastic moment capacity, M, of the dowel. The failure mode



will progress from I to [ as ¢ increases, and the capacity per shear plane is determined
by:

td fy for < \/. %%i Mode 1
I, = min (\[2 + 4 ——a—t;‘j}f - ].) td fu for \/ %hﬁ <<y /.l%f:sa Mode 11 (1)
AM,d f for ¢> /255 Mode 111

The formulas in equation (1) are similar to those given in Eurocode 5 {CEN 1995, eq.
6.2.2e~1), with the only exception that for mode II and 111 ECH allows for additional
10% friction load bearing capacity.

1.2 Dowel spacing requirements

The capacity of a connector is determined by use of local strength parameters. However,
the load has to be transferred from connector to the cross section of the wood, hence
the plastic theory is superimposed with a set of global restrictions on the end and side
distances and on the dowel inter spacing. In practice K. W. Johansen’s theory for load
bearing capacity of dowels consists of two steps, namely:

e The plasticity theory determining the local yield phenomena.

e A set of spacing and distance requirements to meet global non-plastic tension
splitting or shear-plug failure.

Different non-plastic failures are reported in e.g. {Mohammad, Quenneville & Srith
1997). Larsen & Enquist (1996) report a test series on wood reinforcement made in
order to avoid tension splitting. The underlying problem is that the way timber con-
nections are designed, non-plastic failures are only indirectly taken into consideration.
Contrary to the plastic failures, the non-plastic failures all arise due to stresses best
visualized in a transverse section of the dowel in wood. Figure 2 shows a transverse sec-
tion with the stress condition in the wood in dowel proximity schematized with special
attention to tension and embedment stresses. The embedment stresses are of course
the consequence of the dowel acting on the wood. The tension stress singularity shown
is the consequence of the tension state in the wood moving towards the dowel wherein

Tension stress

" sinqularit
] 9 4

___Tension_stress
mean

,,,,,,,,,,,,,, ez

| Embedment
stresses

+—_ Excentricily tension
stresses

Figure 2: Schematic stress condition in o transverse section in dowel proz-
imity, with altention to tension stresses.



(a} Mode I (b)Y Mode 11 (¢} Mode 1L {d} Mode II1

Figure 3: Experimentally realisation of the three possible plastic failure
modes for load i the grain direction,

it is concentrated and passed on. The eccentricity tension stresses are the result of
the eccentricity of the distant uniform stress state in the wood member relative to the
concentrated force in the dowel.

The ratio, n, between the embedded strength and the strength of the material where
the stress singularity occurs is a mean to express the possible degree of utilization of
the embedded strength. When the load is in the grain direction the tension singularity
stresses shown in Figure 2 are carried by strong continuous fibres laying as tangents to
the dowel hole. This of course enables high embedment stresses:

o 31 MPa

=il S 3 2
T e T 00MPa ’ @)

where the value for f, ¢ is determined experimentally for this investigation, see Section
3.2, and the value for temsion parallel to the grain, fp, is taken from (Larsen &
Riberholt 1988). When the load is in the transverse direction the singularity stresses
are carried in tension perpendicular to the grain — a brittle strength parameter of low
value — which disables high embedment stresses:

o f}l’g)g e 13 MPa
B e T 2.2 MPa

U

5.9, (3)

i

where the value for f; g0 15 determined experimentally for this investigation, see Section
3.2. The value for f;go corresponds to the strength of small 70 x 70 x 45 mm tension
test specimens. As the tension stresses in the singularity are localized the value of fgg
may be higher than assumed in equation (3).

When comparing Equation (2) and (3) it is obvious that it is much more safe to
utilize the full embedment strength for loading parallel to the grain than for loading
in the transverse direction.

1.3 Loading in the grain direction

The theoretically determined failure modes shown in Figure 1 has been realized in
tension parallel to the grain as shown in Figure 3. In a complete block test covering 50
specimens cut from 10 planks of pine wood (Pinus sylvestris) the strength of a single
6 mm dowel has been determined for § different wood thicknesses, (Eskildsen 1999).
Table 1 lists mean strength as function of wood thickness, . The overall geometry of
the specimens is shown in Figure 4.
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Figure 4: Test specimen geometry for tension parallel tests.

plkg/w?®] | t=12 mm =22 mm $=34.5 mm  {=47 mm =57 mm
Mean 580 2.68 3.94 4.48 5.06 5.13
Stdev. 53 0.36 0.50 0.52 0.39 0.46
Theoretical 2.68 3.76 4.37 5.18 5.18
strength Mode 1 Mode IT Mode IT Mode III  Mode II1

Table 1: Ultimate strength, Fy,, per shear plane [kNJ.

The last two rows in Table 1 gives the theoretical strength, I, determined according
to Equation (1) and the corresponding failure mode. The embedding strength, f o,
used as input in Equation (1), is determined directly of the results for ¢ = 12 mm,
and is found to be 37.3 MPa. The plastic capacity of the dowel, M, is determined
in 3 point bending. The steel exhibits large strain hardening and a capacity of 30
Nm (f, = 830 MPa) is obtained. This yield capacity corresponds to relatively large
deformations, however, the ultimate strength of the connections is also determined at
relatively large deformations, see Figure 3.

The theoretical strength lies within 5% of the mean value for cach geometry. The
failure modes observed correspond to the theoretical, and for ¢ = 47 mm, the thickness
corresponding to the transition between mode 11 and 111, both modes are observed, the
latter for the most dense specimens.

1.4 Loading transverse to the grain
1.4.1 Embedment crushing or tension splitting

When the dowel utilises the embedment strength perpendicular to the grain, the the o-
retically determined failure modes shown in Figure 1 may not be able to determine
the ultimate strength as tension splitting may occur before the embedment strength
is reached even when the joint geometry is in accordance with (CEN 1993). Joint
specimens has been tested in bending as shown in Figure 5(a). The test series comprises
46 planks of Norwegian spruce (Picea abies) containing a joint as shown in Figure 5(b)
with a = b = 7d. Table 2 lists mean value and standard deviation of the strength per
shear plane, F,, along with the density, p, of the wood used. No bending of dowels
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Figure 5: Geometry and loading of specimens uiilising [y o0

was observed. The Table also lists mean value and standard deviation of embedment
strength, fi, and density for the 19 embedment tests on wood from the sample. The
embedment strength is determined as shown in Figure 6(a} as the interception of the
elongation of the two linear parts of the stress-deformation curve. This estimate of
the embedment strength is very conservative as hardly no plastic deformation of the
wood is utilized. Figures 6(b) shows embedment failure at final crushing of the wood
corresponding to plastic deformation of approx. 10 mm. By use of the conservative
experimental estimate of f g0, the theoretical strength according to Equation {1) is
18% larger than the experimental strength shown in Table 2.

Embedment tests (n = 19) | Joint bending tests (n = 46) Theoretical
plkg/m?)  f) [MPa) p [ke/m?) BN | R, [
Mean 461 174 473 3.70 4.38
Stdev. 25 1.8 32 0.44 Mode 1

Table 2: Embedment tests and 4-point bending tests with a=0=7d.
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(a) Determination of embedment strength. (b) Final embedment failure.

Figure 6: Embedment strength tests perpendicular to the grain.

The discrepancy arises as the connection does not fail in embedment crushing but in
tension splitting. Figure 7 shows a typical load displacement curve along with photos of
the dowel proximity taken at different stages of the test progression. The non-linearity



of the joad displacement curve is initlated approximately in point (¢} on the load-
displacement curve. ¥From the photos it is observed that this non-linear behaviour fully
corresponds to the shown tension splitting crack growth. It should be observed that
the embedment stress at splitting failure hardly touches the plastic regime as indicated
in Figure 6(a).

Load per shear plane [kNj
N

0 1 2 3 4 5 6 ¥ 8 9 10 11 12 i3
Displacement {mm]

{a) a =0.0 (b) & = 041 {¢) a = (.86

(f) a = 0.98 gla=1 (h) a =1

Figure 7: Load displacement curve and tension crack development at various
stages, G = F/Ei(tirriate-

1.4.2 Spacing and end distances

An indication test of the influence of the spacing and end distance, a and b in Figure
5(b}, has been made using five specimens from each of three planks in an incomplete
balanced block test. Table 3 shows the strength per shear plane. An analysis of variance
shows the effect of joint geometry to be significant. Increasing the end distance, b, has
no significant effect. However, the effect of increasing the dowel spacing, a, is significant
at a 95% level of confidence, which is seen from the raw data in Table 3. The indication
test shows that the strength per shear plane increases with increase in dowel spacing
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when the loading is in the transverse dirvection, Hence, the strength per shear plane
cannot only be governed by the local yvield parameters as done in Eqguation {1). The

strength s also a function of the global non-plastic capacity.

a == Jd, b= Td o= 14d, b =17d oo Td, b= 14dd
(n=13) (n = G) (n = 6)
Mean 3.70 4.29 3.90
Stdev. 0.49 0.15 .34

Table 3: F,, [kN], obtained for 3 geometries using 3 planks.

2 Specimens and test conditions

2.1  Full scale tests
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(a) Joint geometry. (1) View of test set-up.

Figure 8: Full scale test specimens.

Full scale glulam specimens of spruce (Picea abies) has been tested in a set-up as
shown in Figures 8(b) and 9. The specimens contain a full scale joint in each end
consisting of 16 dowels through an 8mm steel plate in a 10mm central slot, Figure
8(a). The investigation comprises two series of 20 specimens, one series with thickness
t == 40mm and one with thickness t = 65mm (total width is 20+ 10mm). The specimens
where tested at a moisture content in equilibrium with 20°C and 65% RH in short term
tests with duration between 5 and 15 min. The load conditions where either pure axial
loading (Py = 0), eccentric pure transverse loading (Px = 0) or combinations of
transverse and axial loading. The combined loaded specimens were firstly loaded with
a fixed value of transverse load corresponding to approx. 5, 10 or 15% of the axial
strength and subsequently taken to failure in a ramp of increasing axial load. During
tests displacements, wy,, and wyy, were measured as shown in Figure 8(a).
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Figure 9: Overall geometry and loading condition.

2.2 Embedment tests

In order to implement the plastic failure criteria in Equation (1) for the loading con-
ditions of the full scale joints shown in Figures 8 and 9, a yield surface for the single
connector is established on basis of fi, 6, freo and M,. The experimental basis for the
vield surface is :

1. Embedment tests parallel to and perpendicular to the grain, a total of 19 tests.
2. Yield moment tests of dowels in 3-point bending, a total of 9 tests,

3. Connector tests, i.e. tests of the whole system of dowel in wood of full width,
loaded parallel to and perpendicular to the grain, a total of 16 tests.

Embedment and connector specimens were cut from undamaged parts of the full scale
specimens securing that each of the four test types were conducted on material from
the same wood lamella. The load was applied to the dowel in a central 10mm slot
and the width of the embedment specimens was 50mm (t=20mm). The geometry was
otherwise less conservative than prescribed in (CEN 1993). The tests had duration
between 5 and 10 min.

3 Results

3.1 Full scale tests

Tables 4 and 5 presents strength values for the two sexries of full scale tests. Py is the
value of the eccentric transverse load per joint, Figure 8(a). For combined load Py
is held at a constant value. In eccentric pure transverse loading, Py is the ultimate
strength. Py v and Py g is the yield strength for the north and south joint in cases
where these can be determined independently as in e.g. Figure 10(a). In cases where
splitting supervenes yielding, Py, is evaluated as the load corresponding to a visible
crack observed during testing and traceable on the load displacement curves, e.g. Figure
12(a). The failures corresponding to the strength values Py y and Py ¢ are evaluated
as either plastic or splitting type. The Tables also lists uitimate values of the axial load
corresponding to final splitting failure. It is observed that this value approaches Py y
and Py g for higher values of Py, Figures 10 to 14 show load displacement charts and
failure modes for the five different load combinations in the ¢ = 40mm series. In cases
of dominating axial load, the mean value of wy,, and wy, is shown for each joint. In
cases including substantial rotation, each of the four displacement measurements are
shown.



i Py Px n Pxg Mean  Stdev. Failure Pyt Mean

[kg/m?]  [kN] [kIN] [kN} [kN] [kN]  type [kN] [kN]

460 - 313 312 Plastic 340

464 - 320 325 Plastic 367

473 - 342 334 Plastic 389

465 - 310 302 320 13 Plastic 346 361

473 17 314 314 Plastic 347

465 17 332 330 Plast/split] 360

472 17 323 323 Split/plast| 323

465 17 318 328 323 7 Plastic 372 351

448 33 268 264 Split/plast| 302

459 33 261 261 Splitting 261

465 33 252 322 Splitting 322

472 33 270 270 271 21 Splitting 270 289

473 50 204 204 Splitting 204

465 50 207 220 Splitting 220

461 50 234 261 Splitting 201

467 50 151 151 204 38 Splitting 151 209

467 71 - - Splitting -

482 79 - - Splitting -

473 67 - - Splitting -

467 82 - - 75 7 Splitting -

Table 4: Strength and density for full scole specimens with ¢ = 40mm.

400
350
300
250
200
150
100

50

Axial load [kN]

' I W W W I A P |

<

L L

1 2 3 4 5
Displacement {mm)

(=]

{a) Load displacement. {b) North joint. {c) South joint.

Figure 10: Azial testing, t = 40mm.



o Py Py Pyg Mean  Stdev. Iailure Pyt Mean

[keg/m®l kN [kN] k] [kN] [kN]  type [kN] [kN}

490 - 283 339 Plastic 393

442 . 348 338 Plastic 395

473 - 304 294 [Plastic 377

449 - 316 3i4 317 23 Plastic 370 384

4168 38 300 300 Splitting 331

471 39 250 253 Split/plast{ 311

476 40 309 310 Plastic 339

459 46 298 305 Plastic 363

441 40 271 250) Plast /split 271

471 40 338 353 Plastic 372

442 44 305 230 Plast/split | 305

464 40 298 298 292 33 Splitting 208 324

505 60 146 146 Splitting 146

459 60 169 183 Splitting 183

469 60 204 227 Splitting 227

474 60 197 189 183 28 Splitting 197 188

478 72 - - Splitting -

437 80 - - Splitting -

459 85 - - Splitting -

502 89 - - 81 7 Splitting -

Table 5: Strength and density for full scale specimens with ¢ = 65mm.

400
350
300
250
200
150
100

50

Axial foad {kN]

P BRI B AT APIR AN I I |

o

i
T 17171
0 2 3 4 5
Ofsplacement fmm}

(a) Load displacement. {(b) North joint. {c} South joint.

Figure 11: Awial testing combined with approz. 5% iransverse load, t = 40mm.
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Axial load [kN)

Transverse load [kN]

Axial load [kN]
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(a) Load displacement. {b) North joint. (¢) South joint.

Figure 12: Axzial testing combined with approz. 10% transverse load, t = 40mm.
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Figure 13: Azial testing combined with approz. 15% transverse load, ¢ = 40mm.
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Figure 14: Eccentric pure transverse testing, t = 40mm.
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Figure 15: Embedment and dowel bending tests.
frao Jhgo M, Kogeto  Koopman  Kojp=es  Kopi=os
MPa) (MPa]  [kNnum] | [(kN/mm] {kN/mm] [kN/mm] [kN/mm]
Mean 3L.2 12.8 184 20.9 11.7 17.2 11.4
Stdev 2.6 3.9 - 1.6 1.5 2.4 3.2

Table 6: Embedment and dowel strength and connector moduli.

3.2 Embedment and connector tests

Figure 15 shows stress displacement charts for embedment tests parallel and perpen-
dicular to the grain and 3-point bending tests of dowels. In loading parallel to the
grain the material behaviour is fairly linear elastic-perfect plastic whereas the wood
shows strain hardening for loading perpendicular to the grain. Table 6 gives mean
value of embedment strength, dowel yield moment and connector stiffness. The em-
bedment strength fj o is determined as the maximum stress whereas f g9 1s determined
as shown in principle in Figure 6. The stiffness of the connectors, K, is determined as
the slope of the linear part of the load displacement curve of tests on dowels in wood
of full width.

4 Modelling of failure

4.1 Yield surface

The yield surface for the connectors is established by use of the raw data given in Table
6 and by assuming linear elastic-perfect plastic behaviour. The yield strength per shear
plane is determined by Equation (1) and by a Hankinson strength interpolation as given
in Equation (4).

fh,O fh,ﬂﬂ

- Fro sin®(a) + fra0 cos?{a)

fh,& (4)

Figure 16 shows the established yield surfaces as well as the approximation used for the
modelling of the full scale joint. For a = (° and « = 90° the experimental values of F,

12



Eq(i)+Eq(4)
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(a} Yield surface for ¢ = 40. (b) Yield surface for ¢ = 65.

Figure 16: Yicld surfaces for a single connector plotted with experimental
strengths per shear plane, Iy and F,qo, and the approzimation
used to model the full scale joints.

obtained in the connector tests, Section 2.2, are plotted. In the grain direction perfect
plasticity may be a bit optimistic as the material exhibits some strain softening, Figure
15(a). The over-estimation of the strength Fy,, might be due to this stress decrease
after peak. In the transverse direction the connector tests show larger scatter and
the assumption of perfect plasticity is conservative as embedment strain hardening
is observed, Figure 15(b); probably due to this the yield surface under-estimates the
strength I, go.

4.2 Elastic and plastic modelling of joints
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o 80 S — = Fuil Plastic
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Figure 17: Yield surface for full scale joint, t=40mm, plotted with experi-
mental resulls.

Figures 17 and 18 show experimental strength values - vield or splitting ~ as de-
termined in Section 3.1, Tables 4 and 5. Mean value of ultimate strength for each load

13



140 -

120 | - - @  Yield failure
: R 4 Splitting failure
100 -~ ~ * Mean ukimate
& ~ ——  Elastic

80 - Full Plastic
60 —

40 -

Transverse load [kN]

20 -

O . : ey : yroey ] .}...,.....!M,rw,.i‘o,e,gg,w,?m@ G '*3 B
: : H i i i i b

0 50 100 150 200 250 800 350 400 450 500
Axial ioad [kN]

Figure 18: Yield surface for full scale joint, i=65mm, plotied with experi-
mendal results.

combination is also given. The yield surfaces for the complete connection are calculated
for elastic behaviour limited by a first yield criteria and for full plastic behaviour, i.e.
yielding in all connectors.

5 Discussion

For pure axial loading the yield surfaces in Figures 17 and 18 overestimates the strength
between 20 and 40%. This is also visible at connector level in Figures 16{a) and (b).
Besides the strain softening already mentioned, the model in Equation (1) may be too
simplified as it neglects the eccentricity due to the slot. Equation (5) gives mode IT F),
with an additional eccentricity.

. e? e M, e -
F, = (\/2 g Ao+ o in (1+ 2;)>ﬁdfn (5)

In Table 7 the value of Fy ., 15 given for a Smm eccentricity corresponding to half
the width of the slot. It should be observed that the holes in the 8mm steel plate
were lmm oversized providing no rotational restraints of the dowels. It is seen that the
value of F) ., () lies between the values of Fy,co,mecwr and Fy, full scale, 1.€. approximates
the strength within 5% for ¢ = 40mm. For ¢ = 65mm both F .,y and F, ¢4y over-
estimates the experimental values; however, by mistake D13 holes were used for d12
dowels in this test series, Figure 8 (a). Consequently, the wood is not able to provide
the full rotational restriction of the outer part of the dowel needed by mode II as shown

-F;y, Full seale Fult, full scale Fy, connector -Fy, eqll) Fy, eq (5) F?;, eq (6)
t =40 10.0 11.3 11.0 11.9 10.4 -
t =65 9.9 12.0 11.9 13.9 12.6 10.0

Table 7: Comparison of experimental and theoretical values of strength per
shear plane for loading in the grain direction [kN].

14



];.:'/,(:t)nn.z?r'.',or Iﬂy, eq (1) Ey.‘ miandeq (5)eq (1)} Fy‘ eq {8)
b= 40 7.0 6.1 6.1 -
L= 65 7.8 7.7 7.1 6.8

Table 8: Comparison of experimental and theoretical values of strength per
shear plane for loading perpendicular Lo the grain [RN].

in Figure 1(b), hence the failure mode will as a conservative guess correspend to mode
I'on the limit to mode II. An indication for lack of rotation restriction of the dowels
is found in the connector stiffness listed in Table §, which show the stiffness Ko =65

F, for mode II failure in oversized holes and a slot eccentricity as mentioned above.
The value of F, .6 given in Table 7 is in accordance with By suti seate but does fit the
connector strengeh less well.

In this discussion it should of course be observed that the value of F?y, Futl scale 18 Dy far
the statistically most interesting as it corresponds to testing of 128 dowels for each
thickness wherecas the connector tests and the theoretical calculated strength values
rests on a more limited number of tests. However, the discussion indicates that the
slot-eccentricity should not totally be neglected; further the experiments show that
tight fitting holes are necessary in order to obtain strengths corresponding to modes
utilising rotation restriction of the outer part of the dowel.

For eccentric pure transverse loading, the full vielding model in Figures 17 and 18
overestimates the strength by approximately 50%. This is not visible at connector level
in Figures 16(a) and (b). Table 8 lists mean value of the connector strength and the
strength calculated according to Equations (1), (5) and (6). The connector strengths
are better modelled by Equation {1) than by Equations (5) or (6). This is probabiy
not due to lack of eccentricity and oversize effects, but because the used f, g0 is a
conservative estimate of a parameter taking higher values for larger deformations as
seen in Figure 15(b).

The comparison between experimental data and modelling in Figures 17 and 18
becomes less clear as it is obvious that the used yield model, Equation 1, has to be
refined in the form of eg. Equations 5 or 6 to model the specific geometry used.
However, the central idea in the full scale experimental scries, namely that the yield
theory gives good strength predictions for loading in the grain direction, as shown in
Section 1.3, but gives less good predictions for loading transverse to the grain, as shown
in Section 1.4, is partly confirmed. The plastic plateau vanishes and splitting failure
becomes more dominant for increased transverse load for the full scale tests. Generally
the elastic modelling, i.e. a first yield failure criteria, fits the data best; however, besides
the mentioned problems with the mechanical equations entering the yield model, the
material behaviour is not adequately modelled as the pronounced strain hardening for
froo 18 not included. A model refined both mechanically and material wise will be
implemented at a later stage.

The Eurocode allows 10% additional friction load bearing capacity for modes If and
11, this could be interpreted as the additional capacity after plastic failure and before
ultimate splitting failure; Tables 4 and 5 confirms these 10% for dominating axial load,
but it is questionable if the friction capacity exists for dominating transverse load.
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There is a move towards encouraging designers to use slender dowels, e.g. (Blass,
Ehibeck & Rouger 1999), to reduce the tendency of premature splitting. In the re-
sults here laid forward, a 6% load bearing capacity is gained on the ultimate splitting
strength for pure axial loading and 8% is gained for eccentric pure transverse loading
when the thickness is increased 63%. Hence, a simplification of the design rules for
stout dowels will entail a relatively severe and maybe unnecessary punishment of the
joints with ¢ = 40mm.

6 Conclusion

In order to perform a better modelling of the results laid forward the authors would
like to state and discuss the following points:

1. Plastic failure criteria can successfully be applied for dominating axial load and a
10% additional frictional load bearing capacity before final splitting is obtainable.

2. Plastic failure criteria are less successful for dominating transverse load and util-
ising 10% additional frictional load bearing capacity seems to be optimistic.

3. The mechanical part of the plastic model may need refinement to include eccen-
tricity introduced in the slot in order to model plastic failure accurately.

4. The material part of the plastic model may need refinement to include strain
hardening for fhge. This may explain why the severest loaded dowels in an
eccentric loaded joint locally introduces splitting stresses in excess of what is
expected by a perfect plastic model.

5. Dowel holes has to be tight fitting when the failure mode utilises rotational re-
straints of the outer part of the dowel.

6. No experimental evidence is found to substantiate the apparently sound idea of
increasing the non-plastic capacity by prescribing slender dowels.
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1. Introduction

The effect of nail plate reinforcement on timber joints has been researched in Helsinki
University of Technology since 1992. It was found that in short duration loading the
reinforcement performs well: stiffness at low load levels is high, ultimate strength is high
and the joint slip in failure is large. The presented creep tests were started to verify the
function of the nail plate reinforced bolted joints under varying climate conditions during
long period of time.

The long-term tests started at autumn 1992, A test of 44 nail plate reinforced bolt joints
was carried out. In the test series the type of nail plates, the loading direction of the nail
plate as well as the direction between grain and the applied force were varied. The test
series consisted of three pairs: three series were tested in a covered but unheated building
(a granary) and similar series in cyclically changed humidity and temperature conditions
with rapidly changing humidity. The duration of the tests in cyclically changed conditions
was 200 days and the tests in the natural covered conditions are still continuing after 6.5
years loading period.

The results of the measurements between the tests series from the natural and cyclically
changed conditions were compared. The joint slip after 50 years loading of the tests pieces
in the natural covered conditions was estimated with a logarithmic function. These results
were compaied to the joint slips according to ECS. Also the joint slip from other joint types
of other previous tests found from literature were compared to the nail plate reinforced bolt
joints and to joint slips according to ECS5.

2.  Experimental programme

The long-term tests started before short-term results were available. Therefore, the ultimate
strength of joints was estimated by multiplying the Finnish design code value for similar
non-reinforced bolt joint by two. Load levels for long-term tests were chosen to be 23%
and 50% from this design value. Loading was achieved with concrete blocks. The loads
and average strength values from short-term strength tests are presented in table 2.1. Some
of the joint types used in long-term tests were not tested in short-term tests,

The test joints consisted of one 12 mm bolt (bolt quality 8.8), reinforced timber middle
member and steel side members. The reinforcement nail plates were placed symmetrically
on both sides of the timber member. The bolts were tightened with handtools until the steel
plates were in contact with the timber member. The test series consisted of three pairs. The
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level of loading and direction between applied force varied in series. The series 1, 2, 3 and
4 were loaded parallel to grain. The series 5 and 6 were loaded perpendicular to grain. The
direction between the reinforcing nail plates and loading as well as the type of the nail
plates and boits are showed in figure 2.1. The series 1, 2 and 5 were loaded in the cyclically
changed conditions and the other three in the natural covered conditions. The individual
test pieces are labeled with two numbers separated with a dot. First number indicates the
test series and the second number the serial number of the test piece in series. The
arrangements were such that measuring were conducted over two joints, i.e. joint slips are
averages of two joints. This report consist of only the results of the test pieces loaded

parallel to grain (Saavalainen 1993).

Table 2.1 Loadings and short-term strengths (Saavalainen 1993)

Test pieces Short-term strength {kN] | Loading [kN]
1.1,1.2,4.1,42 30.5 1.6
2.1,22,3.1,32 3.3

1.3,43 348 1.6
23,33 33
1.4,4.4 30.0 1.6
24,34 3.3
:?;
‘ = $ 10
e :f:r TOP 150%137

sawn timber  45¥145%400

Mi2
steel plates  5xS0%3Q0

FIX 150%{37

specimen number

FIX 100%108

measuring
points

e FIX/TBP 150m137

i3y klﬂ?

1190 g0 11

117 14 33

qJeriveses

165/355 kg

Figure 2.1 Loading arrangements



The program of humidity changes in the controfled rooms is presented in figures 2.2 and
2.3 and the climate conditions in the natural covered conditions in figure 2.4, The
controlied room H023 was used because the height of the room H007 was not enough for
the test series 1 and 2. Thus, the test joints 1.1 and 1.2 were loaded separately from other
test pieces of those series in room H023.
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The loading time in the cyclically changed conditions was 200 days whereas loading in the
natural covered conditions is siill in progress. This report includes the measurements from
the natural covered conditions from the first 2006 days (about 5.5 years). The initial
moisture content was 14.6..15.5% of the dry weight of timber. The timber material was
Finnish spruce and pine. The oven dry weight varied between 386 and 524 kg/m3.

A reference piece of timber was placed to each test location to determine the variation of

moisture content. The moisture content was measured by weighing the reference timber
piece {Figures 2.5 and 2.6).

Timber moisture contents [%]
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Figure 2.5  Measured timber moisture contents during first 200 days (Saavalainen
1993)
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Figure 2.6 Measured timber moisture contents in the natural covered conditions during
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3.  Measured joint slips

In spite of ten times longer loading period (2006 days), in most cases the joint slips of the
tests pieces in the natural covered conditions did not exceed the joint slips of similar joints
placed in the cyclically changed conditions. Since the situation is the same when the
estimation of the joint slips after 50 years loading of the test series 3 and 4 was compared
to joint slips from the series 1 and 2, the comparison of tests results is not presented here.
Instead, the method of estimating future joint slips is presented in the section 3.1. In the
section 3.2, the joint slips from the cyclically changed conditions after 200 days are
compared to the estimated joint slips after 50 years.

3.1 Estimation of the future deformations

The developing of joint slips was estimated for the test series 3 and 4. The estimation was
carried out by fitting a logarithmic function to the measured results, The fitting was made
separately for each measured test piece, i.e. for average results from two joints. The fitted
function (3.1) was

C(ry=1+DIa(l+ Er) (3.1}

where C(t)  is the creep factor after loading period of 1,
D and E are constants and
t is time in days.

The joint slip was calculated from equation (3.1) with the relation of the initial joint slip,
the joint slip after certain loading time and the creep factor as shown in eq. (3.2). The
values of initial joint slips and constants D and £ are presented in table 3.1.

A
Clt)=—— 3.2
() ” (3.2)
where & is the initial joint slip after mounting of the load ( 7 = 5 min.),
£ is the joint slip in time ¢ and
A is the initial distance of the measuring points.
Table 3.1 Initial movements and constants
Test & A D E Test & -A D E
piece [mm) [-] [-] piece [mm] [-] [-]
31 0.251 0.0293 27.1 4.1 (0.039 0.152 3.47
3.2 0.280 (.0369 37.1 4.2 0.014 0.423 67.0
33 0.089 0.0608 978 4.3 (0.031 (0.478 11.2
34 0.107 (0.239 0.912 4.4 0.018 0.869 27.5




The definition of the creep factor for timber joints is indistinet. For example, the method to
determine the initial slip is different in aimost all of the creep tests. Therefore, in this report
instead of presenting the creep factor, the joint slips are presented. The fitted functions and
test results for series 3 and 4 are presented in figure 3.1.
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Figure 3.1 Fitted functions and the measured joint slips for the test series 3 and 4

3.2 Comparison of test results from cyclically changed and natural
covered conditions

As mentioned before, the test series in the cyclically changed conditions were exposed to
rapid humidity changes during 200 days loading pertod. The test series in the natural
covered conditions experienced less severe humidity, and thus moisture content, changes
but the loading time was about ten times longer than for the other series. In this section, the
measured slips of the cyclically changed conditions test pieces are compared to the joint
slips estimated according to eq. (3.1). The difference between the measured movements
after 5.5 years and the estimated slips after 50 years is small as shown in table 3.2. The
maximum joint slips after 200 days for the cyclically changed conditions joints and the
estimated joint slips of test pieces in natural covered conditions are presented in table 3.3.
The joint slips from cyclically changed conditions are larger in almost every case.

Table 3.2 The ratio between the measured joint slips after 5.5 years and the estimated
joint slips after 50 years of loading

Test piece Ratio Test Piece Ratio
3.1 1.03 4.1 0.97
32 1.04 4.2 0.94
3.3 1.00 4.3 1.12
3.4 1.16 4.4 1.26




The values in tables 3.2 and 3.3 show that deformations under severe humidity changes
during relatively short period of time are larger than under the conditions comparable (o the
EC5’s Service Class 1 conditions. The estimated developing of deformations after 5.5
years i slow, as expected. Some of the estimated deformations after 50 years are even
smaller than the maximum value of the measured joint slips after 2006 days. This is
probably caused by the moisture movements. The velocity of creep deformation and total
joint slip is related to the angle between the applied force and the main direction of nail
plates: farger angles induce larger creep deformations.

Table 3.3 The largest measured joint slips in the cyclically changed conditions and the
estimated joint slips after 50 years
Test Joint | Estimated joint slip{] Test | Joint | KEstimated joint slip
piece slip | after 50 years [mm] || piece slip | after 50 years [mm]
[mm] {mm]
Series4 | Ratio Series 3 Ratio
1.1 0.413 0.108 3.82 2.1 (0.544 (0.338 1.61
1.2 0.093 0.104 (.89 2.2 0.293 0.402 (.73
1.3 0.252 (.190 1.33 2.3 0.299 0.179 1.67
1.4 0.539 0.198 272 2.4 0.630 (0.305 2.07

4.  Comparison to other joint types

The estimated joint slips of the nail plate reinforced bolt joints are compared to
deformations of bolt, toothed plate, nailed and nail plate joints. The comparison test results
are gathered from Feldborg et al. (1986), Wilkinson (1988) and Van de Kuilen (1994).
These deformations and the rate of deformations are also compared to the calculated values
according to ECS,

The humidity conditions in the comparison tests were either maintained constant or
“continuously recorded” in which case the relative humidity varied between 40% and 80%.
Thus, the conditions are less severe than in the natural covered conditions or in the latter
case of same severity. All joint types were loaded in tension parallel to grain.

The test pieces in the nailed and nail plate joints consisted of two timber pieces
(95 x 45 mm?) connected together with nail plates (marked here as LHy) or nailed steel
(LSa) or plywood plates (LPs and LPa). The loading levels were 10 kN and 8.6 kN. The
initial slip was calculated 10 min. after the mounting of the loads and the final slips was
calculated after 588 or 596 days, i.e. about 1 year and 7.5 months (Feldborg et al. 1986).

‘The toothed plate joints consisted of three timber members whose cross sections were:
middle member 95 x 33 mm® and side members 95 x 18 mm?. The fastener was assembled
with & 75 mm toothed plate and a 12 mm bolt. The test programme consisted of three series
with different Joading levels, which were 30%, 40% and 50% of the short-term strength
(= 32.6 kN). These series are marked here as HV30, HV40 and HV50 respectively, A



function was fitted to the average of measured slips of each series. The function was
essentially the same as eq. (3.1) (Van De Kuilen 1994).

The bolt joints consisted of three timbers member whose cross sections were: middle
member 75 x 38 mm’ and side members 38 x 38 mm®. The fastener was 12.7 mm bolt. The
test programme consisted of three series with the loading levels of 30% , 60% and 85% of
the short-term strength (= 21.4 kN). These series are marked here as W30, W60, and W85
respectively. The loading time was one year {Wilkinson [1988).

The joint slips divided by the loading [kN] are presented in figure 4.1, The deformations
from the nailed and the nail plate joints are measured values, whereas values from the
toothed plate and the nail plate reinforced joints are calculated from the fitted functions.
The deformations of the nail plate reinforced tests are presented from the test piece with the
Jargest initial slip (3.2), the test piece with the largest slip after 50 years (4.4} and the test
piece which showed least deformations (3.3). The measured joint slips of the bolt joints
included the effect of oversized bolt holes as the joints tightened. This effect is estimated
by extrapolating the initial slip values to zero force as shown in figure 4.2. The presented
joint slips of the bolt joints in figure 4.1 are calculated from the given average initial slips
multiplied by average creep factors reduced by the estimated bolt hole oversize effect.
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Figure 4.1 The comparison of joint slips between different joint types. Notations are
explained in the text.



Figure 4.1 shows that joint slips on nail plate reinforced boit joints are small. Only nail
plate joints are stiffer than nail plate reinforced joints.
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Figure 4.2 Average initial slips. The estimated effect of the oversized bolt holes is the
point where the line crosses y-axis (= 1.91 mm)

4.1 Comparison to ECS

The comparison between ECS5 and the handled test results was done in two ways. The
comparison of the bolt joints and nailed joints was made between the calculated values
according to ECS and the values calculated from the test results. The joint slips of the bolt
" joints are calculated in the same way as in the previous section. The comparison of the nail
plate, nail plate reinforced and toothed plate joints was done only for the creep factors
according to the ECS, beause ECS does not contain calculation instructions for the joint
slip for these joint types. This was done by setting the initial slip to the average value of the
measured initial slips, multiplying these initial slips by the EC5’s creep factors and
comparing these values to the joint slips of each joint type.

Figure 4.3 shows that the calculation methods in ECS give too small values for the joint
slip. The creep factors are also too small. Only the nail plate joints seem to follow the creep
values in EC5. The velocity of the nail plate reinforced joints increases as the angle
between the applied force and the nail plate main axis increase. Only the test piece 3.3,
where the angle was 45%, makes an exception to this rule. The test pieces where the nail
plate main axis is the same as the direction of load follow quite well the EC5’s creep
factors.
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3. Proposal for the calculation of the joint slip of nail plate
reinforced bolt joint under service load

This proposal is based on the measurements that are made for this report and previous
research in the Helsinki University of Technology.

The instantaneous slip should be taken as (Kevarinmiki 1995)

U = "}{fm‘ T iy (5.1)
where

F 15 the load per shear plane per fastener [kIN],

Ky 18 the slip modulus [kN/mm] and

Uo is the initial slip I'mm] due to hole clearance, etc.

The slip modulus should be calculated as (Kevarinmaki [995)

K,=p°d/20+K_1,d (5.2)
where

yox is the characteristic density of the timber [kg/n13},

d is the diameter of the bolt [mm],

fa is the design thickness of the nail plate and

Kon  is 300 N/mm® for normal nail plates and 450 N/mm?® for special nail plates,
when the yield strength £, of the nail plates is at least 360 N/mm?,

The initial slip ug should be taken as (Kevarinméki 1995)

I mm with normal nail plates
by = (53)

|-k, 1,d/K,, ) withspecial nail plates

s,nod

The final joint slip under service load with normal nail plates should be taken as

gy = (uinsl - u{) )(1 + kc;ef )+ uO (54)
where
koo =k (1+2sin @),
o is the angle between the applied force and the main direction of the

reinforcing nail plate and
ket 1 the creep factor given in ECS: part 1-1: table 4.1.
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6. Conclusions

Nail plate reinforced bolt joints are very stiff compared to other joint types that can be
assembled in building site. This is emphasized in longer time periods. The creep of nail
plate reinforced bolt joints increases with the angle between force and nail plate main axis.

The calculation methods in ECS give too small joint slips. This apply both to initial
deformations and deformations after given time.

Joint slips after 200 days in the tests conducted under rapidly changing humidity are
generally larger than those estimated happen in naturally covered conditions after 50 years
loading.
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Comments to paper 32-7-10 "The behaviour of timber joints
with ring connectors"

H.J. Blass and V. Krdmer, Universitat Karlsruhe

As already outlined after the presentation, the contribution by Gehri and Mischler
contains many errors and wrong conclusions. Since the authors did not revise their
paper, the major items are commented below. In the following, the original text is
written in italics, the comments in roman.

Chapter 1

"Ring connectors were introduced into the United States in the 30ties. The most
promising types were selected by the Forest Products Laboratory, Based on tests
made with Douglas-fir and southern yellow pine preliminary design recommendations
were published by Perkins et al (1933). The actual values are based on the work of
Scholten (1944). No newer and better research is known."

The authors ignore the research with ring connectors performed at Delft University of
Technology, referenced e.g. in CIB-paper 25-7-6, where 23 research reports from
Delft related to ring connectors are listed. Moreover, lecture C9 in STEP 1 references
two papers by Prof. Hilson from Brighton.

Chapter 2

Based on the comments of Graf (1938) the german data were mainly based on
compression tests; furthermore the timber specimens had only small defects. There-
fore the values were reduced to...

It is not made clear why the values were reduced. When performing compression
tests with only one connector unit, the block shear failure mode cannot ocour.
However, in compression tests with several connectors in line the wood between the
connectors may shear off.

Chapter 3

The above approach was used by Blass et al (1994). Blass (1995) used the same
relationship for the shear block failure, but added a second condition based on the
embedding strength.

This is simply wrong (see CiB-Paper 25-7-6, 1992).

The characteristic load-carrying capacities given in the draft of EC 5-1-1 are —
compared with the actual used in Switzerland — about 40 % higher. Even if the
assumptions are not quite the same, i.e. end distance of 1,8- d. instead of 2. d,,
the differences seemed important. This fact alone would not justify to disaqree with




the EC5-proposal, but the possible assessment of higher loads in tension than in
compression is in complete disagreement with our actual knowledge!

In the present version of the draft Eurocode 5 (Proposal of Project Team 1-1, where
Prof. Gehri is a member) a rule is missing saying that for connections with only one
connector unit loaded in compression the block shear failure mode is to be
neglected. This proposal is already made in STEP C9 (1995). If this is taken into
account, the load carrying capacity of connections loaded in compression is of
course higher than for connections loaded in tension.

Chapter 4

Test conditions should reproduce the effective conditions in the structure. When
testing ring _connections (and_also other connections) this_has not been enough
considered or verified. The normal case of testing only one, isolated ring under
centric tension or compression forces can not represent the behaviour of a joint,
above all when the joint is very sensitive to so-called secondary effects.

In the referenced research project at Karlsruhe University only test specimens were
used which had been produced by timber companies. Because of this fact, a large
number of "secondary effects” were included in the specimens.

Simplified tests using the unified test procedure with two connectors in line have
been postulated and used by Graf (1944) and Egner (1957). It seems that their
recommendations meanwhile went forgotten.

This is wrong. In the framework of the research performed at Delft University of
Technology, 251 specimens containing 2 or 3 connectors in line were tested. The
same applies for the research performed in Karlsruhe, where specimens with 1, 3
and 5 connector units in line were tested.

Chapter 5

Differences of behaviour of wood — in function of the load direction — are often not
enough taken in consideration. Forces are not only transferred along the grain.
Notches or in general, variations of the section, lead to a local deviation of the force
direction, resulting locally into strains and stresses in other directions.

Here, the behaviour of notched timber specimens is compared with the behaviour of
connections with mechanical fasteners. It is questionable, whether the results of
Karlsen 1967, unfortunately not listed in the references, can explain the behaviour of
connections.



Chapter 6

The research made at Karlsruhe should support the sirength models proposed for
Eurocode 5-1-1 and given in chapter 3. Blass et al (1997} published the resulis of a
large number of tests and compared these results with the code proposal.

The objective of the research performed in Karlsruhe was not to support the strength
model forming the basis of the design rules in the present draft of Eurocode 5. The
objective was to study the influence of the number of connectors in one multiple
fastener connection taking into account fabrication tolerances in connections
produced under real practice conditions.

The first peak load corresponds fo the .shear, failure load (first equation expressed
by d.,””). Then the load can be increased up to the ultimate load, here expressed by
the ,embedding, failure mode (second equation of EC 5-1-1, expressed by b - he).

Block shear failure already occurs at very low deformations. It is therefore very
improbable, that the inner core shears off at a deformation of 2 — 3 mm as indicated
in figure 6.3. Furthermore, the shear block failure in the design rules of Eurocode 5
relates to the shear failure of the wood in front of or between connectors, and not to
the shear failure of the wood core within the ring connectors. Unfortunately, there is
no source given for the load-slip-diagram in figure 6.3.

This would be a novelty in timber connections. The reason for that is that k. can
only for tension joints be increased to 1,25. Since k- only appears in the first
equation {,shear, failure} and the higher ,embedding, load on compression cannot be
used — see foregoing remark — this is correct but not evident,

The modification factor k,3 takes into account the increasing shear resistance with
increasing end distance. This obviously only applies for tensile connections,

In the f{ollowing, several remarks containing a number of errors and
misinterpretations relating to the cited Karlsruhe research project are made by the
authors. Since the research report is not available to the readers, detailed comments
are not made here.

Chapter 7

Only a small number of tests should be made. Since the density of the timber may
play an important role, similar densities were used for center and side members. The
dimensions used for the fimber members correspond to normal practice in
Switzerland. The tests would be done only with 1 connector.

Without detailed information regarding the geometry of the test specimens and the
density of the members the presented results cannot be used. The significance of the



results of 9 compressive and 6 tensile tests is negligible compared with the results of
908 tests used as a basis for the derivation of characteristic values.

The small differences_verified (about 5 %) between the three confiqurations are
mainly due to more favorable supporting conditions of A. The failure mode was
always the same: the core sheared away at a slip of 2 mm, followed by crushing of

the timber before core.

Without the individual test results this is an unavailing statement. Moreover, values
based on three individual tests are hardly a solid data base and differences of 5 %
may completely be due to variations of timber propetties.

Chapter 8 (in paper 32-7-10: chapter 5)

Actual _proposal in Eurocode 5-1-1 leads for tension splices to unsafe design.
Furthermore no evidence could be found for the 25 % higher load-carrying capacity
of a ring connector in tension (for end distance 2,5 d;) compared to compression.

The design models in Eurocode 5 for connectors lead to realistic and safe results
since they are based on the evaluation of 308 tests. This does not mean, however,
that the design of the connected members in the net cross-section can be neglected.
If the design of the net cross-section is considered, this may often govern the design
of the connection.



,, 1 he behaviour of timber joints with ring connectors®

Prof, E. Gehri and Dr. A, Mischler

Swiss Federal Institute of Technology, Zurich, Switzerland

1 Introduction

Ring connectors have been frequently used in timber structures after 1920. Based on
research made mainly in Germany and on spruce different commercial types were
approved. Allowable loads were fixed and finally inciuded in the German Timber Code.

Ring connectors were introduced into the United States in the 30ties. The most promising
types were selected by the Forest Products Laboratory. Based on tests made with Douglas-
fir and southern yellow pine preliminary design recommendations were published by
Perkins et al (1933). The actual values are based on the work of Scholten (1944). No newer
and better research is known.

2 Revision of the Swiss Timber Code (version 1981)

Between 1975 and 1980 the revision work went on. Formulation should be as open as
possible, therefore none of the market connectors should be mentionned. Furthermore the
use of the available german products shouid be possible. The simplest, but not at all
scientific approach, was to start directly from the allowable loads given in the German
Code and to search for some relationship between size and allowable load.

Shearing being the most frequent mode of rupture, the allowable loads were converted to a
corresponding allowable shearing stress T, . We followed the presentation given by Graf
{1944). The ultimate shearing stress was presented in function of the shearing length. Tests
were made with 2 connectors in line.

From the tests it could be seen (Graf/1944) the following:

- The shearing stress depends from the size of the shearing area; Graf proposed to fix the
allowable shearing stress in function of the total shearing length of the joint.

- The shearing stress for the Kiibler-connector (disk-connector with no core in the timber
element) is — based in this assumption — higher.

Based on this — and the observation that the core shears often away before the maximum is
reached — the nominal shear values were calculated without taking in account the core area.



Based on this the allowable shearing stress was fixed to:
0,25

Tallow = 10 As

According to the Swiss Timber Code the split-ring connectors shall have a connector
height h. of at least d/4 (d. = outside diameter of the ring connector). Based on this
relationship, we would obtain for an end distance of 1,8 - d; and a spacing of 2 - d. the
allowable load per ring connector and shear plane to

— 5 ' . .
Falow = 15 - &g ! d, inmm ; F in Newton

Based on the comments of Graf (1938) the german data were mainly based on compression
tests; furthermore the timber specimens had only small defects. Therefore the values were
reduced to

lellow = i2 ‘dc by dc 1n mm N F in Newton

The allowable loads are valid for one or two connectors and for tension. In case of
compression an increase of about 20 % could be foreseen.

The approach given in the Swiss Timber Code is simple but also very crude.

The values are valid for an end distance of 1,8 - d. and a spacing of 2 - d. ; in case of
compression the non-loaded end can be reduced to 0,8 - d. . The members must have a
thickness of at least 1,5 - h. (for side members) and 2,0 - h (for the central member) as
well as a width of 4/3 - d., but at least d. + 40 mm. Smaller dimensions are not allowed.
When considering the strength of the connected members a so-called ,,notch-factor” has to
be taken in account: for ring connectors ¢g = 0,6 t0 0,7.

[Note: In the Code are not given the characteristic values; the corresponding characteristic
value would be F =27 d."]

3 Draft proposal for EC 5-1-1

Ehlbeck/Larsen (1993) have proposed for Eurocode 5 a similar approach: ,, Based on Swiss
research work if can be assumed that

S =K 'As"o'ﬁ Nimm® with A, in mm’

K is a constant which may depend on the timber density. It is safe to use K = 20 for all
European softwoods.

The shear area A, per connector is defined in figure 1.1



Figure 1.1: Definition of shear area (core areas are not considered)

The above approach was used by Blass et al (1994), Blass (1995) used the same
relationship for the shear block failure, but added a second condition based con the
embedding strength.

oHowever, the shear block failure occurs only if the embedding strength of the wood in
front of the connector is sufficiently large. Otherwise embedding failure will govern the
load-carrying capacity of the connection, as it will with larger end distances.”

The working draft for EC 5-1-1 (June 1999), section 8.9 — , Connections made with ring
connectors®, is based on the above publications. It reads:

. For connections made with ring connectors of type A (timber to timber) according to
prEN 912, the characteristic load-carrying capacity for a force along the grain, R, per
ring and shear plane is given by:

ky ks ks - 35 dcf'j
ki - ky-315-d. he

Ror = min

with:
d. ring diameter, in mm {(corresponds to out-side diameter)
he embedding ring depth, inmm (2 h, = h. = equal to ring depth)

ki maodification factors*

The values of

Rok = 35-4d."”° (shear failure mode)
' 31.5-d.-h, (embedding strength)

are valid for a timber to timber connection with:

e thicknesses of members; central member = 25-h.=5-'h.
thicknesses of members: side member = 15 h=3h
e end distance: in tension as; = 2-d¢
¢ end distance in compression 23 = 1,2 -d. (non-loaded end)
e spacing (with force along the grain) a = 2-de
¢ timber density P = 350 kg/m3



The values are - for the above conditions — the same for forces acting in compression or in
tension. With changing end distance the (ension values may decrease or increase, i.e. that
an increase (only in tension!) is possibie, if the second condition (embedding strength) 1s
not governing.

The characteristic load-carrying capacities given in the draft of EC 5-1-1 are - compared
with the actual used in Switzerland — about 40 % higher. Even if the assumptions are not
quite the same, i.e. end distance of 1,8 - d; instead of 2. 4., the differences seemed
important. This fact alone would not justify to disagree with the EC5-proposal, but the
possible assessment of higher loads in tension than in compression is in complete
disagreement with our actual knowledge!

4 Test conditions

Test conditions should reproduce the effective conditions in the structure. When testing
ring connections {and also other connections) this has not been enough considered or
verified. The normal case of testing only one, isolated ring under centric tension or
compression forces can not represent the behaviour of a joint, above all when the joint is
very sensitive to so-called secondary effects.

The design of connections should take into account the forces resulting from the global
analysis assuming framed systems. Often a simplified analysis of the structure is done, and
by code allowed, i.e. for fully triangulated trusses, where every node is assumed pin-
jointed. For loads acting on the nodes, only axial forces will than be determined in the
truss-members. Splice joints will therefore only be designed for axial forces, without taking
into account the so-catled secondary moments, which are present and would appear by
using a more appropriate structural model. The probiem is here that the secondary
moments are not needed to achieve a static equilibium state, but since they may have an
adverse effect on the load-carrying capacity of a splice joint, they have to be taken in
account for the splice joint design.

Furthermore the test procedure should take in account the standard of workmanship likely
to be achieved, Misalignement of connectors and fabrication tolerances between connectors
can not be considered, when testing only a single, isolated connector.

Simplified tests using the unified test procedure with two connectors in line have been
postulated and used by Graf (1944) and Egner (1957). It seemns that their recommendations
meanwhiie went forgotten.

For splices of members which are normally subjected to normal forces and small bending
moments, the combined testing, using different grades of excentricity has been postulated
and used by Gehri (1981/1982) in connexion with investigations on lattice trusses.
Mischler (1998) made further tests with the same type of fasteners.



5 Types of load transfer

Differences of behaviour of wood — in function of the load direction — are often not enough
taken in consideration. Forces are not only transferred along the grain. Notches or in
general, variations of the section, lead to a local deviation of the force direction, resulting
locally into strains and stresses in other directions.

In figure 5.1 are presented the results of tests published by Karlsen (1967), which show the
effect of load direction on the load-carrying capacity of a notched specimen.

compression/ bengion/ Lension/compression
compression Lension with in(.\%;'\q\“'.f‘r\

inchination
w4:8

{tickon

no baleral movemenk Le. \qpe Al ~connector

f toad

nerease due ‘o -

Anclipabion 4:2

L e } i } ; 3 t = E’/e

Figure 5.1: Influence of load direction on load-carrying capacity

It can easely be seen that the case of compression compared (o tension leads to a much
higher efficiency, or to a lower reduction. Increasing the relationship #/e above a value of
8 to 10 has quite no influence; the failure starts at a point of high local strain. In the case of
compression — due to the testing procedure — friction at the support occurs, resulting in a
restraint of lateral movements, creating a beneficial compression perpendicular to grain.

For ring connectors in tension load transfer is less favourable since the lines of force have
to change their direction. For the case of tension/compression, the load-carrying drops
therefore considerably. For optimazed shapes of the ring connector the load will be
introduced with an inclination of about 1:8, resulting in a higher load-carrying capacity, but
still Jower than for the case compression/compression.



) Eurocode 5 — supporting research

6.1 General

The research made at Karlsruhe should support the strength models proposed for Eurocode
5-1-1 and given in chapter 3. Blass et al (1997) published the results of a large number of
tests and compared these results with the code proposal.,

Before going into the supporting research, three remarks should be made relative to the
code proposal, remarks presented at the PT-meeting in Bordeaux { 25th and 26th May
1999):

e The characteristic load-carrying capacity is the lower of two equations, but generally
only one equation is determinant,

As can be seen from figure 6.1 the embedding capacity for timber to timber

. . . 5
connections, for compsession and for tension (ay, = 2 d.) leads to compare a0
0,9 he.

shrength modet design  equations
‘ - il K,k byl kg (3540
R, = { [y As shear ccleml% | qu:min{ ik kK t‘,)
ly de - he - embedding capacily koo kg o kg (845 d 0

{?u ring and theav plane

Which case determinant T {lor limber to Wmber ki)

shear embedding
5
B&"‘t“}/x‘ly:‘/" 35.dcksof M.%.%.u‘s-gg.kt
85
1(.1' d(_ 0q - ha foc d, and H,‘ tee prEN Q42

Ky = for kasfon «0as ko {15
< . ke <4~ Q= tde
{or comprestion k = A0 0

Figure 6.1: Relarionship berween ,, shear" and ,, embedding"

When introducing the values for d. and h. according to prEN 912 (see figure 6.2) it
can be seen that shear is the governing failure mode.
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Figure 6.2. Governing failure mode for ring connectors

e To limit the capacity of connector on the ,,shear* failure value, means that no use of the
higher ,,embedding" capacity is possible.

This can be the case above all for connectors of type Al, generally used in Genmany,
but normally only on compression. A typical load-displacement curve is shown in
figure 6.3. A first peak appears after a displacement of about 2 to 3 mm. With the
shearing away of the cores (normally 2 of the 4 cores) the load diminishes
(displacement controlled test procedure) but can be increased afterwards. The
maximum load may be reached after a total displacement of 10 to 15 mm.

oshear failure"  §  load-carrying capacity

peak load R
\
¢ embedding strength
compressien ;

tension

i . displacement
Ao -

Figure 6.3: ldealized typical load-displacement curve on compression



The first peak toad corresponds to the ,,shear® failure Joad (first equation expressed by
d."). Then the load can be increased up to the ultimate load, here expressed by the
.embedding® failure mode (second equation of EC 5-1-1, expressed by be - he}.

Therefore not the minimum value but the higher value representing the more ductile
failure mode ,,embedding™ should be used.

e The characteristic load-carrying capacity in tension is higher than for the same
configuration in compression.

This would be a novelty in timber connections. The reason for that is that ks can only
for tension joints be increased to 1,25, Since k; only appears in the first equation
(,,shear* faiture) and the higher ,embedding" load on compression cannot be used - see
foregoing remark ~ this is correct but not evident.

Based on these remarks a revision is needed. Justification will be given based on the
supporting research made by Blass et al (1997), on verification tests made by Gehri (1999)
and on the basic investigation made by Scholten (1944).

In the summary of Blass et al (1997} is written in relation to ring connectors:

. In Hinblick auf die Harmonisierung der europdiischen Normen werden Rechenmodelle
vorgeschlagen, um die charakieristische Tragfiihigkeit von Diibeln besonderer Bauart
bestimmen zu konnen, Hierbei werden die jeweiligen Versagensmechanismen (Nachweis
der Lochleibungsfestigkeit und der Scherfestigkeit des Holzes) untersucht. Bei mehr als
zwei Diibeln in Kraftrichtung hintereinander wird der in DIN 1052-2 enthaltende Ab-
minderungsfaktor vorgeschlagen.

Ziel des Forschungsvorhabens war es, realistische Beiwerte zur Beriicksichtigung des
Einflusses der Anzahl von Diibeln besonderer Bauart in einer Verbindung und der Ab-
stéinde dieser Diibel insbesondere in Faserrichtung anzugeben.

Die Versuchsergebnisse der Druckscherversuche mit Einlassdiibeln (Typ Al ) zeigen, dass
die vorgeschlagenen Bemessungsgleichungen wirklichkeitsnahe Ergebnisse liefern. Es
besteht eine geringe Korrelation zwischen Rohdichte und Traglast.

Fiir die Zugscherversuche wurden Priifkérper mit einem, drei und fiinf Diibeln in Kraft-
richtung hintereinander liegend hergestellt. Hier zeigten sich andere als die erwarteten
Versagensmechanismen. Bis auf wenige Ausnahmen spalteten die Holzer entlang der
Verbindungsmittelreihe auf, oder rissen im Nettoguerschnitt ab.

Auferund der unerwarteten Versagensmechanismen und der daraus resultierenden
geringen Traglasten, sind die Versuchsergebnisse der Zugscherversuche nicht fiir die
geplante Auswertung der Ergebnisse in Hinblick auf das Zusammenwirken mehrerer Diibel
in einer Verbindung zu verwenden.”

In the following the results published will be analysed.



6.2  Verification of the strength model in compression (for one ring
connector)

Compression tests were only made with one ring connector. Different parameters were
studied: 3 dimensions of ring connectors, thickness of timber members, effect of
imperfections of fabrication and effect of density within the same species.

For the analysis of the experimental data, the strength models given in STEP-C9 were
used:

— shear failure mode Rehear = f,- A
— embedding strength Rembedding = fi - de - he
with  fix = 20-A7%

faxk = 0,09 px

As = shear area outside of the core

By the test configuration no real shear failure of the material between the ring connector
and the steel plates (shear area outside of the core) is possible. See also footnote 15, on
page 37, from Blass et al (1997), were is written. ,, Der Versuchsaufbau der
Druckscherversuche lisst ein Abscheren des Vorholzes nicht zu. Der Faktor k. wird
deshalb zu 1 gesetzt. " therefore only the second equation is valid. To fix the factor kg3 to
1 makes no sense, since this still allows to calculate — a wrong — shear capacity!

Only the core will shear away, after a small displacement of only 2 to 3 mm. The strength
model for such a test configuration is given by the higher value of the ,,embedding® failure
mode as shown in figure 6.3,

Based on this, the analysis should be revised. In figure 6.4 (reproduction of Bild A3-93 in
the publication of Blass et al (1997) the dashed line represents the calculated shear capacity
based on the shear area outside the core; this line should now be omitted, since the test
method prevents this failure.

The results should therefore be covered by the full line which represents the embedding
resistance case. The calculation was made with an embedding strength of fy = 0,09 - p,
value also used for EC 5-1-1.
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Figure 6.4: Bild A3-93; Serie AG5SN; from Blass et al (1997}

As can be seen from figure 6.4 the embedding strength (represented by the full line) has
been overestimated by the formula of EC 5-1-1. It has to be noted here, that no allowance
has been given to the contribution of the bolt.

A better approach was obtained with the test results from the serie A94 N, however the
serie A128 N showed a clear overestimation.

6.3 Verification of the strength model in tension (for one ring
connector)

The tension tests (with one ring connector) were made mainly with the smallest possible
size A1-65. Only one serie was made with A1-95. The thicknesses of the members (center
member ty =75 mm, side members t; =45 mm) was maintained constant through all tests.

For the size A1-65 the end distance as; was varied from 1,5-d, upto 3 -d., for size
A1-95 the end distance was taken to 2 - d,. .

As discussed before (see chapter 3) the same strength models as for compression are used.
In case of tension the condition to consider the minimum value of both equations is
normally correct. Furthermore the value of embedding strength given by the second
equation is in any case too high.

The verification is to be done with the ,,shear capacity equation

agt i5
Rshear “Ej"" - 354
¢

The analysis of serie A65Z1 C is presented in figure 6.5. In this serie the end distance was
as; = 2,5 - d. ; therefore and according to the code proposal the load-carrying capacity in
tension will increase by 25 %! As can be seen from figure 6.5 (reproduction of Bild 4-14)
the strength mode overestimates the shear capacity by about 40 %. Instead of Rgpear =
1,25-35. dc"5 avalue of Ryppar=1,25-25 - dci‘5 seems {o be adequate.
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Figure 6.5: Bild 4-14 from Blass et al (1997)

The reason for such discrepancy has been found by the authors in the insufficient thickness
of the side members. They showed up that the till now used pratical rule ,.design the side
members only on pure tension in the net section, but for a 50 % higher force® gives unsafe
results. Through an unappropriate strength verification (without taking in account the
equilibrating effect of the bolt!) made on a side member of section 45/80 mm? for type Al-
05, it could be shown that the strength was overestimated by a factor of 2,592!

The verification was based on the german allowable load of 23 kN per pair of connectors.
The mean load-carrying capacity in the tests varied between 37,2 kN (serie A) and 57
kN(serie D). The dimension of the side member was in all 4 series the same. If
determinant, why the large increase? According to ,,genauerer Nachweis®, the end distance
has no effect on the verification of the section of the side member. The value of 57 kN
would give a mean ,,safety" value of about 2,5 regarding the allowable load of 23 kN,

7 Verification tests

7.1 Approach

Only a small number of tests should be made. Since the density of the timber may play an
important role, similar densities were used for center and side members. The dimensions
used for the timber members correspond to normal pratice in Switzerland. The tests would
be done only with | connector.

The idea behind these tests was to verify:
- difference in behaviour in tension and compression

- influence of test procedure in compression {direct support or adoption of a recess)

- contribution of bolt (central member with oversize hole of 25 mm for M 16 bolt).

I



7.2  Compression tests

The following configurations (see figure 7.1) were used. For each configuration 3
specimens were prepared. They differed only by density. The differences were small (less
than 10 %) and had a similar distribution for each configuration; therefore the middle
values could be directly used for comparison.
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Figure 7.1: Test configuration

They show a slight difference between configuration A and B, as well as between B and C
(see table 7-1).

ultimate load test configuration
(in kN) A B C
mean of 3 tests 138 132 130

Table 7 1: Test results in compression

It has to be noted that at a skip of 2 mm the cores sheared away; afterwards the support
conditions of the bolts change. For configuration C only a small action of the bolt is
possible, since the maximum load corresponds to a slip of 6 to 9 mm.

The small differences verified (about 5 %) between the three configurations are mainly due
to more favorable supporting conditions of A. The failure mode was always the same: the

core sheared away at a slip of 2 mm, followed by crushing of the timber before core.

A direct equilibrium of the compression forces is therefore possible (see figure 7.2). The
surrounding material has mainly stabilizing function. This can also be seen from the
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german tests of Blass et al (1997). Using central and side members of 3/4 of the normally
used, they found less than 10 % decrease in the load-carrying capacity.

with ¢/, < 08:ds _80 _gp
ho/2 13
only section from figure 5.1 it may be seen
d, - hg that the maximum
2 corresponding to crushing may

be attained

A B and C

Figure 7.2: Transition of force in compression

As long as for test configurations B and C the relationship #/e is large enough (about 6
to 7 for this species of wood) only the embedding strength model should be considered.

7.3 Tension tests

The tests were made with a splice joint or a double joint; when comparing with the
compression values, it has to be noted that in tension only the lower of two test values is
known. Timber elements had the same size as used in compression. Test results are given
in table 7-2.

ultimate load test configuration
(in kN) B C
mean of 3 tests 79,7 69,4

Table 7-2: Test results in tension

‘The reduction of more than 10 % for the configuration C is due partly to the smaller core
area and partly to the smaller net section (only of the center members),

The maximum load corresponds only to a slip of less than 2 mm. Different failure modes

were noticed: tension failures of center or of side members; splitting and shearing of side
members,
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5 Conclusions

The test results published by Blass et al {1997) can not sustain the proposal given in
Eurocode 5-1-1.

The load-displacement curves in tension and compression show the need for differentiation

(see figure 6.3):

- shear failure (corresponding to the first peak load) is about 15 % lower in tension than
in compression;

- in compression an increase can be found, as long as the embedding strength has not
been reached; this is the case for the smaller ring dimensions but no more for larger
ring connectors;

- in tension the first peak load corresponds normally to the ultimate load; only for large
end distances and small ring dimensions (d. about 60 to 80 mm) an increase could be
found.

In tension splices brittle fractures may be avoided by using:
- larger dimensions of the members (= low efficiency of the joint)
- enddistance 22,5 d. ; spacing 22,3-d;;

- the smallest connector size.

Actual proposal in Eurocode 5-1-1 leads for tension splices to unsafe design. Furthermore
no evidence could be found for the 25 % higher load-carrying capacity of a ring connector
in tension (for end distance 2,5 d.) compared to compression.
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Abstract

The construction of wide-span timber structures is strongly dependent on the effective
design of joints, which are usually fabricated from steel plates, bolts and dowels. Such
joints tend to be heavy, costly, prone to corrosion and vulnerable to fire with poor aesthetic
qualities. This paper investigates the potential for replacing steel fasteners with non-
metallic elements based on fibre-reinforced plastic pultrusions for the design of medium-
to large-scale timber structures. Techniques have been developed for calculating the load
bearing capacities of a range of non-metallic joints including stress analysis using finite
element methods. Non-metallic joints for wood composites have been manufactured using
friction-fitted, reinforced plastics in the form of dowels and plates. The reliability of these
techniques has been confirmed by full scale laboratory testing of components and jointed
structures under static and dynamic loads in double shear, bending, tension and moment-
resisting configurations.

Non-metallic fasteners and fittings for laminated veneer lumber (LVL) joints have been
found to embody significant advantages compared with standard steel fasteners. The
performance of glass-reinforced plastic (GRP), pultruded dowels and steel dowels have
been compared and finite element- (FE-) modelled in double shear. Failure loads for GRP
pultruded dowels are marginally higher than those for steel dowels and in the former case
damage occurs in the dowel and the LVL rather than in the LVL alone. Moment-resisting
joints based on friction-fitted, GRP dowels are capable of absorbing more energy than
joints secured by steel dowels and this ductility is a key outcome of the research. Eurocode
5 design equations for steel dowels have been modified for pultruded GRP dowels and the
concept of a cross breaking strength has been developed for design purposes. The paper
reviews the results of research funded by the UK Engineering and Physical Sciences
Research Council.

1. Introduction

Structural timber composite (STC) technology based on construction with LVL (laminated
veneer lumber) and glulam (glue-laminated timber) is being developed in the UK (Milner
and Bainbridge, 1997 and Bainbridge and Mettem, 1997). Timber buildings that are
constructed from these materials usually comprise individual, pre-fabricated members
which are delivered to site and connected with metal fasteners (such as nails and bolts) and
metal hardware (such as steel gusset and insert plates). These metal fasteners and hardware
are expensive in both design and manufacturing time (the work is often sub-contracted to
other companies) and can be difficult to fit accurately on site. Research reported in this
paper concerns the joining of LVL which comprises laminae of approximately 3-4mm in
thickness, pressed and bonded together to provide a STC material with very uniform
properties. The length of these LVL members is limited only by transport constraints.
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Following the introduction of Eurocode 5 (BSI, 1994) the timber construction industry
now has an improved chance to move toward the next century by embracing new
technologies and using innovative materials, The use of non-metallic joints offers a
lightweight and stable alternative to metal fasteners and hardware. Unlike bolted and
nailed joints, non-metallic joints are not degraded by corrosive atmospheres and their fire
resistance is good. Such joints can provide a lightweight and mass producible alternative to
traditional steel fastened designs. The connecting system is potentially cheap, easy to
handle and can be machined in woodworking factories and on site.

The aims of the research were to design, manufacture and test non-metallic, adhesiveless
joints suitable for medium- and large-scale timber structures and to develop techniques for
calculating the load bearing capacities of such joints in association with finite element
methods. Non-metallic joints in wood composite structures were to be manufactured using
reinforced plastics in the form of dowels and plates. The reliability of the proposed
techniques was to be confirmed by full-scale laboratory testing of components and jointed
structures. It will be shown that dowels made from pultruded composite materials perform
comparably, if not better, than steel dowels in the same situation.

2. Pultruded composites

Pultruded composite materials were selected as the principal material for investigation.
These materials offer all of the properties of other high quality, unidirectionally reinforced
composite materials such as high specific strength and stiffhess but possess the advantage
of mass production. The pultrusion technique is a closed mould technique for the
manufacture of fibre/matrix composites and is one of the few fully automated continuous
processes used in the reinforced plastics industry (Holloway, 1989). Pultrusion involves
incorporating fibres such as glass, aramid or carbon into a range of high performance
resins producing a continuous product. It is a process analogous to the extrusion of plastics
and non-ferrous metals in that the pultruded profile is shaped by the continuous passage of
the feedstock through a forming die (Eckold, 1994). In the case of pultrusion, the
reinforcing fibres themselves are used to pull the material through the die.

Glass fibre reinforcements in the form of unidirectional fibres or woven fibre mats are
drawn from spools into the pultrusion die via a ‘wet bath trough’. The bath ‘wets out” the
reinforcements with resin before they are drawn through a pultrusion die. Guide plates are
generally used in front of the die to pre-form the reinforcement to the desired shape.
Within the die, impregnation and consolidation occur as the resin around the
reinforcements reaches the curing temperature. The rate of throughput is adjusted so that
the curing of the material is essentially complete by the time the product emerges from the
die. Many profiles can be produced with varying fibre and resin combinations such as
phenolic resins that provide better stability at high temperatures which may occur for
example in fire hazard conditions.

3. Research strategy

The interaction between timber and pultruded fasteners was investigated in comparison
with timber and steel fasteners in a series of embedment tests (20 tests). The performance
of GRP pultrusions in double shear tests was also examined as a basis for three-
dimensional FE modelling exercises. Tests were conducted to establish the effect of scale
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and relative slenderness by varying the size of timber (42 tests) and the diameter of the
pultruded dowel (25 tests). The effect of the arrangement of multiple dowels on strength
and energy absorbing capabilities of double shear joints was established by varying the
number of rows and columns of dowels (75 tests), demonstrating markedly different
behaviour compared to similar arrangements of steel dowels. Following this stage of
experimental work the relevant sections of Eurocode 5 were re-examined in order to make
modifications to design equations reflecting the mechanical response of the new connector
material in double shear timber to timber joints.

Developmental joints were manufactured starting with in-line plate and dowel type joints.
Initial test results (32 tests) demonstrated that splitting of the LVL was a major
shortcoming of this joint type. Discussions with TRADA Technology and Gordon Cowley
of Cowley Structural Timberwork Ltd. led to the development of three-piece moment
resisting joints which are commonly used in column to rafter connections. The emphasis of
the final phase of the research was placed on the optimization of these full- scale moment
resisting joints (40 tests) in terms of placement and number of dowels in contrast with
steel-connected joints. The following sections explain how these objectives were achieved
and the technological advances made.

4. The basis for the design of non metallic joints

The major thrust of the research was to develop non-metallic, adhesiveless connections for
timber structures. A thorough review of the relevant timber engineering and composites
literature was undertaken which indicated that glass fibre reinforced plastic (GRP)
pultrusions in plate and rod form offered the most cost-effective and structurally sound
solution for achieving coherent connections as a promising replacement for steel. Other
materials such as carbon and Kevlar fibre-based composites possess excellent mechanical
properties but in this work were ruled out on the basis of expense. Hand lay-up methods
for forming composite elements were judged to be too time-consuming, imprecise and
costly.

Figure 1. Proposed plate and dowel joint types, (a) knee joint, (b) T-joint.

Kerto laminated veneer lumber (LVL) was selected as the substrate timber for all tests
because of its regular laminated structure and consistent mechanical properties. It was
important to assess variability in the performance of the joints rather than the variability of
the timber. Pultruded GRP was purchased from commercial suppliers. These pultruded
dowels were examined by optical and electron microscopy after sectioning and polishing
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and found to have a typical fibre volume fraction of 63%. It was envisaged that composite
joints based on existing steel connected configurations would be manufacturea using GRP
plates slotted into the LVL and secured by friction-fitted dowels in in-iine, knee and T-
piece configurations, eg. Figure 1.

5. Calculation of load bearing capacities in non-metallic joints

In the first instance it was necessary to understand the interaction between composite
dowels and LVL in simple double shear. A series of double shear tests were performed on
pultruded dowels to make a direct comparison with steel dowels, Drake et af (1996). Three
methods were used to characterise pultruded dowels, namely embedment tests, relative
slenderness tests and multiple dowel tests. Embedment tests were conducted using the
apparatus shown in Figure 2.

a b
(a) (b) VDT
L1 [l Instron
| 1195
| L Sample
A/D
Converter
Instron 4»——"‘/ Dowel
Controller
I |
Sample
Figure 2. (a) Instron test apparatus and (b) specimen set-up.

All of the tests were carried out on a NAMAS calibrated Instron 1195 machine with a
100kN load-cell. The testing jig was constructed according to CEN (1993) and can be seen
in more detail in Figure 2(b). Samples were made from Kerto LVL and dimensioned
according to test piece B in CEN (704mm x 96mm x 39mm thick). The dowels were made
from 16mm diameter rod and were driven through the sample centrally 112mm from the
end. Dowels (pultruded and steel) of greater than 8mm in diameter were hammered into
the joints using an interference type fit to improve initial load slip behaviour. Pultruded
dowels of 8mm and below were pressed into place to avoid impact damage caused by
hammering.

Samples manufactured with mild steel and pultruded FRP dowels were both loaded in two
patterns. Pattern 1 was a straight ramp to failure. Pattern 2 consisted of an initial ramp to
40% of the specimen failure load, followed by a hold of 30 seconds, then a drop to 10% of
the failure load, followed by another hold of 30 seconds and then a ramp to failure. Pattern
2. defined in CEN (1993), was used to establish the embedment characteristics of the
system and also to eliminate any initial load take up. Loads were applied using the Instron
1195 and recorded every 250 milliseconds using a Marandy MR1004 Analogue to Digital
converter. Sample deformation relative to the jig was measured using two LVDT
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transducers at each end of the sample, which in turn was recorded by the Marandy unit.
The data could then be processed using a PC.

5.1. Results for steel dowel in LVL, test pattern 1

Following initial compression of the LVL below the lower dowel the LVL cleaved
vertically along the central plane which in turn formed a central crack downwards below
the dowel. On studying the upper dowel, where the failure did not occur, crushing of the
wood was observed around the top of the dowel in a uniform manner through the thickness
of the sample. This suggested that the dowel did not flex extensively under loading (Figure
3). The peak forces reached for the four samples tested were 22.0kN, 21.5kN, 23.0kN and
22.5kN. The steel dowel appeared to be undamaged.
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Figure 3. Double shear test for steel dowel in LVL, test pattern 1.
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Figure 4. Double shear test for steel dowel in LVL, test pattern 2.
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5.2. Results for steel dowel in LVL, test pattern 2

The first dwell stage of the pattern 2 test was achieved without failure although there was
stress relaxation in the wood which was compensated for by adjusting the cross-head
position. Very little happened in the second dwell stage (Figure 4) and the final ramp of the
test culminated in a similar failure to the steel dowel in LVL, test pattern I, but at higher
load levels than before (24.8kN, 25.1kN, 25.4kN and 24.6kN).

5.3. Results for pultruded dowel in LVL, test pattern 1

In the case of the pultruded dowels, a similar pattern emerged to the steel dowel results,
Figure 5, but the dowel was mildly damaged which initiated a different failure mode in the
LVL. Instead of a centre crack forming, a central section of the L. VL, approximately 10mm
in width, was sheared out below the lower pultruded dowel. The LVL split longitudinally
below the dowel from the edge of the dowel hole. Again, when studying the upper dowel,
crushing of the wood was seen around the top of the dowel. This time however more
crushing was observed near the outside edges of the sample than in the middle, suggesting
that the dowel deformed under load. The peak forces reached were 24.5kN, 24.8kN,
24 1kN and 24.6kN.
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Figure 5. Double shear test for pultruded dowel in LVL, test pattern 1.

5.4. Results for pultruded dowel in LVL, test pattern 2

During the first three-quarters of the test (Figure 6) the pultruded dowel behaved similarly
to the steel dowels in test pattern 2. In the final stage, two out of four tests behaved
similarly to test pattern 1 (peak forces 25.8kN, 25.5kN) and the other two culminated in
dowel failure at the interface between the steel frame and the LVL sample (peak forces of
28.5 kN, 28.1kN).

%.5. Dowel characterization

In order to characterize pultruded GFRP dowels and to find a modified fastener failure
value for use in Burocode 5 design prediction equations, the strength of the 16mm diameter
dowels were tested in guillotine shear. The test apparatus consisted of the same test jig
described previously used together with a steel central member. The specimen was loaded
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to failure ensuring that the dowel was a tight fit in the hole through the test rig components.
The load/time curve was again captured using an analogue to digital converter.
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Figure 6. Double shear test for pultruded dowel in LVL, test pattern 2,

The dowels failed due to the large shearing force between the two outer members of the
test piece and the central member. The steel members embedded themselves into the outer
skin of the dowel causing resin failure followed by fibre shear failure. The average
guillotine shear load for the dowels under test was 103MPa.

The LVL failure modes for the steel and pultruded glass fibre reinforced plastic dowels are
different. In pattern 1, the steel dowels cause a large crack to propagate very quickly
through the material whereas the pultruded dowels cause a lot more localized crushing near
the edges of the sample. They subsequently fail by longitudinal-radial shear along ray cell
planes in the adjacent veneer layers causing the central section of wood above the dowel to
pull out.

For test pattern 1 the pultruded dowel samples failed at a higher load than the steel. This
may relate to the difference between the flexural stiffness of the two materials. Steel, being
stiffer, deflects less than the pultrusion. In what is essentially four point bend loading, the
steel hardly deforms causing uniform through-thickness crushing of the wood at the top of
the upper dowel and crack propagation from the bottom of the lower dowel. The pultruded
dowels, however, being more compliant than the steel tend to deform under load causing
localised crushing at the two outer edges of the LVL and pull out of the centre section.
This is confirmed by studying Figures 5 and 6. After the specimen fails and the load drops,
the dowel does not continue to pull out of the sample and increase displacement but it
returns to its original shape, decreasing displacement. This is not the case with the steel
dowel (Figures 3 and 4). The centre section pull out was perhaps caused by progressive
damage development in the lower pultruded dowel which reduced the rate of load transfer
via the LVI. The higher failure loads can be again attributed to the same phenomenon
where the pultruded dowel of similar strength to steel tended to deform more, crushing the

wood instead of cleaving it.
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This mode of dowel deformation also explains the central member failure of the pultruded
dowels in test pattern 2 at the wood/steel interface. When the pultruded dowel was studied
after this type of failure annular cracks (found at the wood/steel interface position) were
seen around the surface of the dowel. Smaller cracks were also seen running parallel to the
fibre direction on the surface of the dowel between these two annular cracks. The
appearance of the dowel suggests that failure of the joint occurred due to a partial shear
failure of the dowel at the wood/steel interface.

5.6. Adaption of Eurocode 5 equations for pultruded dowels

The results from the embedment tests indicate that GRP dowels fail by interlaminar shear
rather than the bulk plastic yield of steel dowels. So yield strength is not an applicable
failure condition for GRP dowels. Furthermore the peak failure loads for pultrusions and
steef are similar and the pultruded dowels are capable of absorbing significantly more
energy, resulting in a more ductile joint. Accordingly it was recognised that the current
failure prediction model in Burocode 5 would not be applicable to pultruded joints. The
dowel yield term in the following equation required modification.

. 3
M, =081, 4/

where M, = Characteristic yield moment of a bolt or dowel (Nmm)
fux = Mean value of the ultimate tensile and yield strength of the fastener (Nmm™)

d = Diameter of fastener (mm)

As the failure in the pultruded dowel is not a yield failure but a combination of yielding in
the dowel and shear failure between the fibres and matrix, the fx value in the previous
equation was replaced with the cross breaking strength, a term based on the guillotine
shear value of the material, so that the My expression became:

My,k = fc‘b,kd% .

When the failure mode predictions of this equation are compared with experimental work
conducted on the effect of differing dowel size, and hence relative slenderness, on joint
failure, the correlation is exceptionally good (Drake ef al, 1998).

6. Behaviour of muitiple pultruded dowels in double shear

o 0
ey I oo o [ RN ] o < °
1 2x1 I1x2 3xl 13 4xi Ix4 2x2

Figure 7. Dowel layout and notation for multiple pultruded dowels in double shear.
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The behaviour of multiple pultruded dowels in double shear has been examined with
respect to established research on group effects in multiple steel dowelled joints (Drake et
al, 1999). The geometry of the dowel configurations appear in Figure 7. The test pieces
comprised three elements identical to those in Figure 4, with the central element inverted,
and with dowels which were pressed into pre-drilled holes with a friction fit. Load was
applied to the central element in compression to impose double shear across the dowels.

Typical force versus displacement characteristics are summarised in Table 1.

Joint Number Peak force  Peak force  Peak shear Energy
type tested (kN) applied per  stress (MPa)  absorbed (J)
dowel (kN)
Ix1 10 6.93 (£0.4)  6.93 (x04) 3060 (x1.8)  115.0 (+2.8)
2x1 10 10.28 (£0.9) 5.14 (+0.4) 2270 (£2.0)  79.7 (+4.6)
3x1 10 15.76 (£2.0) 535(x03) 23.60(£1.4)  64.9 (£10.3)
4x1 10 2123 (£1.6) 531(+0.4) 23.50(x1.8) 267.7 (+35.1)
1x2 10 1238 (£1.0) 6.19(X£0.5) 2740(+2.1) 2408 (14.0)
%3 10 18.07 (£2.0) 6.02(+£0.7) 2660(£2.9) 3159(£9.9)
1x4 10 28.60 (£2.0) 7.15(+0.5) 3160 (+2.3)  541.0(£25.7)
2%2 5 26.10(£1.1) 6.53(+04) 2885(+2.0)  --——---

Table 1. Results of double shear tests on arrays of pultruded rods in LVL.

From this section of the research it was concluded that due to the superior ductility of
pultruded dowels in joints no Joad reduction factor is necessary when predicting joint
fatlure loads parallel to the grain for diameters of up to 12mm. For steel dowels above
6mm in diameter a load reduction factor is necessary. The reduced stiffness of the
pultruded, dowelled joint allows even load sharing between the dowels, reducing the
tendency for stresses to concentrate at the leading dowel.

7. Finite element modelling

During the course of the project, 3-D FE analysis was conducted to study the dowel/timber
interaction. Building from a simple 2-D (with thickness) model of a plate with a loaded
hole the analysis developed. A simple 3-D model with a loaded hole was considered next
and this model used the orthotropic properties of the timber. The next iteration consisted of
a 3-D model with a tightly fitted steel dowel ‘glued’ to the timber substrate material and
then remotely loaded in double shear. This version was then extended to feature an
orthotropic pultruded dowel Finally contact elements were introduced to model any
making or breaking of contact of the dowel with the timber substrate under load.

Results obtained from these models successfully predicted the failure modes of both steel
and pultruded dowels for different dowel diameters. Figure 8 simulates stress along the
grain of the LVL under load and corresponding stress levels within the deformed dowel.
Plots of Von Mises stress levels and shear strains (Figure 9) also successfully predicted the
areas of shear failure in the pultruded dowels that were observed experimentally. All FE
images represent only one quarter of the stressed joint for reasons of symmetry.



Figure 8. Longitudinal stresses at a double Figure 9. Elastic shear strain in a double
shear joint under {ensile load. shear joint under tensile foad

8. Manufacture of non-metallic joints

A wide variety of joint configurations were fabricated using simple joinery techniques and
combinations of puitruded plates and dowels. Joint geometries included in-line plate and
dowel type joints, single fap in-line and moment resisting joints, 3-piece moment resisting
joints and simple double shear dowelled joints. The LVL was machined using circular
saws, drill stands, milling machines and a home-built flitch-plate-slotter based on an
electric chainsaw mounted horizontally, Figure 10. With the chainsaw blade mounted on a
bed of variable height, different slot thicknessess could be achieved with the optimal
thickness being 8mm enabling the slot to accommodate two 4mm thick pultruded plates.

Pultruded dowels and plates were cut and machined using the same drill bits and machine
tools as for the LVL. This is an important point as this enables fabricators to manufacture
joints using familiar woodworking machinery and without sub-contracting work which 1s
often the case with steel connectors. In common with the nail plate industry it is essential
1o press dowels into timber, with suitable equipment, to avoid damage from hammering.

Figure 10. Chainsaw sfotting jig for LVL.  Figure 11. In-line plate and dowel joint in
four point bending.

9. Full-scale laboratory testing

Full-scale structural static tests were conducted on the two previously selected joint types,
(a) moment resisting ‘knee’ joints and (b) plate and dowel in-line joints. The latter joint
type was tested in both tension and bending. Testing using a 4pt bending rig (Figure 11)
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highlighted the problems associated with internal flitch plate type joints.

Sample type Mean force at failure, (kN) | Mean bending strength
(MPa)

Unjointed LVL 2928 448

Nail-plated ‘ 20.04 30.7

6mm pultruded plate and 8 | 12.32 18.9

dowels

gmm pultruded plate and 8 | 13.28 203

dowels

Table 2. Bending strength of non-bonded, in-line butt joints in LVL.

Table 2 compares results for pultruded joints with dowels of 6mm and 8mm in diameter
with the results of similar tests conducted on nail plated joints and also clear timber.
Pultruded GRP joints do not perform as well as nail plated joints and failure was caused by
splitting in the timber along the grain. Cutting a slot to install the pultruded flitch plate in
such a joint reduces the section thickness, which is undesirable. Unlike nail plates which
are able to constrain the faces of the LVL beam, dowel based joints are susceptible to
sphitting through the dowel centres which is common to failure in dowelled steel joints.
These plate and dowel joints achieved higher strength under tensile foading, where failure
occurred in a ductile manner in the pultruded rods with [ittle or no deformation or damage
caused to the GRP flitch plate.
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Figure 12, Instrumented moment resisting Figure 13. A comparison of B8mm
joint with ring of 8mm pultruded dowels, dowelled 3-piece moment resisting joints
using steel & pultruded dowels.

Following discussion with an industrial partner, emphasis was placed on constructing and
testing various configurations of structural sized, moment resisting ‘knee’ type joints
suitable for timber frames. These joints included dowel arrangements whose spacing were
within current standards and also those outside of current codes. Two different dowel sizes
were investigated and comparisons made with similar steel dowelled joints. Altogether
more than 40 joints were fabricated and tested. Each joint was instrumented using LVDT
transducers (Figure 12) in order to measure joint translations and rotations under load.
Again, as with all pultruded joints, moment resisting knee joints were found to be more
ductile and had similar failure strengths when compared to steel dowelled joints. A typical
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example of this can be found in Figure 13 where a steel and a pultruded dowel joint are
compared. Not only does the pultruded dowel joint achieve a superior failure load but
considerably more energy 1s absorbed up to the point of failure due to the inherent ductility
of the pultruded dowel/LLVL system.

10. Conclusions

The research programme has made a significant contribution to the advancement of better
construction techniques for timber buildings by developing jointing techniques based on
non-metallic connectors. Whilst these joints offer structural integrity, high aesthetic appeal,
ease of manufacture, and low weight, their key attributes are excellent ductility, low cost
(similar to steel per unit length) and commercial acceptability. The research has placed
these advances in a Eurocode S context (design modifications) and provided a foundation
for current EPSRC- and EU-funded research into novel joints based on bonded-in
pultruded GRP rods.
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Effect of Spacing and Edge Distance on the Axial
Strength of Glued-in Rods
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Lehrstuhl fiir Ingenieurholzbau

Universitit Karlsruhe (TH), Germany

1 Introduction

Glued-in rods have been used for several years in timber structures to transfer high forces
from one structural eclement to another. In addition they are used as a reinforcement
perpendicular to the grain in timber members. However, generally accepted design rules
for glued-in rods are still missing.

Since 1998, the European Union supports the research project GIROD, in which design
rufes for glued-in rods will be drafted for inclusion in Eurocode S. This research project is
divided into several working packages carried out by different European partners. The
University of Karlsruhe is responsible for working package 3 where the minimum spacing
and the minimum end and edge distances of glued-in rods are determined. An overview of
the project GIROD is given in annex A.

This paper presents test results with axially loaded rods glued in parallel to the grain in
oversized holes in glued laminated timber members and proposes minimum rod-to-edge
distances and rod spacing for timber members.

2 Experimental Investigations

2.1  Materials and Dimensions

In order to be able to compare the results with those of other working packages it was
agreed to use glued laminated timber made of lamellas of strength class C35. The moisture
content of the timber should be 12 %. The density and moisture content of the specimens
are summarised in table B1 in annex B. The threaded rods correspond to strength class 8.8
and are zinc-coated (galvanised) and not degreased. In most test specimens, the outer
diameter of the rods was 16 mm. Only some comparative tests were performed with rod
diameters of 12 mm and 20 mm. The threaded bars were glued-in in holes with a diameter
1 mm larger than the outer bar diameter. In most of the tests the adhesive was Casco PRF
(Phenolic Resorcinol). Additionally, some tests were performed to study the influence of
two different adhesives, Kleiberit Plastic-Mastic 573.8, a PUR (Polyurethane), and WEVQ
Speziatharz, an Epoxy.



The dimensions of the test specimens with two {(one) and three rods, respectively, are
shown in figures 1 and 2. Basic tests were performed with one rod in the centre of the
cross-section. The specimens with two rods were used to investigate the influence of the
edge distance. The requirement for the minimum edge distance was a remaining load-
carrying capacity close to the value of the centrally placed rods. The specimens of these
series had two rods glued-in in each end to avoid eccentric loading of the specimens. The
specimens with three rods af each end were used fo establish the minimum spacing also
without a significant decrease of the axial strength.

The timber length between the two rod ends was chosen as 1.4 times the glued-in length.
FMPA, Stutigart, [1] has performed FEM-calculations to determine the distance and
ascertain that if both ends of the two rods have a distance of 1.4 times the glued-in length,
there is only a negligible influence of the distance of the rod ends on the shear stresses of
the bond line. Furthermore it was agreed to use a lamella thickness of 42 mm and a cross-
section of 120 x 120 mm for the tests with one or two glued-in rods. The final dimensions
and design of the test specimens with three glued-in rods depend on the test results with
two rods because of the minimum edge distance. This was necessary to avoid the influence
of the edge distance because only the influence of the spacing between the rods should be
investigated here. The dimensions can be seen 1n figure 2 and table 2.
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Figure 1: Specimen for the tests to determine the minimum rod-to-edge distance with
a rod diameter of 16 mm
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Figure 2: Specimen for the tests to determine the minimum spacing

The loading arrangement consisted of a very stiff steel construction to avoid unequal
loading of the rods. As far as possible pinned supports were used for the individual rods. In
some cases the spacing did not allow pinned supports. The load was applied by a constant
displacement of the loading rigs. The load as well as the displacement were continuously
measured. Typical load-displacement curves are shown in figure B 1n annex B.



2.2

Table 1 and 2 show the testing programme including details of the individual test series.

Testing Programme

Table 1: Testing programme to determine the minimum rod-to-edge distance

Test Angle | Angle | Glued- Rod Hole Edge | Number | Adhesive | Number
series grain- { load-to- in diameter | diameter | distance] of rods of tests

to-rod rod length mm] mm] 1m] per
[°] [°] [mim] {mm [y a [mm specinien

Gl-1 0 0 320 16 7 24 2x2 PRF 5
Gl-2 0 0 320 16 17 32 2x2 PRF 5
GI-3 il 0 320 16 17 40 2x2 PREF 5
Gl-4 0 0 320 16 17 48 2x2 PRF 5
GI-5 0 0 320 16 17 60 2x1 PRF 5
GI-6 0 0 320 16 17 60 2% 1 PUR 3
G17 0 0 320 16 17 60 2x1 Epoxy 3
GI-8 0 0 400 20 22 60 2%l PRF 5
GI-9 0 0 240 i2 13 60 2x1 PRF 5
Table 2: Testing programme to determine the minimum rod spacing

Test Angle | Angle | Glued- Rod Hole Rod-to- | Number | Adhesive | Number
series | grain- | load-to- in diameter | diameter rod of rods of tests

to-rod rod length [mm] [mm] | distance per
(°] {°] {mum] a [mm] | specimen

GI3-1 0 0 320 16 17 32 2x3 PRF 5
GI3-2 0 0 320 16 17 40 2x3 PRF 5
GI3-3 0 0 320 16 17 48 2x3 PRF 5
GI3-4 0 0 320 16 17 60 2x3 PRF 3
2.3 Test Results

First, the results of the tests to determine the minimum rod-to-edge distance will be
described. Afterwards the remaining results of the tests to study the influence of the rod
spacing will be presented. Finally, these apparently different test series will be combined,
Table 3 and figure 3 show the evaluated results of the tests to determine the minimum edge
distance.




Table 3: Test results for the minimum rod-to-edge distance

Test Mean shear Coefficient of Edge Adhesive Rod
series | strength in bond variation distance diameter
line [%] fmm] [mm]
{N/mm?]
GI-1 4.66 322 24 PRF 16
Gl-2 4.92 12.60 32 PRF 16
GI-3 5.13 2.88 40 PRF 16
GI-4 4.79 7.50 48 PRF 16
GI-5 5.46 6.56 60 PRF 16
GI-6 4.10 - 60 PUR 16
GI-7 4.59 - 60 Epoxy 16
GI-8 3.54 26.63 60 PRF 20
GI-9 5.26 1.48 60 PRF 12
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Figure 3: Mean shear strength versus rod-to-edge distance
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The mean shear strength shown in figure 3 is defined as the failure load divided by the
surface of a cylinder with a height equal to the glued-in length and a diameter equal to the
outer diameter of the rod.

Figure 3 shows a slight increase of the mean shear strength with increasing edge distance.
Even the tests with the smallest edge distance (24 mm = 1.5 d) showed a remarkable mean



shear strength in the bond line. The failure which occurred in most tests is splitting of the
wood along the rod. Only the test specimens with one rod in the centre of the cross-section
failed by pulling out of the rod caused by reaching the shear strength of the timber. A
photograph of a failed specimen is shown in figure B2 in annex B.

Table 4 and figure 4 show the results of the tests to determine the minimum rod spacing.

Tabie 4: Test results for the minimum rod-to-rod distance
Test Mean shear Coefficient of | Red-to-red | Adhesive Rod
series | strength in bond variation distance diameter
line [%o} fmm] {mm]
|IN/mm?)
G131 4.24 14.48 32 PRF 16
GI3-2 4.28 6.53 40 PRF 16
GI3.3 4.87 4,79 48 PRF 16
GI3-4 5.20 - 60 PRF 16
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Figure 4: Mean shear strength versus rod-to-rod distance

The edge distance of the rods was 40 mm, or 2.5 times the rod diameter. Because of the
very stiff test set-up a uniform load distribution between the three rods is assumed. Figure
4 shows that similar to the previous tests the load-carrying capacity increases with the rod-
to-rod distance. For comparison the test results with one rod in the centre of the cross-
section are shown in the diagram. The expected failure mode, namely splitting off the
timber, occurred. A photograph of a failed specimen is shown in figure B3 in annex B.

Figure 5 shows the influence of different adhesives and of different rod diameters.
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Figure 5: Mean shear strength for different adhesives and different rod diameters

The influence of the type of adhesive on the mean shear strength is significant. The
specimens with PUR showed the lowest load-carrying capacity. The load-carrying
capacities of the Epoxy bonded rods were slightly higher while the tests with PRF {an
prototype glue) resulted in the largest strength values.

The comparative tests with different rod diameters using PRF showed a decrease of the
mean shear strength and a larger variation for rods with a diameter of 20 mm although the
glued-in length was always 20 times the rod diameter. The reason for this decrease is the
different bond line thickness. The test specimens for the rod diameter of 20 mm were
drilled with a diameter of 22 mm, while the specimens for the rod diameters of 12 mm and
16 mm had hole diameters of 13 and 17 mm, respectively. Therefore, the glue line for the
20 mm rods was thicker and caused the decrease of the load-carrying capacity.

Combining all tests where PRF was used, those to determine the minimum edge distance
as well as those to establish the minimum rod spacing, leads to the diagram presented in
figure 6. The distance a on the abscissa is defined as follows: for the tests to determine the
the minimum edge distance, the distance « is the minimum of either half of the spacing or
the edge distance. For the tests to establish the minimum rod spacing the distance a is
defined as the rod spacing. A linear regression analysis leads to the following relation
between mean shear strength and distance a [mm] to rod diameter d [mm] for a rod
diameter of 16 mm:

r=0.7-§+3.7 [N/mm?]. 0

with R*=0.3003
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Figure 7: Mean shear strength versus distance a to rod diameter d

The horizontal straight line represents the mean value of the comparative tests with one
rod in the centre of the cross-section. The point of intersection is situated close to a
distance of 40 mm, or 2.5 times of the rod diamecter. Consequently, a spacing of 80 mm or
an edge distance of 40 mm does not cause a decrease of the load-carrying capacity
compared to single rods with a diameter of 16 mm.

Additionally, a multiple linear regression was performed taking the density of the timber
into account. The influence of the density was found to be not significant. However, only
timber made of laminations of strength class C35 with a characteristic density of 400
kg/m® was used in the tests. In order to verify the weak influence of the density, more
strength classes with different characteristic densities should be included in the study.

8



3 Conclusion

When using glued-in rods in timber structures it is suggested to use spacings of 5 times
and edge distances of 2.5 times the rod diameter. Otherwise, a decrease in load-carrying
capacity, e.g. according to equation (1) should be taken into account. It is recommended
not to use edge distances below two times the rod diameter because of inevitable
inaccuracies when drilling the holes for glued-m rods.
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Annex A
Overview of GIROD
Objectives

The objective of this project is {o provide the information required to prepare standards
that will allow an increased, more advanced and more reliable use of glued-in rods in
timber structures. The steps involved in reaching this objective are:

].Perform theoretical and experimental work leading to a calculation model for axially
foaded glued-in rods based on the adhesive bond properties as well as the wood and rod
material properties. This must take into account the effect of varying climatic and loading
conditions as well as fatigue. This step will give information required by CEN.TC250/SCS
in the preparation of Eurocode 5 - Design of Timber Structures.

2.Develop test methods for the evaluation of adhesives for glued-in rods with respect to
strength, durability, creep and creep rupture behaviour under different climatic conditions.
This will support the work of CEN.TC193/SC1 (Wood adhesives).

3. Derive test methods for the production control of structural glued-in rod connections.
This wiil support the work of CEN.TC124/WG6 (Glued-in rods in timber structures).

Elfect of rod spacing and end and edpe
distances. Under what conditions is the
caleutation moded vatidg?

1. Development of ealeulation maodel

o Theoretical model based on non-linear
{racture mechanics

e Testing of adhesive bond properties ;

e Verification of the model by testing of §
{uil sized glued-in rods

Effect of varylag temperature and

nmoisture conditions,

. Caleulation and testing of the offect
of moisture conditions

— . Duration of load tests on fuil sized
glued-in rods
To what extent are comections of the
calewlation model neeessary?

Effect of fatigue. I whit
sitvations does i bave to be
considered?

Drafting design rules
for Eurocade §

3, Development of production
control test methods

Proof-loading method

o Destructive test

2. Bevelopment of test methods
for assessiment of adhesives

+  Durability of adhesives

e Creep and creep rupture
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Annex B

Table Bl:  Mean values of density and moisture content

Density | Moisture

{kg/m?®] | Content
[%o]
GI-1 466 1.9
GI-2 470 1.8
GI-3 432 i3
GI-4 501 11.1
GI-5 508 12.0
Gl-6 452 11.4
GI-7 472 10.4
GI-8 437 12.0
G1-9 445 11.6
Gl1-31 438 13.2
GI-32 447 13.3
GI-33 476 11.9
GI-34 475 12.9

100

Load [kN ]

Displacement [mm]

Figure B1:  Load-displacement curves for different edge distances
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Figure B2:  Failed specimen with a spacing of 3.75 times the rod diameter
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Abstract

Well designed and executed adhesive bonded structural connections can be extremely efficient and
may possess many desirable attributes in terms of manufacture, performance, aesthetics and cost. The use of
bonded-in rods is an important feature of many of the methods for achieving connections using adhesives,

Bonded-in rods are now being used in several European countries, but the performance requirements
and the design rules differ, which is a series obstacle to trade. A standard on design of timber (Eurocode 5 -
Design of timber structures - Part 2: Bridges) has been drafied by CEN.TC250/SC5 and contains an
informative Annex on the subject. There is also a 3-year European project in progress at the time of writing
titled “GIROD - Glued In Rods For Timber Structures” [1], and performed through collaborative activities
between partners from UK, Germany and Sweden.

This paper presents findings from studies initiated prior to the GIROD project, which focus specifically
upon the influence of geometric and material variations upon strengths and modes of failure. Innovative
routes explored include thick glue lines, use of various epoxy and acrylic adhesives, surface prepared ferro-
reinforcement rods and FRP composite rods. These have been based upon experimentation through physical
test and numerical modelling, within the context of developing information of value in aiming to derive and
validate limit states design procedures,

Definition Of Symbols

X4 Material design property vy Partial coefficient for material properties

Xy Material characteristic property v Component partial coefficients

L, Anchorage length (bond length) ) Normal stress

Ay Effective area of rod T Shear stress

1.4 Mean bondline thickness by Ratio L, @ dyoq

d oq Nominal rod diameter P Pensity of timber

d pote Hole diameter X,  Adhesive property or factor

FRP  Fibre reinforced plastic Xepp  Fibre reinforced plastic property or factor
GFRP  (lass - FRP f, Yield strength
CFRP  Carbon - FRP f,  Yltimate strength

E Young's modulus of elasticity

1. Introduction

Structural adhesives can be used to achieve efficient connections between timber components.
Examples of direct timber to timber bonds can be observed in laminated timber products and finger joints.
Further applications of structural adhesives in connections can be derived through bonding other materials to
timber members, in the form of rods or plates. The effectiveness of such connections depends on the
adequacy of the bond: if this bond is sufficient, then the strength of the joint is determined by either the
strength of the host timber or the components used to achieve the connection.

Pultruded Fibre Reinforced Plastic (FRP) materials have potential application as a replacement
material for steel in timber joints. This has been the subject of studies in a number of specific structural
applications, for example the reinforcement of complete structural members [2], Jocalised reinforcement [3]
and strengthening of existing structures [4]. They have many advantages over steel such as higher specific
stiffness and strength and they are easier to machine.

Pre-fabricated connection systems offer several potential advantages over traditional connection
methods as control over quality of manufacture can be turned to advantage in terms of both the appearance
and the strength of the finished item. Modern connection systems for moment resistant timber structures
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which are manufactured under close supervision and with good contro} of quality have all the attributes of
visual appeal, ease of assembly, safety and reliability,

There is a wide range of connection types within timber frame structures. From a recent review of structural
timber connection systems [5], five generic types of modern concealed connection have been identified:
s(Concealed bonded-in rods sConcealed bonded-in plates;

eAdhesive bonded surface contact joints sTimber connectors within lapped joints;

#Dowel type joints.

Some of these systems are believed to have potential application with fibre reinforced polymeric
components. For example, the use of FRP bars and plates, both bonded-in and acting in dowel type joints
[6,7]. This paper describes work focussed upon performance of FRP in instances where rods are bonded-in to
timber and act through development of axia} resistance in their longitudinal axis.

Adhesive bonded rods have potential use in both new-build and repair situations in timber structures.
Figure | shows some of the possible configurations for new-build connections and Figure 2 shows an end
repait made with bonded-in rods to connect into the “parent timber” plus a new end comprising permanent

timber shuttering surrounding an epoxy resin grout core, the latter containing the continuation of the bonded-
in reinforcing steel bars.
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Figure I Examples of new build connections Figure 2 Example of a bonded-in rod repair detail

employing bonded-in rods

2. Adhesive Bonding

2.1 General Issues

Adhesive bonding techniques for timber are being supported by other structural bonding initiatives
which have recently taken place in the UK [8] and elsewhere in Europe.

Common advantages achieved through using adhesive based methods instead of traditional
mechanical connection methods include:
» Potential for satisfactory transfer of high localised forces
¥ Very stiff connections can be achieved
» Good fire properties are normally achieved, since bonded-in components are generally protected by the

wood surrounding them, which will protect through charring in the case of fire.

Achievement of sufficient adhesion to a smooth surfaced component requires controtled surface
preparation. Whilst this is amenable to pre-fabrication in workshop conditions, some degree of on-site
bonding might be required in some projects. Therefore, unless surface preparation can realistically be relied

upon, threaded, deformed or heavily textured components are preferred, in order to obtain a mechanicat bond
between the rod and the adhesive.

22 Structural Performance Considerations

Proper design, correct material specifications and good preparation and site practices, are all
essential in ensuring good quality adhesive bonded repairs.  Of course, these aspects are vital for the
successful execution of all connection techniques, but specifiers always fear, possibly somewhat irrationally,
that adhesive bonding may be more prone than others to bad practice or that the consequences of failure may
be more severe. The retention of skilled and approved specialist contractors is essential as one of the means
of ensuring reliability.

It is & common misapprehension that adhesively bonded repairs are likely to have virtually no
structural fire resistance. However, fire resistance tests on certain epoxy adhesive bonded repair systems

2



CIB-WI18 Meeting Thirty-Two
23-25 August 1999, Graz, Ausiria

undertaken by TRADA Technology have shown that with certain protective details, these are capabie of
providing more than 60 minutes of fire resistance [9].

It is essential that corrosion of bonded-in components is prevented. The risks of the bond between
steel and wood being destroyed by expansion of rust have been identified [10). Steel rods and plates must
therefore be protected against corrosion, for example through galvanising or sheradising. If the components
are completely concealed in a bonded connection, some adhesives, for example epoxy, also give good
protection against corrosion, but this relies upon absolute encasement of the componerit,

It is indicated that shrinkage and swelling due to changing moisture content may cause considerable
shear stress in the bond between rod and wood. Bonded-in components should therefore be used with caution
in service class three, and consideration be given to the interaction of the different materials in the target
service environment, The long-term performance of adhesively bonded rods connected into structural timbers
is therefore an area still under investigation,

3. Material Combinations

A bonded-in rod connection consists of three material components:
¥ The adhesive
»  The rod - most commonly steel, potentially FRP
»  The host member - timber or timber based composite

31 Adhesives

An overview of common structural wood adhesives and their use in timber products and structures
can be found in STEP lecture A12 {11} and TRADA Wood Information Sheet 2/3-35 [12]. Further
information is aiso available in non-timber specific publications such as the Structural Adhesives Guide
produced by The Institution of Structural Engineers[8],

Bonded-in rods are normally fitted into oversized holes or slots, therefore the adhesive system used
must have gap filling properties - i.¢. it must retain a high proportion of its strength and stiffiress when placed
in ‘'thick' bond lines, of Imm or more. The most common types of adhesives, include epoxy (EP),
polyurethane (PUR) and phenol-resorcinol (PRF) based systems. Within these broad classifications, many
different adhesives are available, the exact properties and performance of which are subject to variation
between brands and products (as demonstrated later in this paper). Therefore, technical literature applicable
to the actual adhesive formulation intended for use should be consulted at an early stage.

Whilst the strength of the connection depends on the strength and durability of the bond line, the
final choice of adhesive formulation may also be influenced by the practicalities involved in the process of
achieving the required bond, including surface preparation, quality control requirements, following
manufacturers' guidance, the adhesive curing period and environment and the time requirement prior to
subjecting the bond to significant load.

The performance of adhesives in these systems is achieved through:
adhesion to the timber at the timber/adhesive interface
mechanical resistance developed within the thickness of the adhesive layer
adhesion to the connection components at the adhesive/component interface
friction and mechanical interlock at the adhesive/component interface

The balance of reliance upon the adhesion to bars or plates and the mechanical interlock developed
will reflect the surface texture of components (e.g. smoath or threaded rods) and will determine the surface
preparation requirements to achieve sufficient reliability in the adhesion achieved.

Y V¥V YWY

3.2 Rods
3.2.1  Steel

Steel is clearly the most attractive of the metallic alloys, since it is widely available in a range of
grades and stock sizes, with well established surface preparations and alloying methods that can be employed
to combat potential corrosion problems.

Bonding preparations for metals is also supported by established knowledge concerning the
effectiveness of surface treatments of varying complexity and sophistication. To date it has generally been
considered that the requirements of adhesives in these cases are to provide anchorage to the rod or plate
through combined adhesion and mechanical interlock. This is commonly taken to the extent that the pressures
of economy of production process versus the low cost of materials has led to negation of specification of high
levels of surface preparation and high reliance upon mechanical interlock.
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222 Fibre Reinforced Polymiers (FRPs)

Fibre Reinforced Polymers consist of strong fibrous materials, commonly glass, carbon or aramid,
fixed in & polymeric matrix, commonly an unsaturated polyester resin, epoxy resin or vinyl ester, to achieve a
stable form of composite end product, with the strength properties dictated by the behaviour of the fibres.

The properties achievable are a function of the fibre type, fibre content, orientation of fibres with
respect to load and the material substructure achieved through manufacture. Guidance in this respect can be
drawn from the EUROCOMP design handbook [13] and from the actual properties of specific FRP
components, as provided by material suppliers and manufacturers.

The required rod form of product leads most readily o the pultrusion process of manufacture,
whereby fibres are drawn through a resin bath and a forming die to produce a uniform profiled component.

Whilst these materials facilitate durable, lightweight structural solutions and provide for exacting
material specifications, there are important fundamental differences between their structural behaviour and
that of steel. These types of composite behave in a linear elastic fashion up to a sudden, brittle failure in
tension. They do not therefore exhibit the type of yield behaviour that defines a critical failure mode in design
equations for stee! dowels and metallic bonded-in rods.

It is however possible to employ such materials, as in the case in reinforced concrete, where GFRP
pultrusions are seeing increased use as an alternative to steel reinforcing bars. This relies upon appropriate
derivation of the design capacity for the components, which in simple terms wiil be returned as a significantly
reduced value of the ultimate capacity,

Whilst it is commen for many pultruded FRP composites 1o have a smooth surface contaminated
with die release agents, it is possible to achieve satisfactory adhesion with fairly rudimentary surface
preparation. Deformed, roughened-textured and threaded FRP profifes are also available, offering
considerable potential for advances in timber repair technology. Specially prepared, peel-ply surfaces are
offered with some products, to provide ready-prepared bondable textures. These are used in highly safety
critical repair situations, including bonded CFRP pultrusions for concrete highway bridges.

FRP materials are sensitive to temperature, but in a different way to steel. Significant creep will
occur if the service temperature is close to the resin second order glass transition temperature. This is related
to the heat distortion temperature. The heat distortion temperature is the temperature at which a standard
beam under controlled heating conditions reaches a prescribed deflection. The glass transition temperature is
the approximate midpeint of the temperature range over which glass transition takes place, below which the
polymer fails in a brittte manner and above which it behaves as a rubbery solid.

3.3 Timber / Timber Composite Host Material

The host material may be either structural softwood, structural hardwood or a structural timber
composite product.

As is the case with most structural applications, the moisture content will be critical in the
connection. This is of particular note at the time of bonding since moisture in the host members can affect the
bonding process, for exampte with PUR adhesives, excess moisture can lead to the production of CO, gas
which forms bubbles and hence weak points within the bond.

4. Design Considerations

Bonded-in rods are now being used in several European countries, but the performance requirements
and the design rules differ. A standard on design of timber bridges has been drafted [16] and contains an
informative Annex on the subject. There is also a 3-year European project in progress at the time of writing
titled "GIROD - Glued in Rods For Timber Structures” [1] performed through collaborative activities
between partners from UK, Germany and Sweden,

The load-carrying capacity of connections made with bonded-in components should be verified for
the foliowing failure modes:

Failure of the rod

Failure of the adhesive bond, at either interface or within the bond line itself

Localised faiture of the timber adjacent to the adhesive interface

General failure of the host timber member (e.g. pull-out failure of a whole timber block with several
bonded-in rods).

The consequences of the critical failure mode should be recognised. For example, in the case of
axially loaded steel rods, if the load-carrying capacity is limited by the yield strength of the rod, then
abnormal loading events will most likely result in plastic deformation of the joint, rarely causing damage to a
degree whereby structural safety is challenged.

YV WY
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In addition to the universal effects that influence conpection performance, such as duration of load
and service class effects, bonded-in rods respond with marked differences compared with groups of dowel-
type fasteners subject to actions induced axially and laterally. Factars influencing the behaviour of axially
loaded rods include:

»  The strength of rods loaded in tension and compression

»  The difference in stiffness between the rod, the bond and surrounding timber, which in combination with
geometric factors influence the stress distributions

% The strength of the local timber

»  The orientation of the rod axis with respect to the timber grain,

> Stability problems, which may become significant in rods subject to axial compression.

Actual code-checking procedures for the load-carrying capacity of lateraily loaded rods are expected
to be broadly analogous to those for dowel type joints. The designer will determine the critical failure mode
achieved as a function of geometry, shear resistance of the rod, internal moment capacity of the rod and the
embedding strength of the local timber (a function of density).

A point to note is that by bonding in the rods, an almost infinite coefficient of friction is obtained
between the steel and wood surfaces, hence modes of deformation that require slippage along the length of the
rod are negated. For rods perpendicular to the grain direction, it has been shown [143 that this leads to a
considerable increase of both the embedding strength and the stiffness, compared with unbonded dowel-type
fasteners,

Here a principal issue comes to bear, in that steel exhibits yield behaviour, whereas FRPs do not.
Therefore the fundamental basis for definition of preferred failure type must be revisited.

If the design of a steel rod connection is based upon yield capacity, then exceeding the capacity will
not lead o sudden collapse, but generaily an SLS limit will be breached through plastic deformation of the
red. This philosophy is employed widely in reinforced concrete design where ‘under-reinforcement' is
targeted to avoid compression failure in concrete. Aithough FRPs do not exhibit plastic deformation in this
way, they have been used in reinforced concrete where this has been dealt with by applying a substantial
reduction factor to the ultimate capacity to derive a conservative capacity rating.

There is also an argument that this does not exploit the full potential of the timber structure and that
an ideal would be achieved if the jointed structure capacity was closer to that of an unjointed equivalent.
This infers that the controlling parameter should be the timber capacity and hence independent of rod
behaviour.

Items within the knowledge base currently lacking in the proposed design methods inctude:

1. The relative effectiveness of different adhesives in these particular applications
2. The relative effectiveness of different bond thicknesses in these particular applications
3. A basis for treatment of rods other than steel

With regard to points 1 and 2, it should be noted that significantly different adhesive systems are
being explored in innovative bonded-in rod technologies, compared with those traditionally accepted in
timber engineering for applications such as laminating and diaphragm component manufacture,

In an effort to develop proposals for suitable content in respect of these three items, the following
sections outline current research and development activities. The scope of the research covers the use of
axially loaded rods bonded into oversized holes in timber using structural adhesives with recognised gap
filling properties. Of the general adhesive types that could be considered and the number of commercial
products available within these groups, practicalities of test resources focussed attention on those systems
agreed to have highest potential on the basis of previous tests experience,

The principal aims of the research are to develop efficient, concealed, connections for timber
structures using bonded-in rods; to apply adhesives and polymer composites technology in an engineering
context and to disseminate guidance on the appropriate use of new materials and proposed design methods.

5. Potential Adhesive Types

Work involved with characterising the performance of different potential adhesives has been based
on small scale pull out tests. The pull out tests were on single-ended samples as illustrated in Figure 3. In
these samples, GFRP rods were bonded into blocks of LVL using different brands of epoxy and acrylic
adhesive. Although this does not comprise the fullest range of possible adhesives, the sample group allowed
for comparison across brands within the epoxy group (probably the most commercially important for this
application), together with cross reference to two brands of a different adhesive type. An average bondline
thickness of 2mm was employed in the tests ( i.e. dyge = dya + 4mm). The rods were loaded in tension at a rate
of 0.5mm/min unti! failure,
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A summary of the resuits of the pull out test trials is also shown in Figure 3. These clearly
demonstrate that the eflectiveness of commercial brands within an adhesive group can vary for this
application, and that there differences are also apparent between the acrylic and epoxy resin groups, the latter
developing higher resistance in the test samples. This underlines the importance for close specification and
the need for readily applicable data for use in design, since a design specifying 'Epoxy' adhesive may, on the
evidence of these tests, draw upon data from a higher performance adhesive, and yet be executed with a
product with only around 70% of that components strength.
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Figure 3. Single- ended pull out sample, and effect on strength through varying the adhesive fype in tesits

6. Variation of Strength with Bondline Thickness

An experimental programme was conducted upon axially loaded rods with varying thicknesses of
bondline. Steel rods were bonded into LVL, using a two-part ambient-temperature cured Epoxy adhesive. The
steel in this case was concrete reinforcement bar stock of 10mm diameter, gritblasted prior to bonding. The
host LVL blocks measured 60 x 60 x 60mm with holes drilled perpendicular to grain through the specimen.
Imm, 3mm and 6mm bondline thicknesses were investigated, with all specimens being cured for 7 days prior
to testing. Tests were conducted at 2mm/min with an Instron Tensite Testing Machine using a cage fixture.
The test results of this investigation are summarised in Figure 4, in terms of the failure load and calculated
mean shear stresses at failure at the interfaces through the bonded joint.

Failure of the pull-out specimens was always within the timber close to the adhesive/timber interface.
The increase in failure load demonstrates the enhancements achievable with this material and geometry
combination in enlargement of the hole and hence the bondline thickness. Since the rod is of a constant
diameter across the test set, the rod/adhesive interface shear stress at failure follows the same trend as that
observed in the ultimate load, whereas the timber/adhesive shear is reduced across the set due to the relation
of stress to the bond area (m dy,, L.). Thus it can be seen that the limiting parameter (the strength at
timber/adhesive interface) is fairly consistent across the set (6.4 - 7.6 N/mm®} whereas the adhesive/rod
interface develops far higher shear stresses and increases across the set without becoming critical. Thus the
adhesive retains full integrity and the overall capacity is limited by the timber substrate.

A simplified Finite Element Analysis was alse performed to mirror the experimental investigation. A
2-D plane stress model using symmetry about the centre line of the rod was constructed , using COSMOS
FEM. Boundary conditions were applied to represent the cage fixture employed in the tests. The LV was
modelled as isotropic with a Young’s modulus (E) of 10 kN/mm’. The adhesive was given an E of 7
kN/mm?® and the steel 210 kN/mm®. The analysis was linear-elastic only. The influences of bondline
thickness on peel (normal) and shear stresses along embedment length as identified from the model are
iliustrated in Figure 5.

The FE model results indicate a further potential benefit threugh increased bond line thickness,
namely the reduction of magnitude of peak stresses for a given load. This may be of particular importance for
cases where the adhesive/timber interface is not critical.

These observations would tend to suggest that a thicker bond line will be beneficial. This is
reassuring, especially in in-situ repair situations, where because of inaccuracy in the parent materials, long,
tight holes are difficult to achieve. However, there are further considerations to be borne in mind. A larger
hole wili increase machining and require greater volumes of resin, Within larger holes, there is also more
scope for the rods to bond out of alignment or in the case of multiple rods out of required spacing tolerance,
and so cxira care is required.

The adhesive type will also be of importance (the above tests were all based on an epoxy), since the
brittleness of adhesives is known to vary between types and indeed brands, and can have an effect upon

6
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bonded-rod performance. Furthermore, some adhesives (e.g. filled PRFs) suffer shrinkage upon curing, which
has the potential to affect bond integrity at the interfaces. Thus a thicker bond line will result in greater
shrinkage potential, thus the geometric stability of the adhesive requires cansideration.
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7. Effect Of Designing With FRP instead Of Steel Rods

The design implications of replacing steel rods with FRP rods can be seen to operate on two levels.
First, the commeniy available sections and material specifications differ between manufacturers of FRP
composites, hence direct replacement may not always be possible, The second and more fundamental
difference is in the codified treatment to reach a design capacity for a bonded-rod,

7.1 Commonty Available Rod Stocks

Theoreticaliy, this variable can be modified to any desired value, but within a real application
context there are commonly available stock sizes at defined diameters,

Since in the case of axial loading, the geometric effect is related to the cross section area resisting
applied action, it is further necessary to consider the effective area of the available rods. In the case of
threaded rods, this has been approached in steel construction through defined effective area, or the stress area
at the root of the thread, as given in Table 1.

150 Metric Rod M5 Mo ME MU0 | MI2 | MI6 | M20 | M22 | M24 | M27 | M30 | M33 M36

Nominal Area, 19.6 | 283 | 303 | 785 | 113 | 20t | 314 | 380 | 452 | 572 1 706 | 835 | 1018
A (mm9)
Effective Areaat | 142 | 2001 | 36,6 | 380 | 84.3 1 157 | 245 | 303 | 3353 | 459 | 561 | 694 | 817
Root of Thread .
Aer (mmz)
* = non-preferred sizes
Table I Effective areas of steel threaded rods

Pultruded FRP rods are generally available in the range 3 - 20mm. (4,6,8,12,16) The practicalities
of the pultrusion manufacturing process mean that 20mm is an approximate limit, above which manufacture
becomes more complex, The FRPs considered are pultrusions which will tend to have a smooth or only
mildly textured surface, relying upon actual adhesion and less on mechanical interlock of rigid adhesive and
bar. Here the effective section will principally be determined by the fibre volume fraction aligned with the
direction of force,

Steel rod stocks comprise a range of steels with different mechanical properties, which are
commonty available in the 1SO grades. The steel grade is translatable to approximate descriptions of the
strength parameters, the first number being the value of the minimum uitimate tensile strength in kgf/mm?
divided by 10, and the second figure being one tenth of the ratio between minimum yield stress and the
minimum tensite strength, expressed as a percentage, described in Table 2.

GRADE 4.6 5.6 6.6 8.8 10.9 12.9 14.9

min ultimate tensile strength 392 490 588 785 G981 1177 1373
£ s (N/mm?)

min tensile yield strength 235 264 353 628 883 1039 1236
fox (N/mm?)

Table 2 Steel rod materiaf strength

The properties of FRPs can vary massively, depending upon the precise composition and
manufacture, but by way of illustration, the characteristic properties of a pultruded composite, containing a
volume fraction of 63% E-glass in a polyester matrix is given in Table 3.

Property Symbol Characteristic Value
Longitudinal Tensile Strength Oy 1k 690
Longitudinal Tensile Modulus Eo 41
Longitudinal Compressive Strength Oy ok 414
In-plane Shear Strength Toik 38
Longitudinal Failure Strain - 2.0%

Table 3 Characreristic material properties for a typical pultruded FRP (EURQCOMP Datu Sheef No,3)

7.2 Codified treatment of Bended-in Rod Materials

In the design of structural timber connections employing bonded-in rods, work is in progress at the
time of writing to develop full design rules through the GIROD project [1]. The existing model for design is
presented in the informative Annex of ECS: Part2 [16}, but is defined in terms of the presumption that the rod
material is ferrous. Thus for design of FRP rod connections it is necessary to rethink the basis of design and

8
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associated failure criteria, principally because the material does not yield and has no plastic residual strength
beyond this recognised ultimate limit state for the bonded-in metal rod.

Thus a suitable treatment of the ultimate tensile strength is required to derive an equivalent fo the bar
yield failure mode and a reassessment must be made of the overall target for performance of the connection.
Some aspects of the EUROCOMP design guide [13] can be employed in this respect as summarised in the
following sections.

The material safety factors v, for stee! and timber in this application are summarised in Table 4 [15].
For FRP materials, the definition of a suitable material factor is more complex and must take account of
varying contributory factors, thus: M, FR? T YALERP YM2.ERP YM3FRP (1)

The range of these contributory component partial factors is summarised in Table 5, with more
detailed breakdown in Tables 6-8.

Ultimate limit states Partial Safety Value
fundamental combinations Coefficient Max Min
- timber and wood-based materials 1.3 YMLERD 2.25 1.0*
- steel used in joints 1.1 YrLLFRD 2.7 1.1
accidental combinations 1.0 VM ERD 3 i
Serviceability limit state 1.0 * if justified by ‘detailed information or test data'
Table 4 Selected material safety factor Table 5 Partial safety factors for FRP
coefficients v [15] materials {13]
Derivation of properties VAL FRP
Properties of constituent materiais (i.e. fibre and matrix) are derived from test specimen data 2.25
Properties from individual laminae are derived from theary 225
Properties of the laminae, panel or pultrusion are derived from theory 2.23
Properties of individual plies are derived from test specimen data 1.5
Properties of the laminae, panel or pultrusion are derived from theory 1.5
Properties of laminate, panel or puitrusions are derived from test specimen data 1.13

Table 6 Values for vy, rrp (concerning derivation of material properties from test valnes)f13]

Y™, 20RP Operating HDT* Yms, Fre
Method of Fuity Not fully design Shori- Long-term
manufacture postcured at postcured temperature® term loading
works at works *(°0) "C) loading
Hand-held spray 2.2 32
application 25-50 55-80 1.2 3.0
Machine-controlied 1.4 2.0 80-90 1.1 2.8
spray application > 90 1.0 2.5
Hand lay-up 1.4 2.0
Machine-controlled 1.1 1.7 0-25 55-70 i1 2.7
filament winding 70 - 80 1.0 2.6
Resin transfer 1.2 1.7 > 80 1.0 2.5
moulding
Pre-peg lay-up 1.1 1.7 *Heat distortion temperature
Pultrusion 1.1 1.7 ** For operating temperatures outside this range seek
specialist advice
Table 7 Values for yy 5 prp safety factor Table 8 Values for vy prp safety factor
concerning material and production concerning environmental effects and
process f13} duration of loading [13]
Factor Range Comment
TMILERP Properties may be drawn from a range of sources identified, but
1.15,1.50r2.25 for this small volume usage, it is unlikely that test evidence
sufficient to justify the further reduction to 1.0 will be made
available in foresceable future,
Yraz.ERp 1.1 Puitrusion, fuily post-cured at works have been the focus of work
to date
Yamaprp | Shortterm load 1.0or 1.1 Taking the 20°C reference point of the service ctass definitions
for SC1 and SC2, the less severe category of operating
long term load 250r 2.7 temperature will be generaily applicable to the glued-in rod
Table 9 Summary Of FRP partial material factors identified with potential application in bonded-in
rod applications
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This range of v factors mean that the theoreticai range of combined material safety factor (assuming
that only a nermal range of information and data is available) is extremely wide, ranging from 1,265 - 18.225,
However this range is narrowed for building applications such that 1.5 2 yy e 2 10, (EUROCOMP note a
2.3.3.2. P(1)). Within the context of these studies, the range of component safety factors are as summarised in
Tabie 9. Therefore, the calculated range of combined material safety factor for the FRP materials is 1.265 -
6.68, however, the lower limit can be raised due to the building context of the application, thus 1.5z vy 26.68.

The effect of the safety factor reduction is jllustrated as both percentage reduction and in terms of
quantified material strength in Figure 6, on the basis of the general equation

Xa = X/ 7, (2)
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Notes: - FRP (1) and FRP {2; are the same basic material: 63% E-Glass pultrusion in polyester matrix as a
tvpieal material defined in EUROCOMP Data Sheet No.3 (see Tuble 3)
- FRP (1) reduced to reflect minimum yy factor
FRP (2) reduced to reflect maximuwm yy factor

Figure 6 Comparative impact of derived design value drawn from characteristic capacities of rods
and substrate timbers

There are also further implications refating to the selection of an appropriate treatment for FRP and
steel rods, which can be illustrated through consideration of the design capacity compared to the characteristic
ultimate capacity, as in Figure 7.
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Figure 7 Comparison of design and ultimate capacities in steels of various grade and FRPs

As can be seen, and by definition, the higher grade steels have a yield (i.e. design basis) which is
closer to the characteristic ultimate strength, This is important, since considering steel and FRP in relation to
ultimate capacity places them on a level footing in terms of strength consideration. The second of the graphs
in Figure 7 illustrates the ratio of design strength to uitimate strength, or in other words the portion of
characteristic capacity being exploited through design. As illustrated, through application of the vy pg» factors
described above, the end result is further from the ultimate capacity than in its steel counterpart, even though
the steel is based upon a reduced characteristic relating to yield.

This also brings into question the validity of employing a universal material partial factor for steel
across all grades, since the higher grades have an enhanced design point as reference for calculation of the
capacity of bonded-in rods. This is of particular importance when considering that in general, higher strength
metals are more brittie, and hence exhibit less of the gradual failure features that are the target for yield-based

10
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design. Also because in instances where fatigue may be of prime significance the design point at yield will be
a higher fraction of the uitimate strength, which has a logarithmic impact upon the fatigue life (number of
cycles to fajlure).

The differential treatment of steels of varying grade also finds precedence in the limit states steel

desigh cade BS 3950 [19], whereby Yaqeo is taken as 1.0 across the range, tabulated design solutions for
Grade 4.6 and 8.8 being given, whilst alternative derivations for other grades being presented as:

Shear Strength Te=048 {1, but 0.69f,, (3)
Tensile strength fra=0.58 f 4 . r,bul £0.83 fox {4)

Values and decisive parameters are identified in Table 10,

Grade 4.6 5.6 6.6 8.8 16.9 12.9
Shear Strength 160 202 243 375 471 565
Based on f,, v v v
Based on f, v v v

Tension Strength 195 244 263 430 569 682
Based on 1, v v v
Based on f, v v v

Table 10 Values for safe capacities of bolts / threaded rods from BS 5950 Table 32

There is also potential to draw upon EUROCOMP approach to adopt & similar format to that
employed for derivation of FRP material partial safety coefficients in order to derive adhesive material safety
factors, as follows :

Va0 Yntlad YMzad Yai3.ad YMdad (%)

Facter Classification Value

Yarad | Source of Adhesive Typical or textbook values for appropriate adherends 1.5
Properties Values obtained by festing 1.25

Yz | Method Of Adhesive Manual apptication, no adhesive thickness controf 1.5
Application Manual application. adhesive thickness controlled 1.25

Established application procedure with repeatable and contralled 1.0

process parameters

Yamaad | Jypeof Loading Loeng term 1.5

Short term 1.0

Yaazd | Environmental conditions | Service conditions outside the adhesive test conditions 2.0

Adhesive properties deter mined for the service conditions 1.0

Table 11 Summary of adhesive partial material factors identified with potential application in bonded-in
rod applications [13]

The significance of brittleness in adhesives is also recognised in an application note to Table 11, such that in
cases whereby the failure strain < 3%, vy should not be less than 1.5 [13].

8. Material Parameter Study In A Typical Joint Configuration

The following section looks at design implications of introduction of FRPs into a single bonded rod
connection, and compares resultant design capacities for steel of different grades and FRP reduced to cover
the range of vy prp factors identified previously. The calculations have been performed following the current
basis in EC5:Part 2, and do not incerporate resolution of all items discussed in previous sections of this
paper( i.e. all calculation followed through based on yield of stee! grades).

For simplification in this particular study, the influence of bond thickness has not been explored. It
has also been taken that bond capacity is adequate and that the timber section is sufficient to transfer the
developed forces. Hence focus shifts to the possibility of either failure in the rod or failure in the timber
surrounding the bond. The study has been performed assuming a nominal bond thickness of 1 mm where the
nominal bond thickness is assurned to be half the difference between hole diameter and nominal rod diameter.

The equations for design employed are given in Table 12, And the resultant capacities over a range
of rod diameters are given in Figures 8-13,
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Table 12 Basis of calculations to illustrate design solutions
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 Figurel3 Design capacity for rods in D50, A =20

From these parameter studies it is clear that on the existing basis of design, within the range of

common parameters considered, the bonded-in rod capacity might be defined either by the rod or the timber.
The general trends confirm that the lower strength the host timber, the less of a difference the rod type makes
upon the design capacity (e.g. Figure 8). The ratio of bond length to rod diameter also has a clear impact, with
larger ratios leading to more proncunced definition of the rod type across the set of design capacities.

Thus, on the existing basis of design, there may be littie advantage in utilising higher strength rods in

some real design situations, since the capacity of the host timber has an impact such that the benefits of the
higher grades might only be realised to benefit in higher grade timber with large A ratios. The issues of thicker

12
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bond line, hence larger adhesion areas at the timber/adhesive interface coupled with the variation of adequacy
of the range of potential adhesives will impact upon this, as will any revision to the basis for treatment of
Righer grade steels whereby capacity might be defined by a more severe reduction of ultimate capacity than
that employed as a reduction on yield strength via vy alone.

9. Conclusions

FRP materials appear to have a useful role for execution of bonded-in rod type connections.
However they require different design considerations and should not necessarily be considered as direct
substitutes for steei rods.

Different adhesive types have different behaviours, bus there are also noticeabie differences between
brands within a generic type. Therefore specific data should be employed relevant to a resin system deployed
in accordance with manufacturer guidance.

Extremely thick bondlines have been investigated in this research, and pull-out strengths increased
lingarly with bondline thickness, consistent with the increase in bonded area of timber at targe hole diameters.
FEA results clearly exhibit a fall in peak shear and pee! stress at the adhesive/timber interface with increasing
bendline thickness.

These studies have highlighted some of the potential problems with the current design basis centred
upon yield capacity of rods when employing a wider range of materials. Employment of high performance
adhesives in thick bond lines together with a re-assessment of rod design capacity could provide design
benefit utilising the fuller range of available materials.

The geometric configuration will combine with the material propertics of rod, adhesive and host
timber to define the failure mechanism. The implications for design vary. As far as ULS behaviour is
concerned, the interaction of material combinations and implications of selection reflect the chosen basis of
design and the way in which the material behaviour to failure is tackled with a view to establishing
satisfactory reliability in the end solution.

Lighiness and ease of bondability (especiaily through peel ply techniques) mean that FRP solutions
may provide a valuable alternative in new-build and in renovation and repair work. In either case, the
combination of bonding technology and appreciation of design concepts in a fundamentaily different material
may pose challenges to the full implementation across construction,

Process issues are of importance, and design needs to be attuned to specific materials of known
quality, reliance upon workmanship and low visual inspection opportunity, Therefore the communication,
menitoring, feedback and overall skill Jevels are paramount in achieving low defect levels and suggest that
these systems are better suited to pre-fabrication in preference to site manufacture solutions. There is,
however clearly scope for partial prefabrication with site processes focussed upon mechanical connection of
adhesive bonded rods.

There is a clear need for quality control type test configurations to be developed, especially bearing
in mind simple, easily operable procedures suited to SME manufacturers who dominate timber engineering
operations throughout Eurcpe.
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Bending-stress-redistribution caused by different

creep in tension and compression and resulting
DOL-effect
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1 Introduction

Creep is generally assumed to be larger for compression than for tension to some degree.
This results in a change of stress-distribution. The stress for the tension edge will increase
and decrease for the compression edge. An analytical solution of this behaviour can be ea-
sily derived with the assumption of creep limits for both impacts.

The resulting stress-distribution will lead to a decreasing computational bending strength
value, because the stress for the tension edge, which will be finally responsibie for failure,
has already increased during lifetime of a structural element. The exact difference can be
determined by simulation. For initial and resulting stress-distribution load increments are
applied until tension strength is reached for the tension edge. Plasticating ability of wood
subjected to compression is considered.

2 Background, Observations and Assumptions

To compute a resulting stress distribution creep laws have to be applied, which result in a
final creep deformation state. This comes with the use of creep factors, which mdicate the
magnitude of additional time-dependent deformation in relation to the initial elastic one.
In many experiments, done in bending, tension and compression, it has been found out, that
creep is larger in compression than in tension (i.e. Gressel 1984, Glos et al 1987, Rauten-
strauch 1989, Bengtsson et al 1997, Hunt 1997). Researchers do not agree with the quan-
tity of the difference, but the quotient of the creep factors in compression and tension @/
should be somewhere between 1 and 4. It probably strongly depends on stress level, moistu-
re content and quality of wood. The reason for this is that creep in compression becomes
nonlinear for increasing stress and moisture levels (Keith 1972). The proportional limit is
reached earlier for low quality material. The stress-threshold for non-linearity in tension is
assumed to be much higher, so it is hardly obtained during the lifetime of a structural ele-
ment.
For analytical reasons the Bernoulli hypothesis of a plane remaining cross-section is adop-
ted. The moisture distribution over the cross-section is taken as uniform, so the climatic
conditions are assumed to be more or less constant. For stationary behaviour the same E-
modulus for tension and compression is taken.
If the observations and assumptions are used to simulate the long-term behaviour of a ben-
ding element under constant load the following phenomenons are registered:
e The neutral axis is moving towards the tension edge. The compression zone becomes
larger.
e The stress for the compression edge decreases and increases for the tension edge.



o In the final deformation state the overall strain becomes the (I+¢)-multiple of the elastic
strain at any cross-section point.

The last observation is very essential to the stress-strain analysis. It can be proven by sol-
ving the time-dependent material law, taken from linear viscoelasticity theory, analytically.

3 Stress and strain analysis

80 = Set,c (1 +q)c) G¢

¢ h

= O
&= gt (17 0y) t
Fig. 1 Strain and stress distribution after long-term loading

The assumed strain-distribution after long-term loading results in a bilinear stress-
distribution (figure 1). The edge-stresses are related to the elastic strain by Hooke's faw:

Ogt = E'Sel.c,t (1)

It is very important to recognize though, that the elastic edge strains €, and €, in figure 1
and equation (1) are not identical to the initial ones. It is the elastic deformation establishing
in the final deformation state after long-term loading.

The resulting forces of compression and tension zone can be obtained by assuming the lo-
cation of the neutral axis as it is done in figure 1. If the width of the cross-section 1s notified
by b, they can be simply expressed:

FC:%-cc-b-?;-h and fi:%-ct-b-(lmf;)-h (2)

The conditions of equilibrium yield two equations. In the first one the bending moment re-

sulting from the stress distribution has to reflect the given one:

%Fc-g-m-%ﬁ-(lmg)h:z\& (3)



In the second one the sum of horizontal forces has to remain zero assuming pure bending.
Fo+F =0 (4)

F. and F, can be expressed by €., and €., using equations (1} and (2). So equations (3) and
(4) contain three unknowns, which are £, , €., and the location of the neutral axis, defined
by &, respectively, so one further condition is needed for solving the problem. 1t is obtained
with a compatibifity condition, which is gained by applying the intercept theorem to the
strain distribution of figure 1.

(1+(PC)8eI,c - (1+@1)Sel,t (5)

§-h (1-8)h

Now a complete solution is possible. All variables can be expressed by the known parame-
ters (bending moment M, creep factors @, and @, cross-section b/h). Introducing the section
modulus W the result for the edge stresses then is

1 1+,
=1 [—LL .
2{ + 1+(PJ (ba)

M1 e
oth-E{H- /H({J (6b)

The location of neutral axis becomes

1
&= 1+ ¢,
1~+~J~——-—-
1+ 0o,

Example:

(7

A beam is stressed by a load, which causes nominal edge stresses of 10 MPa. If the creep
factors are assumed as @. = 1,5 and ¢, = 0,5, for long-term loading the edge stresses will
then become

1 1+0,5
=10-—-|1+ =887 MP
O ¢ oo 5 [1 ] 1,5} 8,87 MPa

1 'i 1+15
14, —

10~
Ttt=ee 1105

5 j|=‘|1,45 MPa

So in the long run the stress for the tension edge will actually be about 14,5% higher than it
is dimensioned for.



4 Determining bending creep factor

If the creep factors in tension and compression are assumed to be equal, it is obvious, that
the creep factor in bending is the same also, presuming the shear proportion of deflection is
neglected. The situation is different, if tension and compression creep factors are unequal. It
can be expected that the bending creep factor is placed somewhere in between. Neglecting
the shear deformation the relation of bending moment M and curvature w”’ can be taken for
quantifying the bending creep factor.

W.H _— __M_ (8}
TEl

Assuming linear viscoelasticity curvature and bending moment can be taken proportional
along the beam. The curvature or the second derivative of deflection may be expressed by
the strains of tension and compression edge (figure 1).

w = 8§_80 (9)
h

Using the solution of section 3 and putting it into equation (9) it becomes

W =t M.[Jj+@C+J1+$,}2 (10)

4 El
Integrating twice and applying existing boundary conditions the final overall long-term de-
flection may be determined for any location on a beam. Subtracting the initial clastic deflec-
tion and dividing the remaining creep deflection by the elastic deflection results in the ben-
ding creep factor, which for the given assumptions only depends on the tension and com-
pression creep factors,

1
(pb=z.[41+<pc+41+@t]2~1 (1)

Example

Creep factors in compression and tension are assumed as @, = [,5 and @, = 0,5 respectively.
The creep factor in bending then becomes

o 5 ] 1o

Obviously the bending creep factor is slightly less than the mean of creep in tension and
compression. This does not reflect the observations of Gressel (1984), who observed ben-
ding creep being almost as high as compression creep. The difference might be explained by
the influence of shear deformation (elastic and creep) being neglected in this analytical stu-

dy.



The creep factors given in codes have to be understood as bending creep factors. Taking a
bending creep factor @, and assuming a certain value of the quotient @./@, , the creep factors
for tension and compression can be determined by using equation {11).

Figure 2 now reflects the influence of the guotient ¢./¢, on the long-term resulting edge
stresses of a bending element. The nominal initial edge stresses were 10 MPa. As expected a
strong dependency to the quotient is obtained.

O [Mpa]
12

T e

Fig. 2 Stresses for tension and compression edge depending on the quotient @J/¢ ,
Py = Ji ,0

5 Effect on DOL-behaviour of a beam

After concluding a certain effect of the different creep behaviour in tension and compression

to the edge stresses of a bending element and quantifying this phenomenon, the question

comes up, if the increase of tension stress leads to an earlier failure and can therefore be

made responsible to a certain part of the duration of load phenomenon.

To find out about this a layer model was chosen to simulate the DOL-effect in the following

way:

¢ The initial bending strength is checked by raising the load until a certain failure criterion,
which will be described later, is reached.

s The second step consists of long-term loading of the beam under service conditions until
a final deformation and stress state as indicated in figure 1 is obtained.

o After this the load is continously increased again until the defined failure criterion is re-
ached.

¢ Finally the initial bending strength and the bending strength after long-term loading are
compared to check the pure effect of different creep in tension and compression on the
duration of load phenomenon.



As stationary material Jaw in tension lincar-elastic brittle behaviour is assumed. For com-
pression the material law invented by Glos (1978) is taken. As can be seen in figure 3 the
plasticating ability of the material for compression loading is taken into account by the ma-
tertal law of Glos. Failure is always obtained at the tension edge as soon as the tension
strength is exceeded. So deformation ability in compression is assumed to be infinite. This
corresponds to behaviour observed in bending experiments, where specimens usually fail at
the tension side.

Stress

Strain

Fig. 3 Material law in compression according to Glos (1978)

In the simujation material properties of Europaen spruce were chosen. It was distinguished
between the quality of the simulated timber. Therefore material properties of high, average
and low quality spruce were arbitrary chosen {Table 1). The usage of different E-modulus
values was also possible in the simulation as can be seen in table [.

E. [Mpa] E. [Mpa} fi [Mpa] f. [Mpa]
High quality material 15350 14720 70 48
Normal quality material 12450 12450 50 40
Low quality material 9000 9800 25 32

Table 1 Arbitrary chosen mechanical parameters for simulation of high, normal and low
quality timber

The computational resulting bending strengths, initial and long-term after finalized stress-
redistribution, can be taken from table 2. They are obtained by dividing the applied moment
M through section moduius W. The bending creep factor is assumed to be ¢, = 1,0.

6



The influence of different creep in tension and compression turns out to be low as can be
shown in table 2. The plasticating ability of wood in compression is mainly responsible that
the bending strength does not decrease by more than two percent for material of normal and
high quality although tension stress may increase by more than 20% (@J/0; = 4) in service
state.

The difference becomes larger for low quality material. The reason for this is that it is not
taken benefit of the plasticating ablity in compression this time, because tension strength is
reached much earlier. Low quality material is usually based on a low raw density and espe-
cially by a high “knot area ratio“-value (KAR). Because material properties for tension are
much more affected by knots than the ones for compression, the stress in the tension zone
has to be absorbed by less area, which leads to higher stresses and therefore to larger creep
on the tension side also. This is the reason why high quotients of @.J/¢, can rather be not
expected for low quality material and the influence on the DOL-effect can be expected to be
relatively low also.

Q. /@ 1 2 3 4
High quality | fos0 [MPa] 6470 64,70 6470 64,70
material oo [MPa] 64,70 6438 64.20 64.01
AR, [%] . 0,5 0.8 L
Normal quality | {0 [MPa] 48,51 4851 48.51 48,51
material fore. [MPa] 48,51 47,93 47,54 47,30
Af [%] i 12 2,0 2,5
Low quality | foweo [MPal 25,64 25,64 25,64 25,64
material f, ... [MPal 25,64 24,76 24,21 23,83
Af;, [%] i 34 5.6 7.1

Table 2 Comparison of short- and long-term bending strength for different quotients
S

Conclusion

Different creep in tension and compression was observed by many researchers. The exact
difference can hardly be quantified because it strongly depends on climatic and loading con-
ditions and also on the quality of the material.

1t generally leads to changing edge stresses, which under the assumption of linear viscoela-
sticity can be easily determined by equation (6) using creep factors. If certain factors are
given for compression and tension creep a bending creep factor, which is slightly lower than
the mean of tension and compression creep, can be determined also (11).

Because of the strong ability of the material to plasticate under compression, the influence
of an increasing tension stress on the duration-of-load phenomenon turns out to be quite
fow, almost neglegible for normal and high quality material. Taking timber of low quality



the influence becomes larger, a big difference in tension and compression creep can rather
be not expected for this kind of material though.
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The long term performance of ply-web beams
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Abstract

Ply-web beams have been used for a number of years in floor and flat roof
constructions, such as swimming pools, that require medium-span structural
beams. Many of the advantages associated with ply-web beams stem from their
structural efficiency, utilising structural timber flanges and plywood webs. This
produces lightweight components that are easily installed on site and reduce the
dead weight of construction when compared to solid timber beams. The design of
ply-web beams has been thoroughly investigated with the exception of their long-
term performance. Very few studies have covered this aspect of design, which
may be critical in service conditions producing fluctuating moisture contents in the

heam.

This paper reports the results of long-term performance tests on Ply-web ‘' beams
over a period of 8 years when loaded to a variety of utilisation ratios in
uncontrolied conditions. Both Finish Birch and Canadian Douglas-fir plywood were
used for the web of beams, which were monitored for relative creep under
conditions of naturally fluctuating relative humidity and moisture content.
Comparisons made with the guidance given in EC5 at both the Serviceability and
Ultimate Limit State have highlighted some significant differences between design
predictions and the actual performance. Firstly, strength tests conducted on ply-
web beams with Finnish Birch webs showed an insufficient factor of safety for EC5
designs. At the Serviceability Limit State, the deflection of ply-web beams with
both web types was in excess of EC5 predictions. Recommendations have been
made for kger factors to control the creep deflection of ply-web beams.

1 Introduction

Ply-web beams have been used to construct flat, low pitched and other roofs for
many years during which time there have been some incidences of excessive
deflections, often resulting in ponding and leaks'"?, and sometimes leading to
collapse of a substantial part of the roof structure®™. Excessive deflections have
usually been due to either inadequate design procedures or inadequate methods
of manufacture or quality control as well as a number of cases where it appears
that the excessive deflections were due to changes in the moisture content of the
beams. This may have been due to drying out or in some cases where the
deflections gradually increased over a long period, due to fack of provision for
creep in the design.

Records of temperature and humidity in house roofs and in sheltered locations
open to outdoor air flow in the UK, indicate that the moisture content of timber in
these situations can be expected to vary by 3% during a 12 month period. Some



small scale beam tests carried out at the Polytechnic of Central London,®
indicated that fluctuating relative humidity can cause excessive creep deflections.

This paper describes an extended study conducted at the Building Research
Establishment into the creep of ply-web beams. The results of long-term creep
tests conducted over a period of 6 years are presented, along with a series of tests
to identify the strength degradation of loaded beams. Current design methods for
ply-web beams are reviewed herein, with additional assessment of the creep
deflection factors from experimental resuits.

2 Previous studies of creep in ply-web beams

Studies of creep effects in the constituent elements of ply-web beams, both solid
wood and wood based panels, have been numerous “**" and these studies
contribute toward the wealth of knowledge presently available®?), Specific
research into the creep deformation of ply-web beams is more limited @12
However, by considering the knowledge gained, both from whole component tests
of composite | beams and tests on the constituent elements, some important
considerations may be made on the long term performance of ply-web beams:

s Relative humidity. creep in solid timber, wood based panels and composite |
beams occurs mainily because of changes in the moisture content due to
environmental relative humidity. The effect is more marked in naturally varying
conditions in the long-term ® as opposed to artificial cyclic variation of
conditions. Even moderate fluctuations in humidity might have a significant
effect " but the greatest increase in creep rate is observed during drying
periods " due to the mechano-sorptive behaviour of timber and panel
products.

e Temperature. creep rates for wood based panels have been shown to increase
in conditions with higher temperature, and in a non-linear manner toward the
higher end of the temperature scale. The influence of temperature on creep is
less significant than that of relative humidity but follows the same trend of
increased effect under cyclic conditions ©.

e Ultilisation ratio: the proportion of dead loading to the design load (stress level
or utilisation ratio) affects both the creep rate and ultimate creep deflection .
The relationship between utilisation ratio and creep is thought to be linear for
the majority of component materials generally adopted in ply-web beams,
although a study of birch plywood ) concluded that the relationship was non-
linear above ratios of 0.3 to 0.5. A previous series of long term creep tests on
ply-web beams at BRE™" showed that a linear relationship was a good
approximation for the combined materials in a component system.

3 EL.ong-term creep tests

3.1 Specimen design and construction

The ply-web beams used for testing were designed in 1891 using the most recent
version of BS5268: Part 2: 1988, Since then the design standard has
undergone a couple of revisions in 1991 and 1896 to include both textual and

2



technical amendmentis. The design included recommendaticns for load sharing,
flange and web permissible stresses and deflection limits provided in the 1988
version of this code. Bending stresses were assessed using the composite
material method in the Timber Designers’ Manual''®. This reference also provide
formulae for determining the panel and rolling shear stress and the shear
deflection, which was based on the shear form factor first proposed by Roark!'®:

{h? A0 = bl Y
Kfm-ru = /”? IVI - ( ) (II—)']J

]O[\ 2;?3 !

All of the beams were 4.8m long, 350mm deep, | sections with full depth plywood
webs. Each flange was constructed from two pieces of 45x45mm SS grade (C24
equivalent) European Whitewood. These were continuous along the whole length
without finger jointing. Composite action between the flanges and plywood web
was achieved using resorcinol-formaldehyde glue and nailing to achieve sufficient
gluing pressure. A similar consiruction was also adopted for the stiffeners at the
beams ends, quarter points and mid-span. Figure 1a shows a cross-section of the
beam construction with glued flanges where nails provided the clamping force. In
total, 20 beams were constructed in this manner, half of which adopted 6.5mm
thick (five ply), sanded Finish Birch plywood for the web while the others used
6mm thick (three ply), good one side, sanded Canadian Douglas fir plywood.

3.2 Loading regime and environmental conditions

Of the sixteen beams constructed two Finnish Birch ply-web beams and two
Canadian Douglas fir ply-web beams were used as controls to monitor the effects
of natural ageing. These were left in an unloaded state in the same conditions as
loaded beams. The load levels adopted for the remaining beams were 40%, 70%
and 100% of the design load for long-term duration (equivalent to permanent in
EC5) using the 1988 version of BS 5268: Part 2% This equates to the following
loads over the 4.775m span of the beams:

¢ Canadian Douglas fir 100% design load - 1.41kN/m
ply-web beams 70% design load - 0.98kN/m
40% design load - 0.56kN/m

e Finnish Birch 100% design load - 2.45kN/m
ply-web beams 70% design load - 1.71kN/m
40% design load - 0.98kN/m

All of the loaded beams were simply supported at their ends using captive round
bar as shown in figures 1b and 2a. For stability, beams of the same web type were
paired and lightly connected along their top flanges with plywood boarding to
provide a platform for loading. Each pair of beams was loaded in succession using
a combination of bricks and concrete blocks to achieve the required load level.
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Figure 1: (a) Test specimen dimensions
{b) Ply-web beam with 100% of the design load

They remained in a loaded state for about 6-years after which time the loads were
removed to monitor any recovery of the beams, both elastic and creep recovery
deflections.

The beams were placed in a sheltered environment for the long-term creep tests
which was open to atmospheric changes in temperature and humidity whilst being
protected from direct sunlight and rain. These are realistic conditions that beams in
a ventilated flat roof space would endure. The mean temperature over the 6-year
test period was about 12°C, with 90% of recorded temperatures falling between
2°C and 21°C. Over the same period, the relative humidity varied between 42%
and 96%, with an average reading of about 70%.

These conditions produced fluctuating moisture contents in the ply-web beams.
However, the flange moisture content did not vary much on average from the
readings of 14% to 14.5% taken when they were first loaded.

3.3  Test results and modelling of relative creep

Shortly after the beams had been loaded, measurements of the mid-span
deflection provided a comparison for the predicted elastic deflection using
BS5268. Reasonable agreement between the design and experimental readings
of instantaneous deflection verified codified values for the elastic shear and
bending modulii. During the first month of load duration, three pairs of ply-web
beams had exceeded the BS 5268 deflection limit of 14.27mm (span x 0.003).
Deflections increased over the project duration at varying rates with the most
heavily loaded Finnish Birch ply-web beam reaching a maximum deflection of over
100mm (see figure 2b). At this level of deformation, the beams exhibited typical
signs of distress such as; shear buckling of the webs, slight splitting of the flange
members and prying action at the connection between the flange and stiffeners
due to large deflections (see figure 2a).
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Figure 2: (a) Typical signs of distress shown at the ply-web beam support
(Finnish Birch ply-web beam with 100% design load)
(b) Deflection of the piy-web beams
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After 2109 days from loading the beams, the dead weights were removed.
Recovery of deflected profile of beams was monitored until no significant further
recovery was observed. Using information gained during the recovery period, such
as the value of instantaneous recovery and creep recovery, the deformations of
beams under sustained toad can be described using three main components:

e Elastic
e Visco-elastic (recoverable creep)
e Flow (irrecoverable creep and plastic deformation)

Comparison of deflection readings during the loaded and unloaded periods
showed that the instantaneous elastic deflection was equal to the instantaneous
recovery deflection. For this study, the creep recovery was shown to equal the 80-
day deflection, after which point there was a sudden increase in the creep rate as
shown in figure 2b. Previous studies conducted at the BRE observed a different
comparable timescale for the visco-elastic creep, which indicates that this
phenomenon may be dependent on the prevailing environmental conditions.
Without additional experimental study, it was not possible to separate the two
constituents of creep deflection in this project.

The usual method for describing the overall creep deflection and that employed in
EC5"" (kqer factors), is to express it in terms of the initial elastic deflection:

5 -9, where § is the initial elastic deflection

Relative creep =

\

&

and & is the deflection after duration t

Figure 3 shows the relative creep for the beams monitored in this study. It should
be noted that the large values of relative creep shown in this figure are not a direct
indication of the kuer factors for ply-web beams. Since creep is dependent on the
level of stressing, this must also be considered in deriving suitable kg, factors.
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Figure 3: Relative creep of the ply-web beams tested
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Figure 4:  Curve fitting of relative creep data

For the extrapolation of data beyond the six year test period, two types of creep
model were considered: a 5-parameter rheological model and a power law model.
Both types have been used previously for creep predictions of solid tlmber and
panel products and demonstrated a good fit with this creep data ( R? values of
0.994 or better). The greatest efficacy of prediction was obtained with a power
model of the form:

Relative creep = ﬁ; where A and B are constanis
bat
and t is the load duration in days

The predicted creep using this model is shown in figure 4 for the test duration.
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Relative creep

4 Assessment of ks factors in ECS

Since designs using EC5 predict a different load capacity than designs to BS5268,
the code used for the original test load predictions, a relationship was required
between supported load, creep deflections and load duration. This would enable
the 6-year creep data to be used for assessing kqer factors in ECS.

The power model predictions of relative creep were used to determine a
relationship between relative creep and relative load, defined as the ratio of
supported load to the original design load. Several samples of the relative creep
for all the beams were plotted against the relative load in figure 5a. {f linear
regression analysis of discrete sets of data was weighted around the 40% and
70% relative load, extrapolation of the lines passed through the point (-1,0). This
was cbserved for both Douglas fir and Finnish birch ply-web beams. The gradients
of each line determined in figure 5a were plotted against the load duration in figure
5b, which shows a power relaticnship supported by the data. This chart may be
used as a predictive tool to determine the deflection of ply-web beams tested as
part of this study when subjected to a variety of load duration's and utilisation

ratios.
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Figure 5:  (a) Relationship between Relative Creep and Relative Load for
Finnish Birch ply-web beams subjected to different duration’s of
load.

(b) Chart used for predicting Relative Creep of ply-web beams

To assess the kqr factors in EC5, designs were produced using this code and the
material properties in pr EN 12369: 1996 and BS EN 338: 1995. Deflection due to
creep was generally the governing design criteria, which was limited to L./300; the
most onerous deflection limit expected to be adopted by designers. All current
modification factors for load duration, material properties and creep deflection
were included in the designs to determine the limiting load capacities of beams
within the scope of this study. These load capacities were used as initial values for
predicting the relative creep of beams using the relationship in figure 5a for a
variety of loads and load durations. Re-iteration of the load capacity produced
convergent values of relative creep. These are provided for different load durations
in table 1.
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Permanent 6.71 4.40 0.81 5.56 6.9
Table 1: Predicted and current kg factors in EC5 for Service Class 2

To check the validity of predicted kqer factors, the deflection of beams subjected to
different types of action was considered, where these actions are generally
superimposed'® as shown in figure 6 below.
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Figure 6:  Superposition of deflections due to different types of action

The test data suggests that any creep deflection for medium-term actions such as
snow loading will be fully recoverable, as shown in the above figure. For greater
duration’s of loading, a proportion of irrecoverable creep deflection will occur. This
amounts to almost 50% of the elastic plus inelastic deflection for actions supported
over long-term durations and has been considered in determining Kger factors in

table 1.

The following figure 7 shows the predicted deflection of Finnish Birch ply-web
beams subjected to both permanent and variable actions; Douglas fir ply-web
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beams exhibit similar but less onerous deflections. The instantaneous deflection
due to construction material self-weight has not been inciuded as this is perceived
to occur prior to the installation of secondary fixings such as plaster finishes which
may limit the amount of deflection for general appearance and utility.
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Figure 7: Exemplar predicted deflection — from test results of Finnish Birch
ply-web beams designed using ECS5.

Other typical [oad combinations often experienced in design were checked for
compliance with the overall deflection limit. These included variable actions over
the medium-term and long-term duration combined with permanent actions. The
ratio of permanent to variable action was varied between 0.43 and 1.0.

5 Ultimate strength of test beams and comparisons with ECS

The level of loading adopted in the strength and deflection tests was the
respective design and dead load from calculations to BS5268: Part 2: 1988. These
are stated below for the different ply-web types:

¢ Design Load (long-term loading); Finnish birch webs, 2.45 kN/m (11.65kN)
Douglas-fir webs, 1.41 kN/m (6.7 1kN)

e Dead Load, 0.4 (design load); Finnish birch webs,0.98kN/m (4.66kN)
Douglas-fir webs, 0.56kN/m (2.68kN)

In practice, these loads would be applied uniformly along the beam and
perpendicular to its span. The roof construction wouid provide lateral restraint to
the top flange of the ply-web beam with possible partial restraint provided to the
bottom flange by ceiling construction or noggings. End supports for the beams
would generally be simple bearing conditions with full lateral restraint. These
conditions were approximately mimicked in the test with 6-point loading, simply



supported end supports with full lateral restraint and intermediate full fateral
restraints at third points along the beam length.

Although some of the beams displayed signs of distress from the long-term creep
tests, Joading of the beams to failure did not indicate any serious degradation of
component strength. This is indicated in figure 8b, which compares the strength
test results for both Finnish Birch and Canadian Douglas fir ply-web beams. There
is a slight negative slope to the linear regression of strength for both beam types
indicating that load history may affect the ply-web beam strength, but not
significantly. Adoption of this relationship for strength degradation would only
affect the factor of safety for these beams by a maximum of 3%.
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Figure 8: (a) View of ply-web beam and loading test rig
{b) Results of ply-web beam strength tests

Control beams that had not been loaded during the 6 year creep tests were not
significantly stronger on average than the loaded beams and in some cases failed
at lower load levels.

All of the beams tested exhibited a factor of safety of 2.76 to 3.96 when failure
loads were compared to the most onerous design load (method 5) using BS 5268,
Section 8 of BS 5268 recommends that the safety factor should greater than or
equal to 2.3 for the fong-term load duration and a sample size of two. The factors
of safety in table 2 are clearly adequate for both beam types using this design
code.

At the ultimate limit state using EC5, the Canadian Douglas fir ply-web beams
exhibited similar factors of safety which were greater than the required factors of
safety in Table 5 of the UK NAD to ECS. None of the designs for Finnish Birch ply-
web beams produced sufficient factors of safety according to the UK NAD. From
inspection of the design values for deflection the factors of safety at the
serviceability limit state are expected to be sufficient for both beam types.
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Table 2: The results of strength tests carried out on the ply-web beams

6 Conclusions

The indications from the strength tests are that:

e The strength of ply-web beams is not adversely affected by prolonged loading
or large deflections.

¢ Safety factors of more than 2.5 exist between failure loads and permissible
design loads using BS5268. Additional pond loading due to creep deflections
may erode this safety factor in practice.

e Similar safety factors have been determined for designs using EC5 for
Canadian Douglas fir ply-web beams.

o Beams designed to ECH using Finnish Birch ply-webs had reduced factors of
safety beyond that recommended in the UK NAD to EC5.

e Material and construction quality, have a more marked effect than load history
on the failure load of ply-web beams.

i1



The foliowing may be concluded from creep test measurements, creep modelling
and the derivation of creep deflection factors:

e The continued creep of ali the ply-web beams tested, indicated that cessation
of creep was not expected within the long-term duration category of ECS5.

s Power models used to predict relative creep proved a good prediction for the
long-term creep but may overestimate kqer factors for permanent load duration.

¢ Test data showed that a non-linear relationship exists between the load
duration, utilisation ratio and relative creep of ply-web beams. The relationship
was markedly different for beams constructed with different types of plywood
web.

¢ The current kger factors in EC5 grossly underestimate the creep of ply-web
beams exposed to fluctuating environmental conditions for all load duration
categories.

s The proposed kg factors control creep deflections within limiting values for a
variety load combinations and durations.
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The bending stiffness of nail-laminated timber

elements in transverse direction

Thomas Wolf, Oliver Schiifer

Darmstadt University of Technology, Germany

1 Introduction

The load bearing behaviour of nail-laminated timber elements is not adequately researched
yet. In the design process of nail-laminated timber elements analogies to ruled structural
parts in timber work are searched to transfer familiar proves.

The transverse bending stiffness is a characteristic value, which is required at different
points.

Existing approaches for the determination of the transverse bending stiffness found in
literature do not reflect the real conditions.

In this paper a new analytical approach for the determination of the transverse bending
stiffness is derived. In a parameter study the resulting values of bending stiffness are
examined for plausibility and the influence of the important parameters is presented. A
final example shows the significance of this characteristic value in the design of nail-
laminated timber elements,

2  Computational model

This model is based on theoretical considerations. Due to missing experimental results the
method could not be verified yet.

In the new approach — in accordance to the well-known model of a reinforced concrete
beam at cracked state - the occurring state of strain is derived by the equilibrium of the
compressive force in the wood and the tensile force of the nails. The knowledge of the
neutral axis location and the height of the compression zone respectively, enables the
determination of an equivalent bending stiffness. Thereby only the effective parts of the
cross section are taken into consideration. These are the stiffness of the wood in the
compression zone and the axial tensile nail compliance in the tension zone,



The value of the bending stiffness is mainly influenced by the defined withdrawal stiffness
of the applied nails. This characteristic value cannot be accessed directly for a special nail.
It has to be deduced by the load-withdrawal relationship of a nail, which may be
determined by withdrawal tests in accordance to the german code DIN 1052-2. Usually in
these tests the ultimate axial withdrawal resistance is determined without recording the
load-displacement data. In [6] the load-displacement curves of a test series for an annularly
threaded nail are provided.
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Figure 1 Load-withdrawal displacement relationship of an annularly threaded nail [6]

For the calculation model the withdrawal stiffness is assumed to be constant. It is defined
by the quotient of the maximum withdrawal force and the respective displacement. (figure

1)

C =—* )

Cm average withdrawal stiffness of a nail in N/mm
Fy ultimate withdrawal resistance in N

Sy respective withdrawal-displacement in mm

In a good approximation the joints between the boards can be neglected at the compression
side. So the modulus of elasticity perpendicular to grain E, of the boards is applied for the
calculation of the material behaviour similar to a homogenous structure.



At the tension side, the compound of timber and nails determines the performance of the
cross-section. The real load bearing behaviour can hardly be estimated and is approached
by an elastic material-law. The appropriate modulus of elasticity is evaluated in a way,
which reflects the load-deformation behaviour of a basic element (board + nail).

Equilibrium of forces, the compression force of the wood and the tensile force of the nail
connection leads to the following formufa concerning the height of the compression zone:

By = =2 K, +4J4- K2 +2-K, - (hy, +hy, ) 2)
n-t, C
K — B H (3)
! El

hp Compresston zone height in mm

hyy  Distance of the lower nail row from the top edge of the nail-laminated timber
element in mm

hne  Distance of the upper nail row from the top edge of the nail-laminated timber
element in mm

n Number of nails per meter and nail row, which satisfy the minimum driving depth
according to DIN 1052 Part 2
ts Thickness of single laminated member in mm
E, Modulus of elasticity perpendicular to grain according to DIN 1052 Part 1 in
N/mm?*
Neutral strain axis £ f]
Mz 4 o
anz -
Frp
hni an
h
. 1 i
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Figure 2 Geornetry of cross-section, strain distribution, internal forces



The transverse bending stiffness relative to the neutral axis can be specified in dependence
of the compression zone height:

4

. omed . bk
(EI),) =pn-L- 32” 1 C, oty -(ai, +a.§,2)+ K, NS

3

)

ay, = hy —hy, (5)

(El), Equivalent bending stiffness transverse to the board direction Nmm*/m

Es Modulus of elasticity of steel in N/mm?
dp Nail djameter in mm
ang Distance of lower nail row to neutral axis in mm

ana  Distance of upper nail row to npeutral axis in mm

b = 1000 mm width of the reference section

3  Parameter study

In this investigation the withdrawal test data of the annularly threaded nail RNa 31x65 {6]
is applied. The results of a test series according to DIN 1052-2 Appendix A are listed in
table 1

Ultimate Withdrawal
withdrawal displacement
resistance for K,
F, Sy
Mean value 1067,3 N 2,5 mm
Standard deviation 109 N 0.4 mm
Table 1 Results of a test series for determination of withdrawal

resistance according fo DIN 1052-2 Appendix A

As average value of withdrawal stiffness Cy= Fo/s, = 426,9 N/mm is obtained

Here the withdrawal stiffness is kept constant. Its influence to the bending stiffness can be
included by moditying the number of nails.

The following objects should be examined by the parameter study:
o Influence of the element’s height to the element’s bending stiffness

¢ Influence of the number of nails respective the withdrawal stiffness of a nail to the
bending stiffness



e Ratio of different parts of bending stiffness
e Value of the allowable bending moment transverse to the span

e Influence of the board thickness to the bending stiffness.

The following parameters are given as fixed values.

‘Modulus of elasticity of boards (NH S10) E.  [N/mm?]; 300
allowable compression stress of boards Opl [N/mm?] | 2,0
Modulus of elasticity of nail-wire Ena [N/mm?] 210000
Withdrawal stiffness of nail Ch [N/mim] 426,9
allowable withdrawal force of nail e [N} 7827
Withdrawal displacement of nail respective the S [mm] 1,8
allowable withdrawal force of nail
Distance of the lower nail row to the bottom edge (h-hnp)  [mm] 25

: Distance of the upper nail row to the top edge hna fmm] | 25
Table 2 Constant parameters

The range of the parameters, which are analysed, is specified in table 3.

Board height h 60....240mm
Nail distance ena 140,400 mm
Board thickness tg i 24...80 mm

Table 3 Ranges of analysed parameters

In the following diagrams, the results of the parameter study are presented graphically.
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Figure 3 Bending stiffness El, depending on number of nails and board height
(Board thickness = 24mm)



In Figure 4 the different parts of transverse bending stiffness and the bending stiffness
span direction for a nail-laminated timber element of 240 mm height are presented.

The part of transverse bending stiffness concerning the lower nail row is more than 90 %,
so the parts of the wood and the upper nail row can be neglected in a good approximation.

The real value of the equivalent modulus of elasticity for the compression zone, due to the
joints between the boards is of minor importance.

Altogether the transverse bending stiffness reaches roughly 0,01 % to 0,1 % of the bending
stiffness in span direction.
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Figure 4 The different parts of bending stiffness Ely, and the bending
stiffness in span direction Ef, (Board height = 240mm)

In Figure 5 the allowable bending moment of a nail-laminated timber element transverse to
the span 1s shown.

As failure criteria the achievement of the allowable withdrawal force of the nails respective
the allowable compression stress of the wood is defined.

The limitation line separates the different modes of failure. Below the line it is the strength
of the wood and above the line it is the strength of the nail connection, which is decisive
for the allowable bending moment.
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The relationship of bending stiffness and board thickness is presented in figure 6. There is
nearly a linear correlation between board thickness and bending stiffness by the developed
approach.

Thereby it is assumed, that the withdrawal stiffness of the nails remains constant for the
considered value of board thickness. In a comparative test the according properties of the
connection have to be ensured.
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Figure 6 Bending stiffness depending on board thickness
{nail distance = 200 mm)



4  Application example

Determination of the fransverse bending stiffness:

The following geometrical variables are given:

Height of the nail-laminated timber slab 140 mm
Single board thickness 30 mm
Edge distance of the nail rows 25 mm
Nail distances within one nail row 300 mm

This results in:
hny = 140 - 25 = 115 mm
hrz =25 mim

n=1/03=333m’

Moduli of elasticity according to german codes:
E; =300 N/mm’
Eg = 210000 N/mm’

As fasteners the annularly threaded nails of Chapter 3 (RNa 31x65) are chosen:
Cin = 426,9 N/mm

Determination of compression zone height according to equation (2) and (3):

_3,33-30-4269
: 1000 - 300

=0,1422 mmn

hy =-2-0142244/4-0,14227 +2.0,1422-(115+25) = 6,0mm

Nail row distances to neutral axis {eq.(5)):
an; = 115-6,0 =109 mm
any = 25-6,0= 19 mm

Equivalent transverse bending stiffness (eq.(4))



z-3,1" 1000-6,0°

(EI), =3,33-210000- +3,33-426,9-30- (1097 +19? )+ 300.

= (EI), =5,500-10° Nmm® [m = 5500 kNem? / m

Limiting vibrations according to EC 5:

According to EC 5/4.4.3 the maximum velocity has to be limited. It depends on the value
of transverse bending stiffness (EI),. The following specifications of geometry and load of
the nail-laminated timber floor are assumed:

Length of the nail-laminated timber floor in span direction 4,0 m
width of the nail-laminated timber floor transverse to the span direction 5,0m
Dead load of the nail-laminated timber element 5,0 kN/m3
Dead load of the floor layers 0,2 kN/m*

The mass per square unit results in:

m=(5-0,14+0,2)-100 = 90 kg /m*

The natural frequency is determined with the help of equation (4.4.3¢) from EC 5:

o [252:10°
2-4° 90

/i =16,4Hz

Using equation (4.4.3e) in EC 5 the number of first-order vibrations with a resonance
frequency below 40 Hz can be determined:

5 4 ¢ 0,25
40 5Y 2,52:10
no=| || — | —1]-] 2] 222221 _153
16,4 4] 5500

Velocity in cause of an ideal unit impuise EC5/(4.4.3d):

. 4-(0,4+0,6-15,3):O’01916 m
90-5-4+200 N




Limitation of the velocity EC5/(4.4.3b):

y< 100U

2
Ns

= 10044000 002129 > 0,01916

The prove turns out to be close to the limit. It has to be considered, that the proves of EC 5
were developed for timber joist floors and reflect the properties of the nail-laminated
timber floors only approximately.

5 Conclusion

The developed computational model enables the calculation of an analytically detectable
value for the transverse bending stiffness. The knowledge of the “withdrawal stiffness” of
the applied nails is necessary. This characteristic value has to be determined by withdrawal
tests.

The new approach results in a lower value for the bending stiffness than estimated in
former publications. The transverse bending stiffness is very low and reaches only 0,01 to
0,1 % of the bending stiffness in span direction.

It is obvious, that a sufficient transverse load distribution can not be based on the
transverse bending stiffness. A sufficient transverse load distribution can only be
guaranteed by the shear stiffness of the nail connection. Further investigations ([1], [7])
lead to the conclusion, that the assumption of sufficient transverse distribution concerning
nail-laminated timber floors is not correct.

Assuming this conclusion an additional prove with a point load of 1 kN in worst loading
position, according to german code DIN 1055, is necessary. In this case the transverse
distribution of a point load has to be known. This is why the importance of the transverse
bending stiffness and the described computational model may overlap the shown prove of
limiting vibration.
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1 Introduction

'The controlling sections of chords in a truss are often influenced by a moment peak,
see figure 1. At triangular trusses the maximum peak moment and maximum axial
compression force in the top chord often appear at the heel joint.

Figure 1: Variation of the moment, M, in the chords of a W-truss.

In order to obtain optimal truss designs different statistical analyses of the wood
strength parameters have been made to obtain increased capacity of the sections with
moment peak. Another method of increasing the moment capacity is to reinforce the
dimension controlling areas with a punched metal plate of same type as used in the
joints of the truss, see figure 2. An advantage of this method is that the price of
the reinforcement material and the production of the reinforcement are very limited
compared to the total costs of a truss. By introducing the reinforcement it may be
possible to reduce the cross-sectional depths of the chords.

The reinforcing effect of punched metal plate fasteners in areas with a moment peak is
analysed by tests. According to DS/EN 408 the bending capacity (bending strength)
of timber shall be determined for beams loaded in 4-point bending. However, the
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Figure 2: Heel joint with a wedge and a reinforcement.

present work is limited to analysis of the reinforcing effect in areas with moment
peaks only. Therefore, the test specimens are made with beams loaded in 3-point
bending, as shown in figure 3.

The tests and the test results are described in this paper. The failure types are given
and some load-displacement curves are shown. Further, the tests are compared to a
numerical model.

displacement >d
+——300 #-—300 g transducer

S 0.2 d A ~62d —

Figure 3: Test arrangement for beams in 3-point bending. Dimensions in mm.



2 Test series

The test programme is shown in table 1. The applied timber is Swedish spruce with
45 mm thickness. The timber was selected and graded® by a truss plant.

No. Timber Plate

Series | of |pgrade’ | d |span | width w | length{
no. tests mm | min mm mim

RS1 10, Ki8 120 7 1500 - -
RS3 20 " 170 | 2100 - -
RS5 10| K24 | 170 ? - -
RS6 10| K18 1120 | 1500 34 776
RS7 10 i 120 K 76 516
RS8 10 " 120 ” 34 516
RS9 10 " 170 | 2100 76 516
RS10 10 7 170 Y 34 776
R512 10 " 170 ? 34 516
R514 10] K24 170 » 34 776
RS15 10 Y 170 ” 34 516

Table 1: Test program with 11 different series.

'The reinforcement is made by GNA 20 S plates from Gang-Nail Systems. The thick-
ness of the plate is 1 mm and the tooth length is about 8 mm. Different widths and
lengths of the plates are used. All plates are located at the centre of the beams 10
mm from the tensile edge, see figure 3. The test specimens have been conditioned and
manufactured according to prEN 1075. During the test period the moisture content
of the timber was about 10-12%.

To obtain a section with a moment peak all samples are loaded in 3-point bending,
see figure 3. The distance between the mid load and the reactions is ~ 6.2d, where d
is the cross-sectional depth of the beam.

According to DS/EN 408 the load is applied at constant loading head movement
(deformation controlled) so the maximum load is reached within 300s (:120s). The
loading heads have a width of 100 mm.

In figure 4 the scaled test specimens with a reinforcement are shown.

!Strength classes K18 and K24 can be transmitted to S8 and S10, according to ECE Timber
Committee,
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Figure 4: Test specimens with plate reinforcement. Dimensions in mm.



3 Results and discussion

In table 2 the failure loads, failure types and location of failure in each series are
given. The mean value m, the standard deviation s, and the coefficient of variation
4 are calculated according to DS/EN 1058.

The average wood density is found between 448 - 507 kg/m?.

3.1 Failure

In general the failure for all beams with or without reinforcement is very sensitive to
the appearance and the size of the knots in the tensile side in the area of the load

supply.

Series | No. Reinfore. Failure
no. of | Timber plate load type location
tests | grade w ! m sl 6 | T|IK[S|| I, O
d =120mm mm | mm kKN| kN | %
RS51 10 K18 - -11243 1294124 1+ 9 8 2
RS6 10 K18 34 776 111642130419 31 7 9 i
RS7 10 K18 761 516 || 1532 | 246 |16 51 5 8 2
RS8 10 K18 34| 516 || 15.02 1280 (19| 4| 6 5 5
d =170mm
RS3* 20 Kig - - 21151368174 9| 8 12 5
RS5 10 K24 - - 2017 432 |21 6| 3|1 9 1
RS9 10 K18 76| 516 | 19.04 | 367 18| 5! 5 6 4
RS10 | 10 K18 341 776 1202329711513 5124 9 1
RS12 | 10 K18 340 516 || 2180156226 2| 5|31 7 3
RS14 | 10 K24 341 776 12278 1169 T 6 22 8 2
RS515 | 10 K24 34| 516 | 22.66 134412 4| 33| 8 2

T: Tensile failure of the fibres. No knot observed at failure.

K: Tensile failure started at a knot.

S:  Shear failure in the timber. A crack starts at or below
the reinforcement and runs to the beam end parallel to the fibre.

I:  Failure started within the reinforcing area. In series with no
reinforcing, failure started close {£0.2 m) to the force.

O: Failure started outside the reinforcing area or >0.2 m from the load.

*  Some failures not observed.

Table 2: Failure load, number of failure types and location of failure in each
series.

In table 2 it is seen that the failure loads for the reinforced series with d=120 mm
are increased between 20 to 30% compared to the series without plate {RS1). The
reinforcing effect is most distinct with long reinforcement plates. In the series with
776 mm reinforcement (RS6) most of the failure occurred within the area of the
reinforcement. In series RS7 and RS8 almost half of the failures occurred cutside the
reinforcement area. The tests with failure outside the reinforcement are caused by
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the "flat” variation of the moment, see figure 5. In general the moment outside the
reinforcing area should be low compared to the moment within the reinforcing area.
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Figure §: Variation of sectional moment with peaks (M) in relation to the
moment capacity (M,) of a reinforced beam.

Tests with a failure location outside the reinforced area may distort the effect of
the reinforcement and they should not be included in the calculation of the average
failure load. However, the average failure load of the tests with failure located within
the reinforced zone only varies between 4: 1% of the values given in table 2. In series
RS7 and RS9 the average failure values are increased by ~5%.

In a few cases total tensile failure in the plates occurred, see figure 7, and in other
cases local tensile failure was observed. The decreased coefficient of variation in tests
with a reinforcement shows that the failure load is less sensitive to weak sections.

The increasing effect of the reinforcement on the failure load in the series with d=170
mm did not take place. In series with long plates (RS10), where the effect is assumed
1o be most distinet, the failure loads are even less than the failure loads of the beams
without a reinforcement. The coefficient of variation in the series is almost the same.
Failure within the reinforcing area causes full tensile failure in the steel or in very few
cases withdrawal of the teeth.

An examination of the failure types in the tests with a low failure load compared to
the mean value of each series shows that the failure in many cases occurred at knots
within the reinforcing area. As it was expected that the reinforcement would have
an effect in exactly these cases this indicates that the tensile strength of the plate
capacity compared to the GNA 20 S may have a larger effect on the moment capacity
of the beam. However, if the reinforced beams shall be an option for practical truss
manufacturing it is required that the reinforcement is made by rather small strips
(w < 40-50 mm) of plate as the area of a large reinforcing plate may conflict with a
beam connector plate, see figure 6.

Visually some of the beams in series planned for K18 may be graded in K24. This
assumption is supported by the results from series RS3 and RS5. The mean value of
the series with K18 (RS3} are found to be lower than the same value in series with
K24 (RS5).

In some tests in RS10, RS12, RS13 and RS15 the failure was caused by shear failure
in the wood. This failure type is most distinct in tests with a reinforcement. A crack
stated just below the plate and extended to the end of the beam. The size of the



reinforcement —-

Figure 6: A reinforcement plate in conflict with a beam connecting plate.

failure load for this failure type is found to be rather high (between 20.5kN and 30kN,
m=25,3kN).

3.1.1 Embedding at the loading area

In many specimens the 100 mm loading head at the centre of the beam was more or
less embedded in the beam. In a few cases the indentation into the wood was more
than 10 mm. The embedding is caused by the force perpendicular to the grain. Some
failure lines were observed at the load head, see figure 7. The crushing of the wood is
most distinct in areas with no knots at the loading head. Crushing perpendicular to

Figure 7: Lines with compression at the loading head and full tensile failure
in plate.

the grain can be avoided by increasing the width of the loading head, however, this
will cause the moment variation and the moment peak {o be less distinct.

The appearance of the moment peak in top chord sections at heel joints will be affected
by the size of the contact zone between the top chord and the wedge/ bottom chord,



see figure 2. The extent of the contact zone parallel to the chord is hardly bigger
than 100 mm. Therefore, it is believed that crushing perpendicular to the grain also
appears in chords with moment peaks close to the failure moment. Some analyses on
the contact zone are given in Nielsen 1996.

The crushing at the loading head can also be avoided by increasing the span, however
this will also cause the moment peak to be less distinct.

3.2 Load-displacement curves

In figure 8 the load-displacements curves for the tests in series R51 and RS6 are shown,
The "O” and "X denote the maximum load in series RS1 and RS6, respectively.

30,.. ........ , ......... , ...... .......... .......... .......... ....... ,,,,,,,,, \‘

25

(kN]

Total force
s

Jreed.
<

0 S 10 15 20 25 30 35 40 45 50
Vertical displacement at centre [mm)]

Figure 8: Load-displacement curves of RS1(dash,0) and RS6(solid,X).

In figure 8 it is seen that the initial stiffness of the reinforced beams is increased
compared to the non-reinforced beams. The reinforcement changes the properties of
the failure from a brittle failure to be slightly more ductile. The displacements at
maximum load are almost unchanged.

In a few tests a negative increment of the displacement is observed. This is caused by
fact that the displacement measuring pins ”jump” out of the measuring points when
a sudden crack arise.

In general the effect on the stiffness is very much the same as found for the strength.
The stiffness is increased by 20% to 30% for reinforced series with d=120mm and the
effect is vanishing for the reinforced series with d=170mm.
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4 Comparison with numerical model

Since 1992 a numerical beam model for trusses with punched metal fasteners has been
developed and implemented in the MATLAB environment. The programme is called
'TRUSSLAB. The theory behind the model is given in Foschi(1977), Nielsen(1996)
and Ellegaard et al.{1999}. TRUSSLAB is in still progress by calibrating the model
to fit experimental test results for several different types of tests. So far the model
has been compared with tests on splices in tension and bending, Nielsen (1996).
The model is able to predict the load-displacement curve even with contact between
the timber members and/or plastic conditions in the nail plate. The intention is to
develop a model which can estimate the stiffness and the failure in arbitrary joints
with punched metal plate fasteners.

4.1 The model

In figure 9 a model of the tests in series RS6 is shown.

beam element

. —
__________ Eailmelemlzneﬁr;t:/ _/— S T T T

plate element

Figure 9: Model of the tests in series RS8.

As the problem is symmetric, only the left half is modelled. For the timber beam
Timoshenko beam elements are used and the reinforcement is divided into 4 nail
elements connected by 4 plate elements. By dividing the plate into several elements
the extent of the plastic zones can be followed. Small auxiliary elements are used to
transfer the forces between the beam elements and nail elements. Further description
of the the model and the properties of plate and nail elements is given in Nielsen(1996)
and Ellegaard et al.(1999).
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Figure 10: Numerical and experimental load-displacement curves.

4.2 Results and discussion

In figure 10 the numerical load-displacements curves are compared with the experi-
mental results.

In figure 10(a) it is seen that the load-displacement curve of the numerical model with
average wood properties according to DS413 (E=9000MPa, G=600MPa) estimaftes
the load-displacement curves of tests. It is assumed that the same stiffness properties
can be used to estimate the load-displacement curves of series RS6.

Tn figure 10(b) it is seen that the load-displacement curve of the numerical model
overestimates the displacements. The stiffness of the model is not very sensitive
to a variation of the plate location or the plate stiffness. An explanation of the
overestimation may be that the wood stiffness of the tests specimens in series RS6 is
larger than expected.

According to the model there is a plastic state in the all plate elements. In the two
plate elements close to the centre the whole plate is plastic. The plate becomes plastic
from 6 kN. -
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5 Conclusion

Based on the tests the following conclusions can be made:

e The failure load and the stiffness of 120 mm beams with reinforcement are
increased by 20 to 30%.

e The reinforcement has no effect on 170 mm beams.

In further analyses it is recommended to:
e use a plate with high tensile capacity (thickness > 1 mm) in beams with a
cross-sectional depth of 170mm.
e locate the reinforcement closer to the tensile edge of the timber (< 10 mm).
e limit the width of the reinforcement {< 40 - 50 mm)

e test beams with other cross-section depths and load conditions.
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Three-dimensional interaction in stabilisation of

multi-storey timber frame buildings
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Summary

A study has been performed with a finite element model in order to investigate the
distribution of forces in multi-storey timber frame buildings under combined lateral and
vertical loading. The model has been calibrated and verified against full-scale tests,
performed on separate shear walls. During the tests, the vertical support forces have been
monitored as well as the load and top displacement. The calibrated model has been used
primarily to investigate the distribution of dead load when combined with lateral loads on
shear walls and transverse walls with gypsum sheathing. The results indicate that the in-
plane stiffness of diaphragms in a lateral-force-resisting system is considerable, and imply
that a great portion of the dead load can be utilised to counteract uplift forces caused by
lateral loading. The conclusion is that the designers have great possibilities to take
advantage of dead load when stabilising the system by properly connecting the different
diaphragms in order to achieve interaction in three dimensions. This is not always the
practice in the current two-dimensional design approach.

1 Introduction

A growing interest in multi-storey timber frame buildings in the Nordic countries has
increased the need to understand the overall structural performance of the system. Current
design principles fail to take interaction between components into account. The overall
performance of a structural system exposed to horizontal loading is simplified into two-
dimensional analyses, where only the shear walls are assumed to be active. This approach
leads to the practice of all structural components, such as shear walls and diaphragms,
being designed separately, with no consideration given to load sharing in the three-
dimensional structure. Current design principles further presuppose rigid frame members
that are hinged to each other [5]. Flexibility of the joints is not considered. Such methods
of analysis are consequently unable to predict the effect of more flexible joint conditions
and changed anchorage configurations. The aim of the present study is to investigate
effects of the interaction between diaphragms concerning the distribution of dead load in a
system of diaphragms.

U Also Structural Engineer, NCC AB, SE-205 47 Malmé, Sweden



In order to investigate the force transfer in multi-storey timber frame buildings, a static
non-linear finite element model has been developed in the general analysis program
ANSYS5.4. The multi-storey structure is idealised as horizontal and vertical diaphragms
connected by springs. The finite element model has been calibrated and verified against
full-scale tests performed on shear wall units with different configurations. In order to
study the distribution of reaction forces, a test rig that allows monitoring of support forces
has been developed.

2 Limitations

This study covers structural systems exposed to static loading. No dynamic effects are
included since the design methods in the Nordic countries do not take seismic loads into
consideration. The collection of basic design data, such as material properties, is outside
the scope of this study. The properties of materials, such as the stiffness of connectors and
E-modulus of sheathing and framing, are estimated from non-statistical experiments
performed within the study, and results found in literature, e. g. [4]. Non-linearity is not
considered for the framing and sheathing, only for fasteners and connectors. The framing
and the sheathing elements are assumed to be homogenous and isotropic. Out-of-plane
buckling is not taken into account in the finite element model. Nor is the asymmetry due to
the fact that sheathing panels may be attached only to one side of the diaphragms
considered. Strength design, such as timber and joint-failure design, is also outside the
scope of this study.

3  Description of the finite element model

The non-linear finite element model is developed in the general finite element program
ANSYS 5.4. The model is created in 3D-space with beam, shell and spring elements. These
elements are assembled to vertical and horizontal diaphragms with the use of macro scripts
written in ANSYS Parametric Design Language. The diaphragms can be oriented m two
perpendicular directions, located arbitrarily in relation to each other and built up in several
storeys. The diaphragms can be connected both in vertical and horizontal directions with
spring elements representing nails, screws, connectors and hold-downs. The connections
can be made between vertical diaphragms or between horizontal and vertical diaphragms.

3.1 Vertical diaphragms

A vertical diaphragm, i. e. a shear wall, is built up by beam, shell and spring elements
representing the framing, the sheathing and the fasteners respectively. The beam elements
at the joints between the studs and plates are connected to each other by three
perpendicular uncoupled spring elements in order to model the flexibility of the joints
satisfactorily. The vertical springs in the framing joints are non-linear, with different load-
deformation properties in tension and compression. The shell elements are attached to the
beam elements with two perpendicular uncoupled non-linear springs in the plane of the
diaphragm, and one linear spring in the out-of-plane direction (Fig. 1). Each sheathing
panel is separately attached to the framing. The fastener spacing can be varied arbitrarily,
and can also be different at centre and edge of the sheathing. Bearing effects between
adjacent sheathing panels are incorporated in the model. Thus, the sheathing elements are
prevented from numerically overlapping one another.

2
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Fig. 1: Composition of vertical diaphragm

Window and door openings can be implemented in the vertical diaphragms. The openings
can be of varied dimensions and located arbitrarily.

3.2 Horizontal diaphragms

Horizontal diaphragms are composed of beam, shell and spring elements. The floor
framing is built up by beam elements, representing the joists, chords and struts. The beam
elements are connected to each other in the same way as in the vertical diaphragms, except
that all springs are linear. The floor sheathing is idealised as a single sheathing panel.

Shell elements .~ P

Spring e[ememsr———————f e fl el

Beam elements

Fig. 2: Composition of horizontal diaphragm

This is a simplification, but an acceptable one since the flooring panels are often glued to
the truss framing and to each other. This creates a very stiff component in comparison with
the vertical diaphragms. The panel is composed of shell elements that are attached to the
beam elements with non-linear spring elements (Fig. 2). The fastener spacing can be varied
arbitrarily.

3.3 Anchorage assemblies

‘Two shear walls on different storeys can be attached to each other by vertical, non-linear
springs, representing hold-downs. The anchorage springs connect either a stud in the
bottom storey to the foundation or the studs in two adjacent storeys. The stud on the lower
storey must be located directly below the stud in the upper storey. The hold-downs can be
installed at all stud locations.

The connections between diaphragms within the model are further described in a paper [1]
presented previously.



4  Experimental studies and model calibration

In order to investigate the overall performance of a timber frame structuse, it is essential to
obtain knowledge about the behaviour of an individual diaphragm exposed to lateral and
vertical loading.

4.1 Test method

Most shear wall experiments performed do not give any information of the vertical support
forces due to lateral loads, e. g. test prEN594 [3] prescribed by Eurocode [2]. In order to
get this information, a test rig which allows monitoring of vertical support forces has been
developed (Fig. 3). The wall specimens are mounted with compression load cells at the
bottom plate directly under each stud, except at the location closest to the horizontal load.
Here, a tension load cell is connected to the anchorage at the joint between the stud and the
bottom plate. An end stop at the bottom plate prevents the wall from sliding.
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Fig 3: Test rig developed in the study for monitoring of load, displacement and verticat support forces

Vertical load is applied at the top plate directly above each stud via wood joists carrying
pairs of concrete weights in steel wires. During the tests, the horizontal load, the vertical
support forces and the top displacements are monitored.

4.2 Configuration of test specimens

The test walls were assembled by 45 x 90 mm ungraded timber as framing members and 13
mm gypsum boards (DANOGIPS) as sheathing. The gypsum boards were attached to the
framing with drywall screws for wooden joists, 3.9 x 41 mm (ESSVE). The screw spacing
was 100 mm on the perimeter and 200 mm in the interior of the sheathing. Anchorage
brackets of steel, 65 x 55 x 3 mm, were attached rigidly to the foundation and with eight
screws 4.2 x 35 mm to the end studs.
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Fig 4: Alternative configurations of sheathing panels in test shear walls



Tests were performed with two wall specimens, each with the height of 2.4 m and the
length of 3.6 m. The length corresponds to the width of three standard gypsum panels. In
the first shear wall, only one side was sheathed with three full-size gypsum panels (Fig. 4
configuration A). In the second test, a shear wall with sheathing on both sides was used.
One side was sheathed with three full-size panels (FFig 4, configuration A). On the other
side, the sheathing panels were staggered in relation to the first side, i. e. two full-size
panels and two halves were used (Fig. 4 configuration B). The choice of this panel
configuration was made in order to investigate if the stiffness is influenced advantageously
if the panel joints for the different sides of the wall are staggered. A vertical load of 2.4 kN
was applied at each stud.

4.3 Calibration of the finite element mode}

The fastener properties were determined by calibrating the finite element model against the
first full-scale test, i. e. a kind of an inverse modelling procedure. This is, of course, a
simplification that would be rather harsh if the aim of the analyses was to determine the
behaviour of separate fasteners. The objective of this study was, however, to investigate the
overall performance of a diaphragm and the behaviour of a system composed of several
diaphragms. In view of this and the fact that the number of fasteners was large, an approach
with smeared fastener properties should work satisfactorily.

The fastener properties were calibrated so that the finite element model gave the same load-
displacement curve as achieved in the first test (Fig. 5, to the left).
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Fig. 5: Results for first test wail and corresponding results from Ansys analysis

In order to determine the quality of the calibration, the results for the vertical support forces
were compared as well (Fig. 5, to the right). The numbering of the supports is given in
figure 4. It can be seen that the finite element model gives reasonable results for the
support forces when only calibrated after the force-displacement curve.
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Fig. 6: Results for second test wall and corresponding results from Ansys analysis



The model was also compared with the second test wall, without any further adjustments of
the model properties. The match between the Ansys model and the second test is quite
good (Fig. 6). Bearing in mind the complicated structure with staggered panels, the results
show a reasonable fitting for the purpose of this study. The main reason for the mismatch
with the tests might be linked to the difficulty of determining the correct properties for, and
the effect of, the semi-rigid anchorage and the bearing between panels.

It can be noted that the model is not able to reliably predict the failure load. This is
probably due to various phenomena connected with the brittle cracking of the gypsum
panels in the tests, which is too complicated to simulate numerically. The aim of the model
is, however, to predict the behaviour of a system exposed to loading within the structure's
capacity, why this will not pose a problem.

5  Numerical experiments

As mentioned previously, the analysis of the interaction between diaphragms has been
oversimplified due to lack of understanding of their joint performance. This is evident
when it comes to the question of how to deal with the distribution of dead load for shear
walls supporting floor diaphragms, or the dimensioning of anchorage detailing and
diaphragm connections. In order to investigate this closer, several finite element analyses
have been made. Primarily structures with gypsum-sheathed diaphragms have been
analysed in this study. The interest in this area is due to the fact that diaphragms sheathed
with gypsum are used very frequently in lateral-force-resisting design in the Nordic
countries. It is only when the capacity of the gypsum is too low that plywood panels are
used, e. g. in the lower storeys of multi-storey buildings.

51 Distribution of dead load along shear walls

No distinct guidelines for the distribution of dead loads in lateral-force-resisting systems
are provided in the codes. This is due to poor knowledge of how great part of the dead load
that will be transferred to the location of the uplift force. The consequence is that some
designers hesitate to use the dead load to counteract the uplift force, while others tend to
use it uncritically.
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Fig 7: Possible distributions of dead load for a herizontally loaded shear wail



A safe approach is to assume that the uplift force is counteracted only by the dead load
corresponding to the actual stud affected by uplifi. In that case, the effective length over
which the dead load is calculated would be haif a stud spacing. This assumed distribution is
indicated with the reaction forces in figure 7 above. The in-plane stiffness of the
diaphragms will probably transfer a larger part of the dead load along the wall to the point
of uplift (Fig. 7, curve a). If the shear wall was considered to be very stiff in plane, the dead
load counteracting the uplift force would be the load over half the length of the wall. Hence
the length over which the dead load should be calculated (Ler in Fig. 7) is somewhere
between half the stud spacing and half of the wall length. Which of the extremes that is the
most representative is determined by parameters such as number of sheathing layers, panel
distribution, wall height and length ratio, et cetera.

It is also of great interest to investigate how these forces are transferred over the storey
boundaries. Can a multi-storey structure be seen as one continuous diaphragm over all
storeys (Fig. 8 b and 8 ¢) or will it act as several separate diaphragms (Fig 8 a)?

Fig 8: Possible distributions of dead load for horizontally loaded shear walls in multi-storey structures

In order to investigate the influence of these parameters, a number of finite element
analyses has been performed using the previously described model.

5.2 Transfer of dead load via transverse walls

In the current design practice for lateral-force-resisting systems, only the shear walls are
assumed to be active. Due to this fact, shear walls and diaphragms are being designed
separately with no consideration given to load sharing in the three-dimensional structure.
Structural engineers often hesitate to take advantage of adjacent walls in order to
counteract uplift forces or to transfer the uplift forces to anchorage assemblies in the
transverse walls.

Another issue of great interest within this field is the possibility to counteract uplift action
with the dead load affecting the transverse walls, e. g. when the joists in the flooring are
supported on the transverse walls. The question is how stiff the walls are concerning in
plane bending, and also how great shear forces can be transferred between the different
patts of the walls. Additionally, how far away from the connection to the shear wall will
the dead load on the transverse walls help to counteract the uplift force (Fig. 9Y? Will the
effective length for the dead load differ significantly depending on wall length, magnitude
of load, number of storeys, et cetera? Efforts have been made in the study in order to find
an idealised effective length (Fig. 9, curve b) that converts the load distribution to a
rectangular one, which is easier to use.
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Fig 9: Distribution of dead load for horizontaily loaded shear wall

Finite element analyses have also been performed in order to investigate the possibility to
take advantage of anchorage bolts in a transverse wall in order to counteract uplift action in
an adjacent shear wall.

6 Results and discussion

The results of the study are presented briefly in the following sections. The amount of dead
load that can be utilised in different design situations is presented as a ratio, here called
effective length ratio (L) since it is a question of a tributary length. This ratio gives the
quotient