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MINUTES

1. CHAIRMAN’S INTRODUCTION

e Greetings from hosts

e Presentations: there are 28 papers, 20 minutes per presentation + 10 minutes for
questions

e Authors should make concluding statement as to the impact on codes

¢ Registration fees to be collected during the meeting

Welcome by the host: Alpo Ranta-Maunus

A. Ranta-Maunus welcomes all attendees to Savonlinna and gives a short history of the
castle, followed by a brief background on VTT:

¢ VTT is a technical research centre, not a University

o It has approximately 2800 employees and is centred in Helsinki

CO-OPERATION WITH OTHER ORGANISATIONS

(a) RILEM

S. Thelandersson:
There are 40-50 technical committees, dominated by concrete
Presently there is low activity in timber :2 active technical committees

I
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Committee on Test Methods for Load Transferring Metalwork Used in Timber
Engineering (i.e. hangers) (chaired by J. Ehlbeck)

consists of 15 members

3 meetings so far (Cachan, Vancouver, Paris), next in Karlsruhe

type of connectors considered : end grain to side grain, side-side, end-end
types of connectors (metal hangers)

Notes:

Questions are prefaced with 2 “Q” and comments with 3 “C”, followed by the questioner’s name. Answers to
questions are given in {...]
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test methods: conn, types, important parameters

concluded not to give strict rules, rather guidelines

10 principles to follow when testing such connections
document cross-sections and the intended function

carefully decide on test configuration {o avoid other failures
carefully select appropriate secondary meinber

avoid the influence of support conditions

load transfer should be reliably measured

use the loading procedure s outlined in EN26891

measure the relative displacement between members

assure gaps between merabers to avoid secondary interaction
condition specimens to the proper moistare content

record relevant specifications of the timober members, connections etc.

Q(R. Leicester) Why should certain failure methods be avoided if these could be
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reslistic? [J. Ehlbeck: To assure a valid test method set up and not provoke
unreahistic failure raodes]

. Committee on historic buiidings

would like to expand activities
next workshop in Stockbolm

. Commitiee on fracture mechanics conciuded its work

. Bosirdm spnounced the RILEM Symposium week in Septerber 1999

there would be one symposium specifically on timber engineering
the deadline for submission of abstracts is November 1998

. Thelanderssor should be approached if anyone wants to start a new RILEM

committee. There is a possibility of funding.

CEN TC 124 (TIMBER STRUCTURES)

H. Larsen:

& @ & ¢ 2 ¢ ¢ & @

The purpose is to produce European standards, especially for products
Committee is working on test methods (glulam, trusses)

So far completed ~ 30 standards

Stiil have to introduce procedures for acceptance

Expect completion in a few years (maybe 2003}

The following are presently under discussion

bending stiffness of timer beams (full span?)

shear

The next meeting is in Bordeaux in August 1998 (after ISO).

{¢) CEN TC112 (Wood based panels)

M. Kairi:

@

Purnose is the standardization of testing of glued laminated products (Kerto LYL
ks iy fic]



and other)

e The initiative came from insurance companies in France. The question posed is
whether the standard should be a French national standard or a European
standard?

o The committee opted for a harmonized European standard. Then there would be

an opportunity to develop sub standards

The standard will open market to other producers

The Committee opted for TC 112 because LVL is produced in panel form

Two meetings so far (Finland, France); next in Sweden Sept 1998

Prepare mandate for working group 10
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Q(V. Enjily) This Committee should not be TC112. Who decides on the mandate?
[H. Larsen: The committee has the mandate from TC124 as long as the standard is
produced along the guidelines of TC124]

(d) CEN TC250 (Eurocode 5)

H. BlaB:

The mandate is to produce design standards

60 Eurocodes (23 for steel, 3 for Timber: Part 11 (buildings) 12 Fire; 2 (Bridges)
These will be incorporated into EN

The conversion of standards is in process

ENV standards are out for comments which will be incorporated in the final
version

(e) IUFRO S5.02

H.J. Larsen:

e Would like to expand into timber

¢ Questionnaire by Hoffmeyer: Should IUFRO continue and who will convene
¢ Need a volunteer

(Hh CIBWSS

R. Leicester:

o Expand activity e.g. floor vibrations

¢ It is planned to produce within 2 years a draft status of activities (serviceability
issues)

o Next meeting tentatively in June 1999(?}

LIMIT STATE DESIGN

Paper 31 -1-1 A Limit States Design Approach to Timber Framed Walls -
C J Mettem, R Bainbridge and J A Gordon

Q (K. Komatsu) Considering that the contribution of non-structural components is
significant, are there product standards available for these components? It is known
that the properties of these have a large variability. [Yes, but it is hard to get
engineering data]
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Q(B. Killsner) Is the Eurocode less detailed than the BS code? Detailed models are
required for the analysis of wall structures. In the model (p.12, sec 4.1), the paneis
are listed as the most imporiant components for lateral resistance. Should it not be
the conunections?[Analysis methods are under discussion. They have to be kept
simple for designers. Te make a wall stiffer and stronger it is important to improve
the connections, which includes the fasteners and the panel.]

Q (H. Pricn) Why was earthquake loading excluded from scope?[Only for the UK, but it
is included in the Eurocode]

Q (G. Boughton) Is there a cross-correlation of k-factors? [They will be interdependent
and the engineer will have to make a judgment call.]

Q(S. Thelandersson) Are there methods to calculate the resistance of complex walls?
For example, the cantilever method on sections of the walls. Are any rules provided?
These have to be consistent with the philosophy of wall design [This still has to be
done. For the analysis one can use established engineering principles]

Q(T. Poutanen) Are there any problems with serviceability of walls in the UK? {No
indication of problems so far. For multi-party occupancy, however, this could
become an issue, especially noise and vibration. |

TIMBER COLUMNS

Paper 31-2-1 Deformation and Stability of Columns of Viscoelastic Material
Wood - P Becker and K Rautenstrauch

Q(H. ¥rion) Have you done any experimental verification of your theory? [Noj

Q(H. BlaB} For beams creep deflections seem less serious since it will disappear,
whereas for column it will remain. The permanent load in column is typically low,
however. Where about is the critical level of axial load when creep instability
becomes an issue? [For a column, a decreasing deflection rate has to be guaranteed.
If it is increasing, then collapse will eventually happen. The critical level can thus be
calculated. ]

C(H. Larsen) There are two sides to your theory: the philosophy and the practical
application. In the past it was believed that the load would be limited to below the
proportional Hmit. In Limit States Design, however, one can exceed the proportional
limit and plastic effects may become importasnt.

C(R. Leicester) Should alsc consider previous papers, which contain experimental daia
that can be used for verification of the theory.

Q(G. Canisius) For columns in a structure, load redistribution and sharing (redundancy)
will reduce the creep effect. One should consider a system approach {This is taken
into account since the load history of a column will be derived from the structural
response]

Q(A. Jorissen) In practical design axial loads are almost always combined with bending,
therefore creep instability due to axial load only might not be important.

C(H. BlaB) Cases of pure axial load can occur in trusses

STRESS GRADING

Paper 31 -5-1 Influence of Varying Growth Characteristics on Stiffness Grading
of Structural Timber - §' Ormarsson, H Petersson, O Dahlblomi
and K Persson



Q(H. BlaB) Proof load in tension, bending (flat or edge)? This might not be according
to the eventual application of the wood and the cut-off of the distribution curve might
not be the same for all cases.[Edgewise testing is considered the best representation]

Q(R. Leicester) In Australia proof testing is used widely and the results could be used
for comparison. How can the bending strength be used when only E is known?
Correlation of the two parameters is very important. [With this new information a
better idea of the bending strength will be gained. Of great importance is the issue of
compression wood.]

C(A. Mischler) When boards are used as glulam laminations, one shoulid test in tension
mnstead of bending since the characteristics differ in tension and bending.

C(G. Boughton) In Australia the best correlation was found between tension strength
and MOE edgewise since a corner defect often is the major factor influencing tension
strength. The boards have to be tested in both directions, however.

Q(G. Canisius) How were E values measured across the cross section of a log and how
was alignment of grain considered? [Small sticks 30 ¢m long were cut and tested;
various alignments carefully measured]

Q(R. Marsh) Are test results using the present methods overly optimistic, considering
the different strength values derived from the proposed test methods.[No, but refined
test methods can identify timber with higher strength. ]

Q(R. Marsh) Can you identify advanced stress grading without proof loading? [Not for
now.}

Paper 31-5-2 A Comparison of In-Grade Test Procedures -~ R H Leicester,
H Breitinger and H Fordham

No questions

STRESSES FOR SOLID TIMBER
Paper 31-6-1  Length and Moment Configuration Factors - T Isaksson

Q(H. BlaB) If there is no significant difference between ‘weak’ and ‘strong’ sections,
why not use the Australian test approach, where the test methods ignore the location
of the defects. [This might be reasonable since it is not easy to identify defects]

Q(A. Ranta-Maunus) Why are the length effects so small [The statistical method is not
always the same as the test procedure because of physical differences in testing, e.g,
strain energy stored in longer specimens etc.]

Q(G. Canisius) The length effect factors could be different for different parts of the
distribution curve, e.g for mean or for 5% [We used mean values for the basis of the
Weibull function in statistical analysis]

C(S. Thelandersson) Different populations will yield different distributions with
different k-values. For design purposes the number of different k-factors should be
reduced to a minimum

Q(B. Kallsner) In your tests you found a somewhat higher within member variation of
the bending strength than in our tests. In our case all timber boards were taken
closest to the pith. How were your boards sawn? [There were boards both close to
the pith and boards a distance from the pith.] This may be an explanation to the
higher within member variation. [ It could be checked in the test data.]

Q(B. Killsner) In your experiments you did not test all the weak sections. Since you
always tried to test the weakest ones isn’t there a risk that your within member
variation of the bending strength becornes too low? [ In some cases also not so weak
sections were tested]



Q(B. Killsner) During the CIB meeting in Vancouver last year I showed results from
testing of long boards subjected to constant moment. We have evaluated the test
results further and found that if we plot the bending strength as a function of the
number of weak zones that the bending strength decreases about four times more
than predicted by the statistical model . This indicates that the distance between the
weak zones may be an important factor. The nurnber of test data is limited, however.
[1 have aiready mentioned that the statistical model should be verified for long
boards.]

Q(A. Jorissen) Does that mean that height, length & volume effects cannot be explained
statistically? [ Testing of different lengths can also have other effects]

C(H. Larsen) Results cannot be verified because testing has not been done for different
lengths

C(S. Thelandersson) This a new way of ‘testing’ the same board along different
sections. The method serves to simulate tesi results. If possible, tests will be done to
verify statistical results. Mechanical differences cannot always be explained
statistically e.g. if crack wants to develop along long member, it will be affected by
the length. Scandinavian species also seem to be relatively very uniform.

C(G. Boughton) Intent of code is to model reality i.e longer lengths store more strain
energy, thus more likely to spread cracks. Therefore these effects should be
considered in the analysis

C(8. Thelandersson) Yes, if indeed that is the case.

Paper 3 - 6-2  Tensile Strength Perpendicular to Grain According to EN 1193 -
H J Biafl end 3 Schmid

Q(A. Jorissen) Discussion about the negative correlation factor in Table 2. Surprised by
comment that a correlation factor of 0.55 is considered good. [Correlation is
relatively high for this study]

Q(A. Mischler) Is there a correlation between density or grade of wood and tension
perpendicular strength? [No. We used mainly clear wood in tests. Influence of knots
could sometimes alse be a reinforcement perpendicular to grain, especially in the
radial direction.]

C(H. Larsen) One has io distinguish between effects of different species and grades.
Typically, there is & strong correlation between most properties and density. Some
effects are also highly species specific and one has to be careful to generalize results
since differen material characteristics will be derived due to their dependency on the
density.

Q(H. Larsen) What kind of glue was used [Polyurethane]

C(H. BlaB) Never had a failure in the glue line itself but close by.

C(H. Larsen) The discontinuity in the vicinity of the glue line could affect the
distribution of loads

C(H. BlaR) Other tests of glulam stock showed characteristic strengths close to zero.

Q(H. Petersson) You did not consider size effects. These should be considered in the
study [We used standard testing specimens; the volume effect seems to be
negligible.]

Q(S. Thelandersson) Do the results agree with the Weibull theory or do the data
distribution fit a Weibull curve? [ The latter] In that case you should really consider
an exponential variation of strength with size. Consider randomly distributed defects.

Q(A. Leijten) Considering that 50% of your specimens failed along the glue line and
you were testing to the European standard for which there is a limited experience, do
you have any recommendations about a better test method? [One of the purposes of
the project is to come up with suggestions for a better test method]
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C(G. Canisius) A previous paper shows FE results on the effect of stress concentrations
along the glue line. Thus the effect of the attached plate is very important (fixed or
free to rotate)

Q(J. Ehlbeck) When discussing product standards, what is the feeling about
characteristic values for designers? H. Blafi mentioned values close to zero. In
standards the tension perpendicular values are increasing with higher classes.

C(S. Thelandersson) Tension perpendicular to grain strength is often used m curved
beams. However, test values are highly dependent on misalignment and motsture.
Q(G. Schickhofer) Which grades of Glulam were tested? [All classes were tested and no

correlation was observed between grade and tension perpendicular strength. ]

Paper 31-6-3  Strength of Small Diameter Round Timber - A Ranta-Maunus,
U Saarelainen and H Boren

(H. Bla#) How was the bending strength of tapered pole calculated? [Use the diameter at
the location of failure.]

Q (7 Do the results apply to higher grade species too? [Yes, we have tested Douglas Fir
too. Values are not as exact as for Spruce humber]

Q(J. Ehibeck) Is the lumber intended to be used for structures? Has any research been
done on connections? [The research also covers to some extent connections]

C(R. Marsh) In the UK there are two examples of structures in dia-grid shells. Bob
Griffiths has dene some research and has developed round pole joint connections

Q(H. Blaf) What is the expected use of small diameter timbers? [The major markets are
in low cost buildings, especially for farmers & do-it-yourselfers. The major
attraction is the low material cost. Other applications are for touristic buildings where
architects like to use it as an expression. ]

Q(H. Petersson) How are trees selected? [The trees should be straight with a limited
knot size, but nothing complicated. Should not use round poles for beams - it is not
an optimal section for strength and stiffness}

Q(A. Horigan) Were compression tests similar to bending tests? Were any tension tests
done? [Length of compression specimens was 6 x diameter]

Paper 31 -6-4  Compression Strength Perpendicular to Grain of Structural Timber
and Glulam - L Damkilde, P Hoffmeyer and T N Pedersen

Q(A. Jorissen) Why have you used the same regression equation for average and 5%
values? [Regression equation was for correlation of 5% strength and 5% density in
one case and the average strength and the average density in the other.]

Q(C. Mettem) In FE analysis of tension perpendicular stresses, Gehri found a
dependency on the configuration. One should do more tests to verify values for other
configurations [In this study we only did basic tests and recommended conservative
design values.] ‘

Q(G. Schickhofer) The case presented is not a realistic situation as in a building [In
practical cases, the stress distribution needs to be accounted for, then use the basic
values with modification factors]

C(H. Bla}) One could have cases with uniform compression stresses, e.g. stress
laminated bridges

C(A. Mischler) A test project was done in Germany around 1930 on different
configurations

C(H. Larsen) Design values in code assume uniform stress situation but differed by 50%
with test results. This shows importance of knowledge of stress situation. Need to
consider other configurations.



Paper 31 -6-5  Bearing Sirength of Timber Beams- B H Leicester, H Fordhans
and H Breitinger

Q(H. BlaB ) Is the compression perpendicular strength correlated with density? [It does
not correlate exactly ;we used structural lumber ; different failure modes occurred,
which were also dependent on ring orientation]

Q(H. Larsen) You should link vour research with other institutions {especially Europe)
so results can be compared [Standard testing methods as used in North America and
Australia were used similar to case [ (continuocus support) with clear specimens.
Comparisons were done to determine comparable values for structural lumber.
Comparisons can be made with results from European tests.]

Q(G. Boughton) We have done tests with European standard and got values of 3 for
Radiata Pine.

TIMBER JOINTS AND FASTENERS

Paper 31 - 7-1  Mechanical Properties of Dowel Type Joints under Reversed Cyclic
Lateral Loading - M Yasumura

Q(H. Blaf}) Were the boits tightened? {Hand tight only}}
Q(C. Mettern) Did you use washers? [ Yes, large diameter washers}]

Faper 31 -7-2  Design of Joiniz with Laterally Loaded Dowels ~ A Mischler

Q(G. Boughtor)) Why do you claim a brittle failure for low slenderness dowels? The
curve seems to be the same as for the slender dowels. [The ductile behaviour could
be observed after the test from the dowel bent configuration. Stocky dowels were not
bent.]

Q(G. Boughton) Why was there 2 reduction in capacity for more slender dowels? [For
more slender dowels we need larger deformations to reach the plastic deformations in
the dowel, thus larger elastic deformations in the timber, which leads to splitting]

C(H. Larsen) Don't agree with reduction of load with thicker specimen, i.e increase in
slenderness ratio. This effect could be due to smail population. Optimum
slenderness should not be a consideration. Should be impossible to reduce capacity
when reaching plastic deformations. The above argument is not valid based on
plasticity and further investigation should be considered.

Q(H. Larsen) Are these curves from only one test? [For each configuration had 3 tests
with two connections each ]

Q(M. Schmid) For connections with beech, did splitting occur too? [After 6 mm
displacement also saw splitting, but the dowel is severely bent at that stage. If
splitting happened after reaching the plastic capacity, it was considered to have failed
in a ductile mode]

C(A. Jorissen) Within normal range of hole clearances one should not have problems in
connections with wood side plates, due to the deformation capacity of wood. The
influence of hole clearances would be more pronounced for steel side plates.

Paper 31-7-3  Flexural Behaviour of Glulam Beams Edge-Jointed by Lagscrews
with Steel Splice Plates - K Komatsu

QfH. Larsen) The ioad slip curves show a considerable plastic zone. One should use the
ultimate it state using plasticity for analysiz {We are interested for the time being
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in the elastic behaviour until ultimate with the intent to keep the analysis simple]

Q(H. BlaB) In the last test series with the highest load, why is there a discontinuity in the
analytical slip curve? [Up to that point program does not consider slip deformations
because the compression force is still larger than the bending tension at the joint]

C(S. Thelandersson) The jump in the load-slip curve is similar to that of cracked
concrete

Q(S. Thelandersson) What are the applications of this type of connection? [Japan
imports a large amount of glulam timber with restricted length that has to be joined
together]

Q(G. Boughton) End tolerances seem to be very important [Yes]. Are there any conirols
on tolerances in practice to prevent secondary siresses in the timber? [Nothing in
particular, but in tests initial slackness in load-slip is curve an indication of tolerance
problems. We also use shear keys in Japan which will assure alignment]

Q(A. Jorissen) Do you ever have shear failures in practice? Your tests have connection
in zero shear zone.[..]

Q(A. Jorissen) In the calculations for Fig.6 were the lag screws neglected?[Only at
intersection consider effect of lag screws; not for compression side]

Paper 31 -7-4  Design on Timber Capacity in Nailed Steel-to-Timber Joints -
J Kangas and J Vesa

Q(H. BlaB) Did you use a reduction of the shear strength, as a function of the shear area,
as is the case for split ring connections? {No, but we had good agreement with the
model. It also seemed to be a factor of the end distance ]

Q(A. Jorissen) Are the timber properties (Table 2, p.10} in the calculations using
Foschi’s model the same as for the tests? [Yes, as in table 1}

Q(A. Jorissen) In eq 7, you add resistances from two types of failure, although the
stiffness is different for the two failure modes. Is there indeed compatibility?
[Plasticity plays an important factor in ensuring that both resistances are mobilized.
Embedding is very plastic, accompanied with a lower stiffness, resulting in a
relatively even tensile stresses in the timber along the last line of fasteners. Shear
stresses are relatively evenly distributed. Test results verified this]

Paper 31-7-35 Timber Contact in Chord Splices of Nail Plate Structures -
A Kevarinmdki

Q(B. Kailisner) One can get large rotations in joints, influenced by the moment
distribution in the truss members. Was this included in the theory? [When
calculating member forces, we used a nonlinear relationship. It is an lterative
procedure. |

Q(K. Komatsu) Please clarify the definition of a tensile splice and a compression splice.
{1t is defined by the force in the member]

Q(B. Killsner) How do you handle the case when a metal fastener is located in the
middle of a simply supported beam? [We use a non-linear model to calculate the
bending response]

Paper 31-7-6  The Fastener Yield Strength in Bending - A Jorissen and H J Blaf

C(H. BlaB) According to the failure definition (displacement = 15mm), one should
define a smaller angle to determine the plastic moment.

{A. Mischler) According to EC5 (Johannsen) the yield moment is defined as the
plastic resistance. This is inconsistent with EC3 (steel code) where the yield moment
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has a different meaning. In the timber code, we should talk about plastic moment not
yield moment. Fig | is confusing. [The definition of yield or plastic moment did not
seem to be a problem so far. The tensile test in steel construction is well defined.
Furthermore, one can incorporate strain hardening in the theoretical calculations of
the plastic moment]

C(C. Mettem) I agree with A. Mischler. This is also important in the development of
rules for FRP dowels

C(S. Thelandersson) It might not be safe to use the plastic capacity, which is higher than
most real load cases. By reaching such high loads, one could induce a brittle failure

C{A. Mischler) In mild steel dowels one should use the real strength, not the specified
(or nominal) strength, to avoid brittle failures. {In practice it is common to have a
large variability in vield as well as in diameter. This is because in steel construction
mild steel bolts are only used for cheap construction and quality control is minimal.]

Q(R. Leicester) When loading bolts in tests, the actual rotation angle is much higher
than the residual angle (after load release).[Even if we use the full angle, we should
not get a much higher moment in the hinge since the additional elastic deflection
does not increass the moment]

C(JE) The same problem is experienced with nails, which are often hardened. The wire
strength is typically not well controlled

Paper 31-7-7 A Proposal for Simplification of Johansen's Formulae, Dealing
With the Design of Dowelled-Type Fasteners - F Rouger

(. Larsen) It is generally accepted that a need exists for simplification of the design
formulae. It is also reasonable that the safety factor for brittle failure is increased.
However, the solution presented is not the best soluticn as the rules should be
transparent to the user. Furthermore, one should not compensate for multiple
fastener effects by reducing single fastener values. The empirical 1.1 factor should
be removed from the formulae.

C(H. BlaB) The 1.1 factor should not be excluded entirely but should form part of rules
for different fasteners

C(H. Larsen) I have previously introduced simplifications for the embedding strength
expression. (Shows slide with simplified expressions). The aim was to introduce a
larger safety factor for brittle failures and a gradual change of the safety factor as one
moves from brittle to ductile failure modes.

(H. Larsen) The idea of minimum length works for nails, but bolts usually fall into the
intermediate range. One of the reasons for dropping simplification in Eurocode is that
it does not work for gusset plates of plywood particle board (thin members) where
the minimum length considerations are different.

C(H. BlaB) Regardiess of simplifications, the design of joints will always be dictated by
the most efficient configuration.

Paper 31 -7-8  Simplified Design of Connections with Dowel-type fasteners -
H J Blap and J Ehlbeck

Q(H. Prion) The last line in the conclusions implies that splitting is not a problem when
using the simplified formula. [The lower line does not imply that splitting does not
occur, but the likelihood is lower] Does the use of the more accurate expressions
mean that the connection has to be reinforced? [No, one can also use other materials
that are less likely to fail in a brittle manner instead of reinforcement].

¢ A. Jorissen) There seems to be an inconsistency with the old code {The old code was
based on allowable stress design and it was a different situation] In my own research
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I have developed a lower curve based on fracture mechanics and would suggest a
curved approximation. Most bolted connections fall into this intermediate range.

Q(H. Larsen) One should nor disregard experience from many years and drastic changes
in design practice should be avoided without compelling reason. [In nail connections
a middle member slenderness of 6 or § is typically sufficient] A drastic reduction in
capacity might be too extreme [The present more accurate calculations would still be
permitted] Don’t compare safety factors from aliowable stress design as they include
all the partial safety factors.

Q(M. Yasumura) Changes to simplify the rules should be based on rigorous theory, and
should not be just an empirical simplification.

Q(A. Jorissen) It is desirable to have only one gm for all connections. Why not use gm
for wood and steel separately in calculation model. [gm for connections in entirety is
not so simple. It will be different for dowel or other type connections]

Q(R. Leicester) Changing practices exist - Australia’s code, for example, is based on
the empirical US rules, which include many factors such as washer sizes etc. There
are many such factors that are not considered in Johannsen’s formulae | The
secondary factors should be considered in a separate modification factor, not in the
basic equation]

Q(G. Boughton) If one would use different gm factors for the steel and timber parts
respectively, would better safety values be obtained? [ Yes, by treating timber and
steel separately in the connection and applying a general kyoq factor for the whole
connection. In a mode 3 failure, which is essentially a steel failure, a lower gm
factor could be applied] Do you have any test data to verify your model? [No, ii is
presently all based on the theoretical model. I would like to use more progressive gm
factors in combination with a knoq factor]

Q(A. Mischler) Nails have a higher lateral resistance because of the added withdrawai
resistance and it seems conservative to base nail values on the Johannsen model
which is based on bending only. [Nails always fail in mode 3 and it seems feasible to
add a factor that takes into account the withdrawal] It would be inconsistent,
however, to increase the resistance by a multiplier to the bending resistance instead
of adding the withdrawal separately. We need to develop a separate model for nails [
The present model is fitted to test results and is not based on theoretical
considerations]

C(A. Jorissen) A model exists by Van der Put & Kuipers for nail bending with
withdrawal. {The model is too complicated and one should keep the equations as
simple as possible.]

DURATION OF LOAD

Paper 31 -9 -1  Duration of Load Effect in Tension Perpendicular to Grain in
Curved Glulam - A Ranta-Maunus

Q(G. Canisius) How do you get non-zero stresses perpendicular to the surface {The
stresses are in the direction of the surface]

Q(M. Schmid) I also observed a higher coefficient for volume effect in short term tests,
especially for small specimens. [ Yes, short term experiments showed a higher
volume effect. However, the long term behaviour is more important]

Q(S. Thelandersson) Did you consider the concept of an equivalent load due to
moisture effects? [ The values in the table are the maximum from calculations for
real loads] One could calculate equivalent stresses partly for the external load and
partly from moisture. Have you considered how strains would react from a fracture
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mechanics approach? The situation might be Jess severe.{I have thought about if, but
found it to be very complex. I have not done any fracture mechanics analysis.
Stresses were varying over the duration of load application due to moisture histories
and Weibull stresses vary quite a bit.]

Q(G. Boughton) How leng after a change to 90% humidity did problems start? [The
time span for maximum humidity value was about 3-4 weeks, depending on the
thickness of the beam. After 1-2 weeks damage became evident and progressively
got worse]

Q(G. Canisius) The loading effect on the surface is important as shear stresses can occur
[On top of the heam it was local compression. In the case of tension perpendicular
stresses, the external load could still have an effect. This was not taken into account
in the calculations and it might be an explanation why the beams have higher
stresses. |

{R. Leicester) Was the step change more important than the load duration effect? [ The
factor kmeq 1s partly based on experiments in a natural environment and was greatly
dependent on the weather]

LAMINATED MEMERS

Paper 31-12-1 Depth Factor for Gliued Laminated Timber ~ Discussion of the
Eurocode 5 Approach - B Killsner, O Carling and C J Johansson

J{R. Leicester) How was kb caleulated from the test data? [it is the ratio between the
deers beam and shaliow beam bending strength]

Q(H. Larsen) I am strongly against depth factors. The depth factor in the Eurocode was
meant to correct differences in orediction of strength between solid sawn and glulam
beams. One shoutd be careful to draw conclusions from limited results. The COV is
misleading since all the beams were from the same batch. Should one not rather use a
reference depth of 3007[No, prefer 600mm]

C(A. Ranta-Maunus) I would prefer to remove the depth factor. The sample size is too
small and the results are not convineing. I would like to see larger beams, closer to
more realistic structural sizes

C(G. Schickhofer) The number of specirens is too small to draw conclusions. One also
needs to determine more precise material characteristics

C(F. Rouger) The factors were meant to correct various product standards, many
versions of which exist. One could also use 1 as a factor if not comfortable with
current adjustment factors.

C(R. Leicester) In the Australian code depth factors have been abandoned. Traditionally,
depth factors were used as a punishing factor for large depths.

C(C. Mettem) I would suggest a position similar to Australia. We should analyze the
existing results to verify a trend in depth effects.

C(G. Boughton) In the glulam production the bias depends on the different product
standards, which can be very variable. Results might be polluied by product
standards from the past.

C(G. Schickhofer) We tested 290 beams in Austria and Switzerland, and got factors
between 1.1 and 1.15. The 1.07 factor does not appear to be realistic,

STRUCTURAL STABILITY

Paper 31 -15-1  Seismic Performance Testing On Wood-Framed Shear Wail -
N Kawai
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Q(G. Camsius) Is equivalent damping dependent on the response of the structure’s
response or 15 it a constant [ From the static load tests, the damping was almost
constant. Under actual dynamic motion damping is very difficult to obtain]

C(D. Dolan} Your results show significant differences between results obtained using
the CEN, ISTO, ASTM and Techmar cyclic testing protocols. For the latter it shows
a 20% drop in response.

Paper 31 -15-2  Robustness Principles in the Design of Medium-Rise Timber-
Framed Buildings - C J Mettem, M W Milner, R J Bainbridge and
V. Enjily

Q(S. Thelandersson) Has this also being dealt with in other countries? Is the detailing
between components replicated as in real construction? [It was proposed to design
the building for disproportional cellapse. It was constructed as for a two-storey
building. No special considerations were taken to avoid disproportional collapse in
the six-storey building, although 1t was formatted in a ceilular shape, which helped it
to survive. As to the detailing, it was built by a local construction team.

Q(A. Jorissen) Were the loads applied stepwise? {Yes] What would be the effect of an
mipact oad, such as an explosion? {This was one of the criticisms, but it would have
been very difficult to implement. In case of an impact load it also would have been
unlikely to remove a whole panel and more localized damage would have occurred.]

C(C. Mettem) This concept has been presented before. We carefully approached the
issue of building regulations such that specialized rufes would not be required. An
explosion would be practically difficult to realize in addition to the difficulty of
documenting the extent of the explosion and to evaluate appropriate rules.

C(R. Leicester) In Australia we built real houses and subjected the to many load cycles.
Most of the time, failure occurred due to little mistakes. Redundancy could have
saved the UK building. One should be careful to extrapolate from one test of a
building constructed with good quality control.

C(G. Boughton) I recognize the importance of in grade testing, but more test results are
needed before one could interpret results with confidence.

Paper 31 -15-3  Numerical Simulation of Pseudo-Dynamic Tests Performed to
Shear Walls - L Daudeville, L. Davenne, N Richard, N Kawai and
M Yasumura

no questions

Paper 31-15-4  Force Modification Factors for Braced Timber Frames - H G L
Prion, M Popovski and E Karacabeyli

Q(D. Dolan) What would be the effect of a 3-D structure on the response of the braced
frame, whereas codes are based on plane frame analysis of single degree-of-freedom
systems? [Multiple braced frames in a structure will add redundancy to system.
Furthermore, the three dimensional response could also include torsional effects
which could amplify the response. More work is planned on 3-D analysis of
structures]

Q(G. Boughton) What is the meaning of the R-factor in terms of ductility, e.g. in a
ductile moment frame? [It is a measure of structure ductility, which is expressed as a
multiple of the yield displacement. For example, R=4 for ductile steel frames and for
wood shear walls, whereas brittle structures are assigned R=1.5.]

Q(G. Boughton) Is there any hope of having higher R factor for braced frames? {No, not
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12,

likely because ductility of braced frame is concentrated in connections which places
high displacement demand on the connections. But even with low R-factors, it is
important to assure that the connection can sustain a certain amount of ductile
deformation, especially in terms of capacity design, which requires the rest of the
structure to be stronger than the ductile fuse (in this case the connection). Timber
frames have an advantage over steel frames because of the high member strength
compared to the connections. |

C(D. Dolan) Nailed plywood gusset plate portal frames, as developed in New Zealand,
would probably have a higher R factor.

FIRE

Paper 31-16-1  Revision of ENV 1995-1-2: Charring and Degradation of Strength
and Stiffness - J Konig

Q(H. Blah) Is there more than one real fire? {The design of a fire is based on a real fire,
from the fire code. These are temperature-time curves based on fuel load, openings
and thermal properties of building materials. The curves are approximate, but better
than "standard” fires.}

C(C. Mettem) It is the long term goal to have documented parametric situations, where
different fire scenarios are to be considered. Real fires will be documented and used
for calibration of design cases.

Q(¥. Enjily) Could you explain the adjustment formula for MOE. [gmj shouid be I in
fire design, but it is partly a political decision. If it is used as such, then the
modification factor will not be able to replicate results as we are used to do. If gmj
should be <1, then in the stiffness case it should be >1.] There is no reliability issue
in a firc. Should the design values be based on the 5th percentile? Could one
calibrate the existing resulis to obtain an appropriate safety factor for today? [For
stiffness, one should have a different gm factor since the E-vaues will be increased.

C(H. Larsen) The E-value is used for strength purposes and should be treated as such.

C(R. Leicester) People are wary of complicated calculations [One will get different
design values, which is important.}

TEST METHODS

Paper 31 -21-1 Development of an Optimised Test Configuration to Determine
Shear Strength of Glued Laminated Timber - G Schickhofer and B
QObermayr

Q(R. Leicester) You have induced an artificial failure mode with the test method used,
because of a non-realistic moment-shear ratio. This forced one failure mode, while a
45 degree shear failure, similar to reinforced concrete, could be possible in brittle
species.] We had to decide on one particular test configuration to determine
appropriate shear stress values. The next step is to test different series]

C(C. Mettem) It is difficult to believe values for cross fibre shear stress. One could
devise a suitable test method and increase the load in steps. Either way it is a difficult
task to find a suitable shear test and one has to agree on a compromise.

Q(H. BlaB) Did any failures happen close to glue lines? [Yes, but not in the glue line
itself, It would typically fail along the annual rings]
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15.

Paper 31-21-2  An Impact Strength Test Method for Structural Timber. The Theory
and a Preliminary Study - T D G Canisius

Q(J. Ehlbeck) Where does one find factors for impact loads? [Most codes, e.g. Eurocode
or BS, have values. We also looked at work done on congcrete, but it is believed that
the extra resistance might be from the inertia of the specimen]

C(K. Crews) I would caution against a general impact factor. These factors are closely
related to the end use of the product. For bridges, for example, this would not be
appropriate.

C(H. Blafl) In Germany 4 new test has been devised in which a 100kg weight is dropped
on a leather cushion.

C(K. Crews) These tests can also be used for verification of existing planks [This series
was intended to prove that planks have a higher resistance than predicted in the code]

Q(H. Larsen) This seems to be a system problem, which indeed can be quite
complicated. Since the rules should be performance based, a direct testing method
could easily be devised that relates to the particular application. CEN standards exist
for many products. These are well documented. Why try such a complicated method
if simple solutions are available.[Test methods exist but the loads cannot be satisfied
numerically. We need design equations to verify the strength of planks]

C(G. Boughton) I believe that very little if any increase in resistance occurs under
impact load. The added resistance may be due to the fact that only a small part of the
board is foaded at an given time, thus relying heavily on load distribution and
residual strength. Edge effects may also be very important. Different results will be
achieved when using sharp boots. Furthermore, it is important to incorporate
damping of the human body in the model [The model is based on the load of a body
dropping on the planks]

OTHER BUSINESS

Authors should send the final version of their papers as a hard copy by Sept 15, 1998 if
corrections are needed.

D. Dolan volunteered to create a searchable data base and abstracts for all CIB
proceedings. He asked all authors to provide up to 10 key words for their papers.
These should be sent via e-mail to jddolan@vt.edu

Mobile phones are to be switched off during meetings in the future.

H. Prion announced that the next World Conference on Timber Engineering
(WCTEZ2000) would be held in Whistler (near Vancouver), July 31 - Aug 3, 2000.

VENUE OF THE NEXT MEETING

The next CIB-WI18 meeting will be held in Graz (Austria), hosted by Gerhard
Schickhofer, during the week of 23-27 Aug 1999,

The meeting venue thereafier, in 2000, has tentatively been set as Delft (Netherlands).

CLOSE
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A Limit States Design Approach To Timber Framed Walls

By: € J Mettem, R J Bainbridge, J A Gordon, TRADA Technology, UK

Abstract

Lightweight platform framed walls have become established on the basis of quasi-empirical design methods,
allowing mterpolation, but not extrapolation. Both mediwm-rise building aims, & desired wall construction
mmprovements, place limitations on furthering this approach.

This paper describes investigations carried out under a research & development project, the principal purpose
of which is to produce an efficient limit-states design method for timber frame walls that is compatible with EC 5 Part
1-1 [1] & suitable for both low-rise & mediuin-rise buildings

DEFINITION OF SYMBOLS

y = Psi factors for serviceability actions

Y = Permanent action partial factor

™ S Material safety factor

Ya = Variable action pastial factor

Flua = Maximuwmn racking test load (kKIN)

FOS = Factor of safety (BS 3268)

h = Height of wall {m)

Hup = Height of wall panel (mm)

Ko = Maodification factors, drawn from BS 5268: Part 6
Ko = Material modification factors (BS 5268)

Kinod = Duration of load modification factor from EC3
Ko = Wall configuration modification factors (BS 5268)
L = Length of wall (1m)

R = Racking stiffness (KN/mmy)

Ry = Test racking stiffness load (XN/mm)

Ry = Basic racking resistance (kN/m)

Rq = Design racking resistance (kN)

1, INTRODUCTION

The subject of the behaviour of timber framed wall panels is not as simple as might at first be imagined, &
has a tong history of research & development {2]. Although most research has led to valuable information regarding
the general behaviour, there is a certain degree of conflict, particularly in relation to test methods. This results in
appareni discrepancies in racking capacily when designing to different design codes.

The subject is addressed in Section 5.4.3 of ECS, but this currently provides only one design principle,
accompanied by a number of application rules based on a cantilever model. This constitutes only a very minor section
of EC5 & is massively disproportionate to the parallel guidance provided in the current UK national code, whereby an
entire section of BS 3268 is devoted to the design of domestic type timber frame walls [3], & a companion section to
address non-domestic design, testing, fabrication & erection is under development. Whilst it is recognised that EC3
draws upon other supporting standards in some of these respects, there currently remains an area of strong divergence
from the main body of EC5 in the UK NAD,

The continued adoption of the construction methods currently employed in the UK for timber frame walls is
supported by their long established history of use, which has led to commercial confidence in the timber frame
product. The BS 5268 method is in compliance with EC5 C1 5.4.3 P(1) & there is no reason why the racking resistance
assessment procedure in BS 5268: Part 6.1 cannot form a foundation for conversion to limit states, hence enabling full
compatibility within the broader scope of the structural Eurocodes. Conversion however is not a straightforward
exercise, the largest hurdle being the need to separate uitimate strength considerations from serviceability conditions.

The work reported herein is therefore composed of two key aspects:

a) The development of a limit states based method in the spirit of existing BS 5268 practice

b) Experimental work, focused upon serviceability limit states aspects & gauging the influence of boundary fest
conditions upon the behaviour pattern of simple wall panels of modern constructional form, thus providing pointers
towards translation of component to system behaviour.



2. DEVELOPMENT OF A LIMIT STATES DESIGN METHOD

2.1 Summary of the BS 5268: 6.1 Method

A simplified overview of the permissible stress wail design method contained in BS 5268; Part 6 is presented in Figure
1.
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Figure 1 Overview of BS 5268 Wall Design Methodology
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The method focuses on two principal functions of the walk:

a} Resistance of vertical load, addressed through design of studs;

b) Resistance of horizontal load, through determination of basic racking resistance, which is then translated to a
design value by application of a range of modification factors. These ‘K’ factors address nail diameter, nail
spacing, board thickness, wall height, wall length, vertical load, framed openings & interaction with the other
elements of the structure,

The methed is the result of continual development since the 1960’s, with the latest version having been
published in 1996. A recent development, proposed since publication of the latest revision, concerns a ‘Shape Factor’

which has been suggested to replace the Height & Length factors in BS 5268, the Shape Factor being defined thus [4]:

{i) Koupe = L/h for wall length from O to h metres
(ii) Khape = (L/h)™ for wall fength from h to 2h metres
(i) Koape = 1.32 for wall length equal to or greater than 2h metres

Application of such a factor would be equally justified in the Limit States Based derivation of design
strength.

2.2 Overview of The ECS5 Method For Wall Design
An overview of the current ECS design method is presented in Figure 2. It is clear that the dominant
consideration in this method is satisfaction of ULS criteria. The current UK NAD to EC5 states that
“The design method for timber frame walls given in ECS: Part 1.1 lacks sufficient information with regard to the
determination of racking resistance (F) from the test method. This NAD will be revised in due course io give the

required additional information. Until that revision is published, timber frame wall panels should be designed &
tested to BS 5268: Section 6.1.”
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Figure 2 Overview of ECS Wall Design Merhodology

In BS 5268: Part 6.1: Section 5 the load-carrying capacity of a panel is determined by tests which measurs
both strength & stiffhess, & in prastice the test racking stiffness load {the mean load at which the racking deflection
equails 0.003 x the panel beight) usually determines the load-carrying capacity.

Therefore, a suitable design methodology should address at least two design principles: one concerning
strength, & the other concerning stiffaess, equivalent to Clause 4.1 (P) but specific to wall panels. These would be
supported by a set of application rules to facilitate limit states based wall design.

At an early stage of this research it was identified that there are a number of possible mechanisms to
achievement of the research objective. Of these, three principal options were considered:

1) suitable modification of the set of rules in the existing text in ECS5;

2) an alternative design basis derived from the laws of structural mechanics for use in conjunction with the principles
of EC5;

3) alimit-states methodology in the spirit of BS 5268: Part 6 & compatible with ECS.

The developments towards a limit states wall racking method have been based upon the latter, with a view to
deveiopment of a basis suitable for adoption in the UK. NAD as an alternative to that currently recommended in ECS.

2.3 Conversion Of BS 5268 Racking Design To Limit States Logic

Conversion 10 a basis fully compatible with Eurocodes requires the fundamental differentiation between
ultimate Hmit states (ULS) & serviceability limit states (SLS) behaviour. Re-assessment of K factors & identification
of load combination factors are primary requirements.

2.3.1  Modification Factors (K Factors)

A summary of the conclusions from a review of previous research concerning K factors, assessing the
feasibility of identifying separate values for individual limit states, is presented in Table 1.

Since it is apparent that work beyond the intended scope of the project would be required to develop separate
K factors, relating to material & connection performance, the factors from BS 5268 have been adapted for the
purposes of present development. It is also likely that the scope for limit states differentiation of the K factors may
need to be revised at a latter stage, since such development may necessitate incorporation of factors modified to
accommodate the interaction of parameters, For example, the interaction of nail diameter, nail spacing and board
thickness across the Himit states may respond to different models depending upon the specific configuration, thus
resulting in definition of separate factors cither in addition to those presented or as a replacement, as has already been
suggested in the case of Ky,



K. Factor Separate ULS & S1.8 Values Comment

K1 nail diameter Yes More test data will be required to finalise.

K02 nail spacing Possibly More test data required to confirm separation of ULS &
SLS.

K43 board thickness Unlikely

K oq wall height Unclear Rasis for current factor unclear, Future preference may
be to combine Ku & Kgs into a shape factor, Further
work will be required to resolve this.

K jos wall length Yes These values are related. More pancl failure test data

Ky7 wall vertical load required to complete ULS/SLS separation.

K. 06 openings Possibly More pancl failure test data required to confirm whether
separating ULS & SLS is feasible.

K, gs Interaction Unclear Whilst it is recognised that the effect of interaction is
real, actual qualification let alone subdivision in respect
of limit states remains un-answered, although current
rescarch may provide information that can be
considered at a latter date.

Table I K Factor Summary
2.3.2  Load Combinations

For the majority of situations the only load combination of importance wili consist of the wind action, self
weight & the roof & floor leads,
Since vertical load up to a certain level enhances the panel performance, ECS requires it to be considered as a
favourable load. ECI [5] therefore gives partial load factors for application in uitimate limit states, as described in
Table 2.

Case Equivalent Wall Action Symbol Persistent/ Transient
Failure Situations
A sliding or overturning Permanent, favourable Yaiinf 0.90
Variable, unfavourable Yo 1.50
B failure of materials Permanent, favourable Yeinf 1.00
Variable, unfavourable Yo 1.50
Table 2 ULS Partial Factors For Application in Wall Racking [EC1: Part 1, Table 9.2]

Should the vertical loads to which the wall is subjected become too high, then there is a theoretical risk of
reduction of racking resistance. If the vertical loads are deemed by the designer to pose a risk of reducing the panel
racking capacity, then the unfavourable permanent load partial factor of 1.35 may be used to make appropriate checks.

An aspect also taken into account locally, for the present, is that the UK NAD to ECS directs that “the wind
loading should be taken as 90% of the value obtained from CP3: Chapter V: Part2.” hence producing a reduced total
factor of safety. The UK is in a transient situation at the moment with regard to this issue, since this wind load code
has been superseded by BS 6399: Part 2 yet is still likely to be employed by a sizeable proportion of designers for
some time to come. There are many issues in relation to BS 6399: Part 2 that have not been fully resolved, but it is
understood that such a reduction may not be justified for calculation under the ‘new’ code.

24 Ultimate Limit States Basis

Uttimate Limit State assessment relates directly to the existing BS 5268 strength requirements for wall panels,
which directs that wall studs be designed as compression members & that racking resistance be determined,

The ULS aspects of performance addressed in the studies described herein focus upon by quantification of
‘Racking Resistance’. In BS 5628, the strength based aspects are defined by way of the basic racking resistance which
is either obtained from tabulated data or from test data, to which modification factors (K105} are applied. Following
ECS, a characteristic strength can be derived from test data, which can then be modified by knyes & vu te produce a
design strength. In order to achieve a compatible basis for ULS design values, an assessment is required of the rejative
safety factors applied in each case.

Referring to BS 5268 Part 2 {6], for sheet materials {other than plasterboard) the factor of safety to be
applied to test panels is given in C1.8.5.4 which specifies that the relationship between design & test load should be
1.25 multiplied by tabulated factors reproduced in Table 3.



Duratien of Loading Timber & Plywood ¥ Tempered Hardboard Ko Particleboard K

Very Short Term 1.30 1.23 1.25

Table 3 Modification Factors For Strength Tests (SC1 & §C2) [BS5268:Part2:1996, Table 971

This is further translated & expanded to the specific application of diaphragm walls in BS 5268 Section 6.1, as
described in Table 4. When the load factors from Table 3 are multiplied by 1.25, they produce modification factors in
the range 1.537 - 1.625, & so although in broad agreement with the value in Table 4, there is a certain scope for
further material based development. For simplification the vatues in Table 4 are retained for the purposes of current
development.

Sheathing Factor of Safety
a) Any of the sheet materials other than plasterboard, described in BS 5268: Section 6.1: 1996, 1.6
C1.2.3
b) Plasterboard 2.4
Tuble 4 Factors of Safety (FOS) For Test Racking Load {BS5268:Section 6,1:1996, Table 8]

It is reasonable to assume that similar values can be employed for the translation of tabulated values for basic
racking strength that underline the “assessment method” in BS 5268, Drawing from ECS, for timber & wood-based
materials ym = 1.3 & yq = 1.5, which together give a “factor of safeiy” of 1.95. For plasterboard, no yy factor is given
in EC35, but a value may be proposed as follows:-

YM,pIastcrbﬂard = ’yM timber 2 FOS A8 5268 plasterhnacd . < L;;__X_._Z,ﬂ =195 (1)
FOS BS 5268, timber L6
. Combined factor of safety for plasterboard = 1.95x 1.5 = 2.93

These “factors of safety” are summarised in Table 5. It is clear that for both classes of sheathing, either with or without
the NAD wind load factor, ECS results in a higher “factor of safety”.

Combined Factor Of Safety (FOS)
Sheathing Material BS 5268 Derived ECS UK NAD / EC5*
Timber/ Wood-Based Sheathing 1.6 1.95 1.76
Plasterboard 2.4 2.93 2.63
Table 5 Factors of Safety For ULS Application

*Nole: Incorporates wind load reduction as in UK NAD, on the basis of CP3 derived wind actions.

With a view to translation to a design code support format (application rule), the basic racking resistance
could either be tabulated including or excluding the ks factors, depending on how the values are to be presented, &
what the accompanying application procedures will be. For example, the equivalent tabulated form to that existing in
BS 5268 for ULS design is presented in Table 6. These values are calculated on the basis of proportionality between
factor of safety & basic racking strength, & incorporate kyn.¢ values applicable to short-term load duration (i.e. wind)
under Service Class 1.

This will then facilitate the ultimate strength prediction of the wall using an expression of the form:

Ra=Ryx L x K, x K (2)

where Ry is the basic racking resistance (as presented in Table 6)
L is the length of the panel
K., is the product of the material refated modification factors from BS 5268: Part 6
(Ko, Koz & Kiga)
K y is the product of the wall geometry related modification factors from BS 5268: Part 6
(Kios & Kyos (0F Kanaspes)s Kios, Ko7 & Kog)



Primary Board Material Fixing Racking Additional contribution of
Resistance | Secondary Board On Timber
Frame Wall
Category 2 Category |
or3 Materiais
{kN/m} Materials (kN/m)
(kN/m) )
Category | Materials:
s 9.5mm plywood, 3.00 mm diameter wire nails at least S0mm long, 397 0.38 1.13
*  9.0mm medium board; maximum spacing  130mm on perimeter, 300mm ' '
e 12.0 mm chipboard (type C3M, [ intemal.
C4M or C5);
e 6.0mm tempered hardboard;
o 9.0mim O3B (type ¥2)
Catepory 2 Materials: 3.00 mm diameter wire nails at least 50mm long,
o 12.5mm bitumen impregnated maximum spacing  7Smm on perimeter, [50mm 1.21 0.61 1.43
insulation board; internal.
e geparating wall of mininum Each layer should be individually fixed with 2.65 mm
30mm plasterboard ( in 2 or diameter plasterboard nails at 1 50mm spacing, nails for 121 0.61 1.43
more layers) the outermost layer shouid be at least 60mm long.
Category 3 Materials: 2.65 mm diameter plasterboard nails at least 40mm
e |2.5mm plasterboard tong, maximum spacing 150mm 1.21 0.61 1.43

Table 6

Proposed Ultimate Limit States Basic Racking Resistance Ry, For A Range Of Common Matevials

& Combinations of Materials

2.5 Serviceability Limit States Basis

It has been identified that further component based research is needed, together with full scale structural
research [7,8], because severe inadequacies & limitations in present structural design codes are restricting the
development of timber-frame construction. The serviceability limit states issues of compatibility between component
based test performance & that which will be delivered in the context of a complete structural system in service, is an
area of particular concern in this respect.

It is of note that other than compliance with the general requirement 4.1 which is given in ECS, there is no
SLS guidance directly for application to timber diaphragm wall design.

Full assessment of SLS should relate to the fundamental EC1 requirements for satisfaction under SLS design.
These relate to the following criteria:-

(i) Functionality: Gusts should not interfere with the functioning of plant/equipment/furnishings (china cabinets!)
(ii) Appearance; Damage to finishes due to nail popping, panel rotation needs to be controlled.
{(iii) Comfort : The gust deflection should not unduly alarm or annoy the occupants

In terms of structural parameters in building design, these aspects can all be seen to transiate to deflection &
vibration control, both of which relate to the stiffness of the wall. It should be remembered that in practice the
stiffness of a wall depends on the interaction of many factors, & not simply on the stiffness of an individual panel. For
a design method, however, it is necessary to know the stiffness of the individual members in order to determine the
stiffness of the complete structure. It is recognised that due to this fundamental misalignment of test basis and in-situ
behaviour, the actual deformations likely in a wall of a building may be dramatically different to those recorded
through stiffness testing of panels.

2.5.1  Deflection Control

Deflection is to some extent considered in BS 5268, & during the literature studies at the start of this
research, it was noted that the original basic racking resistance values from BS 5268 translated into Table 6 relate to a
deflection limit of 0.003 4, Regarding actual deflections in “real structures”, there are a number of arguments that
state that the cladding can take more load, the panels are stiffer than assumed, a lot of the walls are ignored &
compaosite action is better than Ko = 1.1. However “ignorance factors” cannot form the basis for new design
proposals, especially as the industry looks to expand the timber frame horizon to multi- storey structures & large wall
consfructions {¢.g. school halls), some of which may not use masonry cladding,

An ideal goal for longer term developments of the design basis is to make deflection criteria more realistic,
whilst at the same time taking full account of “whole building” stiffness. This will provide a more adaptable design
tool to tackle more innovative design situations & to address any desired enhancements of appearance or comfort-
related criteria. '



252 Fibration Control

The subject of vibrationa! performance is not addressed by BS 5268. The importance of vibration is however
recognised nowadays. & work has been carried out in this area, relating to floors & footbridges. Although a
considerable amount of work has been performed internationally in relation to the dynamic aspects of wail behaviour,
this has focused principally upon response to seismic activity, which is not normally considered in the UK. Other
dynamic actions that may require consideration in the assessment of the whole building behaviour can be attributed to

gither internal or external sources, as deseribed in Table 7.

Internal Sources

Exiernal Sources

Human

Oscillating machinery
Impact machinery
lndustrial lifting equipment

Wind

Traffic

Local construction activity

Heavy impact machinery in nearby buildings

Activity in adjoining parts of building
Normal Vibration Sources That May Affect Building and Hence Wall Panels

Table 7

The stiffness assessment after panel testing in accordance with BS 5268, is based on a theoretical deformation
of 0.003 x panel height = 7.2mm for a 2.4m high panel. (The actual calculation takes the stiffness at a deflection of
0.002 x panel height & then multiplies by a factor of 1.25, to arrive at the 0.003 “cquivalent stiffness”.) Movements of
this order of magnitude, resulting from a gust wind load, would certainiy be sensed as a dynamic experience by
occupants. Whilst it s known that timber wall panels can “recover” from deflections of this magnitude, the manner in
which they would subsequently behave is unclear.

Vibration levels related to human perception & tolerance levels are indicated in relevant standards such as
ISO 10137 [9]. The actual levels which it is believed can be tolerated depend upon the specific cases under
consideration. Tolerance is aiso quantified in relation to body axes. Perceptions change with the frequency & direction
of vibrations. In an actual building, the resultant vibrations may be due to a number of sources, hence multiple
phenomena may need to be considered. Depending upon the structural response as a whole, the phenomens may be
related to low frequency effects (sway type movements) or higher frequency situations, whereby the wall & floor
diaphragms interact to some degree to produce the perceived behaviour due to whole-body vibration.

Work from the late 70°s & early 80s in relation to acceptability of motion in structures has been summarised
in recent wind-induced motion studies [10]. However there is no definitive prescription as to tolerable ievels, with
various limits being suggested. For example, Tables 8 & 9 illustrate two sets of criteria for application to horizontal
accelerations for low frequency wind induced vibration, whereas the comfort criteria base curves from 1SO 10137 for
a range of higher frequencies in buildings is summarised in Figure 3.

Building Mation | Observationat f<1 Hz Acceleration At f<1 Hz Degree of Discomfort
(rilli-g) (milli-g}

< most people cannot perceive metion <35 Imperceptible
3 over 50% of peopie physically sense motion 5-15 Perceptible
6 people engaged in work sense motion 15-50 Annoying

10-20 peopie begin to feel differences in walking & aciion 50-150 Very Annoying

>20 motion sickness complaints > 130 [ntolerable

Table 8 Occupancy Responses to Low Frequency Tabie 9 Discomfort Levels for Low Frequency
Vibration {10} Vibration {11}
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Figure 3 ISO Reference Axis & Base Curves for Quantification of Human Perception Of Vibration



It should also be noted that the control levels which have started to be considered here do not make allowance
for potential building occupant complaints about “noises™ within the timber frame structure, which is recognised as an
important performance concept relating to movement,

Although serviceability design of walls is an arca obviousty requiring further development, an initial series of
tests were performed. to help in establishing some of the principles.

253 Serviceability Criteria/Wind Load Relationship

To apply the correct wind actions in serviceability design, EC1 requires that the reasons for limiting the
deflection are established. This then makes it possible to decide whether the loads are reversible or irreversible, &
hence whether “action combination” or psi (w) faclors are required.

For appearance considerations, it would normally be expected that damage should be avoided, leading to an
“irreversible” load case. To design for this, the “characteristic” load combination should be used ie. the full
characteristic wind load should be applied.

Checks to avoid offending the functionality & comfort criteria will normally be associated with “reversible”
load cases. In this instance, the “frequent” load case is considered, for which y, = 0.5 L.¢. for this SLS, the design wind
load is 0.5 x the characteristic wind load. This reduced load recognises & accepts that the chosen criterion will be
exceeded on a number of occasions throughout the building life. This approach is gaining acceptance for static loading
situations but it is as yet unclear as o whether it can be applied to dynamic loads, te. explicit description of the
duration and frequency of occurrence of a dynamic loading event in retation fo its magnitude of influence in a timber
frame building,

The current guidance provided by ISO codes {9,§2,13] and BS 6472 [14} recognise a basic difference with
respect to human perception, via the employment of base curve factors to address either “transient vibration excitation
with several occurrences per day” or “confinuous or intermittent vibration”, but this is not as closely defined as the
basis for static actions via EC1. Existing recommendations [15] for tolerable responses of buildings to vibrations for
SLS, resulting in minor cracking, degradation of paint and plaster finishes, unacceptable deflection or accelerated
ageing effects are largely empirical in nature and can be traced to the recommendations of Civil Engineering codes for
blasting, compassion and traffic vibration.

3. EXPERIMENTAL INVESTIGATIONS

From the work carried out in converting BS 5268: Part 6 to a limit states basis, it was apparent that aithough
deflection is considered in the original design by test procedutes, the actual nature of the wall behaviour with respect
to SLS parameters required clanfication. Therefore a series of experimental investigations were conducted. These
were focused upon a series of computer model simulations. Most importantly however, was the detailed SLS-linked
testing of a wall panel of simple geometry. These were regarded as “special” tests, devised for the SLS investigation
aim, & consequently differing in detail from “design by test” standard procedures.

31 Computer ModeHing.

A 3-D model of a standard test wall panel was created, as shown in Figure 4, This consisted of a framework
of members to represent the timber frame, & a mesh of rectangular elements to simulate the sheathing. The frame was
joined to the sheathing elements by short members representing nails at appropriate nodes. The wall model included a
central vertical discontinuity in the mesh to simulate two sheathing boards, thus reftecting a normal test specimen. The
model was calibrated against test results.

Frame Member I o
—_ o T
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wr ] C
. 1 41T Sheathing
I T etement
¥ :: w”"'; 24m
Y T | 4 :
‘[q‘ 5 o
~ =0 Lot
z ™~ Sheathing Panel
Figure 4 Schematic of Wall Model



The modei was used to investigate the effect of variations in racking force, top load, sheathing stiffness,
sheathing thickness & frame stiffness upon the predicted deflections, in order to identify the behaviour of the system
relative to variations in actions & component properties.

3.2 Serviceability Tests on Simple Panels,

The history & development of “design by test & calculation” for timber frame walls has been presented in
CIB-W18/29-15-3 [2]. In order to facilitate compatibility of test findings with existing knowledge of panels of varying
dimension & form {16], these new tests were based upon the stiffness test methodology presented in BS 5268: Section
6.1: 1988 [17] rather than that defined in BS EN 594 [18]. The test specimens differed from the standard panel
configuration in BS 5268, consisting of only one sheet of sheathing material, thus avoiding certain known
complications in behaviour patiern. Measurements additional to those required in the standard test procedure were
taken, & the panel was subjected to a higher overall deformation, to try to establish more clearly its actual
mechanisms.

A series of vibration tests were also performed, fulfilling two functions - to qualify the boundary condition
influences upon dynamic performance, & also to provide a means of detection of possible damage accumulated within
the wall panel through the process of cyclic testing. These tests were not intended to simulate actual wind gust events,
but were employed to demonstrate the principles of panel behaviour under the defined conditions.

3.2.1  Test Specimens
Four similar test specimens as described in Figure 5 were fabricated using hand-held tools, the implications of
industrial-scale manufacture not being considered important for the particular aim concerned.

A —
K i o Framing joints
/ -two 90mm nails, offset
/ e Sheathing fixings
e / e 3mmé x S0mm nails @ 150mm
e I/ spacing on perimeter, 300mm
/ | spacing internal

/ o 38 x 89 frame members, C16

/ @ sheathing - 9.5mm Douglas fir
/ plywood sheathing grade,
S / ' square edged (one side only)
wl [Tl e

Figure 5 Test Specimen

The test specimens were fixed down to a 35mm x 90mm hardwood timber packer using two 18mm diameter
bolts. The packer was in tumn fixed rigidly to the test frame,

3.2.2  Instrumentation
Racking loads & vertical stud loads were applied hydraulically, with actual loads being monitored through
calibrated load cells. Deflections, differential movements & closing of framing gaps were monitored using a
combination of electronic transducers, DEMEC gauges & fecler gauges.
The set up of electronic transducers is shown in Figure 6. The precise locations of these were defined in
relation to the component aspects of the overall behaviour to be monitored through the test:
¢ Transducers A & B were located across the diagonals of the sheathing, thus recording actual deformations in the
sheathing only,
o Transducers C, G & H measured the horizontal frame movement, providing information about the net movement
(H-C) & also deformation of the top of the frame (H-G).
o Transducers at points D, E & F measured the horizonial sheet movement,
e Transducer I measured the lift of the stud from the base plate.
DEMEC gauges were employed to monitor the local differential movement between the sheathing & frame in
a selection of locations as shown in Figure 6. These readings were taken as both horizontal & vertical differentials, to
quantify the movement accountable to slip at the nail fixings.



Feeler gauges were employed in the locations shown in Figure 6 to record the gaps between the studs at
intersections in the frame at different points in the test cycle,
For the vibration tests, accelerometers were attached to the specimen, in the positions shown in Figure 6, to
record the in-plane & out-of-plane dynamic response of the panel to a soft body impact appiied in the same direction
as the loads applied under static racking tests.
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Positions of Feeler Gauges

Vibration Test Apparatus

Figure 6 Monitor Locations on Test Panel

3.2.3

Test Procedures

Racking tests were performed following the principles laid down in BS 5268: Section 6.1: 1988, horizontally

loading the panels to a deflection of 0.002 H,, over 4 cycles. On the final cycle, this deflection limit was taken up to
0.003 Hp.

Vibration Tests were performed on the panels prior to & also after a static stiffness test had been performed.
In each case, a single impact was induced upon the end stud via the swinging bag mechanism. Three magnitudes of
impact were investigated through variation of the distance, d.
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4, RESULTS

4.1 Computer Modelling
A plot of the deflected model under racking is shown in ¥ igure 7. The behaviour of the calibrated model,

confirmed certain aspects of general deflection behaviour of the panel under the racking load, such as the stabilising
influence of top load, tendency for the individual panels to interact, yet rotate independently & the uplift potential in
tension studs. It was found however that the scope for application to a wider set of geometries was limited due to the
need for calibration against test, resulting from the simplifications incorporated in the model itself,
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Figure 7 Racking Deflection Modelled Behaviour

A linear response to increased racking load was observed as might be expected for a system acting within its
elastic range, i.e. displacement is proportional to a function of applied force.

The observed stabilising effect of top loads upon wall panels subjected to racking forces is in agreement with
racking theory, however a negative stud displacement is predicted by the model at a point where the top load is of
greater effect than the racking load. This indicates a deviation from the modelled behaviour of the panels & the

expected behaviour in real walls.
It was found that the variation of deflection of the panels is not directly proporticnal to the thickness or

elasticity of the sheathing material, nor to the elasticity of the frame timber.
The results all agree with the general principle that the stiffer the system, the less it will deflect when

subjected 1o a racking load. The results also indicate that within the investigated parameter range, enhancement of the
sheathing E-value is the most effective method for enhancement of performance.

4.2 Racking Tests
4.2.1  Overall Panel Behaviour
Figure 8 shows the net deflection of the panel throughout the 4 cycles of each test.
4 G00zn 0005 0.0k =.o03h
I S T
Load 3 ! Load 1 ;
kN) ! | k) 5
z | } |
1 s i , |
; i . I
0 4 6 8 10 0 2 4 6 8 10
Deflection (mm) Deflection (mm)
4 0.002h 0,003 0 Olﬁ?-h 0.00%
Load 3] : Load i
(EN) ! v !
2
1 | !
1 : | » [
! | 7 ot i
2 4 6 8 10 ) 2 4 6 8 10
Deflection (mm) Deflection ()
Top Load = 5kN/Stud Top Load = 0kN
Figure 8 Load - Deflection Results Recorded in Racking Tests

I




From Figure 8 it can be seen that:
¢ The use of top load clearly improves the tested performance with regard 1o stiffness behaviour within the limits of
this test,
e The pattern of defleetion recarded up to 0.002h follows a continued curve when higher load is applied to produce a
deflection of approximately 0,003h.
The recorded overall deflection in & wall panel will be composed of a number of mechanisms:
¢  Slippage at nails, due to embedment & nail deformation
s  Deformation of sheathing
e Deformation of framing, due to uplift at joints or deformation of framing members themselves
¢ Lifting of frame due 1o framing joint failure in tension
These act in combination to produce a deflected panel shape which will depead upon the relative contribution
of deflection modes associated with these phenomena & the boundary conditions such as restraints at panel base & top
load. The resuits in this paper are discussed in terms of four conceptual modes as detailed in Table 10.

Mode Reference 3 4
Deflection Composed Fs /F\\ﬁ F—3
of
/ /
f/
[
Tt
Lozenging of whole | Lozenging of frame | Rotation of panel due | Frame member
panel due to  differential { to uplift at tension stud | deformation
movement
Requires  sheathing v
deformation
Requires frame ¥ v v
deformation
Requires  sheathing v v v
nail slippage
Requires frame joint v
slippage
Principal Frame pinned Frame pinned Sheathing rigid, but Sheathing rigid, but
Assumptions Sheathing rigid, but may rotate may rotate
may rotate (Note: if uplift = zero,
this  will be pure
rotation & requires nail
slip, hence equivalent
to mode 4)

= Movement of frame (or whole panel if no movement in sheathing)
.- = Movement of sheathing
. = Positien of footplate

Table 19 Conceprual Deformation Modes

The actual deflection of a panel subject to racking is complex. Besides the influence of variations within the
panel construction itself, the boundary conditions have an influence upon the apparent performance. This is a
recognised fact, even in the recommendations for such tests developed in the 1960s prior to the existence of BS 5268
{19]. 1t is therefore apparent that the different test methods that have been suggested over time will influence the
measured performance.

4.2.2  Sheathing Deformation (Mode 1)

The sheathing material has an equal modulus of elasticity in both compression & tension parallel to the grain,
therefore any lozenging of the panel should result in equal strain being induced upon both diagonals. However it is
possible that the plywood may buckie in compression, although this is not possible under tension. Measurements were
taken & it was found that the deflections were larger during compression, this was probably due to minor buckling, It
was also found that the deformation of the sheathing was greatest when the top load was induced. The translation of
the diagonal strain fo the horizontal suggests that the approximate component of the total deflection was up to 5%
when the top load was in place, but under 1% when the top load was zero.
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4.2.3  Differential Frame/ Sheathing Movemeny (Mode 2)

The differential between the frame & the sheathing was due o nail slippage at the connections. The
contribution of this to the whote panel deflection can be approximated through a spring model which considers
horizontal differential movement recorded at the head of & the bottom of the panel. The contribution of this to the

overall panel deflection was less than 10% when there was zero top load, but between 30-60% when the top load was
5kN.

4.2.4  Overturning Of Panel Through Rotation (Mode 3)

The overturning of the panel was caused by the rotation of the base at the compression stud, accompanied by
uplift of the tension stud. The horizontal deflection due to uplift can therefore be approximated due to the translation
of the panel through an angle. The geometric studies suggest that this is a considerable component of the overall panel
deflection, however the top load reduces it. The approximate contribution to overall panel deflection was between 60-
90% when the top toad was zero, but only 30-50% when the top load was SkN.

4.2.5  Deformation of Frame (Mode 4)

Deformation in the frame can be attributed to deformation in both framing members and the butt joints where
they meet. With regard to the abutting faces of timber members in a panei frame, BS 5268 recommends a maximum of
2mm as a tolerable gap. The test specimens were found to have gaps in the range of 0-1,8mm, with one instance of a
joint gap measured at a fraction over 2mm. There was recorded movement during the tests, with a maximum closure of
1.2mm & a maximum opening of I.8min. This is significant, compared with the overall deflection of the panei.

It is also of note that the interaction of framing gaps and components of deformation should be considered if
realistic quantification of SLS related deformations are to be made from tests. Application of top load can close such
gaps and at low racking loads produce a negative overal displacement in tension stud locations when compared to the
initial test datum. It is not believed to be a viable option to specify a tighter tolerance on the framing gap and so
cognisance of this effect is essential in transfer of test data to an estimation of stiffiness and strength.

4.3 Yibration Tests
4.3.1  Overall Response

Typical responses recorded in the tests are illustrated in Figure 9. These show the acceleration traces over
time at each of the sensor focations, with variation in top load & relative magnitude of impact.

rn TEST BATA we me TESY PATA &
&iN101e &iNZALb

B N SR II Bt LTy TR R PR OE ittt

‘sccolecations’ ‘accalorationz’
realo 4 ccala

JOSS gt f\f"\‘;h‘ iAo roner 2 m__-__.f\/«»\n\;»-\;\j-»‘,n./m.--/\,w ,,,,, N
“ attlve koyy # # acllve kous =
e LK ST

SSAEAAAT NS AR s | ennaee 3 Y 1 S AP Ry P RV VT
A TV o] SHRKOR 4 Wiy vomur 4
a) Topload =0 kN, IMI =1 b) Topload =5 kN, IMI =1
TP i AR - A
,m,,,,m",,v‘.«v.w.“:; ‘\'ri "éh‘" A e et Iy.auu,t‘ L ) e e ; ﬁé’qf‘,w‘,‘,-.w B i S LN ‘sm\ur 1 )
| {| o F:ﬁ:i:r:tlnnl ) n:ﬁ:]nr:tin“s
— '\]’\J [ETTISTSISS e AR A A 2
LI st P s
;Ji;i‘r%pb\gi;,’ FHVLESTRNER P AR i e ] sensar 3
i) i
A— —WMJ ﬁwﬁlﬂi‘lﬂrﬂlfh'@#ﬁﬁ#4.f-,‘;.-,.-\,Wv-,— sanser 4 (:F«fiﬁw}{\rwu,ﬂ.‘wwmwmmw.w.,. consar 4
¢} Topload =0 kN, IMI= 129 d) Top load = 5 kN, IMI = 1.29
il W_?%t BATA rn i i ] M_!BS'{ DATA wu
A i v s | i, e uu.;;{wh e,
LA i x,,'\"t 1 i B i 'd ! l%i A *'(\; ) ‘ accoloration
N I A TR il AR A e
! 1 ;ﬁ }"}l i = sotive Ilfuyiu l ;;li‘ hi - ctive ous
L ! ;y”&f igi.-rEﬂ"‘!'.'\if""\"-\'f\‘“m"’n” — S é%fisp\\‘mv’evf\f. AP somar 3
h 'J st '5’ IR o] sanrer 4 e e et 2o ; 5,1 H L ERI TPV SN VNSRRI
;«r ’& "ii‘f]lf}f Ao, 4 rfn!,lls’f\}{e*"..n e o zenror 4
g) Top load = 0 kN, IMI = 1,61 5 Topload =5 kN, IMI = 1.61

Figure 9 Acceleration Response Recovded From Test Panels
Note: IMI = Impact Magnitude index, in retation to smallest test impact.
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Analysis of the recorded data, via construction of frequency spectra, revealed that the dominant modal
frequencies lie in the range of approximately 25-120 Hz. The influence of top load was again noted, changing the
relative magnifude of the peaks spectra.

4.3.2  Influence of Impact Magnitude
The magnitude of maximum accelerations recorded in response to the impacts are iliustrated in Table 11.

Relative Impulse Magnitude 1 1.29 1.61
Acceleration (mm/s’) 32 17.12 25.34
milli-g 0.3 1.7 2.6
Table 11 Maximum Recovded Accelerations in Relation to Magnitude of Impulse

Comparing these values back to the base curves presented in Figure 9, at the test levels investigated, it
appears that the motions recorded are of an order that may be physically perceptible, probably not cause for concern in
their own right. This will obviously depend upon the magnitude of the excitation force & the translation of the
behaviour into the context of the complete building.

Secondary effects may also be of notable consideration. The most obvious in the case of vibrations in walls
being resuitant noise from objects fixed to or located near to walls. e.g. rattling picture frames, rattling windows, ete.

Quantifying the actual magnitude of an impact type test load to represent actions likely to be experienced in a
building & causing vibration requires further development, but these results show that even a relatively minor impact
can produce results of significant magnitude compared to the identified perception levels.

4.3.3  Mode of Vibration

As can be seen from the responses recorded in Figures 9, the response recorded out of plane (sensors 2 & 3)
was found to be of greater magnitude than those recorded in the plane of the panel. The damping of the motion
(signified by the decay of the plots) in this sense is also significantly less, with oscillations of considerable magnitude
persisting for some time.

The vibrational response of any system will be composed of many vibration components (or modes) acting in
ali directions, influenced by the associated relative stiffness & mass interactions. It can therefore be deduced that since
the panel is least stiff in the horizontal direction perpendicular to sheathing & that even an impact with no component
in this direction causes a dominant effect in this sense, that as far as a single panel is concerned, vibrations in this
direction wilt be of major concern. For longer panels, this tendency has the potential to increase due to the balance of
stiffness being even further weighted in the longitudinal direction of the panei,

The influence within the context of a complete structure is however less clear, since the building will act as a
system, the panel itself will be connected 10 some form of cladding in the form of lightweight panels or single leaf
masonry, the excitation may not be from a single source or direction & the occupant perception will be influenced by
the combined effect of wall & floor movement & phenomena associated with their particular circumstance,

4.3.4  Influence of top load

In almost all buildings the wall panels will be subjected to some form of vertical load. This will be
determined by the combination of self weight of structure & wind induced uplift. It is apparent from the test results
that the presence of a top load placing the panel into compression has a measurable influence upon the dynamic
response of the panel, resulting in stabilisation of the panel in this instance.

4.3.5  Comparison of Behaviour Before & After Deflection Tests

The vibration responses recorded before & after deflection tests were not found to exhibit any noticeably
significant differences. This suggests that the timber & plywood materials in the test specimens do not suffer damage
from the limited cyclic deflection test. This is in agreement with cvidence from tests on small samples of sheathing
material which also suggests that provided loads do not exceed a critical level, many thousands of cycles may occur
without damage to sheathing fixings [20].

5. COMPARISON OF SLS TEST OBSERVATIONS & THEORETICAL DERIVATION OF
DEFORMATIONS

As presented in BS 5268, a justified route for panel design is that of “Detailed analytical methods outside the
scope” of the British Standard. Such an exercise was performed to assess the translation of nail slip, stud lift rotation &
panel ‘lozenging’ to components of deformation in a panel similar to that tested. The findings, based upon a
combination of graphical & theoretical models, are presented in Table 12.
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Theoretical

Absolute (mp) Yo
Total Deflection (0.003 y,.,.) 7.20 100
Panel Lozenging 0.45 6
Stud Lift / Panel Rotation 2.00 28
Transtated Nail Slip + Sheathing Rotation 1.83 26
Other Deformations 2.92 40
Table 12 Theoretical Deflection Components

From the experimental evidence, the following trends can be picked out in relation to the panels investigated

through these tests:

e The infroduction of top load promotes the relative magnitude of mode 1 & 2 deformations;

o In all instances, as deflection increases, the make up of the deformed wall changes with mode 2 & 3 becoming
mere appreciable.

Observations from previous studies in relation to BS 5268 based wall tests show rhat failures tend to aeour as
a result of fastener movement in the sheathing rather than the framing material. With low vertical loads failures
generally result through ‘break-out” of the nails at the bottom edge of the sheathing. With high vertical loads, failure at
the joint between two sheets is more common, These observations are in agreement with the trends of relative
contribution of the modes of deformation described.

1t is of note that the magnitude of the theoretically derived deformation components translates reasonably to
an overall deformation as observed in a panel under top load. The panel lozenging component is very close to that
observed in test. The overall panel rotation due to tension stud uplift is slightly less than that observed in test.

The calculated components due to pure sheathing rotation & “other deformation” are believed to interact to
such a degree that their separation may not be fully justifiable in developing a method further. Their combined effect is
mirrored by that of combining modes 2 & 4. Although this exercise has shown a certain degree of consistency with test
data in separation of deflection components, the evidence of computer modelling suggests its application to panels of
more than one sheathing panel is a far more complex issue.

6. COMPARISON OF STIFFNESS PERFORMANCE FROM TEST & RACKING CALCULATION
The test racking stiffness load is calculated in BS 5268; Part 6.1 using the equation:
Riy=Rx0002x I'pr x1.25x K]{)g (3)

Where; R is the racking stiffness of the panel (expressed in kN/mm as a load per unit deflection)
Hy, is the panel height (in num)
Kig is a modification factor to take account of the number of similar panels tested

The factor of 1.25 is employed as a means of converting the load prediction for a deflection of 0.002 x ¥, to
an estimate for an acceptable performance at 0.003 x Hy,,. By assessment of the test results presented in Figure 8 the
relative magnitude of load at the two deflection limits supports the factor of 1,25,

It is stated in BS EN 594 that F, is reached either when the panel collapses or when the panel obtains a
deformation of 100mm. The force needed to produce such a deformation was found, drawing upon extrapolated load /
deflection graphs for each of the tests on the fourth cycle,

Theoretical basic racking resistance calculated from BS 5268: Part 6.1 & also on the limit states method were
determined & are presented in Table I3, There is reasonable agreement in the figures developed from stiffness tests &
BS 5268 assessment on this basis. Therefore, in relation fo a serviceability related assessment by test, this may be
suitable, provided similar conversion factors as previously incorporated are employed,

: - - Test Racking -1 Theoretical Wall Racking Resistance (kN) - -
Specimen ___ Resistance (kN) BS 5368 Limit States Based
1 1.70 1,71 2,31
H 1.14 1.11 1.50
] 1.27 17 2.31
IV 1.07 1.11 1.50
Table 13 Packing Resistance Developed From Theory & Stiffness Tests



7. CONCLUSIONS

Drawing from the limil state basis described in the first part of this paper & incorporating the findings from
the experimental investigations, the status of development of the method to date is as described in Table 14. Work is in
hand to draft a series of clauses that would form a suitable basis for inclusien in a future UK NAD to ECS, thus
establishing a basis for a limit states design method in the spirit of BS 5268: Part 6, This facilitates assessment of
panels, primarily on a ULS basis (as does ECS), to determine a racking resistance in a manner which is reasonably
simple & makes economical use of the material.

Status
Limit Quantity Resolved | Scope For Further Comment
States Development
ULS Resistance to Verticat Load v Via Column Design Basis
Resistance to  Horizontal v Development  of  basic  racking
load registance values compatible with ECS
SLS Deflection Limitation v -’Design By Test’ related issues
v - Actual Performance Issues
Vibration v Actuat Performance Issues
Table 14 Current Status of the Component Limit States

The work to date has facilitated development of a fimit states (i.e. EC5 compatible) design method for timber
frame walls. Since this has been translated from BS 5268: Section 6.1 it is directly suited to “Dwellings not exceeding
four storeys”, & the method employed thus far will also be applicable to the current format of the non-domestic
counterpart, which is under development at the time of writing.

Further development may be necessary using this limit state method as a foundation, as witnessed by the
continual development of BS 5268: Part 6. Refinement of the K factors in the limit states may also be desirable, to
consider whole-wall behaviour including effects upen individual ULS & SLS considerations of panels containing
partial openings & connectivity between adjacent prefabricated panels.

A more direct approach, aimed at understanding better the behaviour of walls as constituents of whole
structurces, may soon be possible. This will prioritise future investigations. In three dimensions, & especially within
structures of four to six storeys, wall panels are unlikely to act as simple cantilevers. Influences of building mass,
contributions of cladding, diaphragm actions of floors & roofs, are important aspects which must be better understood
in order to improve reliability & efficiency. Combined effects of walls, roof & floor diaphragms has been investigated
to a limited degree [21] & it is reported that savings can be made through modelling as a three dimensional structure as
opposed to series of components. Such modelling relies on a host of assumptions relating to effects which are
currently unproven for structures defined with respect to UK design codes & construction practice. Developments in
this area may facilitate a holistic design alternative & may provide a basis for incorporation of similar translations in
the limit states method via the “interaction’ factor.

The racking tests have demonstrated that the boundary test conditions (top load) affects both the stiffness &
the mechanism of deformation. 1t can be seen that in the specimen test, the action of a top load will simulate the dual
interaction of actual structural load upon the panel & the actual restraint at the base of the panel provided by the
building construction. The interaction of the panel with other components of the buildings structural system & hence
its boundary conditions in service, will obviously become more complicated for more complex geometry, as has been
shown in previous studies which have led to development of guidance in this respect. In such instances it is known that
top load may change the limit states dictating the design, for example strength (ULS) becoming the governing factor
over stiffness (SLS) where large panels with substantial openings are considered [161.

A further point of note relates to deformation of the sheathing which was found to deform to a measurabie
degree when top load was applied to the panel, & not remain absolutely rigid as assumed in some models. Again the
influence of boundary conditions is obviouslty paramount.

From the simple vibration tests, a number of principles have been confirmed with respect to the test
configuration & hence the actual performance in service. Top load influences response, serving in these tests to
stabilise the panels through reduction of response acceleration & enhancement of damping. It may be necessary to
broaden the scope of any future investigations in relation to vibration, beyond consideration of acceleration or
velocity, since ‘jerl’’ (the differential of acceleration with time, or the rate of acceleration) is recognised as being of,
potential importance.

This study has illustrated that dynamic aspects may be of importance as SLS design develops in the context of
whole building behaviour. The clear influence of boundary test conditions upon both ULS & SLS reinforces the
underlying principle that component testing must be viewed in the context of a whole building, as identified in the
1967 TRADA proposals for racking tests which led to the BS 5268 method:

‘The panels to be tested should be set up in the manner in which they are designed to be used in the building’ [19]
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SUGGESTED DRAFT CLAUSE

DD ENV 1995-1-1

1.4.2

P(5}

P(&}

SPECIAL TERMS USED IN PART 1.1 OF
EUROCODE 5

The following terms are used in this Part

with the following meanings:

- Racking: Effect caused by horizontal
actions in the plane of a wall. This is
quantified in terms of a racking force,
Foack s+ acting at the top of a wall panel
and the racking resistance, that
can be developed by the wall

Rrack [

WALL DIAPHRAGMS

Timber frame walls shall be designed to
resist both horizontal and vertical
actions.

The wall shall be adequately restrained to
avoid overturning and sliding.

Timber frame walls deemed to provide
racking resistance shall be stiffened in
plane by board materials, diagonal bracing
or moment connections.

The racking resistance, Ry.r . shall be
determined either by test or calculations,
employing appropriate analytical methods or
design models.

The design shall take acccunt of both the
material and geometric make-up of the wall
under consideration.

The response of walls due to applied
actions shall be assessed to ensure that
the construction remains within appropriate
gserviceability limits, related to the type
of construction.

COMMENT

Provides a definition of racking, thus
simplifying the structure of clause
under section 5.4.3 for design of walls

Fundamental definition for design of
walls

Fundamental assumption in all walls

Essentially a re-phrased version of
existing P(1}in 5.4.3

A re-phrased version of existing (2) in
5.4.3, making use of 2.3P(4}, but
extending scope to cover suggested
limit stares method proposed for
inclusion as Informative Annex of
National Addendum, whilst allowing
continued adoption of existing EC5
principles

Recognised fact in all wall design
methods

Expansion of the scope of the ECS
method to recognise SLS as well as
ULS considerations, conforming with
4.1 P(1).

The legal validity of this document can be claimed only on presentation of the complete document. All
pages of original copies of this document are embossed with the TTL logo.
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Deformation and stability of columns of viscoela-
stic material wood

P. Becker, K. Rautenstrauch
Bauhaus-University Weimar, Germany

1 Introduction

Assuming linear viscoelasticity, deformation calculation of bending elements turns out to
be very simple using a creep factor. The increase of the determined elastic deformation
corresponds to the creep factor. Deformation calculation of columns proves to be involved
with much more effort, Considering the problem according to theory of second order, creep
deformation leads to an increasing bending moment, which again results in further elastic
deformation. Superposition of creep deflection considering different classes of loads also
turns out to be problematic. The object of this paper is the derivation of simple formulars,
which garantee the reliable determination of column deformations and an easy prove of the
long-term stability.

2  Definitions and assumptions

2.1  Stability of columns with linear-elastic material
The Eulerload sets up the idealistic upper boundary value for the short-term stability of a
simply supported column.

j,1.2

[
The lateral elastic deflection wg of the column according to the theory of second order,
which appears for a specific compression load, can be computed as follows:

F
Wq = Wy “ﬁ;’"_"_’f_—" (2.2)

wo represents a stressless predeformation, which is assumed sinusoidal. The moment of
theory IL order is then determined by the equation

M' =F . (w, +w,) (2.3)

F, =El @1

2.2 Assumptions

As already mentioned in 2.1, we assume a sinusoidal curve of deflection. Further we pre-
suppose the Bernoulli-hypothesis, the cross-section remains plane. Time-dependent consi-
derations are based on linear viscoelasticity. According to Bla [1] this is possible up to
40% of the short-term strengh. Morlier [2] also indicates this proportional limit as 40%,
Gressel [3] assumes creep, which is proportional to the load, up to 50% of the short-term
strengh. Rautenstrauch [4] determined a linear relation of load degree and creep deformati-
on. His loadings ranged within the area of the design load due to the German code DIN
1052. Since the specified proportional limits will hardly be exceeded in practice, the as-
sumption of linear viscoelasticity seems appropriate.

1



Even though some new results in research (i.e. [6]) indicate the existance of an upper creep
limit for loads in the proportional area, this problem is not finally clarified yet. Because it is
our defined objective to derive a formula, with which the creep-deformation can be simply
determined, we have to assume the existance of such a final value. Possible deflections
occuring after reaching the final state of deformation shall be of insignificant order of ma-
gnitude.

2.3 Creep factor

To arrange the prove of serviceability of a timber construction for the structural engineer as
simple as possible, creep factors are given in the codes, which enable the determination of
creep deformation from the computed elastic deformation. Among other things the creep
factor depends on load duration class and service class, which is taken into account in the
draf?t to Eurocode 3.

The considerations done here are always based on a relative creep factor ¢, which is de-
fined for a bending element under constant load without normal force as follows:

Yo 24
tp—w (2.4)

el

w, referres to the additional deflection because of creep, which results from the final state
of deflection described in 2.2. The elastic deflection, which appears immediately after
applying the load, is represented by wer.

2.4 Basics of linear viscoelasticity

Linear viscoelastic material behaviour can be described by rheological models. These mo-
dels consist of combinations of the basic elements, a linear-elastic spring (Hooke element)
and a viscous dashpot (Newton element). For the spring the strain and for the dashpot the
strain rate is proportional to the applied stress. Basically it is distinguished between mo-
dels, which represent material behaviour of solids and fluids. The difference is, that the
solid reaches a final state of strain, when the stress is kept constant, while the strain of a
fluid does not have an upper limit because of a dashpot , which is arranged in series. It
might be stressed explicitly, that both kind of models are suitable to describe viscoelastic
material behaviour, The use of the fluid model requires a time-limit though. The most im-
portant and simple representatives are the standard solid (3-parameter-model) and the so-
called Burger-model (4-parameter fluid), which are shown in figure 2.2 and 2.3, With re-
gard to the existance of an upper creep limit, as assumed in 2.2, which is required to deter-
mine a final deformation value, the primitive standard solid model proves to be suitable.
More parameter solid models could certainly describe the development of creep deformati-
on much more precisely, but for the determination of the final deformation the standard
solid proves to be totally suffictent.

A further point of discussion in present research is the reversibility of creep. A possibly
irreversible proportion of creep deformation is not covered by the standard solid model.

E M
T AW % -
Ee=o Né =o

Fig. 2.1 Linear-elastic spring, viscous dashpot with material law



™

Eg

creep deformation

elastic deformation

= t

Fig. 2.2 Standard solid with time-deformation curve
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Fig. 2.3 Burger-model

2.5 Material parameter for the standard solid

The parameters E, and E; are given automatically via the Young’s modulus and the creep
factor (Fig. 2.2). So we are only short of the viscosity coefficient ;, which is not important
for the final deformation. For certain approaches in chapter 4 and 5 it is of importance
though, that the retardation time 6, which is defined by 1,/E, is long compared to the du-
ration time of variable loads. Considering dashpot constants, which have been published
for the standard solid in earlier works (i.e. [4]), this requirement can be regarded as satis-
fied.

3  Application of linear viscoelasticity to columns

3.1 Solution of the standard solid differential equation for a compres-

sive member
Material behaviour of the standard solid with the parameters given in figure 2.2 can be
described by the following differential equation:

T} L E, -E, Eomy
FE, +E °TE,TE °TE, +E,

(3.1)



We assume, that the cross section remains plane (Bernoulli-hypothesis). So the strain € can
be substituted by the expression

E=K-Z=-W" 2 (3.2)

All terms in (3.1) are now extended by z and integrated over the cross section A.

n1 . EO ) E‘l ” 2 E(}n‘l 1 2
d dA = — - dA — - dA 33
foz A+EO+E,IOZ E0+E1sz E0+E,WJZ (3.3)
Taking the relations
E, E
. 2 - . =05y
|=[22dA ,  M=[ozdA and E, ESE

into account and expressing M by the compressive force F by

M=F wy(x)+F -w(xt) |, (3.4)

where w, represents the stress-free predeflection, we finally get the following expression:
’" n VM n H

E_l-w”+ E - w”=-F(w, +W+ W) (3.5)

E, +E,

As already mentioned in 2.2, the stress-free predeflection wy and the additional deflection
w are assumed as sinusoidal.

E, +E,

= Lo
L L

Differentiating these expressions and substituting them into (3.5) yields

2 2
N Tl _Fl Tl _Flw=F.
E +E {EOI[L] F]w+[Eml(L) F}w Fw, (3.7)

As initial condition of this differential equation the elastic solution can be used:

W, (X) = w, sin w{x,t) = w(t) sin (3.6)

F'WD

2
bia
Eoi(z) -F

The solution of the inhomogeneous linear differential equation then results in

2
3
_EWl{E) ”F.Ea*'EH

e b
‘W W CW Eglf =~ -F
w(t) = Fow, _ Fw, __Fw, e [L} (3.8)

- 2 2 2
s T T
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3.2 Interpretation and application of the result
At first the strain rate, which is obtained by differentiating with respect to time, is given by

2
EJ[E) -F
- Ca

W(t)=C, -e wlt) (3.9)

w(t=0)=




C, and C, are time-independent constants. It can be recognized, that the deformation rate
decreases with deformation approaching a limit only if the exponent remains negativ, i.e.
F < E.I (/L)% For F = E.l (n/1.)? the exponents becomes zero, so the deformation rate re-
mains constant, for F > E.I (7/L)? it increases. Considering viscoelastic material a state is
practically defined as stable, if the deformation rate decreases for this reason. The unstable
state is consequently characterized by an increasing deformation rate. Therefore the boun-
dary value of long-term stability results in

AN E,
F.= Ewl(-’:} , E.= o (3.10)
The short-term and long-term stability are therefore related as follows:
I::ki
L= m (3.11)

The final deflection w.. for t = e (F<F.) may be easily determined from (3.8):

_F-w0

W= 3.12
~"F.-F (3.12)

This result has to be interpreted as the sum of elastic and creep deflection.

W, =Wy +W, (3.13)

If the column is unloaded, the elastic part of the deformation vanishes immediately. The
remaining deformation is then put together by the pre- and creep deformation. Therefore
the elastic component of w., can also be determined by considering the creep deformation
as an additional predeformation:

F
w, = (W, +W, )= (3.14)
ol 0 ® Fki -F
Substituting (3.14) in (3.13) an expression for w,, is obtained.
WO " (P ' F
w, = 3.15
P TR (T+o) F G

This creep deformation has to be understood as a final value, which is approached asym-
ptotic for a permanent load F <F.. By applying this creep deformation as an additional
predeformation we are on the safe side as long as an appropriate creep factor @ is chosen.
Dividing both deformation components for t = oo as it is already done by the definition of
the normal force-free bending element (2.4), the quotient interestingly turns out to be ¢
again.

i = qo (3'16)

al

w

3.3 Determination of end-deflection considering only dead-load creep

The codes (e.g. the German code DIN 1052) are often based on the assumption, that it is
sufficient to calculate the creep deformation from permanent loads only. The creep caused
by variable loads is ignored. This point of view seems reasonable. The loads and deforma-



tions caused by permanent actions may now be indicated by the index g. Then the lateral
creep deflection is computed using (3.15).
Wo @ F:g

Wop = Fo—(1+0) Fy G

For the determination of the maximum deflection the computed creep deflection s now
assumed as an additional predeflection. The maximum deflection is determined by
applying the maximum load F.

+ Wy, (3.18)

W max = (WO +W

F
g’(’a) Fo—F

4  Including variable action

Even though the permanent acting loads should be mainly responsible for creep deformati-
on, it is also influenced by snow, live and wind loads. Especially for columns this influence
is increased by the effects of the theory of second order. Therefore the determination of
creep deformation only because of dead loads is on the unsafe side. In literature two diffe-
rent suggestions can be found dealing with the computation of creep deformation of varia-
ble loads.

4.1 Replacing variable load by creep equivalent permanent load

The first method calls for the conversion of the variable load into a permanent load, which
causes the same creep deformation. Carstensen [5] determined by “in-situ* deformation
measurements in the region of Hannover/Germany and additional simulations, where he
applied snow loads and durations in accordance to weather recordings to a building, from
snow loads creep equivalent dead loads. According to Carstensen the creep deflection can
be determined by assuming 1/15 of the snow load, which has to be applied according to the
codes, as permanently acting. This result is probably applicable to most regions of Ger-
many. For other regions creep equivalent dead loads could be derived in a similar way.
This concept is only valid for bending beams though. The determination of creep deflecti-
ons of columns yields results, which become too small because of the low dead load.

It also turns out as problematic to record live loads this way. A corresponding research 1s
not known to the authors.

4.2 Creep factors depending on the class of load duration

The concept of Eurocode 5 defines different creep factors for different actions depending
on the load duration and service class. With these the determination of creep deflection for
beams turns out to be very simple. During the computation of the elastic deflection it has to
be distinguished between actions and multiplied with the corresponding creep factor. The
deflection components can then be superpositioned.

Because we are dealing with different creep factors, the creep factor for a permanent load
may be defined as @,. The creep factors for variable loads, which are smaller of course,
shall be called ¢; for now.

If a variable load is applied for a certain time, the material behaviour corresponds to that
under dead load for that time. So the creep factors for variable actions ¢; should only be
seen as a auxiliary values. The material law of the standard solid shall be valid regardless
whether the load action is permanent or variable. The different end-deflections result from



the varying load durations. In order to determine these out of the different given creep fac-
tors, it is necessary to examine the creep deformation for a beam first.

In this matter it seems especially interesting, how long the variable load has to be applied,
to cause the corresponding creep deflection. In figure 4.1 two time-periods are defined: The

€ elast. def.; ao:%&m
0 - (pgso (1_é(t1 "'tz)f&))
0'0_
TET_(PQEO
‘48, /6
— Pg80(l-0 e
| t
t, I ti+ts
G !
Gy
t

Fig. 4.1 Graph of a variable load during two time-periods

time-period 0 <t <t;, during which the variable load is applied, and the time-period
t; <t < tj+t; with no load involved. Since we are especially interested in the creep deflecti-
on, we limit our consideration to the Kelvin-element, which represents the time-dependent
behaviour in the standard solid model. The corresponding material law in the first time-
period with the initial condition € (t = 0) = 0 reads

()= ge,(1-e") 4.1)

with the elastic initial deformation €y and the retardation time € =mn,/E,. For the second
time-period the initial condition &;(t'=0) = g(t;) with t’ =t-t; is valid. Therefore the fol-
lowing material law results:

&) =g (1-e") " (4.2)

For t = t;+t; a permanent action would cause the creep deformation €;(t=t;+t;). Because of
the variable action the creep deformation must become the ¢i/@g-time fraction of the creep
deformation from dead load at the end of the second time-period. This is described by the
following equation.

Do glt=t+1,) =g’ =1,) @3)

Py

Substituting (4.1) and (4.2) into (4.3) yields the relation between t; and t,.

t,=6- in[g— (Ve — 1)+ 1] (4.4)
g

The quotient ti/(t;+t;) strongly depends on the accumulated duration of the characteristic
action tj+te. For t;+ty becoming smaller t,/(t;+t;) approaches the quotient /¢, Conside-
ring the actions snow (in regions without high snow loads for long durations) and wind in
Germany the class of duration reads in the German NAD of the Eurocode as short-term, i.e.
usually less than one week. According to the assumption of n; in 2.5 t)/(t;+t2) can be



approximately equated with the quotient ¢;/@,. Even for medium-term load durations this is
also possible in a good approximation. We therefore can assume the following time-
periods of load duration:

o} Dy~ @
==t +h) . = () (4.5)

Py 9

The load-cycle may now be continued up to the lifetime of a building. But already few
Joad-cycles show, that the quotient of creep deformation from variable and permanent load
always results in @i/, after each load-cycle (figure 4.2).

%80 (1 _ e—t'/e)

Time [h] | t

Fig. 4.2 Development of creep deformation of a beam caused by permanent and variable
load

5  Creep deformation and stability considerations of columns
with simultaneous action of permanent and variable loads

5.1 Lateral creep deflection for simultaneous action of permanent and

variable compressive forces

The superposition of lateral creep deflection components from permanent and variable
action becomes quite problematic. As an example a column may be mentioned, which
receives normal forces from dead and snow load. Both create creep deflection. Even if the
snow load is not acting, it leaves behind a creep deflection, which again leads to further
creep deflection because of dead load. The creep deflections as a result of different actions
influence each other. This results in two principle questions: What final deformation will
appear and how does the limit for long-term stability F.. (3.11) change?

As already mentioned in 4.1 the applying of a creep equivalent dead load leads to results,
which are on the unsafe side. We therefore make use of the results of the consideration in



i
Fig. 5.1 Load history for combined acting by permanent (F,) and variable load (F;)

4.2 and apply the full variable load for the time period t,, for the other time period t, we
apply non of it. The dead load is of course acting permanently (fig. 5.1). The creep de-
flection limit, which establishes under this load history, could now be determined by a
computer simulation for example, in which the stress increase because of theory 1L order is
taken into consideration. Our objective is an analytical solution though, which puts the
problem possibly into a simple formula easily useable for a structural engineer. Therefore
we consider the problem stepwise as already done in 4.2, Again we are mainly interested in
creep deflection, so only the deflection part of the Kelvin-element is reflected.

1. Time-period: In the first time-period the creep deflection is developing under maximum
load comparable to a beam according to '

Wigp(t) =@ 'Wel(t)'(‘l_ew”e) (5.1)

However the elastic deflection is not proportional to the applied load anymore, as it was for
a beam. Considering theory IL. order it now also depends on the creep deflection and there-
fore on the time in the following way.,

Fy 5.2

W, (t) = [Wo Wy, (t)]

Substituting (3.2) in (5.1) yields the creep deflection w, of the time-period,

o Woog, Fy-(1-e™)
Vel = E TR (70t o™

(3.3)

The creep deflection at the end of the period is computed by substituting ¢ = t; in (5.3).

2. Time-period: Now only the dead load is acting. The deflection from the end of the first
time-period has to be taken over of course. So we obtain as initial condition

Considering the relation of creep and elastic deflection (5.2} gives us the following expres-
sion for creep deflection.
Wy - (pg -Fy - (1 - e—t’fﬁ‘) Wy (pg 'Fq ’ (1 - e_tlm) (Fki - Fg) ) e-—l’-’ﬂ

W, (1) = : gt o a
zolt) Fﬁl“Fg(1+‘Pg)+¢gFge”8 Fy ~Fo(1+ @) + of e Fk*"F9(1+%)+(P9FQe”8




(3.5)

This procedure can now be continued for an unlimited number of time-steps. Of course it is
completely sufficient to continue until a constant final creep value is reached and a further
load cycle doesn’t lead to a deflection increase anymore.

After realization of further time-steps the following creep deflection is obtained after each
unloading period (only dead load acting):

i F.(1- e“"”’) i (Fq— Fg )*(;:ki -F, )m (e~t‘m )M (e—tzle )i |
i=1 q (Fki - (1 + (Pg)Fq + (ngqe“w'B )' (F:ki — (1 + qog )Fg + (ngge—izie )|
(Fy —F, Y (Fy - Fq J (e Y (g7 o)

(Fki N (1 + Pq )Fq + (pQqu‘tlm )i_}(Fki - (1 + Py )Fg + q:’gF:ge_tzm )i

W, = W,0,
+ Y F(1-e™").
i=1

(5.6)

The sum-parameter n stands for the number of load cycles. Each load cycle consists of two
time-periods and is of duration t;+t,. Expression (5.6) can be made more clearly, if the
common expressions in both sums are factored out.

+ -1
W, (Fu —F.)(F, ~F,) - e 07
Wogy & (R~ (1+0p)F, + oFee™ )Py — (1+ 9, )F, + oF ™)

Fo(1-e™"*)(Fs —F,)- ™" L FR(1-e™)
(Fki - (1 + @g )Fq + (ngqe-‘ﬂ'ﬂ )(Fki - (1 + 909 )Fg + (PgFgewlzm) Fki - (1 + Q)g )Fg + (ngge-ta.fﬁ

(5.7)

Let’s consider this creep deflection in terms of stability first. The expression inside the
braces, which we call “A* from now on, turns out to be crucial for the creep rate increa-
sing, decreasing or remaining constant. For A>1 the term A" becomes indefinite for a lar-
ge number of load cycles. If A equals 1 the creep rate remains constant and only for A<!
the long-term stability is guaranteed. Simplification of A under consideration of the relati-
ons

1 - e_t1je t1 1 - e_talﬂ t2

= and =
1 g (itelld t,+t, 1— g et)® t,+t,

) (5.8)

which are valid for in comparison to lifetimes of buildings small t; and 1, simultaneous
application of (4.5) und substitution of the maximum load F; by the sum of the permanent
component Fy and variable component F; finally results in the now valid condition for the
long-term stability.

(Fu ~F)(F. —Fy)—F[(1+ 9)F. ~F,]>0 (5.9)

F.. still represents the limit of long-term stability for a dead load defined in (3.11).

For determination of the final creep deflection some additional simplifications are
necessary concerning (5.7). The braced sum expression A in (5.7) can be replaced the fol-
lowing way.

N AM-1 i
-1 _ ———
i§=1A = A 1-1-A for A<1 (5.10)

10



Applying these simplifications and using

e = e =1 (5.11)

the creep deflection can be finally expressed as {ollows:
@y, + 0F — o F (F, +F) /R,

—{(2+ @, )F, - (1+ @)F +F,(F, +F)/F,

W =W, - 5.12

] 0 Fki ( )
The formulas (5.9) and (5.12) seem to be simple enough to give a tool to the structural en-
gineer, with which the deformation and stability behaviour of a timber column can be anti-
cipated in a reliable way. If the stability criterion is satisfied, the denominator in (5.12)
automatically becomes positiv.
A long-term simulation, which was done here with the same assumptions as a control of
the derived formulas, yields the same resuits. A further possibility of control is obtained by
considering the case F; = 0. Only the dead load is acting then, so (5.9) and (5.12) should
correspond to the formulas (3.11) and (3.15) derived in chapter 3. It can be easily certified
that this is the case.

5.2  Creep deflection of columns loaded by permanent compressive
force and a lateral continous variable load in addition

As a further situation to examine we like to introduce a column, which receives a compres-

- sive force from dead load and additionally variable continous load perpendicular to the

column axxis from wind action. We again can assume, that the duration of wind load is

short-term, so the problem can be based on short time-periods t; and tp according to (4.5).

The creep factor for wind load is called @y,

1. Time-period: The wind is acting in its full size next to the dead load. At the beginning of
the time period we have the initial condition w, = 0. The developing creep deflection can
be written as (5.1):

W1¢ (t) - Wtal(t) : (09 ‘(1 - e-tm) (5113)

While determining the elastic defiection under dead load Fg, the elastic part caused by wind
load, which is time-independent, has to be considered.

+ W . 4
Fki F alw

Wi () = [Wo T Wy T Wy (t)]

Substituting (5.14) in (5.13) and solving for w, yields the creep deflection in the first ti-
me-period,

ew [T z (5.15)
il FQ Fki '—Fg —'qogF (1'—9 t,'B)

g

: F(1-e
ww(t):[w[J 4 W F‘“} L) )

2. Time-period: The second time-period again starts with t’ =t - t; = 0. Only the dead load
Fg is acting. As initial condition the deflection at the end of the first time-period (t = t,) is
taken. The elastic deflection because of wind does not exist anymore. So the elastic de-
flection in the second time-period is calculated as follows:

Wou(t') = (W + Wo, (V) g (5.16)
3

! g

il



Application of Kelvin-material, the initial condition and (5.16) gives us the creep deflecti-
on during the second time-period.
' ¢5F3(1__e-rm)
W, (t')=w s
2‘17 0 Fm - (1 "*“ gog )Fg + (ngge vie
+ (WO + Wei,kai /Fg )q}gFg (Fki - Fg)“ - e~t,:’6) ’ e
(Fki - (1 + q’g )Fg + (ngge_Hm)(Fki - (1 + (pg)Fg + (Pgr:gent 1'6)

(5.17)

Again it is possible to continue the time-steps until no further creep deflections appear and
a constant creep deflection is obtained after each complete load-cycle. Continuing the time-
steps the following expression is developing:

L

(Fki _ Fg)2 . e-t,.’ﬂ . e—tz.’ﬂ

j~d
w n
(pg l-"=21 {(Fki - (1 + (;Dg)Fg + qogFge_“m)(Fki - (1 + (pg )Fg + (nggem‘zm)}

. F - F 1_ e—l,/e X w08
(wo T Waw E&J x g)—f 7 ) © 1,78 (5.18)
B Fy | (Fo — (14 @,)F, + oF & WFy ~ (1+ @ )Fg + ¢ F e ™)
9 wio /8
+ W (1 —e )
° (Fki - (1 + (pg)Fg + q)gFge_tzm) i

Again n represents the number of complete load cycles (t)+t2). As in (5.1) the creep de-
flection approaches only a limit, if the braced expression (“A*) is smaller than one. Appli-
cation of (4.5) and (5.8) results in the stability condition for the column.

(Fy —F)(Fe —(1+9,)F) >0 (5.19)

This criterion is satisfied by F, < F.. and therefore corresponds to (3.10). So the lateral
wind action has no influence on the long-term stability of timber columns. Additionally
applicating (5.10) and (5.11) to (5.18) leads to an useable expression for determining the
final value of creep deflection.

_ [ @y
wﬁ? - (WO + o, F wel.w} Fki _ (1+¢9)Fg (520)

g "9

Again the results were confirmed by limit considerations and long-term simulations.

6 Conclusion

In this paper formulas are derived, which contribute to the determination of creep deflecti-
ons of timber columns under permanent and variable loading. In addition stability aspects
are considered. It has to be found out by some further discussion in which way the results
should be included in the codes. A consequent application of the probabilistic design con-
cept demands, that the conditions (5.9) and (5.19) are satisfied by the design values of ma-
terial properties and actions including the creep factors. The prove according to the codes
has to make sure, that not only the short-term load bearing capacity is guaranteed.
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| Introduction

The common practice in investigating stiffness and strength properties of sawn timber is to
load the specimens and measure the deflection. The longitudinal modulus of elasticity
(MOE) is obtained as some kind of average value, determined on the basis of elementary
beam theory. This value is correlated to the strength of the board. The results obtained
from measurements are strongly influenced by grain deviations with respect to the
longitudinal direction and variation of material properties with the position in the log
(often explained by juvenile wood and influence of compression wood). The value
obtained from a measurement may therefore be regarded as an "effective modulus of
elasticity". In addition to influence from fibre misalignment and property variation, the
grading procedure is often disturbed by twist deformations of the board caused by spiral
grain.

To improve the stiffness and strength grading process for sawn timber, it is important to
clarify how the material properties and the internal structure affect the stiffness properties.
In the prediction of timber stiffness, the fibre orientation, growth ring width distribution,
juvenile wood and compression wood are of considerable importance. Because of the
complex growth characteristics of wood and of various imperfections, the stiffness
prediction may require computer simulations based on experimental data.

In the present study, finite element simulations have been performed to investigate how a
number of basic parameters primarily affect the stiffness properties and indirectly the
strength propertics. Some preliminary results are also presented from an experimental
investigation of basic material properties of spruce. The properties studied are stiffness and
shrinkage parameters and grain deviations. The measurements have been carried out for
stems from different stands. The specimens have been sawn at different distances from the
pith and at different heights in the stem. The aim is to gain information about the variation
of properties with the distance from the pith and with the height in the stem, and also about
the influence from growth conditions on the properties examined.

2 Stiffness parameters to be determined

In Bostrom et al. 1996 and Johansson et al. 1996, different aspects of the determination of
the longitudinal modulus of elasticity in bending are treated. The starting point is the



bending stiffness defined as IE}(x,y)ysz and the moment of inertia I:jysz. The
A A

modulus E=E (x,y) is assumed to vary over the cross section, and the loading occurs in the
y-z-plane with z as the longitudinal direction. An equivalent or apparent modulus of
elasticity is defined as

o 2
E* = B0 y)y dA )
A

The same type of definition was used both for edgewise and flatwise bending.
Determination first at the E-distribution over the cross section of the board followed by a
calculation of E according to Eq. (1) gave almost the same values as bending tests for
edgewise bending, while the calculated value was too large for flatwise bending, see
Johansson et al. 1996. A somewhat more general discussion of the concept of apparent
modulus of elasticity for bending may be needed when the modulus E, varies strongly over
the cross section without one symmetric distribution. Let us study the cantilever beam in
Figure [, loaded in such a way that sectional forces N, My, M, and T are constant over the
length L. The associated displacement and rotations are denoted by n, my, my and ¢. All
properties are assumed to be constant in the longitudinal direction z, while the longitudinal
modulus E=E|(x,y) varies over the cross section.

47 - Fr
\ - >
h/2

Mx, my

\ s
/I b/2
E : b2
Figure 1. Cantilever beam with co;xstant sectional forces N, M, My and T (and thus no shear

forces V and V,). The associated displacement variables are n, my, my and ¢.

With reference to a longitudinal axis in the center of the cross section a stiffness
formulation might be written in the form

EA
B — -] [ ] (]
L.
E~I 1 N
Y
L [ @ mx _ Mx (2)
Eix m, B M,
GK,
i L ]




with ten stiffness parameters to be defined. If for simplicity we neglect all coupling terms
between the twisting moment T and the other sectional forces we may write

_I_E_A_. & ® (
i
Ely 3] N
- * 0 m. M.
L ) L - * (3)
SYM BL o || =
L ¢ T
K,

L L

The three first equations of Eq (3) may be written as

| Iy x n N
IRy ¥ oy A m, =M, )
A X xy x’ m, | M,

where E; is the longitudinal modulus at elasticity and A is the area of the cross section. By
choosing another location (xg, yo) of the reference axis and referring to the principel

directions X and ¥ instead of x and y we get the uncoupled relations

10 0 i N
(m;ij, 0 ¥* 0 dA)m, |=|M, (5)
A lo0 % i, | M,

The new reference system is illustrated in Figure 2.
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Figure 2. Reference system for uncoupled relations,
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In cases where bending only occurs in the y-direction and there is no twist, we may write
according to Eq. (4)

LR ERY A TS ®)
L'l\ .E ’y y y2 rnx - MX

If we instead refer to a reference axis located at ¥ =y — vy, we get the uncoupled relation

(n:ﬁ_y(]mx)
I I il 1iEA i N
("EIE‘[O ”}dm{ }f . 3‘{ HM - N] )
A rnx 0 EI n"x X y()
where
[E,ydA
A
Yo = (8)
" [EdA
A
EA = [EdA )
A
and
El=[E,y’dA-y{EA (10)
A

For the uncoupled system of equations in Eq. (7) the concept of a single apparent modulus
may conveniently be applied for tension and bending, respectively, but not for the more
general case. We may for a case of plane bending without any twist write

s EA
Elcnsion = ( 1 1 )
' bh

according to Eq. (9) and

5 _ 12El (12)

bemding bh 3

according to Eq. (10).

In a more general case but with negligible twisting deformations, the normal and bending
stiffnesses to be calculated are according to Eq. (4)



Iy X
[Eeyly v xyda (13)

A 2
X Xy X

The distribution of the longitudinal modulus of elasticity E=E|(x,y) over the cross section
of the boards to be graded thus plays an essential role. In the following sections some
results of measurements on spruce will therefore be presented with respect to the variation
in space of Ej.

3 Variation of longitudinal modulus of elasticity

3.1 Introductory example

For simulations of stress-induced deformations in timber, a relevant description of the
material parameters is very important, especially with respect to the longitudinal elasticity
modulus and the spiral grain angle. These parameters strongly depend on growth
characteristics and vary in space. In this section only some representative examples are
selected to illustrate how the properties may vary from pith to bark in the radial direction,
neglecting the variation in the longitudinal direction. A cross section of a board is shown in
Fig. 3 (a). The conifer studied is spruce (Picea abies) with varying annual ring width. The
associated distribution of the density over the cross section is given in Fig. 3 (b).

b
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Figure 3. Property distributions over a cross section of a board.
' (a) Cross section
(b) Density
(¢) Longitudinal elastic modulus, Wormuth (1993)
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Figure 4. Influence of distance from pith on longitudinal elastic modulus E;.
(a) Symbols for tested specimens.
(b) E; as a function of distance from pith.

A corresponding distribution of the longitudinal elastic modulus is illustrated in Fig. 3(c)
and this distribution refers to the cross section in Fig. 3(a). The highest value of the elastic
modulus is about twice as large as the lowest value. In Fig. 4(b) the values of Fig. 3(c),
together with the values of another board shown in Fig. 4(a), are shown as a function of the
distance from the pith. It can be observed that the distance from the pith has a very strong
influence on the elastic modulus in the longitudinal direction. The relation between
distance from pith and longitudinal elastic modulus for the two cross sections shown, can
with good agreement be represented as E = 9.7-10°+1.0-10° t/r, MPa, with r, = 1.0 m. This
relation is also shown in Fig. 4(b).



3.2 Boards with much compression wood

In one study (Ormarsson et al. 1998b) a number of boards with much compression wood
and fibre misalignment were investigated, The measured parameters were density, spiral
grain, conical shape, Jongitudinal modulus of elasticity and some shrinkage/swelling
parameters. The boards were originally about 3000 mm long, and the size of the cross
section was 120x48 mm. Special measurements on small specimens were made for the end
regions of each board according to Fig. 5.

mm

NN

ABCDEFGHIT ]

Figure 5. Geometry of the studs and small size specimens.

In Figures 6 and 7 the measured results for two boards from the same log are presented
with respect to the density and the longitudinal modulus of elasticity E;. The results show
that very low values of E, are obtained in case of compression wood, while the
corresponding high density values indicate the opposite.
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Figure 6. Distribution of density, and longitudinal elastic modulus for the board 27N.
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Figure 7. Distribution of density and longitudinal elastic modulus for the board 27U.

3.3 Spatial variations in trees of different social classes

Specimens from a total of 11 trees (Norway spruce) were sampled at four different sites of
differing site quality classes in southern Sweden (Persson 1997). The height, type of
crown, social class and individual position were determined for each of the standing trees.
At each plot, samples were obtained from trees belonging to each of the social classes
dominant, co-dominant and dominated, except for one plot where no dominated tree was
found. Two discs were cut at three different heights from each tree as shown in Figure 8.
Specimens for mechanical testing were taken from the discs labelled A and specimens for
the experiments at the microstructural level from the discs labelled B.

Diameter on bark equals 0.15

Figure 8. Cutting scheme for the stem. The discs labelled A were used for mechanical
testing and the discs labelled B for microstructural measurements.



Specimens ‘for clear-wood testing were taken from the discs labelled A in Figure 8.
Specimens having a Jength of 300 mm and a cross section area of 10 by 10 mm were cut
from north to south from ali discs, Figure 9. Additional specimens were cut from some
discs in a crossing pattern from east to west. For one of the trees the specimens were taken
from eight different diameters that crossed each other at successive angles of 45 degrees. A
total of about 700 specimens were used in the testing. The longitudinal modulus of
elasticity, the coefficients of moisture induced shrinkage in the three main directions, and
the density were determined. For each of the specimens, the angle between the fibre
direction and the main longitudinal direction of the specimens was also measured. It was
concluded that for most of the specimens this angle was less than 5 degrees and in most
cases lfess than 2 degrees. The fibre deviation will therefore be neglected in the following
presentation of results,

Figure 9. Cutting scheme and specimen used for clear-wood testing.
3.4  Density

Density measurements of 40 mm long samples cut from one end of the specimens shown
in Figure 9 were made. This allows the average density and the longitudinal modulus of
elasticity to be related to each other directly. The density measurements presented here
relate to the dry weight divided by the volume in a dry condition. In Figure 10 the density
measurements are shown from pith to bark for all trees and at all studied heights.
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Growih ring, No.

Figure 10. Degsity versus growth ring number for all the trees at all the three heights
studied.



In the juvenile wood the density was low, increasing towards the bark. In most of the trees
the local density in the pith seemed to be higher than in the surrounding wood. Since for
many of the discs the density was found to decrease very abruptly just outside the pith,
measurements for the pith specimen are excluded from the least square fits of density in
Figure 10, resuiting in a smoother fitting curve.

3.5 Stiffness properties

The longitudinal moduli of elasticity were determined for the specimens, see Figure 9, by
applying a tensional load using an MTS testing machine. The force applied was measured
by a load cell, whereas the displacements were determined by two 40 mm long strain
gauges at the midpoint of the specimens. By using two strain gauges at opposite sides of
the specimen, the strains due to curvature of the specimen were eliminated. The strains
were determined from the mean elongation of the two strain gauges divided by the initial
gauge Jength. The stresses were calculated as the applied load divided by the initial cross-
sectional area of specimens. The moduli of elasticity were determined from the obtained
stress-strain curves by determining the slope at the linear part of the curves. Prior to
testing, the specimens were conditioned at 65% RH and 20° C for about two weeks.

The results of the measurements indicate that the stiffness properties are strongly
dependent upon the position in the stem, especially with respect to the radial direction. The
stiffness is very low in the juvenile part but increases towards the bark. A stiffness up to
four times as great was observed in the mature wood near the bark as in the juvenile wood.
Since the differences in stiffness between the south and north directions were not found to
be significant, the distinction concerning the side of the tree from which the specimens
were sampled is neglected in the following, and only the distance from pith expressed by
the growth ring number will be considered.

Figure 11 shows the longitudinal modulus of elasticity versus the growth ring number for
different social classes together with fitted curves. For all three social classes, the modulus
of elasticity is about 6000 MPa close to the pith. The increase along the radius from pith to
bark for the co-dominant and dominated tree is similar, but the increase is less in the
dominant trees. For the dominant trees there is a decrease of stiffness for higher growth
ring numbers, but this result is probably due to the smaller amount of data obtained for this
class.

Figure 12 shows the longitudinal modulus of elasticity versus the growth ring number for
all trees for the three different heights together with fitted curves. For each of the heights,
the stiffness is low near the pith and then increases towards the bark. The longitudinal
modulus of elasticity is lower for the specimens taken from the bottom disc than for those
taken from the middie and upper discs.
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4 Influence on stiffness of spiral grain and annual ring
curvature

The fibre structure of wood makes the material properties strongly direction dependent.
The fibre direction often deviates from the longitudinal direction of a studied tree and a
studied board. This fibre deviation can be local effects around knots, but this type of local
deviation was not of primary interest in this investigation which was focussed on fibre
misalignments like spiral grain angle and conical angle, Spiral grain means that the fibres
are oriented in a spiral manner in the log, see Fig 13. In addition to this, the fibres may
have inclination due to the conical shape of the wooden stem. Such types of grain deviation
may have a large influence on the properties of sawn timber,

.-(:-:‘;""‘”MM e
AGE

T e N A T

Figure 13. THustration of spiral grain angle.

4.1 Equivalent modulus of elasticity

In order to describe the influence of spiral grain and ring curvature on the stiffnesses of a
board, some of the formulations in Section 2 may be recalled. The stiffness formulations
according to Eq. (2) may be rewritten as

Sy S S Syl n N
Sli S?.'l S'Z"a 824 rnx — MX (13)
Sy Sy Syuo Sy |imy M,
Sa Se Sa Su)i @ T

where Sij - S_ig.

The stiffness parameters S;; can be determined by studying four cases in which either the
displacement variables or the associated forces are prescribed. Mixed combinations of
prescribed quantities are also possible. In this paper the following four mixed cases are
chosen.

Case | Case 2 Case 3 Case 4
Prescribed | nj mgy=0 myp=0 Ti=0 | ng=0 my myp=0 To=0 | ny=0 =0 mys T3=0 Ny=0 M= Myy=0 @4
Calculated N M, M\'l 0 N; M, Myg {2 N3y M M\G Q3 Mg My My T4
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This choice may be questioned, but has the advantage that the diagonal stiffnesses
corresponding to tensioning and bending can be expressed simply as

N 3

S, =—‘+{f?—‘-} S., (14a)
n, |n,
M., Y

S, = u{fﬂr_} S, (14b)
m,, | m,,
M' 2

S, =2 +(fp—-‘] S. (14c)
m, o | My,

and in most cases the influence of twist expressed by the rotation @ on Sy, Sz and Ss3
might be negligible. By accepting this we may introduce the following apparent moduli for
the longitudinal stiffness (choosing our reference system in such a way that Sy, Syzand Sy
are Zero).

Effective MOE in tension,

E tension _ N 1 L

equivalent A
1
1

(152)

where L is the length and A the area.
Effective MOE in edgewise bending

El}endingc edgewise - M x2 L ( 1 Sb)

cquivalent
1y m,,

where 1, is the moment of inertia for edgewise bending. Similarly, for flatwise bending we
get

L

Ebcnding flatwise __ M y3
equivalent -
I X m y3

(15¢)

These notations of affective MOE will be used in the following subsections.

4.2 Numerical simulations

The influence of spiral grain on tension, bending and torsional stiffness in sawn timber will
be considered in the following, and some results from numerical simulations by FEM will
be presented. The influence of varying stiffness parameters and the annual ring curvature is
also investigated. The boards studied are 1.5 m long and 100 x 50 mm in cross section, and
the pith is assumed to be parallel to the longitudinal direction of the board. The knowledge
obtained can be used to show which of the material parameters are of importance for the
stiffness grading process.
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In Table 1.1 the matertal parameters used are shown. They are assumed to be
representative for spruce (Picea abies). In order to eliminate the influence of radial
variations of the material parameters and of the spiral grain angle on the effective timber
stiffness, the parameters in this section are assumed to have a constant distribution over the
cross section of the board.

Table 1.1 Material parameters used in the simulation.

Elastic strain | E; = 9700 MPa E, =400 MPa F= 220 MPa
parameters | Gy = 400 MPa Gy = 250 MPa Gr=725MPa
v, = 0.35 v = 0.6 vy = 0.55

4.3 Effective MOE in tension

To investigate the relationship between spiral grain angle and effective modulus of
elasticity (MOE) in tension, a number of boards with different values of the spiral grain
angle were studied. In the simulations the nodal displacements at the end cross sections of
the boards were prescribed to a constant value in the longitudinal direction in order to
obtain tensional stresses in the same direction, Three degrees of freedom at the mid-section
of the board were prescribed to zero to avoid rigid body motions in the transversal
directions of the board.

In Fig. 14 the influence of spiral grain angle on effective MOE in tension is shown for five
boards with different distance from pith and thus different annual ring curvature. The
results show that the MOE decreases rapidly with increasing spiral grain angle. It has been
experimentally shown by (Dahlblom et al.) and (Harris) that the magnitude of the spiral
grain angle normally varies between zero and say five degrees for Norway and Sitca
spruce, For boards with spiral grain angle of about four degrees the effective MOE is 15%
lower than for boards without spiral grain. In Fig 14 it is also indicated that a large annual
ring curvature, corresponding to a small distance from pith, has an influence on MOE.

Ecquiv:ﬂcm (MPa)
10000 7 T
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8000 1
70001 . .
“Parami, (MPaj -
gooof-| = By=9700 "}
CEza00
so00f] E X L - R TN - e

40001 T Gy

3000} S

20003155

| R=25 R=5) R=75 R=100]

1030

5 1 1
Q 2 4 6 g i0 12 14 16 i8 20

Spiral grain angle (degrees)

Figure 14 Influence of spiral grain angle on effective MOE in tension.
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In order to study how some of the stiffness parameters affect the effective MOE in tension,
a number of boards with different stiffness parameters were calculated for different spiral
grain angles. In Fig. 15 is shown the influence on MOE of doubling one stiffness
parameter at a time while the other stiffness parameters have the same values as in the
reference case. The results show that only the two parameters E; and Gy, have a substantial
influence on the tension stiffness for the studied case of pith location. For a board without
spiral grain the MOE increases as much as the longitudinal elastic modulus E,. The curve

E; =2 E} decreases much more rapidly than the reference curve. A board with spiral grain

angle of about four degrees has 25% lower MOE than a board without spiral grain. It may
be concluded that tension stiffness for boards with high ratios E/E, are more sensitive to
spiral grain deviation than boards with lower ratios.
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Figure 15. Influence of stiffness parameters on MOE in tension.

44  Effective MOE in bending

In this subsection some numerical simulations for predication of effective MOE in bending
are presented. The influence of spiral grain angle and material parameters on effective
MOE in bending is studied. Flatwise and edgewise bending are both regarded. In Fig. 16
the element mesh and prescribed nodal displacements in flatwise and edgewise bending are
indicated. The board end surfaces are rotated by prescribing displacements on these
surfaces.

ﬁ
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Figure 16. Prescribed displacements in numerical simulations.
(a) Flatwise bending
(b} Edgewise bending

16



The relationship between the spiral grain angle and the effective MOE in bending is shown
in Fig 17. These results show very similar behaviour as was observed for tension loading.
However, the distance from pith influencing the annual ring curvature has more influence
on MOE in bending than in tension.

In Fig. 18 the influence of stiffness parameters on MOE in flat-ways bending is shown. As
for tension loading, the parameters E, and Gy have a jarge influence on the MOE. The
shear modulus Gy, has also some influence on the MOE.
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Figure 17. Influence of spiral grain angle on effective MOE

(a) Flatwise bending
{b) Edgewise bending
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Figure 18. Influence of stiffness parameters on MOE in bending.
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Some concluding remarks

The choice of proper stiffness parameters to be used in structural grading of timber is by no
means a simple matter. Usually the coupling effects between tension, bending in two
directions and twist are neglected. This may lead to a much too crude approach for grading
of high quality timber and in the structural anatysis of beam structures.
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Due to strongly varying material properties, especially from pith to bark, it is often of great
importance for the grading where in the log the sawn board comes from. This is today
normally not considered in practice. The sawing pattern influences the positions of the
boards to be sawn and might thus have a considerable influence on the strength and
stiffness properties of the timber. Another phenomenon that must receive much more
attention in grading of timber is the drastic reduction of strength and stiffness caused by
compression wood.

Fibre misalighment, like spiral grain deviations, may have a considerable influence on the
stiffness properties. It might substantially reduce the stiffness moduli for tension and
bending and it must be considered properly in stiffness grading for high quality timber.
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A COMPARISON OF IN-GRADE
TEST PROCEDURES

} by
R.H. Leicester, H. Breitinger and H. Fordham
CSIRO Building, Construction and Engineering, Melbourne, Australia

ABSTRACT

The design properties derived for structural timber depend on the in-grade test procedures used to
measure these properties. In this paper, the data obtained from a limited set of bending and tension
tests undertaken according to European, North American and Australasian procedures is used. It
was found that the European procedure can underestimate the in-service bending strength and

stiffness and slightly overestimate the in-service tension strength.

1. INTRODUCTION

When performance based standards are applied, it is very useful to have in-grade test data for the
design properties of structural timber. However, such data is expensive and time consuming to
obtain. For example, to measure a full set of design properties of every commercial size/grade of a
single species, something like 10,000 pieces of timber must be tested; the cost for this is about

$1 million (US) and the time required is about one year for a laboratory of reasonable size.

It is thus apparent that when different test procedures are used in various countries, it is highly
desirable to avoid the necessity for retesting timber each time a new trading partnership is made.
One method for doing this is to have some sort of procedure for equivalencing the data obtained
between two different in-grade test methods. In a previous paper (Leicester et al., 1996) a simple

model was proposed for use in equivalencing procedures.

This paper presents data obtained from three sets of in-grade test methods. The data indicates the
magnitude of the differences between the data obtained by the test methods, and also provides

information for calibrating the proposed equivalencing models.



The three in-grade procedures compared are those given in European (European Committee of
Standardisation, 1995a and b), North American (Green and Evans, 1987) and Australasian
Standards (Standards Australia, 1992). These three in-grade procedures will be referred to as the
CEN, USA and AS/NZS procedures.

2. TEST MATERIAL

The test material was kiln dried radiata pine, machine stress graded to F5 and F8 grades. The timber
was graded and supplied in lengths of 4.8 m for 90 x 35 mm size timber, and in lengths of 5.4 m for
190 x 35 mm size timber. All timber was obtained from the same mill, but the 90 x 35 mm material

and the 190 x 35 mm material was supplied one year apart.

A sample size of N = 150 was used for measuring each grade/size/property/procedure.

3. TEST METHODS

3.1 Bending Strength and Medulus of Elasticity

The details for the test configurations used for measuring the bending strength and modulus of
elasticity are given in Figure 1 and Table 1. In addition, the procedure used for selecting the test

specimens from the full lengths of graded timber were as follows:

s CEN method: worst defect to be found in the full-length of timber was located at mid span

of the test specimens, with the tension edge chosen at random.

* USA method: worst defect to be found in the full-length timber was located somewhere

within the test span, with the tension edge chosen at random.

s AS/NZS method: location of test specimen and tension edge chosen at random from full-

lengths of timber.
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Figure 1. Schematic illustration of notation for bending test configuration.

Table 1.
Details of test configurations for bending strength and modulus of elasticity measurements
Procedure Beam span (mm) Deformation measurernent locations
90 x 35 190 x 35 (Figure 1).
CEN 1620 3420 Crelativeto Band D
USA 1530 3230 C relative to A and E
AS/NZS 1620 3420 G relative to Fand H

3.2  Tension Strength

The details of the test configuration used for measuring the tension strength are given in Figure 2

and Table 2. In addition, the procedure used for selecting the test specimen from the full-lengths of

graded timber were as follows:

«  CEN method:
s [JSA method:

®  AS/NZS method:

worst defect to be found in the full-length of timber was located at mid span

of the test specimen.

worst defect to be found in the full-length of timber was to be located at a

random location between the grips.

test specimen chosen at random from the full lengths.
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Figure 2. Configuration used for tension test.

Table 2.
Test configuration for tension strength test
Procedure Clear distance between
grips for 90 x 35 mm
timber {mm)
CEN 810
USA 1080
AS/NZS 2700

4. TEST DATA

4.1 Modulus of Elasticity

The measured data for the modulus of elasticity is given in Table 3 and illustrated in Figures 3, 4
and 5. It is seen that for the smaller size, the CEN procedure gives a value of 20% less than the
other methods and it is also associated with a larger coefficient of variation. This is to be expected
as the CEN method measures the stiffness in the vicinity of a major defect rather than that of the

total beam.

4.2  Bending Strength

The measured data for bending strength is given in Table 4 and illustrated in Figures 6, 7 and 8. The
CEN values are expected to be the Jowest because of the method of locating the worst defect. The
measured values obtained from the CEN method are about 20% and 10% lower than those obtained
by the AS/NZS method for the 90 x 35 mm and 190 x 35 mm pieces, respectively. As would be
expected, the data obtained by the USA method lies between the other two.

The coefficients of variation is about the same for the data obtained by all the methods.



Table 3.

Comparison of measured modulus of elasticity

Structural parameter 90 x 35 mm 190 x 35 mm

F5 Fg& F8

Mean value (GPa)

CEN 7.8 10.6 12.4
USA 98 12.2 12.5
AS/NZS 9.5 12.0 12.8

S-percentile value (GPa)

CEN 4.4 59 7.7
USA 6.7 : 9.4 9.7
AS/NZS 6.1 9.0 10.5

Coefficient of variation

CEN 0.30 0.30 0.21
USA 0.25 0.15 0.18
AS/NZS 0.26 0.16 0.14
Table 4.
Comparison of measured bending strength
Structural parameter 90 x 35 mm 190 x 35 mm
F5 . F8 F8
Mean value (MPa)
CEN 311 437 417
USA 37.1 51.0 42.8
AS/NZS 38.5 53.2 46.4

5-percentile value (MPa)

CEN 13.6 20.1 20.5
USA 14.7 238 203
AS/NZS 17.0 26.3 23.1

Coefficient of variation
CEN 0.43 042 0.34
USA 0.47 0.37 0.36
AS/NZS 0.44 0.37 0.34




Cumulative Frequency

0.8

0.6

0.4

0.2

0.0

20

EICEN
OUSA
AASINZS [
8 12 16
Modulus of Elasticity (GPa)

Figure 3. Measured modulus of elasticity for 90 x 35 mm timber, F5 material.
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Figure 4. Measured modulus of elasticity for 90 x 35 mm timber, F8 material.
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Figure 5. Measured modulus of elasticity for 190 x 35 mm timber, F8 material.
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Figure 6. Measured bending strength for 90 x 35 mm timber, F5 material,
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Table 5.

Comparison of measured tension strength

Structural parameter 90 x 35 mm
FS5
Mean value (MPa)
CEN 17.4
USA 17.4
AS/NZS 15.8
5-percentile value (MPa)
CEN 8.1
USA 10.3
AS/NZS 712
Coefficient of variation
CEN 0.42
USA 042
AS/NZS 0.38
0.8
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Tension Strength (MPa)

Figure 9. Measured tension strength for 90 x 35 mm timber, F5 material.
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4.3  Tension Strength

The measured data for the tension strength is given in Table 5 and illustrated in Figure 9. It is
interesting to note that the coefficient of variation is the same for all three procedures, but that

contrary to the case for the bending strength tests, the AS/NZS procedure gives the lowest strength.

This observation would be consistent with the fact that the test operator, an experienced research
engineer, was unable to correctly select the weakest defect in all cases for the CEN and USA tests.
The average spacing of the defects in the 90 x 35 mm timber was about 1.2 m (Leicester et al.,
1996). Hence, typically there would be 23 defects within the AS/NZS test specimen. Thus, there is
a reasonable chance that the AS/NZS test specimen will contain a weaker defect than that selected

for the CEN and USA tests.

To obtain an idea of the chances of correctly choosing the weakest defect, three experienced
laboratory personal were asked to predict the location of failure in the AS/NZS tension tests. On
average each person chose the correct defect (where there was more than one} about 80% of the
time. Hence, for almost 20% of the pieces, the AS/NZS procedure will produce a lower strength

than the CEN procedure. A summary of the pooled prediction rates is given in Table 6.

Table 6.
Predicting of the weakest defect
Prediction success by 3 laboratory Occurrence
technicians %o
3 out of 3 technicians correct 47
2 out of 3 technicians correct 19
1 out of 3 technicians correct 14
(0 out of 3 technicians correct 7
Special cases (e.g. only one defect) 13
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5.  CONCLUSIONS

The data measured provides useful information on the differences that can be obtained between
different in-gra&e test procedures. It also provides information for calibrating equivalencing models
proposed in an earlier paper. The size and grade of timber used in this study probably provides the

greatest differences likely to occur in practice.

Additionally, it is of interest to compare the data of the CEN and AS/NZS procedures. The
AS/NZS procedure may be considered as an attempt to measure the properties of timber that would
occur in-service. By comparison, the human bias applied in selecting the test specimens according
to the CEN procedure leads to an underestimate of design bending strength and stiffness but

(because it is imperfect) a small overestimate of tension strength.
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Length and Moment Configuration Factors
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1 Abstract

The effect of length and load configuration on the load carrying capacity of a timber beam
in the bending mode has been investigated using a model that takes into account the variation of
bending strength both within and between timber members. The model is mainly based on two
stochastic variables, the strength of a weak section and the distance between weak sections. The
parameters of these two variables are determined by experimental tests.

Two different methods are used to quantify the effect of length and load configuration, both
direct comparison of strengths at a given percentile and also a method that preserves the
reliability index. The Weibull theory is also used to quantify the effects.

The strength in weak sections in a board was found to have a constant serial correlation, i.e.
the correlation between the strength of two sections is not dependent on the distance between
them. '

The length effect according to comparison of percentiles was found to be lower than the
one used in the Eurocode 5. The reliability index method results in a more or less non-existing
length and load configuration effect. A doubling of length results in a 2 per cent lower load
carrying capacity at the most. Changing from constant bending moment to a board with fixed
supports and a uniformly distributed load, which is two extreme load cases, only results in a 6 per
cent higher load carrying capacity.

2 Introduction

Due to the significant variability in material properties for structural timber, not only
between members, but foremost within members it has been considered convenient to introduce
various correction factors to account for this variability. In contrast to the variability within
members, the between member variability is not unique for structural timber but is present for
most structural materials and thus it is taken into account in the normal design procedure. The
variability within members is the reason for a timber beam having an apparent strength that is
dependent on length and type of loading.

Theoretical studies have been performed regarding the variability within members and the
general conclusion seems to be that correction factors indeed are needed to account for this
variability. The fundamental concept of these studies is the use of the weakest link theory in one
shape or another, also known as the Weibull theory. Test results other than testing boards of
different lengths is often in shortage. The outcome of the tests is dependent on species, grading
methods and sawing patterns, just to name a few. Consequently the effect of length and load
configuration is more or less pronounced in the different investigations.

In a research project at the department of Structural Engineering at Lund University the
variability between and within timber members has been studied experimentally on Norway
spruce grown in southern Sweden. The results are most likely valid for spruce grown in northern
Europe.



The concept of the research is to establish a statistical model of the lengthwise variation of
bending strength in a board. The model is schematically presented in Figure I (Riberholt et al
1979). The distance between weak sections and strength of weak sections are the main stochastic
variables and their parameters are determined through experimental work.

The method to determine strength in several weak sections within a board has been
presented in Isaksson (1996). In Figure 2 the test set-up is shown. The validity of the results from
testing according to this method is checked with tests according to the EN 408 standard. The
conclusion was that the new method did not significantly affect the results,

The distribution for distances between weak sections can be derived from knot
measurements on boards in the sample tested according to the new method.

Timber beam with defects

Hypothetlca! variation of bendlng strength

o Idealized variation of bending strength

Clear wood strength
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Figure 1. Modelling of lengthwise variation of bending strength in timber (Riberholt et al 1979).
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Figure 2. Arrangement for testing several weak sections within a board (Isaksson 1996).

Apart from the strength of weak sections and distance between weak sections, the strength
between weak sections, i.e. more or less defect- free timber, is of interest. In Isaksson and
Freysoldt (1997) the strength of weaker and stronger parts of a board was tested under a point
load. The idea was both to compare strength in weak and strong parts of a board and to
investigate the performance under a narrow moment peak caused by a point load. This is similar
to the condition found at an inner support of a continuous beam. The results indicate a relatively
small difference in strength between sections with defects and more or less defect-free sections.
In boards of higher strength, sections selected as weak were sometimes stronger than defect-free
ones. The importance of knowing the strength between weak sections is mainly connected to
beams with varying moment distribution and narrow moment peaks, i.e. beams with fixed
supports, continuous beams or subjected to point loads.

P Steel plate, 120 mm, with smoothed edges
- Tire rubber
_—_j T /'_'——'“ h
o) N4 ~
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Figure 3. Test arrangement for determining bending strength of a board subjected to a point
load.




3 Statistical model of lengthwise variation of bending strength

This section will describe how the different parameters in the model are derived. The model
is built up by stochastic variables representing strength of weak section, strength between weak
sections, distances between and width of weak sections.

3.1 Distance between weak sections

Based on data about position and size of all knots on all four faces of a board, different
knot measures were calculated, see Isaksson 1996, As can be seen in Table I the coefficient of
correlation between these knot measures and the bending strength is about the same, 0.40.

| | wor | wr2 W21
Knot Measure | TKAR | MKAR| CRATIO} NRATIO NRATIOP | NRATIOP | NRATIOP |
Correlationr | 040 | 040 | 0.39 0.39 0.40 043 | 038

Table 1. Coefficient of correlation between bending strength and various knot measures.

Before any data can be extracted from the knot measures, the definition of a weak section
has to be stated. First let us recall how the weak sections to be tested in the test set-up according
to Figure 2 were selected, see also Isaksson 1996. There were three grading parameters available
for the boards, the Cook-Bolinder reading, the Finnograder reading and the visual TKAR
measure. The procedure was:

1. First, minimum values from the three measurements must be represented, with the priority
order TKAR, Finnograder and Cook-Bolinder. Now there are one, two or three sections
selected, depending on whether they coincide or not.

2. Select as many more sections as possible, with regard to the restrictions of the test
arrangement from the TKAR results, with priority given in order from the highest TKAR-value
of the remaining sections. This procedure makes it possible to test 4-7 weak sections in each
board. The boards had a length of 5.1 or 5.4 m.

The sections were thus selected mainly according to the TKAR reading. Therefore it is
reasonable to base the stochastic variable distance between weak sections on the TKAR measure.
Table 1 does not contradict this, There was no limit as to how low the TKAR value of a section to
be tested could be since as many sections as possible were tested and for stronger boards with
fewer defects the TKAR readings were quite low. A low TKAR reading indicates a strong section.
For weaker boards on the other hand, the knot measures could be high.

If a TKAR value is used to set a limit, above which sections are to be regarded as weak,
then this limit should vary from board to board. It was decided to set the limit as a percentage of
the maximum TKAR reading within each board. Two levels are used, 40 % and 50 % of the
board-maximum TKAR. These gave a reasonable number of weak sections, having in mind that
the mean distance between branches for Norway spruce is around 500 mm.

In Figure 4, three examples of the TKAR profiles and the two different limits are shown.
Ranking the boards according to the strength of the weakest section according to the Cook-
Bolinder and plotting the distances between weak sections for each board gives Figure 5. As can
be seen the weak sections do not seem to be located further apart in stronger boards. Thus the
distance berween weak sections is assumed to be independent of the strength of the board.
However, the distances would be dependent on strength if only one TKARIimit was used for all
boards.
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As was concluded in Riberholt et al 1979, the number of weak sections in a board can be
found to be exponentially distributed Exp(1, 1/A), which means that the distances will be gamma
distributed I'(v, &) with shape parameter 1 and scale parameter A. In Table 2 and Table 3 below
the results from fitting the normal, lognormal and gamma distributions to the two sets of
distances are shown. None of the tests accept the hypothesis that the observations are from any of
the suggested distributions. However, for large samples like these the tests often tend to reject the
hypothesis. The gamma distribution is chosen to represent distances between weak sections. The
mean distance between weak sections is 440 mm when TKARUlmit is set to 40 per cent and 494
mm for 50 per cent.

Goodness of fit tests
Distribution Parameters ~ Kolmogorov- | Chi- Anderson-
Smirnov square : Darling
Normal N{439.7, 269.6) ' 0.1054 * 0 ! 31.275~
Lognormal log N(5.9098, 0.6245) | 0.0801 * 0* : 10.316 *
Gamma 1'(2.9848, 147.31) 0.0440 * 0.000255 * 3.434*

Table 2. Distribution fitting of distances between weak sections, TKAR limit 40%. 1189
observations. The hypothesis that the observations could be from either of the three is rejected in
all tests. * denotes rejection of hypothesis.

Goodness of fit tests
Distribution | Parameters  Kolmogorov- | Chi- : Anderson-
' Smirnov ‘ square 5 Darling
Normal N(493.9, 337.0) 0.1295 * 0* 5 38.859 *
Lognormal | log N(5.8839, 0.6812) | 0.0855 ' 0 : 10.550
Gamma " I"(2.5445, 194.12) 0.0497 * 0 ' 4,458 "

Table 3. Distribution fitting of distances between weak sections, TKAR limit 50%. 1035
observations. The hypothesis that the observations could be from either of the three is rejected in
all tests. * denotes rejection of hypothesis.

3.2 Widih of weak sections

Based on the TKAR measure it is possible to estimate the width of the weak sections by
recording the width of the TKAR reading at the limiting level, i.e. 40 or 50 per cent of the
maximum board TKAR. The principle for determining the width is shown in Figure 6. The width
of sections will be strongly influenced by the definition of TKAR, namely to add up knot areas
within a length of 150 mm, Isaksson 1996. Table 4 and Table 5 summarise the results from fitting
the normal, lognormal, beta and gamma distributions to the data. As can be seen none of the
distributions fit to the data. This is due both to the large samples and to the nature of the data, i.e.
adding knot areas within a fixed length. The widths are very concentrated around the 150-mm
value. For the purpose of giving weak sections a stochastic width the beta distribution is selected.
A constant width of 150 mm will also be used in the model.
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Figure 6. Example of determining width of weak sections. A part of board 138, previously shown
in Figure 4. Index 40 and 50 refers to the TKARIlimit.

Goodness of fit tests
Distribution Parameters Kolmogorov- 3 Chi- : Anderson-
Smirnov sguare Darling
~ Normal N(134.5, 51.8) 0.2336 ~ ' 0- 83.219°*
Lognormal log N(4.7829, 0.5830) 0.2861 * 0" 138.218*
Beta B(3.5272, 6,9582) 0.2401 * - 144,810 *
Gamma I'(4.37086, 30.7663) 0.2686 * 0- 116.054 *

Table 4. Distribution fitting of width of weak sections, TKARIimit 40%. 1189 observations. The
hypothesis that the observations could be from either of the four is rejected in all tests. * denotes
rejection of hypothesis.

Goodness of fit tests
Distribution Parameters Kolmogorov- ' Chi- Anderson-
Smirnov square Darling
Normal N(121.9, 49.9) 0.2274 * 0* 77.602 *
Lognormal log N{4.6504, 0.6699) 0.2811" o 125,487
Beta (3.100, 6,5985) 0.2463 * o 160.810 *
Gamma 1"(3.4254, 35.5767) 0.2725* o 108.868 *

Table 5. Distribution fitting of distances between weak sections, TKARIlimit 50%. 1035
observations. The hypothesis that the observations could be from either of the four is rejected in
all tests. * denotes rejection of hypothesis.

3.3 Bending strength of weak sections

The first question is whether or not there is a stronger dependence between closely located
sections than between sections located further apart, but still within the same board. A measure of
the dependency is the serial lag-k correlation, i.e. the correlation between an observation from



one section and an observation from &k previous sections.

between strengths of section 1 and 3 and section 2 and 4 and so on.

Based on the test results it is possibie Lo determine up to lag-5 correlation. The results are
shown in Figure 7. As can be seen the serial lag-k correlation is more or less (.54 for all k-values.
This simplifies things quite significantly. It means that the strength of a weak section is not more
related to its neighbour section than (o a section further away. The strength of a weak section can
be modelled as a scatter around the board mean of weak sections. Killsner et al 1997 came to the
same conclusion with a serial correlation of .55,
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Figure 7. The serial lag-k correlation between bending strength of weak sections.

All in all there are 673 observed strengths distributed on 132 boards which gives an average
of 5.1 tested sections per board. Half of the population of boards were 5.1 m long and the other
half 5.4 m. The strengths were fitted to the usual suspects among statistical distributions and the
results are shown in Table 6.



Goodness of fit tests
Distribution Parameters Kolmogorov- Chi- | Anderson-
Smirnov square Darling
Normal N {57.334,13.423) 0.0351 0.406 0.787
Lognormal log N (4.01977, 0.247136) 0.0715 * - 0.0001* 4.067 *
Weibull 2 Weibull (62.588, 4.618) 0.0552 * 0.0021 * 2522 *
Weibull 3 Weibull (41.218, 2.9370, 20.386) 0.06166 ~ 0 3538.2 ¢

Table 6. Distribution fitting of strength weak section, 673 observations. Only the normal
distribution is accepted by the tests.

It seems that the normal distribution fits best to the data. However, using the normal
distribution in the model will lead to occasional negative strengths. Thus, the log normal
distribution seems to be more suitable,

From the serial lag-k correlation it was concluded that strengths of weak sections are equally
correlated, i.e. independent of distance between them. Thus the standard deviation of bending
strength in a weak section can be split up in a deviation ¢; around the overall mean of all weak
sections in all boards 4, and o around the mean of weak sections within a board (u+7), eq. (1)

ij:1}0‘,.2+0'f— (1)

The correlation coefficient becomes

- (2)

The model can be written as in eq. (3) and visualised as in Figure 8.

fi=u+r, +s; (3)

where

#  is the mean of all weak sections in all boards

7 is the difference between the mean of weak sections within a board and .
Zero mean and standard deviation o

& 1s the scatter around (u+ 7). Zero mean and standard deviation o

i is the between board index

j is the within board index
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Figure 8. Statistical model of strength in weak sections.

In Table 7 the input to the model given in eq. (3) is presented for both normal and lognormal
distributions. As mentioned before the lognormal distribution is the one to prefer since it only
produces positive strengths.

o Nurnber of overall mean u 70, o) & {0, o)
Distribution ohservations standard dev. oy dev. around y dev. around ge+;
57.334 0 0
Normal 673 13.423 10.114 8.863
4,03038 0 0
Lognormal 673 0.04773 018747 0.16194

Table 7. Summary of the parameters in the model. Note that there is some minor discrepancy
between parameters in this table and in Table 6 regarding the lognormal distribution.

3.4 Bending strength between weak sections

A model based on the principles shown in Figure I needs information about the strength
between the weak sections. Test results presented in Isaksson and Freysoldi 1997 indicates a
moderate difference between strength of weak sections and more or less defect-free parts of a
board. There could be two ways of introducing this strength in the model:

1. Use regression analysis and predict the strength of stronger parts based on the strength of the
weakest section from the model, eq. (3).
2. Simply use the strongest of the weakest sections given by eq. (3} and thus leave out the
results from Isaksson and Freysoldt 1997,

10



3.5 Alternative model of lengthwise variation of bending strength

The problem of finding the strength between weak sections can be overcome by changing
the model used so far. The principle of the model is shown in Figure 9. In this model there is no
between-weak section strength. There are four reasons for using this model:
¢ The test results from Isaksson and Freysoldt 1997 showed quite moderate differences
between strength of weak and strong sections.

e The testing of several weak sections also included quite strong sections, and thus they are
already included in the model.

e The test set-up used for testing several weak sections gave the strength over a test length of
350 mm.

s The nature of the raw material. Norway spruce grown in northern Europe normally has quite
closely spaced knot clusters. Even between the clusters there are defects. This more or less
evens out the differences in strength.

The width of a section is given by the distribution for distances between weak sections, i.e.
a gamma distribution according to section 3.1, Table 2 and Table 3. The strength of a section is
given by the lognormal distribution according to Table 7 and eq. {(3).

¢ .

4

Figure 9. Modelling of lengthwise variation of bending strength using only weak section
strengths.

X

3.6 Simulation study

Based on the previous sections it is possible to study the importance and sensitivity of the
various parameters included in the model. However, in this paper only a few will be presented
and used in the coming sections where the effects of length and load configuration on the load
carrying capacity of a timber beam are studied. The seven load configurations are shown in
Figure 10. Table 8 gives the different inputs to the model. The LN50 and LN50step models will
be the most used and the others are just compared with them in one figure.

Throughout the paper each sample consists of 10000 simulated boards. The shorter boards
are cut out from a basic length of 5.5 m. This reduces the variability between samples when
comparing strength of a board with different lengths.

11



Load cenfigurations

P P
,,,,,, ¢ i

Figure 10. Seven different load configurations.

Model Distribution | Distance between | Width of weak .
name | of strength | weak sections sections Strength between weak sections
LN 40 LogN TKARIimit 40 | 150 mm _ Strongest weak section
- LN50 | LogN - TKARIlimit 50 | 150 mm Strongest weak section
T LN5Ow | LogN | TKARImit50 | TKARImit50 | Strongest weak section
LN 502 LogN TKARIimit 50 150 mm  Twice the strongest weak section
LN 40step | LogN TKARIimit40 | weak sections are placed after each other
| N 50step LogN . TKARimit50 | width equals distance between sections

Table 8. Different inputs to the statistical model.




4 Length and Moment Configuration Factors

4.1 Theories of length and load configuration effect

When the effect of length and load configuration on the load carrying capacity of a beam is
studied, the Weibull theory is often adopted. The theory behind it has been presented extensively
in the literature, see for example Madsen 1992. The length effect is written as eq. (4)

fo (Lo} 4)
th‘ LD

where f refers to strength and L to length. Index R refers to the reference length and D to the
length of interest. The effect of different load configurations can be found in Johnson 1953 and
Madsen 1992, Based on Weibull theory Johnson determined the probability of failure of a beam
under different loading conditions and this gave corrections factors for load configuration
Another way of determining correction factors is to use the definition of the reliability
index. This method has also been used by Canisius 1994, The effect of length and load is
analysed by preserving the probability of failure. In Eurocode 1, Basis of design and actions on
structures, an indicative target reliability index in the ultimate limit state is given as 3.8, which
corresponds to a probability of failure of less than 10 per year. Assuming log normally
distributed resistance, R, and actions, S, leads to a simple expression of the probability of failure,

eq. (3)
Pf:P(R‘(S):P(IHF?“I”S<0)=@(—M):1__@(M) (5)

[ 2 2 2 2

where nR & N{ug, og) and [nS e N{us, o3).

Since the model of the variation of bending strength is based on the lognormal distribution, the
results from simulation should be lognormally distributed. As for the actions, the lognormal
distribution is chosen for the sake of simplicity.

Using the method of preserving the probability of failure for different lengths, as described
above, means that either the resistance or action is multiplied with a correction factor to scale
either of them up or down relative to the reference beam. If the factor ks is applied to the action
the probability of failure becomes
Pf _ CD(_ Hr '"ks/“s ) (6)

2 2
Og+0Cg

If the factor kg is applied to the resistance variable the equation becomes

P _ p(-Kattn —Hs 7)
ot +of

i3



The resistance parameters g and o for each load configuration, see Figure 10, and length are
estimated on a simulated sample of 10000 boards. A reference beam with a given load
configuration and length is chosen. This beam should have the correction factor equal to 1. To be
able to solve eq. (6) or (7) the coefficient of variation, COVs, of the action has to be selected.

Then oy can be written as eq. (8)
o5 = COVspig (8)
and eq. (6) and (7) becomes

Pf " dj(_ /UF!' - kSIUS ) (9)
Jo £+ (COVekgus

__ Kgtp — Ms
Joi +(COV,ug JF (10)

R =o(

us is determined for the reference beam with kg=kp=1. For a given probability of failure the
remaining load configurations and lengths, eq. (9) and (10) are solved for kg and kg respectively.
Throughout this paper the COVy s set to 23 per cent.

4.2 Length effect in Eurocode 5

Over the years a great number of experimental studies on length effect of structural timber
has been carried out. There have been almost as many suggestions about the magnitude of the
length effect as there has been investigations. This is due to several difficulties, for example in
finding matched samples of different lengths or heights, different sawing patterns, grading
methods and species.

If we focus on length effect and leave out the height and width effect, the length effect
factor ranges from about 0.15 to 0.25, Barrett and Fewell 1990, Madsen 1992. This factor refers
to k in eq. (4). Two investigations on the variation of bending strength within elements, Isaksson
1996 and Killsner et al 1997 gave a length effect factor of 0.10. These two investigations ditfer
from the others by using results from testing the variability of the bending strength within
members. Studying boards of different lengths cut from the same original board eliminates the
variation between samples.

The length effect factor, or depth effect factors has found its way to the codes as well. The
design of timber members in bending according to the Eurocode 5 includes a correction factor for
depths # less than 150 mm given as:

Kk, = min

{(150/h)°'2 (11)

The factor is based on the exponent k in eq. (4) to be 0.20,
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4.3 Length effect using the statistical mode}

Based on 10000 simulated boards, the length effect is studied. The model described in the
previous chapter is used with six different inputs, see Table 8. The results are analysed using the
two methods presented in section 4.1, namely comparison of percentiles (mean value) and
preserving the reliability index. The first method is also compared to Weibull theory. The inputs
namned LNSO and LN50step are presented in detall and the others are only included in a
comparison of sensitivity in the results to the inputs. Load configuration number two, see Figure
10, (third point loading) and a board length of 3 m is selected as reference beam. Table 9 shows
the comparison of means of the LN50 input to the model. For the reference load an increase in
fength from 2 m to 4 m results in a decrease in strength of 8 per cent. The other load
configurations give about the same or less effect in length. As can be seen in Table [0, k
according to eq. (4) is close to 0.10 for the tested material. For the first four load cases k is around
0.10 and then decreases to a minimum of 0.055 for load case seven. The length effect is thus
lower for beams with fixed supports and a more varying moment distribution. In Table /1 and
Table 12 the results from using LN50step as input are shown. In this case the length effect is even
smaller, especially for the last three load cases. For the reference load an increase in length from
2 mto 4 m results in a decrease in strength of 6 per cent. The effect of load configuration will be
discussed in the next section.

In
Figure 1] the length effect when comparing means of the two inputs LN50 and LN5Ostep is
shown together with the length effect when using Weibull for two different k. Again, the
reference load is used. For this load and k=0.1 the Weibull theory seems to it well. However,
according to Table 10 and Table 12 k changes with oad configuration.

Length (mm) Load configuration according to Figure 10
1 2 3 4 5 6 7
1500 - 0.975 1.089 1.121 1.238 1.158 1.231 1.242
2000 - 0.945 1.051 1.085 1.206 1.136 1.213 1.228
2500 - 0.924 1.022 1.057 1.179 1.116 1.203 1.219
3000 . 0.908 1.000 - 1.036 1.158 1.099 1.187 1.204
3500 - 0.896 0.983 1.019 1.138 1.085 1.176 1.195
4000 - 0.886 0.970 1.005 1.122 1.072 1.162 1.182
4500 - 0.877 0.958 0.994 1.109 1.063 1.153 1.174
5000 0.869 0.948 0.984 1.098 1.056 1.145 1.167
5500 - 0.882 0.939 0.975 1.087 1.046 1.136 1.158

Table 9. Length and load configuration effect using the LN50 model. Comparison is made on the
mean value.

Length (mm) Load configuration according to Figure 10
1 2 3 4 5 6 7
2000 - 0.945 1.051 1.085 1.208 1.136 1.213 1.228
4000 - 0.886 - 0.970 1.005 1122 1072 162 1.182
coek COn 0,093 00116 0 01100 0104 7 0.084:- 70,062 ©::20.0585 "}

Table 10. The exponent k according to eq. (4) for two lengths and the seven load configurations.
Based on the LN50 model.
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' Length (mm) Load configuration according to Figure 10
1 2 3 4 5 8 7
1500 6.976 1.062 1.100 1.224 1.039 1.051 1.052
2000 0.955 1.033 1.069 1.196 1.033 1.050 1.052
2500 0.938 1.014 1.048 1170 1.024 1.045 1.048
3000 0.925 1.000 1.032 1.150 1.019 1.043 1.047
3500 0.914 0.987 1.019 1.131 1.015 1.042 1.046
4000 0.906 0.976 1.0067 1116 1.010 1.039 1.043
4500 0.898 0.967 0.998 1.103 1.008 1.038 1.042
5000 0.880 0.960 0.9580 1.081 1.000 1.033 1.039
5500 0.884 0.953 0.583 1.082 0.998 1.033 1.038

Table 11. Length and load configuration effect using the LN50step model. Comparison is made
on the mean value.

Length (mm) Load configuration according to Figure 70
1 _ _ 3 4 5 6 7
2000 0.855 1.033 1.069 1.196 1.033 1.050 1.052
4000 0.8086 $.876 1.007 1.116 1.010 1.039 1.043
K 0.076 0.082 0.088 0.100 0.032 0.015 0.012

Table 12. . The exponent k according to eq. (4} for two lengths and the seven load configurations.
Based on the LN50step model.
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Figure 11. Length effect for the reference load. Two different inputs and two different k in eq.(4).

Figure 12 shows a comparison between the six different inputs to the model for the
reference length and load. The results do not seem to be sensitive to the input to the model, at
least not for simply supported beams.

If the length effect is determined by preserving the reliability index, the results for load case
three (third point bending) are given in Table 13. The reference length is set to 3 m. The length
effect has more or less disappeared compared to the resuits mentioned above. A 5.5-m long board
has about 3 per cent less load carrying capacity than a [.5-m long board, independent of
reliability index. ks and kg refers to a correction factor on the action and resistance parameters



respectively. The COV of the load is set to 25 per cent. The factors are determined as described in
section 4.1.
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Figure 12. Comparison between the different models according to Table 8 for the reference load
configuration (third point loading) and reference length of 3 m. The different inputs are
compared to LN50.

Length | kg ks

(mm) | p=10°  10* 10° 10° 1 p=10° 107 10° 10°
1500 | 0.985 0987 0988 0990 | 1.016  1.015 1014 1012
2000 0991 0992 0993 0994 | 1009 1008  1.007 1007
2500 | 0.96  0.997 0997 0998 | 1.004 1003 1003 1002
3000 1 1 1 1 1 1 1 1
3500 | 1003  1.008 1003 1002 | 0996 0897 0997 0897
4000 | 1.006  1.006 1005  1.006 | 0993 0994 0094 0995
4500 | 1.008  1.008 1007  1.006 | 0991 0992 0992 0993
5000 | 1.010  1.009 1009  1.008 | 0989 0990 0990  0.991
5500} 1.012 _ 1.011 1,01 1009 | 0987 0988 0989 0990

Table 13. Length effect using reliability index. Load configuration two (third point loading).
LN50 model.

4.4 Moment configuration factors using the statistical model

Using the same simulated boards as in the previous section the load configuration effect can
be evaluated, both using a correction factor on a percentile (mean) and using the reliability index.
Using the I.N50 model the increase in load carrying capacity between the reference load
configuration and beam with fixed supports and a uniformly distributed load is 20 per cent on the
mean level, see Table 9. The other model, LN50step, gives very low load configuration effects
for the beams with fixed supports, around 5 per cent, see Table 11. This is due to the absence of
strong defect free sections. According to Table 10 and Table 12 it seems that k is dependent on
type of load configuration. Also interesting to note is that when using Weibull theory the load
configuration effect for load case four (simply supported with point load) and five (fixed supports
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with point load) is equal, but the simulations show a significantly lower load configuration effect
for load case five than case four, see Table 9 and Table 11,

If the same loads are compared using the method of preserving the reliability index the
effect is again, as with length effect, more or less gone. As shown in Table 14 the maximum
increase in load carrying capacity for the LN50 model is 6 per cent when comparing the extreme
load cases one and seven, see Figure 10. The length of the board is 3 m. The correction factor on
the action side, ks, is shown in Figure 13, for different lengths and a given probability of failure.
Table 15 and Figure 14 show the same but for the LN50step model. In this case the effect is as
low as 3 per cent when comparing the same load cases as above.

~ Load KR ks
configuration| p =103 107 10°% 10 Pi=10° 10 107 10°®
1 i 1 1 1 1 1 1 1 1
2 0.9808 £.9821 0.9835 0.9847 1.0211 1.0201 1.0180 1.0179
3 . 0.9726 ¢.9740 0.9755 0.9768 1.0304 1.0294 1.0284 1.0274
4 - 0.9502 (.9528 0.9553 0.9576 1.0568 1.0551 1.0534 1.0517
5 0.9628 0.9655 0.9680 0.9704 1.0419 1.0399 1.0378 1.0357
6 - 0.9493 0.9531 0.9587 0.9602 1.0584 1.0553 1.0523 1.0492
7 ] 0.9469 0.9509 0.9548 0.9585 1.0614 1.0582 1.0549 1.0516
Table 14. Load configuration effect, reference length 3 m. LN50.
1,067
1,06 . - oo ——11
1,05 ommr T 12
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1,01 | ——17 |
1 * % + + ¢
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Figure 13. Load configuration factor ks. LN50, Py =/ 0¥ Load case one is used as reference.

Load kg ks 5
configurationt pi=10% 10 10° 10° | p=10°  10° 10° 10°

1 1 1 1 1 1 1 1 1

2 0.9835 09844 09853 0.9862 | 1.0180 10174 10167  1.0161

3 ' 0.9760  0.9770  0.9780  0.9789 | 1.0264  1.0258  1.0253  1.0247

4 0.9533 009552 09570  0.9588 | 1.0529  1.0518  1.0508  1.0497

5 0.9782  0.9791 09798  0.9806 | 1.0238  1.0234  1.0230  1.0226

6 . 0.9737 09748 09759 09769 | 1.0290  1.0284  1.0278  1.0271 |

7 ' 0.9731  0.9743 09754 09765 | 1.0297  1.0290  1.0283  1.0276 |

Table 15. Load configuration effect, reference length 3 m. LN50step.
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4.5 Some remarks on the small length and load configuration effects

The results from the performed simulation studies in general show a significantly lower
effect of length and load configuration than reported in for example Madsen 1992. Killsner et al
1997 also found the effect to be low. They had theories about a two-way effect, one purely
statistical effect and one related to the actual testing. The latter can perhaps be explained by
introducing fracture mechanics. However, the test results used in the presented model were
compared with results from a matched sample tested according to the EN408 (third point
loading), Isaksson 1996. It was found that the results did not differ significantly, i.e. the use of
the test set-up according to Figure 2 did not have any effect on the strength. This should be
verified experimentally by testing boards of similar material with different lengths and load
configurations.

5 Conclusions

Through experimental work it has been possible to determine the variation of bending
strength both within and between members of structural timber. Based on the test results, a model
of this variation has been developed. The basic input to the model is the two stochastic variables
strength of weak sections and distance between weak sections.

Using this model, the effect of length and load configuration on the load carrying capacity
of a beam has been investigated in a simulation study. The outcome of these simulations is
analysed using two different methods of defining these effects. The first one is a comparison of
percentiles (means) and the second one is referred to as the reliability index method. Most
investigations on the length and load configuration effect have adopted the percentile method,
which can be transformed to a Weibull effect.
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Tensile Strength Perpendicular to Grain
According to EN 1193

H.J. BlaB}, M. Schmid
Lehrstuhl fiir Ingenieurholzbau und Baukonstruktionen
Universitdt Karlsruhe

1 Introduction

The tensile strength according to EN 384 is derived on the basis of a relationship between
tensile strength perpendicular to grain and density:

fioox = 0,001 p (H

Equation (1) leads to higher characteristic tensile strength values for higher strength classes
according to EN 338. In the German timber design code DIN 1052 the iensile strength
perpendicular to grain is independent of the strength class. The same applies to the
German National Application Document for ECS: a constant value of figoy = 0,2 N/mm?
for all classes is assumed (for the lowest class S7 f g9k = 0,0 N/mm?). The National Design
Specification (1991) of the USA specifies in 3.8.2 ,, ... designs that induce tension stresses
perpendicular to grain shall be avoided whenever possible. When tension stress
perpendicular to grain cannot be avmded mechanical remforcemcnt sufficient to resist all
such stresses shall be considered ..

Ehlbeck and Kiirth (1994) developed a test method later introduced in EN 1193. The
corresponding test arrangement is shown in figure I and figure 2.

I

a8
o intermediate wood
He—— ¥ L {est specimen
3 =
N _ é intermediate wood
&
o
L
s
lF
Figure 1: Test specimen for tensile strength perpendicular to grain
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SR

Figure 2: Test arrangement

The tested volume has a cross-section of 45 mm x 70 mm and a depth of
180 mm. Intermediate timbers stressed parallel to grain are bonded to the specimens. Two
inductive measuring gauges are attached diagonally.

2 Material

187 tests according to EN 1193 were carried out at the University of Karlsruhe in 1997.
The timber was taken from planks that were partly used in other test series for determining
the edgewise bending strength and modulus of elasticity parallel to grain. The species was
spruce (picea abies). Only for the specimens loaded mainly in tangential direction, bending
strength and modulus of elasticity were known. Figure 3 shows the different orientations of
the annual rings having a distinct influence on the tensile strength perpendicular to grain.

loaded in radial loaded under loaded in
direction 45° tangential
directicn

D _____._/]
N

Jon B

|
2 :_';\/
™ Py

L~
oo ,\Qy

5, F
Figure 3: Orientation of annual rings within the specimens
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Apart from the bending strength and the modulus of elasticity parallel to grain, the density,
the annual ring width and the distance from the pith to the centre of the specimen were
determined. For determining the pith distance copies of the test specimens were scanned by
a CAD-system. Especially for the specimens loaded in radial direction these values were
difficult to determine, For the different load directions the mean values of all parameters

are given in the table 1.

Table 1: Parameter mean values
Orientation density | bending modulus of annual pith
according to | number strength | elasticity parallel | ring width | distance

figure 3 [kg/m®] | [N/mm?] | to grain [N/mm?] {mm] [mm]
radial 24 477 3,5 138

45° 18 497 3,6 127

tangential 139 427 40,2 11686 3,2 63

including pith 6 423 41,5 11083 3,3 23

all 187 440 40,2 11673 3,3 77

Figure 4 shows a histogram of the density distribution with subgroups of annual ring

orientation.
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Table 2 contains the correlation coefficients between the different parameters.




Table 2: Coefficients of correlation

density | annual ring | bending modulus of pith distance
width strength | elasticity parallel to
grain

density - -0,235 (0,398 0,492 0,424
annual ring width -0,235 - -),521 -0,516 -(0,025
bending strength 0,398 -(,521 - 0,853 0,309
modulus of elasticity | 0,492 -0,516 0,853 - 0,330
paralle] to grain

pith distance 0,439 -(0,036 0,304 0,329 -

The material was sampled in order to achieve a representative sample for planks used for
joists or trusses. It depends on the size of the tree and the way the timber is cut, if the
orientation of the annual rings according to figure 3 is representative, too. One could
expect that planks will be mostly cut as shown in figure 5. In the tests carried out in
Karlsruhe these planks would be mainly stressed in tangential direction. Nevertheless the
tests are evaluated separately for the different orientations.
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Figure 5: Cutting pattern

3 Results

53% of all specimens failed at the bonded joint between intermediate wood and test
specimen. In table 3 mean values of tensile strength are given, depending on the location of
rupture and the orientation of annual rings.



Table 3: Tensile strength

fracture at joint

fracture 1n wood

annual rings” orientation | figp.mean [IN/mMm?] number ft 90, mean [IN/Mm?] number
according to figure 3
radial 2,33 13 2,81 11
45° 1,92 15 2,64 3
tangential 1,94 71 1,65 68
including pith - - 1,02 6
all 1,99 99 1,79 88

It was assumed that the reason for the different failure behaviour and the different tensile
strengths were caused by the different annual ring orientation, leading to anisotropic
specimens, For every test specimen the difference between the two measured displace-
ments was therefore evaluated. This was done in 10%-steps of the maximum force. Each
point in figure 6 shows the mean value of these differences, again separated according (o
the orientation of annual rings.

06 ,‘.E,,”.‘,ﬂ‘;,ﬁ,,u i ,g,“”,‘“u;L..“E,U_“.,\, PO s DA O TPV AP U
£
W
=
:
L
3
ks
s
W
5]
g
3
°

% of maximum force
orientation B—8—-8 450 ©—6—06 rad. e tang,
Figure 6: Differences of displacements between gauges versus parts of maximum
force

Obviously the difference is greatest for specimens stressed in tangential direction,
intermediate for specimens loaded under 45° and minor for specimens loaded in radial
direction. The measured mean modulus of elasticity for the different orientations is given

in table 4.




Table 4: Mean modulus of elasticity perpendicular to grain
radial 45° tangential | including pith
Eog [N/mm?] 726 286 163 282

The large difference between radial and tangential modulus of elasticity leads to a non-
uniform stress distribution. This is especially the case for the specimens loaded in

tangential direction.

In order to assess the distribution of stress in the specimens a two-dimensional Finite
Element calculation was performed. The stress-strain relationship used is given below. The
first index marks the normal to the surface, the second the direction of stress or strain. 1
marks the radial, 2 the tangential and 3 the direction parallel to grain.

g man
€9y 4,
En| {45
Y2 o
E 0
T 0

g, [ 12500°  -750.10°

£,y -750-10*  5,0-10°

i | -50,0-10%  —~75.10°¢

Yol 0 0

i3 0 0

Yo L 0 0

a, 0 0 0] fo,
a, a, 0 0 0 G,
a,, a4, 0 0 0 Gy
0 a, 0 O O,
0 0 ay O O
0 0 0 ag| [(0x4)
-50,0-107 0 0
~75.107° 0 0 0
83,33-10° 0 0
0 25.107 0 0
0 0 1,43-107 0
0 0 0 143.107 |

The values are taken from Neuhaus (1981). For ay, = 1 / Ey; Neuhaus recommends 1/ 420
N/mm?. ay; was assuimed as [ / 200 N/mm? instead in order to reflect the measured values
given in table 4 for tangential direction, Consequently the non-uniformity of the stress
distribution is enlarged. In figure 9 the values calculated with a;; = 1/ Eyp =1 /420 N/mm?

are given in parentheses.




A For the calculations a cylindrical co-

E ordinate system and plain strain condition
was assumed. Figures 8 to 10 show the
a4 calculated stress distribution for half the
A cross section of specimens loaded in
7 /! tangential direction with different pith
i i . . .
o 7 | pith distances. The applied load causes an
® 72/ R gver: amcila oy : 2
— distance average tensile stress of .1 ,8 N/mm?, t}.le
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Figure 7; Area shown in figures 8 to 10
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Figure 8: Perpendicular to grain stresses for a pith distance (radius) of 28 mm, the
minimum radius of the tangential specimens
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Figure 9: Perpendicular to grain stresses for a pith distance (radius) of 63 mm, the
mean radius for tangential specimens
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Figure 10:  Perpendicular to grain stresses calculated for a pith distance (radius) of
136 mm, maximum radius of the tangential specimens

Figure 11 shows for comparison the calculated stresses for a radial specimen.
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Figure 11:  Perpendicular to grain stresses calculated for a pith distance (radius) of
138 mm, mean radius of the radial stressed specimens

9 out of 13 radial and 13 out of 15 45° specimens with a failure at the bond line broke at
the side closer to the pith. For the 45° specimens both effects, stress peaks at the joint and
non-uniform stress distribution in the wood seem to take effect. Only three specimens
failed within the wood.

Table S contains the tensile strength values evaluated according to EN 1193, assuming a
uniform stress distribution. The real non-uniform stress distribution will of course induce
rupture at a lower force Fygp max compared with a uniform stress distribution.



Table 5

Tensile strengths perpendicular to grain, separated by orientation

annual ring number | figomean | frovuminimam | fLo0maximum | 5% - standard-
orientation [N/mm2] | [N/mm?] | [N/mm?] | fractile | deviation
[IN/mm?]| [N/mm?]
radial 24 2,55 1,84 3,19 1,84 0,485
45° 18 2,04 1,01 3,18 1,01 0,649
tangential rupture at 71 1,94 0,57 2,77 1,41 0,382
bonded joint
(density [kg/m®]) (437) (355) (579) (369) (49,0)
tangential 68 1,65 0,70 2,77 0,92 0,418
rupture in wood
{(density [kg/m?]) (416) (341} (565) (361) (39,4)
tangential 139 1,80 0,57 2,77 0,95 0,423
all
(density [kg/m3]) (427) (341) (579) (364) (45,7)
including pith 6 1,02 0,45 2,03 0,45 0,619
all 187 1,89 0,45 3,19 0,95 0,548

Figures 12 to 14 show the cumulative frequency distributions of the tensile strength
perpendicular to grain of all specimens.
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Figure 13:  Lower 15% of cumulative frequency distribution of tensile strength
perpendicular to grain
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Figure 14:  Upper 15% of cumulative frequency distribution of tensile strength
perpendicular to grain

One important aim of the study was to check the correlation of tensile strength

perpendicular to grain with other wood properties, especially the density. Table 6 contains
the corresponding coefficients of correlation. Because of the different properties of the
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groups (sec table 1) and the different mechanical behaviour caused by the orientation, the
values of the separated groups are more realistic than the overall values.

Table 6: Cocfficients of correlation of tensile strength perpendicular to grain with the

recorded parameters

Orientation number | density modulus of bending pith annual
elasticity strength | distance | ring
paralle] to grain width
radial 24 0,053 - - 0,247 | 0,218
45° 18 -0,232 - - 0,209 | 0,177
tangential rupture at 71 0,577 0,322 0,300 0,046 | -0,373
bond line
tangential 68 0,005 0,049 0,168 0,061 0,003
rupture in wood
all tangential stressed 139 0,402 0,258 0,294 0,192 | -0,250
pith 6 0,694 (0,783 0,796 0,789 | -0,497
all 187 0,358 0,265 0,272 0,486 | -0,088

Figure 15 shows the correlation with the density for the tangential specimens, separated by

the location of rupture.
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Figure 15:  Tensile strength veisus density for the tangential specimens
Dashed line: rupture in wood: fiop= 1,23+ 0,001 -p

Solid line: rupture at joint: fio0 =-0,03 + 0,0045 - p

Figure 16 shows the correlation with the density for all specimens.
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Figure 16:  Tensile strength versus density for all specimens: fi o9 = 0,298 + 0,0036 - p

The difference in coefficients of correlation between tensile strength and density for the
tangential specimens with rupture at the bond line and rupture in wood, respectively, seems
significant. The difference might be explained by Weibull's theory of rupture. Weibull
(1939) assumes a random strength distribution within a volume. If stresses are varying,
rupture not necessarily occurs at the point of maximum stresses, but starts where the ratio
of stress to strength reaches a maximum.

Following Weibull’s theory, rupture in wood might be caused by randomly distributed,
microscopic, mechanical defects. A correlation of such defects with the density seems
unlikely. A rupture at the bond line, however, takes place at a predetermined location,
induced by stress peaks. In this case a correlation of tensile strength perpendicular to grain
with density is shown by a coefficient of correlation of 0,577,

This assumption is confirmed by tests for determining the fracture energy of wood
perpendicular to the grain, reported by Larsen and Gustafsson (1990). The crack in these
tests is also induced at a predefined point. The following regression is given for the fracture
energy Gy of European softwood : Gy, = - 146 + 1,04 - density/(kg/m?) [Nm/m?2].

Figure 17 shows a Weibull distribution fitted to the tensile strength values of all specimens
with rupture in the wood, ignoring the orientation of growth rings. If this distribution is
tested with a chi-square test, an acceptance on the confidence level of 99,3% results,
whereas the test for the specimens with rupture at the bond line is accepted on a confidence
level of 92,2%.
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Figure 17:  Weiball distribution fitted to the specimens with rupture in the wood:
S =1 - exp-{(fi90-0,232)/1,746 )%

4  Summary

The tensile strength perpendicular to grain of 187 wood specimens was determined using
the test arrangement of EN 1193 (see figures 1 and 2). 53 % of these specimens failed right
at the bond line at the intermediate wood. By Finite Element calculations it was shown that
stress intensities are evoked at the bond line and the stress distribution in the specimen is
non-uniform.

An important aim of the project was to determine the correlation of tensile strength
perpendicular to the grain with other properties, especially with the density. By separating
the largest group of the tangential specimens by the location of rupture, the result was a
comparatively high coefficient of correlation for specimens which failed at the joint and a
very small coefficient of correlation for those with failure in the wood. One possible
hypothesis for this result is based on Weibull’s probabilistic fracture theory.

It has to be emphasised that the tests were done with nearly clear wood specimens without
visible cracks or splits, which often occur in structural size timber. Especially because of
cracks, the tensile strength perpendicular to grain in structural timber will be lower than the
values given in table 5.
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Strength of small diameter round timber

Alpo Ranta-Maunus and Urho Saarelainen, VTT Building Technology
Hannu Boren, Finnish Forest Research Institute, Finland

i Introduction

In many European countries there is a surplus of small diameter (8-15 c¢m) round timber,
which is harvested from forest thinnings. A joint European (FAIR) project was started
1996 in order to develop the use of small diameter round timber in construction. The
overall objective of the research is to develop structural systems in which small diameter
round timber can be used and thereby create a new market for small diameter roundwood.
VTT is coordinating the project and the other participants are Agricultural Research Centre
of Finland (MTT), Technological University Delft, University of Surrey from the UK,
Lekopa Oy from Finland, Universitit fiir Bodenkultur (BOKU) from Austria, and Centre
Technique du Bois et de I’ Ameublement (CTBA) from France.

The work includes the strength testing of the material, strength grading, and the
development of structures. The aim is to facilitate international standardization in this area.
As part of the initial market study, architects were asked to identify feasible types of
structures in which round wood has a potential use, and several areas were established. A
common factor in the different countries was; rural buildings and tourist industry buiidings
are likely to be appreciated when built of roundwood [5,6]. The results of the project,
which will continue until the end of 1998, are summarised by Ranta-Maunus [1].

It is known that bending strength of round timber is fairly high. Some results of an old,
unpublished Finnish research are shown in Fig. 1 indicating a clear dependence on knot
size. In Finnish standards, a characteristic bending strength of 30 MPa has been adopted for
pine and spruce round timber, if no other information is available. According to Fig. 1 this
seems appropriate, when maximum knot diameter is not larger than 40 mm, or KAR (ratio
of the sum of knot diameters to the circumference of the log) is less than 0.15.

Small diameter (80 to 150 mm) round wood could have lower strength than mature logs,
because it is, to large extent, juvenile wood. On the other hand, the concept of size effect
suggests that small diameter wood should have higher strength than large diameter timber.
These conflicting arguments provide the background for the strength testing carried out in
this project.
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Figure 1 Bending sirength of seasoned pine logs tested in 19505,

2 Materials and methods

The total numbers of logs used for testing by various partners is given in Table 1. Same
logs may have been used for different strength tests. This paper summarises the results of
tests carried out in Finnish wood although some references are made to results obtained by
other participants in the project.

Table I Number of stems harvested,

Species Fipland  Holand UK Austria France
Scots pine 275 100

Norway spruce 175 430

Sitka spruce 100

Japanese larch 200

Douglas 780

The Finnish logs were dried to two target moisture contents: 18 and 12%. The objective in
sampling was to use quality easily available in forest thinning when better logs are left to
grow.

The quality of the timber has been studied considering several variables such as density,
dimensions, curvature, growth ring width, knot sizes as well as stem curving and checking
when drying. The average properties are summarized in Table 2. For comparison, the
average basic density (ratio of oven-dry mass to green volume) of mature Norway spruce
and Scots pine logs are 373 and 427 kg/m® in South-Finland, respectively [8]. The average
basic density of tested small diameter round Norway spruce and Scots pine were 385 and
395 kg/m3 (South-Finland), respectively. The average knot sum of tested round Norway
spruce and Scots pine were 39 and 78 mm, respectively.



Bending testing was made using 4-point bending. Both the bending and compression
testing method followed EN384 as closely as practical for round timber with conical shape
and variable diameters.

Table 2 Average properties of the Finnish logs.

General average properties

Species Form Annual Annual ring  Density at 12%  Gross grain
increment width MC mm/im
e mm kg/m3
Scots pine
Round 41 34 47} 24
Partly sawn 39 32 482 26
Squared sawn 38 5.0 422 49
Norway spruce
Round 27 b7 459 12
Squared sawn 28 23 432 27
Diameter KAR per Max knot Tapering
mm circum, % diameter, mm mm/m
Scots pine
Round 125 20 20 4.0
Partly sawn 148 16 21 42
Sawn 101 26 27 0.0
Norway spruce
Round 109 1 11 38
Sawn 101 13 14 0.0

3  Strength results

3.1 Bending

The bending results are given in Table 3 at testing conditions without any moisture
adjustments. The 5t percentile values have been determined for each sample by using
ranking method. These values show that the strength of small diameter round timber is
fairly high, and a large proportion of the juvenile wood is not an obstacle for using this
material in load bearing strmactures. The bending strength, in particular, is higher than
would be obtained for sawn timber made from the same raw material [7]. This difference is
caused partly by the cutting process in sawing, and partly by the round form. The latter
causes a 10% difference in bending strength according to the Weibull theory (k = 5).



Table 3 Bending results for Finnish small diameter round timber at iest conditions.

Sample Sampie Mean MC  Mean Mean fiovmean f.05 E nmean
identification size [%] density at  KAR N/mm?]  [N/mm?) {kN/mm?)
120MC %] by
[ke/m’] ranking
pine [+26+176 75 19.7 469 21.6 45.0 315 10.3
pine 51+76 50 13.4 455 201 49.1 34.8 11.3
pine 226 49 13.4 484 16.4 59.6 41.8 11.3
spruce 1+51 50 13.8 462 114 70.2 54.0 12.9
spruce 26+76 50 14.1 468 10.7 64.0 49.1 12.4
spruce 101+126 50 19.1 466 10.2 59.4 46.2 12.2

3.2 Compression

The results of the compression tests are given in Table 4. The ratio of compression to
bending strength varies from 0.5 to 0.8 as obtained for different species by the different

Table 4 Compression results for Finnish small diameter round timber at test conditions.

Sample Sample  Mean Mean Mean £, mean f. 05 E¢ inean
identification size MC densityat KAR [N/mm?®]  [N/mm?]  [kN/mm’]
[%] 129MC f%] by
[ke/m’] ranking
pinel+26+176 75 19.0 466 29.9 19.3 14.9 3.4
pine51+76 50 13.8 447 257 25.6 21.1 39
pine 226 50 10.8 306 8.3 373 30,0 11.5
sprucel-+51 50 14.2 447 16.5 313 25.6 12.6
spruce26+76 50 14.2 453 12.3 32.7 28.1 12,7
spruce 101+126 50 18.7 453 13.2 26,3 21.3 12.2
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5

2 ol

2

Y

g5 08

o

i

78 051

g3

w“ Mean

_B 041 ; Characteristic

§ wem— Formulla

03 4 + + } + :
20 30 40 50 60 70 80

Bending strength (MPa)

Figure I  Ratio of compression and bending strength obtained by VIT. Points are mean and 5-
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participants in the project. For tested pine and spruce it is lower than for larch and Douglas
fir. Finnish results are tllustrated in Fig. 1. This variation may be influenced by the fact that
experiments were made at different moisture contents (8-20 %), and the adjustment to 12%
MC made according to CEN may be not adequate for compression. Also the quality of
timber (density, KAR) in bending tests was slightly higher than the quality in compression
tests except for one test series. It is concluded that the deviation of observations around the
curve £, = 5 £, is increased by the differences in the quality of compression and bending
specimens. Detailed reports on strength values are given in several papers [2-4]. In order to
avoid unsafe situations the values from the compression tests will also be used in strength
grading.

3.3 Regression models

The effect of several variables on strength and stiffness has been studied using the multiple
regression analysis. The results given in this paper are based on the combination of British
and Finnish pine samples. A detailed analysis is reported in [3]. Several regression
equations were determined and the significance of variables analyzed. In brief, the relations
obtained are summarized as follows:

Stiffuness in bending depends on knot sum (ks [mm]) and density [kg/m’] as follows:

LOG E, = 0.636- 0.000803ks + 0.000998 g, or (1)

0.636 - 0.000B03ks + 0.000998 p12
En=10 ooty

For bending strength a linear relation to KAR, density, processing method {p,=0 for
machine debarking, | for barking iron) and tapering (t{fmm/m]) was obtained:

S =244 -0.084ks/d + 0.0711 p,; + 5.5p, - 1.0t )
For compression strength also a strong moisture (u[%]) dependence was obtained:

LOG £, o= 1.414 - 0.000945ks/d + 0.000825 p;, + 0,029 p, - 0.0217u or (3)

f 0= 10 i.414 - 0.060945ks/d + 0.000825 pi2 +0.029 p2 - 0.0217u
¢,

3.3.1 Effect of knots

The effect of following knot parameters were analyzed: maximum diameter of knot, sum of
knot diameters in a cross section and ratio of both to diameter / circumference of the pole.
In most cases KAR appears to be as good as any other knot-related variable. In bending the
best model gives knot size (ks) as the best indicator for stiffness instead of KAR. The effect
of knot parameter is illustrated in Table 5, where density is 494 kg/m3 and moisture content
17.6 %.



3.3.2 Effect of density
Density affected all measured strength and stiffness values. Table 6 gives the values

calculated by using the obtained regression models. The knot sum is assumed to be 80 mm
and the moisture content 17.6 %.

Table § The influence of the knot sum ks on E,, values and knot sum per diameter ks/d on E, 4, Jfopand

ks Em ks/d Er.-. o ja() ﬁn
min

0 13.5 0 11.6 27.6 55.0
20 13.0 20 11.1 264 533
40 12.5 40 10.6 253 587
60 12.0 60 10.1 242 50.0
80 11.6 80 9.1 232 48.3
100 11.2 100 9.3 22.2 46.6
120 10.8 120 8.9 21.2 449
140 10.4 140 8.5 20.3 43.3
160 10.0 160 8.1 19.5 41.6

Table 6 The influence of density py; on E. o, Ea, Jo o and o,

Py Ee o En Jeo Jin

300 59 1.6 16.5 357
350 6.8 8.6 18.2 30.2
400 7.8 9.6 20.0 42.8
450 8.9 10.8 22.0 46.4
500 10.2 12.1 24.2 49.9
550 11.6 13.5 26.6 53.5
600 13.3 15.2 29.2 57.0
650 15.2 17.0 32.1 60.6

3.3.3 Effect of woodworking

Some of the roundwood material was sawn partly (two opposite faces sawn). Another
portion was sawn to squared form (100x100). Regression analysis was used to explain the
effect of cross-section form [7]. To summarise, it can be concluded that round timber has
higher stiffness and bending strength than sawn material. Partly sawn wood has the same
values in edgewise and flatwise bending. When sawing timber, KAR is increasing which
makes the difference bigger in practice than indicated here. The results are listed in Table 7
in form of relative values.

Table 7 Relative mean strength and stiffness of different shaped cross-sections [7].

Bending Compression
Strength Stiffness Strength Stiffness
Sawn | 1 1 1
Partly sawn 1.04 1.08 1 1
Round 1.14 1.08 1.05 1.13




3.3.4 Effect of moisinre content

A statistical analysis gave a strong moisture dependence for compression strength and no
dependence for bending strength or stiffness. Compression results are illustrated in Table 8.
It has to be pointed out that larger diameter material had normally a little higher moisture
content because the material was not perfectly conditioned. Therefore minor dependence
on moisture and size are mixed and cannot be separated.

Table 8 The influence of moisture content on compression strength according to the EN 384 and the factor
abtained from regression model: fi; =f, + 10 ROZIT - 1D The numbers in bold are average test
results for whole material,

EN 384 ’ f;z"‘ﬁ:' 100,02|7‘(u-|2)
u Je0 Je,0
12 287 32.2
13 279 30.6
14 212 28,1
15 26.4 211
16 2517 26.3
17 249 250
17.2 24.8 24.8
18 242 238
19 23.5 22.7
20 227 21.6
21 22.0 20.5
22 21.2 19.5

3.3.5 Effect of diameter

The effect of diameter on strength was studied by statistical methods. No dependence was
detected in the range of 80 to 150 mm analysed here. This is understandable, because
juvenile wood makes timber with smaller diameter weaker, but the Weibull weakest link
concept works in opposite direction. As a results, it is suggested that no size effect would
be adopted for round timber.

3.4 Comparison to sawn timber

Spruce roundwood is compared to sawn timber (Norway spruce 42x145) as tested in a
Nordic Industry funded project. Sample size is about 600 covering all Finland. For testing
and analysis, EN 338, EN 384, EN 408 and EN 518 were applied. Cumulative distributions
of bending strength, modulus of elasticity and density are given in Fig. 2. The 5t percentile
value of bending strength of round spruce is double the value of sawn spruce even though
the density distribution is fairly similar. The modulus of elasticity appears to be closely
related to density, as expected. For pine, similar curves are given even though the sample is
less representative, and density of round timber is considerably lower.
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Figure 2 Comparison of bending strength, stiffness and density of round and sawn Finnish non-graded
spruce and pine timber. Data for round pine does not include test series “pine 226",

4 Possible strength classes and grading

The development of strength grading methods and derivation of characteristic values will
be carried out during the final year of the project. The preliminary results indicate that
simple rules may be generated, based on knot diameters and annual growth, which will

easily produce material up to strength class C30.

When the results of Tables 3 and 4 are adjusted to 12 % moisture content according to EN
384 (density : 0,5%/%, E : 2%/%, {,4s : 3%/%) the values given in Table 9 are obtained.



Table 9 Characteristic values adiusted o 12 % MC in accordance with EN 384

File Sample  Mean density  Characteristic fin0s f.os E\nmean
size [kg/m’'] density (Mean - [N/mn’] [N/mm?]  [kN/mm?]
{compression 1.65%st.d) by by
/ bending) {compression / ranking ranking
bending)
pine 14+26+176 75 466 / 469 410/ 405 315 18.0 11.9
pine 51+76 50 447 /455 400 /407 348 222 11.6
pine 226 50 506 /484 4357414 41.8 28.9 11.6
spruce 1451 50 447 / 462 394 /390 540 273 13.4
spruce 26+76 50 453 /468 377/ 397 49.1 30.0 12.9
spruce 101+126 50 453 /466 39474069 46.2 25.6 13.9

While the variation in the knot sizes is greater for pine than for spruce, it is expected that
the limitation of the knot size will increase the characteristic values from those uncensored
values. The adjustment factor for the moisture content of the compression strength should
be discussed.

5 Design aspects

Round timber has higher bending strength than sawn timber. In design of structures,
however, this cannot be used to full benefit because the round form is far from optimum
for flexural members. Round beams are flexible, and deflection is normally the critical
factor. As a result, round beams have higher safety against ultimate limit state than required
by design codes.

A round form of a member is well suited for columns and for tensile and compression
members in trusses. In compression, buckling will be the dimensioning phenomenon, and
in tensile members the capacity of joints is critical. This project will publish guidelines for
design of engineered roundwood structures in the context of Eurocode 5 system.

Moisture dependence of compression strength was observed to be stronger than adopted in
CEN standards. Therefore unsafe situations may occur, if bending testing at 12 % MC 1s
used as basis for strength grading, and round timber is used under compression in service
class 2. For this reason also compression information is planned to be used as a basis for
strength grading of roundwood.
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Abstract

The characteristic strength values for compression perpendicular to grain as they appear in
EN 338 (structural timber) and EN 1194 (glulam) are currently up for discussion. The
present paper provides experimental results based on EN 1193 that may assist in the
correct assignment of such strength values. The dominant failure mode of glulam
specimens is shown to be fundamentally different from that of structural timber specimens.
Glulam specimens often show tension perpendicular to grain failure before the
compression strength value is reached. Such failure mode is not seen for structural timber.
Nonetheless test results show that the levels of characteristic compression strength
perpendicular to grain are of the same order for structural timber and glulam. The values
are slightly lower than those appearing in EN 1194 and less than half of those appearing in
EN 338. The paper presents a numerical analysis to prove the significant role of tension
perpendicular to grain stresses in the failure mode of the glulam specimens.

1 Introduction

EN 1193 defines the experimental procedure to follow in assessing compression strength
perpendicular to grain (fcoo) for structural timber and glulam. Only limited research results
based on this standard have been reported. The f; 99 values as they appear in the strength
classes of EN 338 (structural timber) and EN 1194 (glulam) therefore have a slender
scientific basis. As a result of this uncertainty, the two strength classes were assigned very
different f. g9 values. However, there is no experimental evidence of such a difference.

Gehri [1997] discusses the current situation and provides an exhaustive review of
previous research.

The scope of the present work is to provide adequate experimental evidence for the
establishment of characteristic strength values for glulam and structural timber in
compression perpendicular to grain in accordance with EN 1193.

2 Materials

2.1  Structural Timber

74 specimens were produced from cutoffs from the ordinary production of a major Danish
producer of trusses. The cutoffs represented several weeks of production and included all
dimensions (planed) in the range from 50 x 100 mm to 50 x 250 mm. The material
represented a variety of Nordic sawmills and the quality is representative of normal Nordic
structural timber.



The species was Norway spruce (Picea abies). Dimensions were 45 x 90 mm
(planed). The specimens were conditioned to equilibrium at 20 °C and 65 % relative
humidity

2.2 Glulam
120 specimens were produced from an equal number of cutoffs from the ordinary
production of four different glulam manufacturers, one Swedish and three Danish. The
cutoffs were sampled from many days of production and represented a variety of beam
dimensions. The test material is representative of normal Nordic glulam quality.

In cases where cutoffs were taken from glulam including two strength grades,
specimens were cut to include the representative mixture of both grades.

The species was Norway spruce {Picea abies). The height of the specimens was
200 mm. The width was varying and equal to the width of the cutoffs. The length was
adjusted to produce a cross section of 25.000 mm”. The specimens were conditioned to

equilibrium at 20 °C and 65 % relative humidity.

3 Methods

3.1 Structural timber
Testing was carried out in accordance with EN 1193. Gauge length was 50 mm. The
change of distance between crossheads was additionally measured for all specimens. In
order to assess any influence of annual ring pattern on the mechanical properties the
classification shown in Figure I was introduced.

Figure I  Classification of specimen type based on annual ring pattern

3.2 Glulam

Testing was carried out in accordance with EN 1193 except that deformations were
predominantly measured as the change of distance between crossheads. For a small
number of specimens additional measurements were taken by mounting extensometers
onto the specimens. This was done in order to quantify any difference between the two
methods. The gauge length of the extensometers was 100 mm.

4 Results and Discussion

A strength test of wood in compression perpendicular to grain does not produce a clear
ultimate stress. The specimen shows a continuous growth of stress up to values of
deformation which lies far beyond any practical use. Consequently, EN 1193 defines
strength as the stress corresponding to a predefined strain (Figure 2). First, modulus of
elasticity is calculated as the slope of the stress-strain curve defined by 6 = 0.1f; oo and ¢ =
0.4f.00. Then a line of the same slope and passing through the point (o, €) = (0.0, 0.01) is
produced. The stress corresponding to this line's intersection with the stress-strain curve
defines the strength. It follows, that assessment of strength and elasticity according to EN
1193 is an iterative process.
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Figure 2 Definition of strength and modulus of elasticity
perpendicular to grain according to EN 1193

4.1 Structural timber
A summary of results is shown in Table 1

Table 1 Structural timber — Modulus of elasticity (E. o), density (p;;), strength
(f.00) and the strain {€,;) corresponding fo the strength value

Eco0 P12 fom0 Eunt
(MPa) (kg/m’) (MPa) (%)
gauge length (mm) 90 50 90 50 S0 50
average 209 204 452 29 2.8 2.4 2.1
coeff, of variation {%) 31 34 9.6 13 13 12 i3
5™ percentile 378 23 22

4.1.1 Modulus of elasticity, E g9

Modulus of elasticity (E. g0) is seen to depend strongly on gauge length. E. g9 as calculated
from the crosshead movements is only 69 % of that calculated from the 50 mm gauge
length of the extensometers. Figure 3 shows evidence of a dependency of specimen type.
This is to be expected since Ec g for spruce is known to be higher in the radial direction
than in the tangential direction. Average values of E. gy (Table 2} for the five different
specimen types confirm that modulus of elasticity is higher in the radial direction (type D)
than in the tangential direction (type B). Types A, C and E constitute mixtures of radial and
tangential directions, and modulus of elasticity values fall between those of types B and D.
In the central part of the type E specimen the annual ring orientation is approximately 45
degrees to the radial or tangential directions. Such orientation should produce the lowest
E. g values, which is also seen to be the case.

Table 2 Mean values of E, g and density as dependent on
specimen type and gauge length

specimen type A B C D E

Ecoo.mean (MPa) (50 mm) | 275 264 302 516 252
Ecoomesn (MPa) (90 mm) | 187 171 254 339 241
D12 mean (Kg/m) 458 444 454 447 446
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Figure 3 Relationship between modulus of elasticity, E. g, as calculated from crosshead
movements and from the 50 mm gauge length of the extensometers.

4.1.2 Compression strength, f. g

The average compression strength perpendicular to grain of structural timber is 2.8 MPa
for strain measured according to EN 1193 and 2.9 MPa for strain measured on the basis of
crosshead movements. The relationship between the two sets of strength values is
illustrated in Figure 4. The reason why both methods produce virtually the same strength
values is that the lower values of modulus of elasticity are tied to higher values of €.
Contrary to what was found for modulus of elasticity, strength does not appear to be much
dependent on annual ring orientation (Table 3).

4’0 [
e type A

3,5 ®typeB
A type C
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f. 00 (MPa), 50 mm gauge length

Figure 4  Relationship between compression strength f. o as calculated from crosshead
movements and from the 50 mm gauge length of the extensometers.



Table 3 Mean values of [, op and density as dependent on
specimen type and gauge length

specimen type A B C D E

fc,90.|1m;||1 (MPH) (50 mm) 2.9 3.0 30 31 28
fc,‘)(],rm:m (MP&} (90 mm) 2.8 2.8 2.9 3.1 2.9
BIZme:ml (kg/mq) 458 444 454 447 446

The characteristic value of strength, fi o0, 18 2.2 MPa. for the prescribed gauge length of
50 mm. For a 90 mim gauge length f;opy is 2.3 MPa,

4.1.3 Density, pp
From Table 1 it appears that the coefficient of variation for density is 9.6 %, which is very
close to the 10 % adopted by EN 338,

4.2  Glulam

A summary of resuits is shown in Table 4. The modulus of elasticity values are placed
between brackets because the gauge length used for the tests do not permit a correct
assessment. An estimate of the correct modulus of elasticity is carried out in Section 4.2.1

Table 4 Glulam — Modulus of elasticity (E, gp), density (p;2), and
strength (f.90) for 120 specimens. Gauge length is 200 mm

Ecoo P12 fe00

(MPa) (kg/m’) (MPa)
average (240) 466 2.9
coeff. of variation (%) (24) 4.8 93
5" percentile 433 2.4

4.2.1 Modulus of elasticity, Ecop

For twelve specimens modulus of elasticity was assessed on the basis of two different
deformation measurements. The results (Table 5) confirm what was found for structural
timber with respect to the significant difference of modulus of elasticity at the same time
that the strength values are almost identical. E oq as calculated from the crosshead
movements is only 75 % of that calculated from the 100 mm gauge length of the
extensometers. The results for structural timber did not justify any conclusion regarding
the influence of possible local stress concentrations at the crossheads. The reason is that
the annual ring geometry most often is depending on gauge length (see Figure 1). The
glulam specimens, however, have virtually the same annual ring orientation throughout the
specimen height, and any systematic difference in modulus of elasticity therefore is very
likely caused by the crossheads.

Table 5 Modulus of elasticity and strength f, oo as function of
gauge length for 12 glulam specimens

Ecoo P2 feo0
(MPa) (kg/m’) (MPa)
gauge length (mm) 200 100 200 100
average 274 367 478 3.0 2.9
coeff, of variation (%) 13 21 3.2 6.5 7.8

The average modulus of elasticity for the 120 glulam specimens is 240 MPa when based
on strain values obtained from the movement of crossheads. Fromn the test of twelve
specimens including both types of deformation measurements the ratio between
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cotresponding moduli of elasticity may be obtained. This ratio is then used to estimate the
correct average modulus of elasticity for the 120 glulam specimens to be E¢ 90,mean = 320
MPa.

4.2.2 Compression strength, f. s

Because the strength values for both structural timber and glulam show no dependency of
gauge length, it is concluded that the assessment of strength may be based on the cross
head movements. This conclusion is confirmed by Figure 5 which shows that strength
values based on the two different strain measurements are very close. Even a choice of a
strain five times higher than the one percent strain prescribed by EN 1193 does not
produce vastly different strength values.

4
35 - 316 Mpa 323 MPa MR
308MPa :
3 4 298 MPa ~—]

2.5 -

200 mim gauge length

Stress (Mpa)
o]

100 mm gauge length

E, g0 = 285 MPa
B,y = 448 MPa

Strain (%)

Figure 5 f.op as dependent on gauge length and limiting strain (example)

The compression strength values for the four different samples representing four
different manufacturers are shown in Table 6. A statistical analysis proves the mean
strength values of all four samples to be equal at a 95 % significance level [Pedersen
1997]. In the present analysis, therefore, the four samples are treated as one large sample.

Table 6 Values of f.gp for samples from four manufacturers
Manufacturer | Number of Mean c.ov.  5-percentile
specimens  (MPa) (%) (MPa)
A 12 2.89 11 2.38
B 64 2.89 10 2.47
C 29 2.88 7 2.55
D 15 2.78 8 2.37
All 120 2.87 9 2.44

The average compression strength perpendicular to grain of glulam is £;90,mean= 2.9 MPa
(Table 4), which is identical to the average compression strength of structural timber. The
characteristic value for glulam is f 9o = 2.4 MPa, which is marginally higher than the
value for structural timber. The difference reflects the lower coefficient of variation for
glulam.

EN 384 prescribes the use of five samples of forty specimens each for the
establishment of characteristic values. For less samples and/or specimens a penalty factor
is introduced which is to take into account the uncertainty resulting from normal variability
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of wood properties. As compression strength perpendicular to grain shows such very low
variability within and between samples, EN 384 cannot be used.
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Figure 6 Compression strength f,. o9 as a function of density for glulam (circles) and
structural timber (triangles)

The density strength relationship for glulam is shown in Figure 6. Superimposed
are corresponding values for structural timber. The relationships are almost identical.
Treating all results as one sample produces the regression equation: strength = 0,0063
density. As a rough estimate the following regression equation may be used for both
average and 5-percentile values for both structural timber and glulam:

STRENGTH (MPa) = 0,006 DENSITY ( kg/m3 )

4.2,3 Density, pn

From Table 4 it appears that the coefficient of variation for density is 4.8 %, which is half
the value of that for structural timber. The small variability is a result of the lamination
effect.

4.3 Failure patterns

All glulam specimens show crack development before the stress corresponding to fcgo is
reached. The cracks develop due to tension perpendicular to grain failure and they run
predominantly in the direction of the applied force (Figure 7). Such crack development
may influence the level of compression strength perpendicular to grain. This problem is
addressed in Section 5.

The failure patterns of the structural timber specimens were quite different from
those of the glulam specimens. No specimens showed crack development before f 90 was
reached. At large deformations cracks may eventually develop. For the predominant type A
specimen, such cracks develop as a combined shear- and tension perpendicular to grain
failure. The crack is oriented in the radial direction and located where the angle between
the radial direction and the direction of the force is 45 degrees.



Figure 7 Glulam specimens with marked cracks running in the direction of the applied
force. The cracks appear before f..oq Is reached. Specimens in the middle row have
been taken to particularly high strains which makes the barrel form visible.

5  Finite Element Modelling

The crack patterns of glulam illustrated in Figure 7 suggest the existence of tension
stresses perpendicular to the loading direction. One explanation may be that differences in
stiffness in radial and tangential directions cause a non-uniform stress state, which results
in tension stresses leading to cracks.

In order to investigate whether the tension perpendicular to grain stresses are large
enough to explain the crack pattern, a finite element analysis was carried out. The analysis
is based on a linear elastic material behaviour. The results, therefore, are only indicative
giving a rough idea of the stress level particularly for the tension perpendicular to grain
stresses. A more detailed analysis should model the actual crack development process
along with the associated redistribution of stresses.

The interesting stress distributions are in planes perpendicular to the grain. For an
isotropic material the stress state would be uniaxial compression even though the stiff steel
plates might introduce small stress concentrations at the corners. However, due to the
cylindrical orthotropy of the timber non-uniform stresses build up independent of the
loading arrangement. This has already been studied in a different context, see e.g. [Aicher
and Dill-Langer 1997].

At the center of most of the glulam lamellas the annual rings run predominantly
parallel to the wide face. However, moving towards the narrow face, the annual rings
gradually change orientation and they may eventually become parallel to the narrow face.
Because of this and because the radial stiffness is larger than the tangential stiffness (Table
2}, the compressive stresses are concentrated in the middle of the glulam specimen. In
order to establish this non-uniform stress state, shear stresses must develop. In combination
with the Poisson effect tension stresses perpendicular to the load direction are then
established. This effect is well-known even in isotropic materials. An example is cleavage
tests of cylindrical specimens where compression in the radial direction creates tensile
failure perpendicular to the direction of the applied load. In that case the non-uniform
stress state is created by the geometrical shape of the specimen.

The glulam test specimen is modelled under an assumption of plane strain. This
means that the stresses in the fiber direction are assumed negligible. This is reasonable



since the stiffness in the fiber direction is very much larger than in the transverse
directions.

The calculations have been performed with the COSMOS system with eight noded
isoparametric plane stress elements producing a linear siress variation within the element.
The finite element mesh is a regular mesh, where each board has been modelled with
sixteen elements in the height and fifty elements in the width. This very fine mesh is
necessary in order to model the cylindrical orthotropy accurately.

The following elastic constants are assumed. The moduli of elasticity are rounded
values of those presented in Table 2 (types B and D, 50 mm gauge length).

E, = 500 MPa
E, =275 MPa
Gp = 30 MPa
Vi =0.31

Subscripts r and t refer to the radial and tangential direction respectively.

The particular glulam test specimen to be modelled consists of six boards with cross
sectional dimensions 33.3 mm x 160 mm. All the five upper boards had the pith located
below the board, whereas the last board had the pith located above the board. The location
of the pith varies from board to board. However, in order to simplify the interpretation of
the analysis all boards have been assigned an identical location of the pith. Based on
average values of observed locations the pith is assumed located 20 mm below the bottom
face for the upper five laminations and 20 mm above the top face for the lower lamination.
Furthermore, the pith is assumed to lie on the line of symmetry, which eliminates any
skewness in the stress pattern.

The load is transferred to the test specimen through very stiff steel plates, and the
boundary condition therefore is modelled as a uniform displacement. The pressure is not
uniform due to the differences in elastic moduli, but the the total load on the steel plate
defines an average compression level used in the comparison. The steel plate is assumed to
restrict horizontal movements which then causes the observed barrel shape of the test
specimens.

The results of the finite element modelling are illustrated in Figure 8 for the radial’
stresses and in Figure 9 for the 'tangential’ stresses.

The radial stresses (sigma yy) are in compression and the level in the middle are
somewhat higher than at the sides as was assumed. Another interesting observation is that
the level increases with depth towards the lower part of the specimen. This wedge shape
form of carrying stresses is a result of the orientation of the annual rings of the laminations.
The maximum compressive stress is about four times higher than the stress corresponding
to a uniform distribution.

The tangential stress (sigma xx) distribution is somewhat more complicated and
results in both compression and tension. High levels of tension stresses are found in many
small areas, typically at the interface between boards where the E-moduli change
discontinously. The stress level is of the order 40% of the compression stress, which
explains the fracture pattern.

In practice each lamination will have the pith placed differently and not necessarily
in the plane of symmetry. One of the test specimens was measured in detail and each layer
modelled according to the particular geometry of that specimen. This resulted in stress
levels which were approximately 10 % larger. A more systematic study of the influence of
geometrical differences would probably give results of the same order.



Figure 8

Figure 9
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7

Conclusions

The compression strength of structural timber and glulam of Nordic origin and tested
according to EN 1193 lies within the limits from 2.0 MPa to 4.0 MPa. The mean value
for both structural timber and glulam is f; g9 mean = 2.9 MPa. The 5-percentile values for
both structural timber and glulam is f. ook = 2.3 - 2.4 MPa.

As a rough estimate of compression strength perpendicular to grain the following
regression equation may be used for both average and 5-percentile values for both
structural timber and glulam:

STRENGTH (MPa) = 0,006 DENSITY { kg/m3 )

For the assessment of strength, the laborious measurement of strain prescribed by EN
1193 may be replaced with a measurement of the relative movements of the
crossheads of the test machine. However, for the assessment of modulus of elasticity it
is necessary to adhere to the prescriptions laid down by the standard.

The average modulus of elasticity across the grain is of the order Ec 90 mea = 300 MPa
for both structural timber and glulam.

Finite element modelling proves that the inhomogeneous distribution of modulus of
elasticity Eqgpacross a given specimen results in a complicated stress distribution.

The radial stresses (direction of applied force) are in compression and the level in
the middle are higher than at the sides; the stress level increases with depth towards
the lower part of the specimen. This wedge shape form of carrying stresses is a result
of the annual ring orientation of the laminations. The maximum compressive stress is
about four times that of the reference stress level.

The tangential stress distribution (transverse direction) is somewhat more
complicated and results in both compression and tension. High levels of tension
stresses are found in many small areas, typically in the bonds between boards where
the E-moduli change discontinously. The stress level is of the order 40% of the
compression stress, which explains the fracture pattern.
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BEARING STRENGTH OF TIMBER BEAMS
by
R.H. Leicester, H. Fordham, H. Breitinger
CSIRO Building, Construction and Engineering, Melbourne, Australia

ABSTRACT

In testing timber to determine design values for bearing pressures it is necessary to choose values
for both strength and deformation limit states. This paper discusses various test configurations that
may be used for in-grade measurements, and also discusses the question of applying a deformation

limit in assessing strength properties.

The discussion is supplemented by test data from a project undertaken to develop an in-grade test to

evaluate design bearing strengths for timber beams.

1. INTRODUCTION

The philosophy of in-grade testing refers to the measurement of the in-service structural properties
of full-size, stress graded timber. Usually it is a simple matter to develop in-grade tests to measure
most structural properties. However, for the case of the bearing strength of beams, there are several
difficult decisions to be made before a suitable in-grade test for compression perpendicular to the

grain can be chosen.

Some questions that must be decided are the following:

What types of test configurations simulate in-service use?
= Is the relevant design property for bearing a strength or stiffness property or both?
=  Should any deformation limit be applied when assessing strength?

= Should the length of the bearing area used be a fixed absolute value, or should it be a relative

value that varies with the size of timber tested?

s Are the design bearing properties easily translated to a useful range of practical situations?



2. STRUCTURAL PARAMETERS

The schematic illustration of a typical load deformation graph is shown in Figure 1. The initial
slope is obviously important for the derivation of a stiffness parameter to be used in serviceability

computations.

Another parameter that is often used as a limit for serviceability is the proportional limit. This is
difficult to evaluate experimentally and it is a more convenient to use an intersection point with an
offset line that runs parallel to the slope of the curve. In this study a 2 mm offset has been used.
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Figure 1. Example of a load deformation graph.

A third serviceability parameter that has been suggested is the occurrence of a loud audible crack. It

is assumed that such cracking will lead to gradual deterioration of the beam.

For strength limit states, it was found not suitable to rely solely on the ultimate load, as this load
capacity was strongly influenced by secondary matters (such as the rigidity of lateral supports)
when the deformations were large. Thus a limiting deformation of some sort should be used in

defining strength measured during a testing procedure.



In the following, the load on the bearing block is denoted by P and the deflection is denoted by A. In

particular, the following notation is used for the recorded loads:

Prp = load at limit of proportionality
Poftsent = load at 2 mm offset
Perack = load at which an audible crack is heard

load at a deformation of 5, 10, 20 and 40 mm deformation

Pimxm PiOmma PZOmm, I)40mm

Pax = |oad at failure of the test specimen.

During this project, computer records of all Joad deformation were stored in computer files. Hence,

alternative parameters may be evaluated in the future if desired.
3. TEST CONFIGURATIONS

In testing small clear specimens, a standard test configuration as shown in Figure 2 was used.

P
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Figure 2. Configuration for testing small clear specimens.

For testing full size timber in-grade, the configurations shown in Figure 3 were used. The
configuration shown in Configuration ‘A’ is the simplest test to undertake and may be
recommended as an in-grade test if the stiffness and strength relate to test configurations that
simulate in-service conditions. Configurations ‘B’ and ‘C’ are only slightly more difficult to
undertake and they have the advantage that they do simulate in-service conditions,
i.e. Configuration ‘B’ simulates a beam intersecting an interior column and Configuration ‘C’
simulates a beam intersecting an exterior column. At high stresses, Configuration ‘C’ was found to
be prone to twisting distortions and to cracking. The test Configurations ‘D’ and ‘E’ are not suitable
for in-grade tests, but are included to demonstrate the relationship between the in-grade tests and

some other common in-service ioading configurations.
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Figure 3. Configuration for testing structural size timber.
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Figure 3 cont.... Configuration for testing structural size timber.

Finally, it should be noted that an absolute rather than relative bearing length has been chosen. This
is partly to match in-service practices and partly because in the initial stages at least, bearing is a

local phenomenon and does not involve the full depth of a beam.

In Figures 2 and 3, the bearing blocks are shown in black and the deformation reported is the

relative shortening of the timber between the two points indicated as circular black dots.



4. TEST MATERIAL

The test material used was cut from 4.2 metre lengths of kiln dried radiata pine. The timber si.zes
were 90 x 35 mm and 190 x 35 mm section. The timber was machine graded to Australian grades
termed F5, F8 and F11. The threshold grading moduli used for those grades are 6.10, 8.59 and
11.59 GPa, respectively.

All the test material was obtained from a single mill. However, the material was obtained in five
shipments over a period of two years. Because of possible changes in the resource, assessments of
various parameters should be made with caution if these involve comparisons of specimens

obtained from more than one shipment.

5.  TEST PROCEDURES

The test specimens were selected from random locations within the timber supplied. The loads were
applied so as to reach the 2 mm offset load in 2-3 minutes. The tests for the timber from
shipments 1 and 2 were terminated after the deformation exceeded 10 mm. However, for material

from the later shipments, the loads were taken to failure of the test specimens.

In attempting to take the loads to failure, it was found necessary to restrain the specimens,
particularly the 190 x 35 mm specimens, against lateral distortion, buckling or rotational translation.
Quite large forces were required for these rigid restraints. Such restraints would probably not occur
in practical situations. If the test specimen were loaded to failure, the most common failure modes

observed were:

®  ring shear;
e lateral distortion/buckling;

* multiple horizontal cracks (particularly when using test Configuration ‘C’).

For test Configuration ‘D’, it was found that often failure was by bending rather than by bearing

compression.

The sample size used for each test configuration, grade and size of timber was N = 20 for material

from shipments I and 2 and N = 10 for all others.



6. TEST DATA

6.1 Notation and Definitions

The test results are reported in terms of a bearing stress f and stiffness k. The bearing stress is taken

to be given by

P

= et 1
3SXLbear ( )

where Lyear denotes the length of the bearing area.
Using equation (1), the bearing stresses fip, forets feracks Tsmms f10mms f20mms fa0mm and frax are derived

from PLp, Potrsets Peracks Psmms Ptomms P20mms Pomm @nd Prma, respectively. For Configuration ‘D’, the

value of P was taken to be 0.66 times the load applied by the testing machine.
The stiffness k is given by
K = fofrser /Aelastic (2)

where fue denotes the bearing stress corresponding to Posger and Aelasic 1S the nominal elastic

deformation corresponding to the offset load as shown in Figure 1.
6.2  Data from Testing Small Clears

Data of this type was used in early standards to derive design properties for bearing strength. Ten
samples were taken for timber from each stress grade from shipment No. 5 and the overall average

values obtained were as follows:

e density at 12% m.c. =595 kg/m’
& pr = 8.5 MPa
& f25mm - =151 MPa.



In a previous study (Ditchburne ez /., 1975) the following data was obtained for small clears of kiln

dried radiata pine:

a  density @ [2% m.c. = 530 kg/m’
a  fip=2528 MPa.

Based on a regression of the test data, it would appear that the current values of fip may be too high

by about 20%, and the tests will need to be repeated.

6.3  Data from Testing Structural Size Timber

A brief summary of the data obtained is given in Tables 1 and 2. Average values of the properties
indicated are shown. Values of fsum are shown for test configurations that result in load bearing on
only one face of the timber and fjomm for those that result in load bearing on two faces; these two

figures are obviously directly comparable.

As a rough approximation it may be stated that Configuration ‘A’ is similar to the upper half of
Configuration ‘B’ and Configuration ‘C’ is expected to behave as the right half of configuration
‘B’, i.e. all three configurations should be equivalent at least until gross distortions occur. This is
consistent with the data obtained. The data from Configurations ‘D’ and ‘E’ are not entirely

consistent and will need to be rechecked.

There is obviously an effect of machine grading on timber density and an effect of density on
bearing strength and stiffness. The effect of bearing length can be obtained by comparing the data

for configurations B, B2 and B3.

The effect of deformation limit is shown in Table 3 for the case of 190 x 35 mm timber loaded in
Configuration ‘A’. Approximately half the specimens failed before a deformation limit of 40 mm
was attained. It is seen that there is perhaps an additional 30% reserve strength after Pogre has been

reached.

Table 4 illustrates the variability observed in the test data. The coefficient of variation lies in the

range of 15-25% for bearing strength and 20-30% for stiffness. For density, it is about 10%.



For the material of shipments 3 and 4, a record was kept of the first clearly audible crack. It was
found to occur at a load quite close to 2 mm offset load. This would tend to reinforce the concept of

choosing the offset load for specifying characteristic values for serviceability limit states.

Table 1.
Average values of data for 90 x 35 mm timber

TEST Shipment Stress Bearing Density Bearing fottset fomm f10mm
No. grade length at 12% stiffness
Lbcar m.c. k
{mm) (kg/m’y | (MPa/mm) | (MPa) (MPa) (MPa)
A 1 F5 90 504 9.1 11.2 12.14
1 F8 90 541 8.3 10.6 114
1 Fit 90 613 9.0 12.4 13.1
B-1 1 E5 45 485 7.64 1.9 149
1 F8 45 534 6.8 11.2 14.8
1 F11 45 602 7.0 13.6 17.8
B-2 1 F5 90 505 5.05 10 11.9
1 F8 50 541 5.05 9.1 11.3
1 Fl1 %0 606 54 11 135
B-3 1 F5 180 512 4.5 8.5 9.5
1 F8 180 545 4.4 8.4 9.5
1 Fl11 180 593 4.6 9.2 10.5
C 1 FS 90 501 4.1 7.7 8.9
1 E8 90 538 39 8.1 9.2
1 Fl1 90 603 472 8.8 10.8
D 1 F5 90 438 10.5 9.6 97
1 E8 90 530 8.4 10.7 11.3
i F1t 90 600 8.5 12.2 12.9
E 1 ES
i F8 45 508 4.7 7.1 7.6
1 F11




Table 2.

Average values of data for 190 x 35 mm timber

TEST | Shipment | - Siress Bearing | Density | Bearing Fottsnt fsmm fLomm
““No. . grade length at 12% stiffness
Licar m.c. k
(mm) (kg/m3) {(MPa/mm)| (MPa) {MPa) (MPa)
A 2 E5 90 526 6.2 10.6 112
2 F8 90 563 6.2 11.4 11.4
2 F11 90 601 5.8 12.2 12.4
A 4 F5 90 487 3.6 9.5 2.6
3 F38 90 592 5.4 13.3 13.7
3 F11 90 586 4.6 11.8 12.1
B-2 2 F5 90 538 3.9 9.4 11.3
2 F8 90 555 4.0 9.7 11.8
2 F11 90 584 3.8 9.6 11.7
B-2 4 F5 90 490 2.9 8.5 10.3
3 F8 50 582 4.5 11.8 13.9
3 Fl1 90 608 4.3 1.7 14.3
B-3 4 F5 180 478 2.4 7.0 8.1
3 F8 180 581 3.9 10.4 11.2
3 F11 180 537 3.7 9.4 11.2
C 2 F5 90 529 29 7.4 8.8
2 F8 90 555 30 7.9 9.3
2 Fl1 90 581 3.1 8.2 9.6
C 4 E5 90 476 1.9 6.7 7.6
3 F8 90 593 2.7 9.8 11.2
3 F11 90 591 2.5 9.0 10.2
D 2 F5 90 537 8.1 110 11.7
2 F8 90 557 8.4 1.8 12.6
2 F11 90 594 8.5 1.7 12.8
E 2 F5 45 568 9.0 13.0 13.7
2 F8 45 568 g.4 12.7 13.4
2 F11 45 558 9.8 12.0 12.5




Table 3.
Effect of deformation limit on load capacity
(Configuration ‘A’, 190 x 35 mm timber)

Density at
Stress grade 12% m.c. Bearing pressure (MPa)
(kg/ mj) Fottser Fsmm f10mm Fs0mm
ES 487 9.5 9.6 114 133
F8 592 13.3 13.7 16.5 17.2
F11 586 11.8 12.1 14.9 154

F5 — shipment 4
F8, F11 — shipment 3

Table 4.
Variability of bearing strength and stiffness
{Configuration ‘A’, 90 x 35 mm timber)

Stress grade Coefficient of variation
Density at Stiffness foetset fiomm
12% m.c. k
F5 0.10 0.29 0.24 0.24
E8 0.08 0.17 0.17 0.19
F11 0.12 - 0.31 0.19 0.19

7.  CONCLUSIONS

In the selection of a configuration for a standard in-grade test, both Configurations ‘A’ and ‘B’,
shown in Figure 3, are good candidates; the preference is probably for Configuration ‘B’ because it

models a very practical in-service situation.

With respect to the data recorded, both the stiffness k and 2 mm offset stress, fosrer are useful

parameters for the design of serviceability limit states.
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For laboratory evaluations of characteristic values for strength limit states, it is suggested that some
deformation limit be included. This is because at large deformations, very rigid restraints are
required to prevent.the test specimen from collapsing. For test configurations in which spectmens
experience local bearing pressures from only one side, such as Configuration ‘A’, the deformation
limit should be 5 or 10 mm. For test configurations involving local bearing pressures from two

sides, such as Configuration ‘B’, the limit may be doubled.
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Mechanical Properties of Dowel Type Joints
ander Reversed Cyclic Lateral Loading

Motoi YASUMURA
Department of Forest Resources Science, Shizuoka University, Japan

Abstract : Timber joints connected with a bolt or a dowel were subjected to the monotonic
and the reversed cyclic loading based on the protocols provided in CEN standard and 1SO/
TC165/WG7 draft, and the influence of the loading protocols and the reversed cyclic loading
on the ultimate performance of joints was investigated. The specimen had the spruce glued-
{aminated timber and the steel plates of 12 mm thick connected with a bolt or a dowel of 16
mm diameter. The thickness of the timber was 2, 4, 8 and 12 times as large as the bolt diam-
eter. The yield load obtained from the monotonic ioading by CEN method showed compara-
tively good agreement with that by 5% off-set method. Although there were few differences
in the ultimate strength between the monotonic and the reversed cyclic loading, considerable
decrease of the ultimate displacement was observed in the reversed cyclic loading,

1 Introduction

Stiffness, load carrying capacity and the energy dissipation are the most important param-
eters to evaluate the seismic performance of the timber structures. Among these parameters,
load carrying capacity and the energy dissipation shall be estimated by conducting the re-
versed cyclic loading test of the joints. The test method for determining the seismic perfor-
mance of joints made with mechanical fasteners has been provided in CEN Standard[}] and
also discussed in ISO/TC165/WG7 [2]. This standard and the draft provide different proto-
cols for the reversed cyclic loading. The loading protocol of CEN Standard is based on the
yield displacement corresponding to the yield load. That proposed in ISO/TC165/WGT is
based on the ultimate displacement corresponding to the failure load or 80% of the maxi-
mum load after the peak. Therefore, the reversed cyclic loading tests based on these loading
protocols were conducted on the dowel type joints to investigate the influence of the loading
protocols on the load carrying capacities and the ultimate displacement.

2 Specimens

Configurations of two groups of specimens are shown in Fig. 1. One was those having a main
member of spruce glued-laminated timber and two steel side plates of 12 mm thickness con-
nected with a single bolt of 16 mm diameter. The other was those having a main member of
spruce glued-laminated timber and a steel center plate of 12 mm thickness inserted into a slit
at the center of the main member and connected with a single dowel or a bolt of 16 mm
diameter (d). End and edge distances of the bolt and dowel joints were respectively 114 mm
(7d) and 48 mm (3d) , and the thickness of the main members (L) was 32 mm (2d), 64 mm
(4d) and 128 mm (8d) for the bolted joints with steel side plates, and 44 mm (2d), 76 mm
(4d), 140 mm (8d) and 204 mm (12d) for the bolted or dowel joints with a steel center plate.
The density of spruce glued-laminated timber was 410kg/m* in average, and the diameter of
bolt holes was almost the same as the bolt and dowel diameter. The steel quality of the bolts
and dowels was SS400.
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3 Test method

The upper part of the main member of the specimens were connected tightly to 100kN
Tensilon through a load cell with two steel plates of 12 mm thickness with four high tensile
bolts of 16mm diameter, and the steel plate(s) connected to the lower part of the main mem-
ber with a bolt or a dowel was connected to the cross-head of Tensilon as shown in Fig. 2.
Monotonic tensile loads were applied to three specimens of each type, and other six were
subjected to the reversed cyclic loading. Both the protocol provided in prEN12512 and that
proposed in ISO/TCL65/WGT were applied to the reversed cyclic loading tests. The yield
displacement and ultimate displacement to determine the reversed cyclic protocols were ob-
tained from the monotonic loading tests. The loading protocols in prEN12512 and ISO/ TC165/
WG7 draft are shown respectively in Figs. 3 and 4.

4 Results and Discussion

4.1 Yield load

Figs. 7 to 9 show the comparison of the yield loads in the monotonic loading test obtained
from “1/6 method” and “5% off-set method” [3] with the calculated values by the yield
theory[4]. The “1/6 method” is that provided in prEN12512 and defined by the intersection
of two lines: the first line is determined by the drawn through the point on the load-slip curve
corresponding to 0.1 Pmax (maximum load) and that corresponding to 0.4 Pmax, the other
drawn as the tangent having an inclination of 1/6 of the first line. CEN standard as well as
ISO/TC165/WGT draft requires to determine the initial stiffness by two points corresponding
to 0.1 Pmax and 0.4 Pmax. However, 0.6 Pmax was taken instead of 0.4 Pmax in this study
as this area of 0.1 to 0.4 Pmax is sensible to the friction between the timber and steel plates,

2
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and it is preferable to take 0.6 Pmax instead of 0.4 Pmax to avoid this effect. As the inclina-
tion of 1/6 of that of the first line is taken for the second line in CEN standard, the estimated
yield load has the tendency to be dependent much upon the inclination of the first line. There-
fore, the yield load obtained by “5% off-set method” was compared with those by “1/6 method”.
The yield load is defined by the intersection of the load-slip curves and the line which has the
same inclination as that determined by the drawn through the point on the load-slip curve
corresponding to 0.1 Pmax and 0.6 Pmax and off-set 0.05 times of the bolt diameter. The
definition of the yield load by “1/6 method” and “5% off-set method” are shown in Figs. 5
and 6, respectively. For the calculation of the yield load, the embedding strength of spruce
and the yield moment of dowel were assumed to be 35.5 MPa and 490 MPa, respectively
from the embedding test and the bending test of dowels.

These results indicates that the yield loads obtained by “1/6 method” showed good agree-
ment with those by “5% off-set method”, and they agreed also comparatively well with the
calculated values by the yield theory in the bolted joints with steel side plates and a steel
center plate. However, the experimental vatues showed approximately 30% smaller than the
calculated values in the dowel joints with a steel center plate. This might be caused by the
split of the slit at the center of main member . It is supposed that the slit of the main member
was splited due to the bending of the dowel, and the opening of the slit caused reducing the
yield load. This failure did not happen in the bolted joints with a steei center plate.
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4.2 Load-slip relationship

Figs. 10 and 11 show the example of the load-slip retationships of the bolted joints with steel
side plates in the reversed cyclic loading of prEN12512 and 1SO/TC165/WG7 proposal, and
Figs. 12 and 13 show those of the dowel joints with the steel center plate. It was shown that
the hysteresis curves were well symmetrical in the positive and negative loading direction
and contained slip behavior especially with the specimen whose thickness of main member
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was small. They also demonstrate the differences of the load carrying capacity and the ductil-
ity in the specimens having the different member thickness.

4.3 Load Carrying capacity and ultimate displacement

Maximum loads of the boited and dowel joints in the reversed cyclic loading with CEN and
ISO draft protocols are compared with those in the monotonic loading test in Figs. 14 and 5.
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Ultimate displacement of the joints was obtained from the displacement corresponding to
the smaller value between the failure load and 0.8 Pmax after the peak. Most of the ulti-
mate displacement was obtained from the failure load.

Quite few differences of the ultimate displacement was observed between CEN and ISO
draft protocols. However, a significant decrease of the ultimate displacement due to the
reversed cyclic loading was observed in both the specimens with steel side plates and a steel
center plate. In the dowel joint with a steel center plate, the ultimate displacement of the
specimen whose main member was twelve times as large as the bolt diameter was much
smaller than those having the member thickness of eight times of the bolt diameter. This is
caused by the fact that the split of the slit in the main member due to the bending deformation
of a dowel was more significant in the joints having the member thickness of twelve times as
large as the bolt diameter than those having the member thickness of eight times of the bolt
diameter.

4.4 Equivalent viscous damping rate

Figs. 18 and 19 show the equivalent viscous damping rate in the specimen with steel side
plates and a steel center plate. The equivalent viscous damping rate was obtained from the
ratio of the potential energy at the peak of the hysteresis curves to the dissipated energy ina
hysteresis cycle[5]. Only the equivalent viscous damping rate of the second and the third
cycles is discussed in this paper, and those of the first cycle is not included in Fig. 18 and 19.
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It is shown from these figures that the equivalent viscous damping rate was almost constant
and approximately 2 to 4% in the specimen whose member thickness was less than eight
times of the bolt diameter. Equivalent viscous damping rate of the specimen whose member
thickness was cight and twelve times of the bolt diameter varied 5 to 10% when the slip was
2 to 4 mm, and then it was almost constant and around 15% when the slip was larger than
4mm. This indicates that the joints having the member thickness of eight times of the bolt
diameter shows higher energy dissipation than those having the smaller member thickness.

5 Conclusions
Summarizing the results mentioned above, the following conclusions are led;

1) Yield loads obtained by “1/6 method” showed good agreement with those by “5% oft-
set method”, and they agreed also comparatively well with the calculated values by the
yield theory in the bolted joints with steel side plates and a steel center plate.

2) Yield loads obtaind from the experiments were approximately 30% smaller than the
calculated values in the dowel joints with a steel center plate because of the split of the slit
at the center of main member .

3) No significant difference of the maximum loads was observed between CEN and 1SO
draft loading protocols both in the specimens with steel side plate and a steel center plate.
4) Maximum load of the bolted joints with steel side plates in the reversed cyclic loading
reduced 10 to 40% to that of the monotonic loading, however no significant reduction of
the maximum load was observed in the dowel joints with a steel center plate.

5) Few differences of the ultimate displacement was observed between CEN and ISO draft
protocols.

6) A significant decrease of the ultimate displacement due to the reversed cyclic loading
was observed in both the specimens with steel side plates and a steel center plate.

7) In the dowel joint with a steel center plate, the ultimate displacement of the specimen
whose main member was twelve times as large as the bolt diameter was much smaller than
those having the member thickness of eight times of the bolt diameter because of the split
of the slit in the main member due to the bending deformation of a dowel.

8) Joints having the member thickness of eight times of the bolt diameter shows higher
energy dissipation than those having the smaller member thickness.
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Design of Joints with Laterally Loaded Dowels

Adrian Mischler
ETH Zurich, Wood Technology, Zurich, Switzerland

1 Introduction

The load-carrying capacity of joints with- dowel type fasteners is in most codes based on
the load-carrying capacity of the single fastener. Therefore it has been the aim of many
researchers to determine the characteristic load-carrying capacities of single fasteners
(Johansen [1949], Werner [1993]).

The following comparison between a multiple fastener connection and a single fastener
may point out, that many factors which can strongly affect the load-carrying behavior of a
multiple fastener joint are neglected in tests on single fasteners.

2 Differences between a single fastener and a multiple

fastener joint
------ l | P
" | > F ;i.'E ) f _.» F
F < } F Pe . ®
Figure la: Single fastener Figure 1b: Multiple fastener joint
- Low level of stress in timber — High level of stress in timber
— No failure of the timber member - Often failure of the timber in the
connection
— Plastic behavior of embedement — Brittle failure due to timber splitting
along the grain
~ No influence of fabrication tolerances — Fabrication tolerances have an influence
on load distribution among the fasteners
~ Hole force on one fastener — Uneveh distribution of loads among the
fasteners



The ultimaie resistance of a timber joint is not only limited by the resistance of the
fasteners but also by the resistance of the timber. The European Yield Model deals only
with the load-carrying capacity of fasteners based on the connector strength and the wood
embedement resistance. It is assumed, that no brittle failure in the timber such as splitting,
plug shear or tensile failure in the reduced cross section occurs before the fasteners reach
their ultimate resistance. Such brittle failure modes should be prevented by prescribing end
and edge distances, and fastener spacing. Recent research has shown that in multiple
fastener connections, which are commonly used in timber structures, a failure of the timber
parts is very often decisive. In these cases the failure loads are smaller than the load-
carrying capacity predicted by the European Yield Model, since the connector interaction
or group effect typically induces brittle failure modes due to stress concentrations in the
timber.

3  Factors affecting the load-carrying capacity of multiple
fastener joints

3.1 Influence of placement of fasteners

In mechanical timber joints the load in the timber member, which is distributed over the
whole cross section has to be transformed to concentrated forces in the fasteners. The
application of these concentrated forces creates high shear stresses and tensile stresses
perpendicular to the grain in the timber along the rows of fasteners (Figure 2 and 3).
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Figure 2: Load application in a mechanical timber joint.

As the timber is a non-isotropic material, concentrated forces, which are applied parallel to
grain are poorly distributed throughout the cross-section. To reach a high degree of
efficiency in a timber joint the fasteners have to be distributed over the entire section. The
shear and tensile perpendicular to grain stresses are then governed by the dowel sirength,
the dowel diameter and the placement of the dowels. It has been found that the risk of
failure in splitting and shear can be reduced by using small dowels. The load application of
many slender dowels is typically more continuous and creates lower shear stresses than
that of few larger dowels (Figure 3).
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Figure 3: Forces in timber caused by dowels of different diameter.

The effect of local stress concentrations caused by an inadequate placement of fasteners
can be shown by evaluating test results from a study by Masse, Salinas and Turnbull
[1988). The objective of this study was only to investigate the influence of the number of
rows on the load-carrying capacity of bolted timber connections. They compared the
failure Ioad of connections with 4 dowels in line and 1 or 2 rows respectively (Figure 4).
The failure loads are summarized in table 1.
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Figure 4: Specimen with 1 and 2 rows of bolts (bolt diameter = % inch.)
Timber species Connection with 1 row Connection with 2 rows
Douglas Fir 61.9kN 44.1 kN
Spruce 56.0 kN 33.8kN

Table 1;: Mean failure Ioad per bolt according to Masse, Salinas and Turnbull [1988].

Based on these tests a reduction factor, depending on the number of rows, was introduced
in the Canadian code CSA 086.1



By calculating the tensile stress in the reduced timber cross section under the assumption
that the entire cross section is effective, no timber failure would be predicted. On the other
hand by considering the local stress concentration between the two rows of dowels (Figure
5) it becomes more likely to encounter a wood failure before the bolts may reach their
load-carrying capacity according to the tests with one row. In a simplified manner, the
stress distribution across a bolt line may be approximated and the maximum stress
calculated as shown in Figure 5.
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F where d: bolt diameter
G~ t : timber thickness

2-(a, a,: spacing between rows

Figure 5: Stress distribution in the timber section.

Tensile stress in the timber between the 2 rows according to the failure loads of table 1:
Douglas-Fir o =35.7 N/mm?2
Spruce : o =274 N/'mm2

The author believes that the failure of the connections with 2 rows is caused by these high
stresses, which are dependent on the bolt and row spacing, as well as the bolt slenderness.
Therefore, the results of these tests are not proof for a reduction in strength according to
the number of rows alone. The connection resistance has to be calculated by taking into
account the many factors that govern local stress concentrations. It was found, for example,
that by distributing the dowels evenly over the whole width of the member, the stresses in
the timber are distributed almost uniformly and no reduction is needed, even for 9 rows of
fasteners (Mischler [1998]).

3.2  Influence of fabrication tolerances

For steel-to-timber connections the holes in the timber member and in the steel plates are
usually drilled separately. If the distances between the holes in the different members of
the joint are not exactly the same, an unequal load distribution among the fasteners occurs
(Wilkinson {1986]). The influence of this unequal load distribution on the load-carrying
capacity depends on the failure mode of the connection. When the connection fails in a
brittle way after only small displacements beiween the timber and the steel plates, the
fabrication tolerances strongly affect the strength of the connection. In the case of a ductile
failure mode a certain amount of load redistribution is possible after larger deformations in
the dowels.



The following connection tests on timber main membexs and steel side plates show the
influence of fabrication tolerances on both the failure foad and the stiffness. The specimens
were made of LVL Kerto-S to reduce the variance of the material properties. The test set
up is shown in Figure 6.
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dowel diameter d = 10mm

Figure 6: Test set up: Timber thickness = 32mm. => dowel slenderness ratio A = 3.2

The holes in the timber were drilled with 3 different levels of fabrication accuracy. The
measure of accuracy is the difference between the effective spacing between the holes and
the nominal value of 70 mm. The same steel plates were used for all test series. The holes
in the timber were drilled with a diameter of 10 mm and in the steel with a diameter of 12
mm. Tables 2 and 3 show the test results:

Precision of drilling Smallest spacing Largest spacing
+/- 0.05 mm 69.9 mm 70.1 mm
+/-0.25 mm 69.5 mm 70.6 mm
+/- 2.00 mm 67.5 mm 72.6 mm

Table 2: Effective spacing between the dowels
Precision of drilling Failure load Stiffness

+/- 0.05 mm 127N = 100 % 128 kN/mm = 100 %
+/- 0.25 mm 93kN = 73 % 81 kN/mm = 63 %
+/- 2.00 mm 80 kN = 62 % 3ISkN/mm = 27 %

Table 3: Influence of fabrication tolerances in steel-to-timber joints with stocky dowels.

The failure in all tests was caused by splitting of the timber. Due to the small slenderness
ratio of 3.2 the dowels were not bent.

These tests demonstrate that test results are only valid for connections, which are
manufactured with the same accuracy as the test specimens. Therefore the precision of
specimen manufacturing has to be reported in research reports, and rules concerning the
fabrication tolerances have to be introduced in design codes.



4 Load-carrying capacity of laterally loaded dowels

4.1 Bending resistance of the dowel

The load-carrying capacity of laterally loaded dowels according to the European-Yield-
Model is based on a plastic limit state model. Jobansen [1949] who has first published this
model assumed an ideal rigid-plastic behavior for both the timber and the steel dowel.
Nevertheless, he determined the bending resistance of the dowel under the assumption of a
fully elastic stress distribution, up to the plastic moment.

To accurately capture the resistance, however, a plastic design method has to be based on
the plastic resistance of the materials. Therefore the plastic bending resistance and not the
yield moment of the dowel has to be used to calculate the load-carrying capacity of
laterally loaded dowels in timber joints. This plastic bending resistance of a steel dowel is
not a constant value. It increases with larger deformations of the dowel because of strain
hardening in the steel (Figure 7).
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Figure 7: Bending behavior of a steel dowel according to Gehri and Fontana [1983]

When test results on doweled joints are used to validate a theoretical model, it is important,
that the load-carrying capacities according to this model are calculated on the basis of
effective material properties. Therefore the bending resistance of the dowel corresponding
to the dowel deformation in the joint at maximum load has to be used in the theoretical
model to determine the load-carrying capacity. This value is not only dependent on the
properties of the dowel such as diameter and steel strength, but also on the ductility of the
entire connection. If the maximum load in the joint is reached after large plastic
deformation, the bending resistance of the dowel is higher than in a joint with brittle
behavior.



4.2 Influence of timber properties

The embedding strength of timber, which is determined from tests on rigid single dowels is
the only timber property used in the plastic model. However, the stress—distribution in the
timber using a multiple—fastener joint is much more complicated than in a single-dowel-
embedding test. Therefore, in tests on multiple—fastener joints the differences among the
wood species are much more significant than in the normal embedding tests. The influence
of the timber properties is demonstrated for two identical multiple shear connections,
which were tested in specimen of softwood (spruce) and hardwood (beech). A typical load-
deformation-plot of these tests is represented in Figure 8.
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Figure 8: Typical load-slip-plot of identical joints in softwood and hardwood

The different ultimate resistance of the two joints is of course mainly caused by the higher
embedding strength of the beech. The influence of the embedding strength becomes
obvious when the resistance of the two joints are compared at the same deformation (Table
4). The tensile strength perpendicular to grain of the hardwood is much higher than that of
the softwood. Therefore the hardwood joint reaches its maximum load after larger
deformations than the softwood joint, which fails in splitting. This means that the bending
resistance of the dowel is higher in the beech joint, even if in both joints the same dowel is
used. Therefore, the ratio of failure load of the two compared joints is higher than the ratio
of the loads at the same deformation level, which corresponds to the same bending
resistance of the dowel.

Specimen density F (8 =1.9 mm) Finax
Beech = 647 keg/m’ 609 kN 777 kN
Spruce 480 kg/m’ 464 kN 491 kN
Ratio beech / spruce 135 131 1.58

Table 4: Resistance of the joints at the same deformation (8 = 1.9 mm) and failure load
(Mean values of 5 tests, according to Mischler [1998])

The efficiency of hardwood specimens in dowel joinis is very high: The embedding
strength in these hardwood specimens is higher than in softwood-specimens with the same
density. The high increase of ductility and ultimate resistance using hardwoods can only be
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observed when multiple fastener connections are tested. In connections with hardwood, no
premature brittle failure occurs, due to the high strength in shear and tension perpendicular
to the grain direction. Therefore doweled joints in hardwood can reach the full plastic load-
carrying capacity. These tests with high ductility make it clear that the plastic bending
resistance of the steel dowels is not a constant value, but increases with higher deformation
of the dowel, because of strain hardening of the steel.

4,3 Influence of elastic deformations

In the Buropean Yield Model it is assumed, that both materials the timber and the steel
show an idea! rigid plastic load-deformation behavior. All elastic deformations are
neglected.

In reality both the timber and the dowel are elastically deformed. Therefore, the embedding
stress in the timber is not constant over the whole length of the dowel (Figure 9).
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Figure 9: Embedding stress distribution along a deformed dowel.

The uneven load application of the bent dowel creates stress peaks, which may cause a
premature splitting failure in the timber. As a result of these elastic deformations in the
dowel, the theoretical limit slendemess ratio A, is in reality a range of slenderness Aoptimal =
Ay (see Figure 10).
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Figure 10a:  Test set up.
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The load-deformation plot (Figure 11) of the joints with three different timber thickness
shows that the connection with a timber thickness of 96 mm needs larger deformations to
reach the maximum load than the joint with 64 mm timber thickness. After deformations of
about 4 to 6 mm the timber fails in splitting. Therefore the ultimate resistance of doweled
joints can decrease if the slenderness ratio of the dowel is much higher than the limit
slenderness ratio Aepima as defined m Figure 10.

Connections with a dowel slenderness smaller than the limit slenderness ratio A, fail in
splitting after even shorter deformations (Figure 11: timber thickness = 32 mm).
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Figure 11: Load-deformation plot of doweled joints with different timber thickness
(dowel diameter = 10 mm for each joint)



5 Principles for the design of connections

5.1 Principles

Timber connections have to be designed according to the following three main
requirements :

- ultimate resistance

- stiffness

- ductile failure

In timber construction joints constitute the weakest points of the structure. Therefore joints
should be designed of such a kind, that they develop plastic deformations before failure
(i.e. a ductile failure mode).

The ductility of the connection has an important influence

- on the load-carrying behavior of the whole structure:
Even if the load-carrying capacity of the single joint is reduced by such a ductile
design, the ultimate strength of the whole structure may increase, because a plastic
redistribution of the internal forces becomes possible.

- On the load-carrying capacity of the joint:
The load-carrying capacity according to the European Yield Model can only be reached
when no premature brittle failure in the timber occurs. In multiple fastener connections
even small fabrication tolerances lead to an uneven load distribution among the
fasteners. A cerfain balancing of these unequal forces is possible by plastic
deformations in the joint,

For joints with multiple dowel type fasteners, ductile behavior is typically only possible if
the failure occurs after significant plastic deformation of the steel dowels. This failure
mode (Type 11, according to the European Yield Model) can be reached when fasteners of
effective slenderness ratio bigger than the limit slenderness ratio Ay are used.

To teduce the risk of timber splitting the dowel strength and the spacing among the
fasteners has to be adapted to the timber properties. The use of high strength dowels creates
higher stresses in the timber. Therefore the spacing among the dowels has to be adapted
also to the strength of the dowels. High strength dowels should generally not be used in
timber of low tensile strength perpendicular to grain.

If the resistance of the fasteners is higher than the resistance of the timber in the net
section, a brittle tensile failure occurs in the timber. Therefore an optimal adjustment of the
number of fasteners on the tensile resistance of the timber in the net section is also
necessary to avoid brittle failure.

To prevent a tensile failure the 5™ percentile of timber strength should be bigger than the
95™ percentile of the strength of the connection.

10



5.2  Verifications in joint design

The failure of a timber joint is often caused by the failure of the timber parts. Therefore
two separate verifications have to be done in the design of timber joints:

— Resistance of the timber parts in the connection
~ Resistance of the fasteners.

The verification of the timber should consider:

— the general stress distribution

~ the local stress-peaks due to the load application by the fasteners
— the reduced cross-sectional timber area in the joint.

The load application by the fasteners creates additional shear and tension perpendicular to
grain stresses in the joint. Two failures in plug shear are possible:

- shear failure of one row of dowels
- shear failure of a group of rows

To avoid the shear failure in one row the dowel strength and the spacing of the dowels has
to be adapted to the shear strength of the timber.

A failure of a group of rows is possible by inadequate placing of the dowels (Figure 12).
By applying a concentrated force parallel to grain only little distribution perpendicular to
the grain direction is possible, due to the non-isotropic properties of timber. Therefore a
reduced effective width has to be considered if the fasteners are not well distributed over
the whole width of the timber.

I— P C A R PR
| NS
- @ @ el i = B @ @
- wr e 1
5 TN . PSR ¢: IO
b €] & @ -
Figure 12: Shear failures of doweled connections and reduced effective width
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Flexural Behavior of Glulam Beams Edge-Jointed
by Lagscrews with Steel Splice Plates
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Laboratory of Structural Function
Wood Rescarch Institute, Kyoto University
Gokasyou, Uji-City, Kyoto-Pretecture, 611-0011, JAPAN

1 Introduction

Among various jointing technique for large cross-sectional glulam frame structures,
lagscrew joint with steel splice plates shown in Fig.1 might be one of the most popular
methods in Japan which is to be used on construction site for transmilting bending
moment, axial force and shear force simultancously.

i+ Steel splice plate

"

Lagscrew ?qf AP
1

i

Glul

imber cover for fire protection
(thickness : more than 25mmj)

Fig.1 Lagscrew joint with steel splice plates

In practical design situation, transmission of stresses through the end-grain surfaces of
glulam beams is usually ignored, and strength of this type of joint has been evaluated
simply by assuming a coupling moment M = gF, wherc F is a pair of axial force acling
in both stecl splice plates at tensile side and compression side, and "g" is a distance
between twa splice plates. Moreover, effect of additional deflection due 1o slip of the
joints has been ignored in most cases.

Contrary to this tradition, however, in this report a more precise calculation method for
both stiffness and strength cvaluation on this type of edge-joint will be proposed by

taking the effect of following two conditions into consideration;

1. Compression stress transmission through the end-grain surfaces of glulam beams.
2. Existence of constant compression force

-q-



2 Theory

2.1 Determination of Neutral Axis

é e9®e  ©°@@® b %
; 00 e 3 RN

) . '
Fig.2 Lagscrew diameter : d  Steel Splice (thlckness 1)

Model lagscrew  joint for the o syl iR

analysis. I I l l ] I I I I l

Fig.2 shows a model of lagscrew joint for the analysis. 1 assume that in compression
side, stress can be transmitted though the end-grain surfaces of glulam beam, while in
tensiie side, it can be transmitted though steel splice plate as shown in Fig.3-b).

| A
- ] Fig.3
. Assumption of
stresses and strain
; : 8" distribution in the
i .| .7 model lagscrew joint.
gy
a) Strain distribution b) Stress distribution

On the basis of the assumption that the strain distributes linearly as shown in Fig.3-a),

the tensile strain er is expressed by means of compression strain ec as;
— . | &t
e, =&, 1

A @ distance from outer compression surface to the neutral axis.
£ : efiective depth of beam.

where,

The corresponding stresses components are;

A
0c=Eutc . . . 2) 0T=E33T=Essc[gl ] CL3)

where,
£ . Modulus of elasticity of glulam beam.
Es . "Apparent" modulus of elasticity of steel plate.

The resultant compression force C is;

Cofiotey o[ Erte g - BEce [y, o

1)

. 4)



where,
b width of glulam beam

While, the resultant tensile Torce 7" acting in a steel splice plate is;

where,
As : cross scetional area of the steel splice plate.

An cquilibrium equation among the tensile force T, the compression force C and the
constant compression force Co is;

Co:C~T 6)

Substituting equations 4) and 5) into 6), compression strain ec is expressed as;

Co

£ == * 7)
© E.bA B4 [ gl ]
2 LA
Another equilibrium condition on the moment around geometrical center is;
21
M=C{—-+r + 7 .- 8)
3 pA
where,
M : moment due to external force.
r : distance from geometrical center to the neutral axis (refer to Fig.3).
Substituting equations 4) and 5) into 8), compression strain ec is also expressed as;
. = M
‘ [Ewbl][g £]+ E,A.g(g4) )
2 2 3 24

Putting equations 7) and 9) as equivalent, an important equation 10) can be obtained as;

Co [E,w[g«-—} + E.A,g{g—l)} = M{E.b)*-2E,4,(g-1)} ... 10)

If there is no constant compression force Co, left-hand side of the equation 10) becomes
zero, thus location of the neutral axis A can be derived from right-hand side of the
equation 10) independent from moment M as ;

EaAs ESAS
A2 25 g = 0 1D

On the other hand, if Co>0, then location of the neutral axis A must be determined by
solving cubic equation 12) as the function of both Co and moment M ;
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", M by 3 ESAS M
2 _3{5, - 6E_fi_-{.g+.__ﬂ{]l_6 [g_*..- ]gm 1Y)
2 Co EF.b 12 Co E.b

2.2 Consideratien of Slip Displacement of Lagscrews
Up to here, analysis has been excecuted by considering tensile strain e as

‘apparent strain
in the steel splice plate”. In fact, however, the actual tensile clongation at the part of
end-grain is mostly caused by slip displacement S of the lagscrews as illustrated in Fig.4.
Thus, the apparent tensile strain gr should be replaced by that which involves actual
displacement duc to slip S of the lagscrews.

L.agscrew .

Fig.4
Stip displacement  §  of
lagscrew due to tensile force
T

In this report, tensile strain er was assumed as a "mean strain " caused by the slip
displacement § of lagscrew within an "effective length L" as shown in Fig.4. Hence,
tensile stress or, tensile strain er and relationship between tensile force T and slip
displacement § were defined as;

or=—, e 52—, I'=})pi =)K.S ... 13)
4, lo
where,
I effective length of steel splice plate (refer to Fig.4)
p : force acting on each lagscrew (refer to Fig.4)
K. slip modulus of each lagscrew
§ . slip displacement of lagscrew (assumed as equal for all lagascrew based
on "rigid floor assumption". Refer to Fig.4)

Therefore, equivalent tensile rigidity of steel splice plate can be expressed as;

E‘ ‘:. [WZ;KIilD
4.,

] or E;Aa t- IUZ‘,KIE e 14)

Conscquently, location of the ncutral axis A might be determined by solving cubic
equation 15) using appropriate numerical calculation technique.

g M, l-éﬂ[§+£]g=0 ... 15)

A -3[”2“-"5; + 6f




where,

b= "en L 16)

Fig.5
Rotation & or opening S at the part of
mid-span along the end-grain surface

By referring the schematic model for the end-grain opening shown in Fig.5, the half
rotation angle 0 at the part of joint can be approximately defined as;

9._S

=7 . ].
g-A 7

Considering again an equilibrium condition among C, T, and Co as well as that of
moment M around the geometrical center, following relationship between moment M duc
to external force and the half rotation angle 0 is obtained;

Jg] (212-3gL *+6Bgh-68g%) ]9

M= [ZK. 1(8')0)[8'

3 4B(6gh-6g*-1%) . 18)
Thus, the rotational rigidity R, of half side of the joint in GLT beam is defined as;
A ) (24 %-3gh P +68g)-60g7) 19
R; = [ZK: 1(g-l)[g-“] 2 12
3 4f(6gh-6g*-L%)

From equation 18) or 19), it can be seen that moment-rotation relationship is also
dependent on moment M and constant compression force Co, thus the flexural behaviour
of lagascrew jointed GLT-beam is expected to be non-linear even if a linear slip
modulus K {or lagscrew joints is uscd.

2.4 Mid-Span Deflection of Edge-Jointed GLT Beam
According to the virtual work thcory, mid-span deflection & of an edge-jointed GLT
beam subjected to a four pints bending load as shown in Fig. 8 can be estimated as;

2 3
PRLL'-4LY) &Pl PLL .20
48ET 2GA 4R,

where,



I ¢ shear span defined in Fig.6. L : bending span length of the beam.
ET - Nexural rigidity of GLT beam.  GA : shear rigidity of GLT becam.

k @ coctlicient for shear deformation (=1.2 for rectangular cross section ).
R @ half rotational rigidity of lagscrew joint defined in eq.19).

2.5 Calculation Method

2.5.1 Initial compression force Co and tensile force T in a stecl splice plate

When a constant compression force Co is applied, a part of axial torce flows into two
steel splice plates. So, in the tensile splice plate, until tensile force T becomes larger than
this initial compression force Cy , no slip between GLT member and steel splice plate
nor end-grain opening occur. Thus, before starting calcutation, it is important to evaluate
this initial compression force Cy in tensile side steel plate.

Spring constant

Lagscrew
£ Cr Steel splice plate YK, ”V\/@V\— Fio.6
c Model u c ) & .
w0 Glulam E:> Evdw M o Parallel spring model for
|, = lo determining the initial
] - S{eelﬁsphce p}ate EK” Lag sCrew ComprCSSion force Coj

By assuming thrce parallel springs model shown in Fig.6, the initial compression force
Cy in steel splice plate is obtained as;

ZKli

Co
EWAW
22 K.+ ;

C:o ad 21)

While, tensile force T acting in a tensile splice plate is;

g i
M-Co| &=
°{z 3]

Tﬂ""r‘i]—‘ ... 22)

3

In an actual numerical calculation program, only when T is larger than (o, additional
deflection due to slip displacement of lagscrews should be accounted and should be
added to. Fig.7 shows a flow-chart of an actual numerical calculation method.

A

Enitinl data inmat
|
Enitial compressicn foree
Cpin splice plate

Calcuinte RJ.

Fig.7
Calculate additionsl Flow-chart of an actual numerical
deflection due to joint

| ' calculation method

Elsstic deflection

Determin Joscation of neutral axis
A by Newton-method No

p -2 Atakishhte | - Torgat valug
DR § LFT, 7% WS e:
A

Caleulate Total deflection




3 Experiments

3.1 Test Specimens
Four joint specimens were prepared using Douglas-fir (Pseudotsuga menziesity GLT
beams in accordance with axial compression fevel. Table 1 shows specifications for test

specimens.

3.2 Bending Test Method

Code name of
specimen

Iastener

Steetsphee

Axtal constant

LAGCOD

LAGC33

LAGCGS

LAGCLG0

B lagscrews whose diameteriSS4040 stecl

d=16mm and fenpth
I=160mm were used per
splice plate

plate foree €
0 tonf
plate of 6.5 fonf
thrckness 13.3 tonf
Plmm 20 tonf

Properties of Douvglus fir glulam bemas used
Produclion SI), JASEL05-[300 Mean 3 0F assumed = 125000kpfiom *
Cross seclion b=150mm [ h=464mm | =3000mm
Timber density 70 Fhemean =527 kgm' 8.0 .=9kgm 0=l
Moisture content MC MC-mean={2% SD=12% n=11

Table 1 Specifications for lest specimens.

Fig.8 shows a four points bending test set-up for joint specimens.

Fig.8

Servomechanical oil jack
Max. capacity : 100tonf

Four points bending

test set up.

d

l Machine cross head

b5=150mm

Ik

h=464mm

AN

Specimen: L0=6500mml

i

o

e d 72000

1.=2000
L=6000

|
T

Fig.9 shows a details of lagscrew joint.

| 17496 =496 |
cecd ceoal [mis0 g

[
¢ 16mm Lagscrew

[} ot L s 11

8—
/ Steel spilce plate +=11mm

3ld

4 Results and Discussion
Figs.10-a), b), ¢) and d) shows comparisons between observed load (P) - midspan

deflection(d).

In these calculations,

slip modulus of

Fig.9
Details of lagscrew
joint.

K=62000kgf/cm, which was

approximately determined by an non-lincar FEM analysis using a drift-pin model with
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same size as

lagscrew used in the experiments, was

used constanily up to the cnd of

calculation.
ROG0 g : —_
legos b = i s
K [a) LAGCO0O Ci=0kef o K A
Hoge z ‘ ; o s N
a . L &
PRI S : SRR /’""’j
20 ° B fa 7
-t ° : iobn
Somag s f ; 2
) ;‘ ; | E 1ot T Ty ,
e Rew pe 2 (= §60 e e Bxpermenteof ey o
CBOGE00 o2 o e Theeny 1T 4600 e
= e WD;’/. oL Expeiment S, /
: :
1064 % - 1000 s b)) LAGC3IY Co=é300kgfr—
H X
U 1 i ! ‘ o & 3 3 Filly ) {
4
0 ; 1 s 20 15 i .8 9 § 1o 1 w1
Mid-spas detiection & (em Mid-span deflection & {em)
18044 T LRGHD v .
” ]
T600i 1eoop -{4) LAGLODL..&
- L4
1460% 5 14060 Co=20 }:,W
1600 12060 N\\
e % 9 |
P Ep 0000 = 10000 ; ﬂ
I 8000 ~ 3000 g :
; . - y e Theory ]
7 600D 56000 | %5——{ ;
= =3 : ——BExperimet /
4009 1009 2
2000 1608 /
° /
g 8 3
5 ¢ 5 ) IS b 25 r 0 ; " y 10 2s
Midspan defllection & (cm) Midspan deflection & (om)

Figs.10 -a),b),c),d} comparisons between load (P) - deflection(d)
relationship observed and calculated ones.

Theoretical model proposed in this report could predict well about the "special behaviour
at the initial loading stage" where the effect of initial compression force on the stiffness
of jointed beam was dominant. Therefore, good agreements between theoretical
calculation and experimental observations were obtained especially for the specimens

having a constant axial compression forces.
For further research needs, proposal of practical design equations based on this kind of

theoretical study will be required.

Acknowledgements
This research is a part of a big research project directed by HOWTEC ( Japan Housing

and Wood Technology Center).
The author would like to thank to the f{inancial support from HOWTEC as well as to Mr.
Kotsuka from Takenaka Co. Ltd. for his contribution to the theoretical support and also

to Mr. Suzuki from Saito Timber Industry for his technical advice on production of test

specimens.






Design on Timber Capacity in nailed
Steel-to-Timber Joints

by
Jorma Kangas
VTT Building Technolopy,
Janne Vesa
Helsinki University of Technology (HUT)
Finland

1 Introduction

In design codes, nail spacings are mainly used to avoid splitting during nailing. In the case
of predrilled holes and steel-to-timber connections increased nail density is allowed. This
may lead to the exceeding of the timber capacity in the joint area, and to the unfavourable
brittle block tearing failure with reduced capacity of the joint.

Block tearing failure mode has been found in the testing of nailed steel-to-timber joints
with small nail spacings. The capacity of the nailed connection with given spacings
depends on the nail capacity up to a certain joint length, after which the block tearing
failure may occur, i.e., a block of timber will be cut out from the joint.

The failure mode was first found, when MNC-connector was tested with KertoS-LVL.
More test series with different timber materials, annular ringed shank nails, spacings and
end distances were carried out to verify the model generally. Additional test series were
conducted recently where the timber capacity was near the nail capacity of the connection.

Figure 1 - Block tearing failure in steel-to-Kerto-S-LVL joint with dense nailing.

This paper presents a simple method to design the timber capacity in nailed thick steel-to-
timber connections. The capacity is limited by the sum of the tensile and shear capacities of
timber in the effective timber area of the connection. It will also be proved that the proposed
model explains the test results of glulam rivet connections much better than does the model
of three different failure modes, which has been presented earlier.



2 Tensile Test Series

2.1 Joints with MNC-Connectors

Multiple Nail Connectors (MNC) are originally created for long-span trusses made of
Kerto-LVL. The connector consists of a 10 mm thick steel plate with 50 mm long flat cone
nails. The nails are rectangular in shape (d, x d, =3x4 mm’) and welded perpendicularly on
both sides of the plate. Each nail has a 4 mm [ong cone in the base to increase its effective
length, and the longer sides of nails are profiled to increase the anchorage strength.

Nail spacings are 40 mm (10d;) parallel to the grain (@) and 12 mm (44;) perpendicular to
the grain (a,) in a staggered arrangement. The mean nail area (a,-a;) is 9% larger than the
minimum value given in codes for nailed thick steel-to-timber connections (single reduction
of spacing).

MNC-connector was tested with KertoS-LVL and glulam for German approval. Since
1984, during 12 years, numerous test series have been carried out with MNC-connectors in
Helsinki University of Technology and in the University of Karlsruhe. Length, width and end
distances have varied widely. The number of nails in the grain direction (n) has varied
between 1,5...21 and the number of nails perpendicular to the grain (n,) in the range of 5...30.
The end distance (a3) used in most cases has been 60 mm. End distances of 107 mm and 200
mm have also been used. These test results have been published and used to model the block
tearing failure mode of steel-to-timber joints in tension [1].

2.2 Joints with dense Nailing

In the test series conducted at VTT in the spring of 1997, the steel plates used were made
of plain structural steel (Fe 52 D) and of two thicknesses: 4 mm and 6 mm depending on
the nails chosen. The nails were BMF 4,0x40 mm and BMF 6,0x60 mm annular ringed
shank nails with penetration lengths of 36 mm and 54 mm, respectively. The diameter and
depth of predrilled holes in timber were 3,5 mm and 30 mm for 4,0x40 nails, and 5,0 mm
and 50 mm for 6,0x60 nails, The diameter of predrilled holes in steel plates was 4,3 mm
and 6,5 mm, respectively.

Altogether 21 test series of three parallel test pieces were conducted, 14 of which were done
with 4 mm nails and seven with 6 mm nails. Kerto-S-LVL (figure 1) and Kerto-Q-LVL were
both used in six series and sawn timber (spruce) in nine series (figure 2). Test series were
labelled as series A, B, C and D according to the joint type. Joint lengths in Series A and C
were short with three nails in line and correspondingly series B and D were long (6 - 7 nails).

Nail spacings were chosen according to Eurocode 5, resulting in staggered nail rows. In the
test series A and D, the nail spacings of a timber-to-timber joint were reduced by a factor of
0.7 corresponding to either predrilling of timber or steel-to-timber connection, and referred to
here as a single reduction. In the test series B and C, a double reduction of 0,7x0,7 was
used corresponding to both predrilling and a steel-to-timber connection. Minimum nail
spacing a; parallel to the grain was 54 (20 mm and 30 mm) and cormrespondingly a»
perpendicular to the grain 9 mm and 13 mm,



Figure 2 - Block tearing failure in steel-to-sawn timber joint with dense nailing.

Since the steel plates were perforated according to one pattern only (minimum nail density),
appropriate nail arrangements were achieved by leaving some of the nail rows and lines
unnailed. The average nail spacings corresponded, however, to the nail density desired. These
test results were reported in CIB-meeting in Vancouver [2].

2.3 Joints with near balanced Capacities

In the test series conducted at VTT in the beginning of 1998, the perforated steel plates and
the nails used were the same as in the test series described in chapter 2.2 above. Nail
spacings and end distances were chosen to achieve near balanced nail- and timber capacities
in the joint area. Kerto-S-LVL and sawn timber (spruce) were both used. Altogether 37 nailed
test pieces were loaded, 17 of which were done with 4 mm nails and 20 with 6 mm nails.

Test series were divided in two groups. Relatively small test pieces were used to achieve
reasonable load levels also for the duration of load testing (DGL). Their maximum load was
about 50 kN. The maximum load in the other group was about 100 kN, Detailed results of
these test series will be published this year [3].

2.4 Joints with Glulam Rivets

Glulam Rivet is a flat nail (d xd, =3x6 mm?) with low-gradient cone head in order to fasten
tightly into the holes in the steel plates. Information about the test pieces is from Foschi [4].
Steel plates are fastened by glulam rivets to the sides of glulam beams made of Douglas-fir,
24f grade. The given symbols with their numeric values in the test pieces were:

- penetration A: 3 in

- number of nails perpendicular to the grain NR: 8...12

- number of nails parallel to the grain NC: 6...12

- spacing of nails parallel to the grain e, 1.2 in

- spacing of nails perpendicular to the grain ey: 0.5...1 in
- end distance dy: 2...20,5 in



3  Load-Carrying Capacity of Nailed Steel-to-Timber Joints

3.1 Basic Parameters
3.1.1 Embedding Strength

The embedding strength (f;x) can be calculated by equations (1) and (2) based on Johansen’s
theory as given in Eurocode 5 (6.3.1.2a 6.3.1.2b). Parameters affecting this material property
are the nail diameter (d) and timber density (o in kg/m3). Predrilled holes were made for the
round nails (4 mm and 6 mm), while the flat nails (3x4 mm? and 3x6 mm?) were without
-predrilling.

without predrilled holes fie=0,082pd " N/mm®. (1)
with predrilled holes fix=0,082(1-0,01d) p, N/mm’, )
3.1.2 VYield Moment

The yield moment (Myy) of rectangular nails with a minimum tensile strength 600 N/mm? of
the wire can be calculated by equation (3) presented in Eurocode 5 (6.3.1.2d). It has been
applied here for flat (d, x d,) nails by formula (4). The yield moment of annular ringed shank
nails has been calculated by the formula (5), given by the manufacturer of BMF nails.

for square nails Myx=270 ¢ Nmm. 3)
for flat square nails My =270d1d,"® Nmm. 4
for threaded nails My > 6.7-(20-d)d Nmm. (5)

3.1.2 Effective Thickness

Effective thickness of timber member in the nailed joint area ¢, is an important parameter
in calculating the timber capacity. It can be calculated by formula (6). Its function is as
follows. In a nailed thick steel-to-timber joint the nails are rigidly in steel. A typical yield
mechanism of such a joint is one with two plastic hinges - one at the interface of the steel and
timber and the other at a distance £, from this interface. A free-body diagram of a nail in
single shear is shown in Figure 3.

tor = 2{My i/ (foxd) (6)

Figure 3 - A free-body diagram of a nail

with two plastic hinges.




According to Johansen’s theory of dowel-type fasteners the embedding stresses are constant
from the surface as far as the second plastic hinge. Its distance f., effective thickness in the
block tearing model, can be solved by the equilibrium condition of the forces in figure 3.

3.2 Modelling of the Block Tearing

Shear force from the steel plate transfers to the timber member by embedding capacity of
the fasteners. It 1s logical to think that the force in timber is transferred by the tensile
stresses in the beginning of the joint and by the shear stresses along the joint surface. Due
to the plasticity the stresses in the effective areas can be assumed to be constant and in the
failure to be equal to the material capacities.

In the block tearing failure of a steel-to-timber joint, a block of timber is torn off from the
timber member. The width of this block corresponds to the width of the nailed joint, and the
depth in the area of highest tensile stresses to the distance of the second plastic hinge from the
timber surface. The fotal capacity is limited by the sum of the nail capacities (Ry) and by the
sum of the tensile and shear capacities of the timber member with the reduced dimensions, as
presented in formula (7):

R =min o (7)
berter [+ berl Sy 00

where n is the total number of nails
My is the number of nails perpendicular to the grain
A 1s the number of nails parallel to the grain

Ry is the nail capacity

bes is the effective width of the nailed area {=bn+H(4 - np) d}
by is the width of the nailed area

Lep is the effective thickness of the nailed area

/; is the length of the joint (=/+as)
IN is the length of the nailed area
as is the end distance of the timber member

Jio is the tensile strength of timber in the grain direction
fvoo  is the flatwise shear strength of Kerto-S-LVL, or the rolling shear
strength of Kerto-Q-LVL, or the shear strength of sawn timber.

3.3 Effective Width

Effective width of the nailed area (ber) is used in formula (7) to reduce the stressed area
both in tension and in shear. Formula (7) was first developed to explain the failure
mechanism in the joints of MNC-connectors and to fit the test results to the model. It has
already been presented by Kangas 1996 [1]. Width b of the joint was taken as b = npa;,
where a; was 4d or b = by+4d. The predrilling of holes and the penetrating of threaded
nails cuts the grains of timber. Therefore the width of the joint shall be reduced by the sum
of the thickness of the nails to achieve the effective width by of the nailed area, formula
(8). Also the stress distribution in shear will not be quite even, so ber is applied to the area
in shear too.



beg = b+ (4 - i) d (8)

Formula (8) s valid only for such materials that are homogeneous in the grain direction,
e.g. sawn timber and Kerto-S-LVL. For Kerto-Q-LVL and plywood, the effect of cross
veneers can be taken into account by increasing the effective width (bey) in shear by a factor
of 2b,y, where by ts the additional width of a timber block, due to the edgewise shear
capacity of cross veneers. Thus, the increased width (by') of the area under shear stresses
of Kerto-Q-LVL members equals the following:

ber’” = bep + 2h44 (9)

where bag <ay-2d
as is the edge distance of the outermost natl lines.

4 Test Results

4.1 Properties of Timber Material and Nails

When calculating the joint capacities by the proposed model the characteristic material
properties of table I have been used. Values of characteristic density (o,) are used to calculate
the embedding strength (f,,) of timber, which in turn is used with the yield moment (M,,) of
the nails to calculate the effective thickness (z,) of timber members. Characteristic tensile
(f,) and shear (f.,) strength values of timber are also given in table 1. Characteristic tensile
strength in bending (f,,,) is used with materials of large variation in tensile strength properties
(due to knots in timber).

Table 1 - The properties of timber material and nails, which are needed in calculating
timber capacity in the joint: density (o), tensile (f,,,), shear (f,,) and embedding
strength (f,,), yield moment (M ,) and effective thickness (7).

Material Naii 2 T S Fis M, t,
mm kg/m' | N/mm' | N/mm’ | N/mm’ | Nmm mm
Kerto-S-1.VL. 3x4 480 38 3 28,3 7400 18,7
4 480 38 3 37,8 6900 13,5
6 480 38 3 37,0 20300 19,1
Kerto-Q-LVL 4 480 27 1,5 37,8 6900 13,5
Kerto-Q-LVL 6 480 27 1,5 37,0 20300 19,1
Timber 3x4 380 30 3 22,4 7400 21,0
4 380 30 3 299 6900 15,1
6 380 30 3 29,3 20300 21,5
3x6 380 30 3 22,4 14200 29,1




4.2 MNC Tests

A reduction method, similar to the method presented in ECS for bolted joints, has been given
in German approval to calculate the capacities of more than six MNC nails in line with the
load direction. The load-carrying capacity of the additional nails has been reduced by 60 %
resulting in the effective number (n) of nails. This method corresponds well to the test
results obtained with Kerto-S-LVL. However, such a reduction can be used only for the
above-mentioned nail spacings and the end distance of 60 mm.

The mean load-carrying nail capacity obtained for Kerto-LVL in tests was 2.8 kN and 2.5 kN
for glulam. Figure 4 presents the mean values of test series with Kerto-S-LVL (five parallel
test pieces) and the curves calculated by formula (7) using the values from table 1.

Since the spacing of MNC-connector is constant, it was natural also to consider the capacity
of the joint as a function of number of nails in line in load direction. Due to that the curves
had to be calculated and drawn for each three end distances a3 separately in figure 4,
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Figure 4 - Mean values per nail of test series with five parallel test pieces of Kerto-S-
LVL joints with MNC connectors and the corresponding curves according to the model.

The same test results are shown as a function of the length of the joint in figure 5, which
expresses clearly the combined effect of tensile and shear capacities of timber in the joint
area. Test results of long glulam joints are fitted in the same graph,
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Figure 5 - Mean capacities of five test pieces of joints with MNC-connectors as a
function of the joint length divided by the number of the nail rows in line with the
load direction and the lines of the calculated capacities. n-Ry is the nail capacity, Ry
is the tensile and R, is the shear capacity of timber.

4.3 Tests with nailed Joints

The tests with series A resulted in clear yield of nails regardless of the material used as timber
members. Test series B and C of double reduction in spacing resulted in clear block tearing
failure with joint slip less than 2 mm. In test series D of single reduction, the dominant failure
mode was block tearing. With the test pieces of sawn timber, this was accompanied with the
yielding of nails and therefore with larger joint slips.
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Figure 6 - Shear capacity per nail of thick steel-to-timber joints and calculated timber
capacity. BMF 4.0x40 mm nails are used in sawn timber (C30).



The strength values and the calculated location of the plastic hinge (%) used in the modeliing
are presented in Table 1. Figure 6 presents the individual test results for sawn timber and 4
mm nails and the calculated capacities with single and double reduction of spacing as a
function of number of nails in line in load direction. It is casy to see the amount of reduction
of capacities with allowed densities of nailing.

Figure 7 presents all individual test results of nailed joints with different timber materials and
6 mm nails tested in VTT as a function of the length of the joint and devided by the effective
width. The lines of timber capacities are calculated by the material values given in table 1.
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Figure 7 - Shear capacity per by of nailed thick steel-to-timber joints and lines of nail
capacity (notation n;R) and timber capacity according to the model. BMF 6.0x60 mm
nails are used in (a) Kerto-S-LVL, (b) Kerto-Q-L VL and ¢) sawn timber (C30).
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4.4 Tests with Glulam Rivet Connections

Test results given by Foschi [4] were from the test series conducted at the University of
Alberta (UA) and by Littleford (L.). Number of the similar test pieces in the reported test
series varied from 1 to 6. The nail capacity P* 1.3 kips/rivet, tensile strength of timber f 5600
psi and shear strength of timber f, 650 psi were used in calculations by Foschi.

Test results, calculated tensile (R(), shear (R,) and nail (Ry) capacities by Foschi and timber
capacities R (=R+R,) by Kangas are shown in table 2. The tensile capacity of timber was not
decisive in any test series in calculations by Foschi - only shear capacity of timber and nail
capacity. While in the model of Kangas all tensile capacity of timber in effective joint area
took always part of the load. That explains the large difference between the calculated timber
capacities in column (Ry-Ry)/Rr.

Table 2 - Test results (in kips) of glulam rivet joints and calculated capacities by the
models of Foschi and ¥Kangas. The decisive failure modes by Foschi are underlined.
Relative difference between the calculated timber capacities ( R,~-Ry)/Ry (in%) are given.

Tested Foschi Kangas | R,-Ry
Test series] R R, Ry | Ry ! Ry R, Ry R4 Ry
UALI 114 | 210 | 23,2 | 185 | 37,8 | 158 | 32,5 14,2 11
UA2 36,4 | 30,1 {1 381 | 349 1 674 | 27.7 | 325 324 -15
1JA3 21,7 1221 | 257 | 23,2 1 $6.9 | 276 | 650 18,2 52
UA4 693 | 623 | 589 | 63,5 101,7 ] 513 | 650 44.9 14
UAS 355 ] 394 | 453 | 40,1 | 957 | 572 | 130,01 36,5 57
UAG6 102,5 1451 ] 123,8 ] 1994 | 152,1 | 1300 { 955 59
UA7 541 | 396 | 444 | 46,0 | 132,1 | 825 | 1950 | 54,7 51
UAS 165,51 162,0 163,81 287,2 | 270,4 | 195.0 | 146,1 85
UA9 521 1 67,1 | 59,6 | 59,6 | 132,1 | 825 | 1950 | 86,5 -5
UAIO | 210,0 210,01 2872 | 2704 | 1950 | 216,6 25
L1 120,0 | 1330 126,51 153,7 | 994 | 2496 | 111,8 -11
.2 670 | 760 | 72,0 { 71,7 | 1232} 80,5 | 1872 | 477 69
1.3 76,0 | 80,0 | 690 { 75,0 | 1232} 80,5 | 1872} 477 69
1.4 70,0 1 670 | 790 | 72,0 | 98,8 | 57.6 | 1404} 578 0
L5 74,0 | 640 67,5 | 988 | 576 | 1404 | 5738 0
L6 130,0 130,0 | 1563 | 75.6 | 124,8 | 1074 -30
L7 90,0 90,0 | 142,6 | 613 | 624 | 104,6 -41

The mean values of the test results in different test series and theoretical failure loads by
the model of Foschi are plotted in figure 8 (open symbols). The capacities of timber in the
joint area (black symbols) calculated by the mode! of Kangas have also been plotted.
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Calculated timber capacities are also given, when the nail capacity was limiting (test series
UAG6 and UAS) and when the test joint reached the nail capacity (UA10 and L7). In test series
UAS6 one test joint had timber failure and the other reached the nail capacity, in test series
UAS8 both test joints had timber failure. In both cases the model of Foschi gave timber
capacity far on the unsafe side, while the capacity in the proposed model was on the safe side.
In test series UA10 the test joint reached the nail capacity. Timber had a little capacity left
according to the proposed model, while Foschi got alot more. In test series L7 the test joint
reached the nail capacity and timber capacity were alittle fower by Foschi, while timber had
much capacity left according to the proposed model.

In many cases the timber capacity is overestimated and in some cases underestimated by the
model of Foschi. In seven of 17 test series overestimation of timber capacity was more than
50%, if the model of Kangas is giving the right values as the writers believe.

Test series UA9 was the only case, where the model of Kangas matched a little worse on
unsafe side with the test results than that of Foschi. On the other hand test series UA9 is
like the test series L1, where the spacing is similar, but the number of nails in both
directions and the end distance were a little bigger. Its capacity was 2,1-fold but
theoretically only 1,2-fold, so its relative strength was 1,75-fold. In the test arrangements or
in reporting of test series UA9 must have been something wrong.
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In seven of 17 test serics end distance a3 was between 380...520 mm. Only in test series
UA9 the calculated timber capacity was more than test result and that is explained in the
previous paragraph. It proves that end distance w3 can be as long as 0,5 m and can be
calculated to transfer its share of the load in the proposed model.

5  Design of Timber Capacity

Procedure of designing the timber capacity in the joint area of nailed steel-to-timber joints
can be done as follows, when load F, timber material, its properties and dimensions are
known.

- the nail type and size are chosen,

- effective thickness £y is calculated by formula (6),

- number of nails perpendicular to the grain ny, is chosen,

- effective width of the nailed area by is calculated by formula (8),
- tensile capacity of timber is calculated by R = fr-ber fix,

- wanted shear capacity is calculated: Ry .= - Rig,

- minimum length /; of the joint is calculated by =R 1/(ber Fox)

- timber capacity is Rrx= Rix + Ryx,

- nail capacity Rw is calculated by formula (10).

For thick steel-to-thick timber joints, the nail capacity applying Eurocode 5 is
Rux = 1,5QMy i figed)” (10)

For plastic mode of failure nail capacity Ry shall be less than fimber capacity Ry If the
calculated length of the joint is too long, the value of the tensile capacity of timber R, ought to
be increased or broader timber to be used. R, can be increased by fewer number n;, of nails
perpendicular to the grain and by increasing the value of effective thickness fr. That can be
made simply by choosing bigger nails or quite other type of nails (like glulam rivets).

Figure 9 shows in principle the effect of different strength values on the timber capacity in the
joint area of different lengths. The tensile capacity R can be affected by the selecting of the
size and type of the nail.

P Re= ffamptensDe) t Ry = {flibep) T Risimber = Re+ Ry
R+ Ry
Rv,l
R!,] + = Rl,l + Rv.l
R
Rt 2 L~ v
v > fi :Ij

Figure 9 - [ustrative diagram about the design of timber capacity in the joint area of
two cases with difierent materials.
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6 Concluding Remarks

In nailed 1imber connections, nail spacings are mainly given to avoid splitting during
nailing. In the case of predrilled holes and steel-to-timber connections increased nail
density is allowed by design codes. This leads to the exceeding of the tensile and shear
capacity of the timber member in the joint area, and the unfavourable brittle mode of
failure with reduced capacity of the joint.

The allowable nail spacings of EC5 are, therefore, found too small for nailed steel-to-
timber connections, since the reduction in nail spacings due to both predrilling and steel
connectors is not acceptable. In long timber joints, no reduction should be allowed at all,
The increase in the end distance a3 or in the joint length, however, could allow dence
nailing patterns.

Design method of timber capacity for steel-to-timber connection with cluster of nails has
been presented. The main task is to calculate the timber capacity in the joint. This method
allows a simple design procedure for this type of connection. The procedure is
advantageous, in that it permits to optimize the connection in the sense that premature
wood failures are controlled and full use is made of the load-carrying capacity of the nails.

Failure loads predicted by the model compare well with those obtained in tests carried on
with different timber materials, types and sizes of nails, sizes of the nailed area and end
distances up to half a meter. Thus design recommendations presented here can be used in
all nailed thick steel-to-timber connections.
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Timber contact in chord splices of
nail plate structures

Ari Kevarinmiki

Technical Research Centre of Fintand VT, Finland

1 Introduction

In Burocode 5 (ENV 1995-1-1 1993) the contact pressure between timber members may be
taken into account to reduce the joint force, F,, in compression provided that the gap
hetween the members has an average value not greater than 1 mm and a maximum value of
2 mni. In such cases the joint should be designed for a minimum compression force of
F /2. However, EC 5 does not give any rules for utilization of the timber contact in the
bending of chord splices.

In Nordic the countries the moment capacity of nail plate joints of chord splices with
utilization of the timher contact has been used in practical design since the 1970s. The
method was developed experimentally by Gunnar Edlund (1971, 1973). In compression the
design value of the joint normal force is 1/3 of the applied normal force of the chord (Na),
ie. the timber contact reduction is 2/3. The design equations are based on the force
couples: the moment, Mg, is analyzed as a tension force of the plate and a compression
force of the timber contact located at a distance of A/6 from the chord edge. The interaction
between the normal force and the moment is taken into account by the bi-linear capacity
curve. Theoretically the design method is clearly on the unsafe side with a big tension
force, because when the whole cross-section of the timber member is in tension there 18 NO
joint contact and no force couple for the moment.

The aim of this study was to develop new design equations suitable for use with ECS for
the chord splices with symmetrically placed nail plates, when the main direction of the nail
plate is combined with the grain direction. The work may be done by theoretical
calculations using previously developed models of the moment capacity and rotational
stiffness of nail plate joints (Kangas & Kevarinmiiki 1995, Kevarinmiiki & Kangas 1995,
Kevarinmiki 1996). The proposals for utilization of the timber contact in the chord splices
are verified with bending and eccentric tension tests on different kinds of nail plate joints.

2 Analysis model

The simplified Equations (1) - (13) are based on theoretical calculations in which the
stiffness in anchorage (the bi-linear model), the plate stiffness in the joint line and the
contact stresses of the timber have been taken into account. The calculations have been
made using different nail plate size and chord height combinations with several nail plate
types. The gap between the timber members has been taken into account and the simplified
governing conditions have been fixed so that they are on the safe side, when the value of
the gap between the timber members on the compression side is | mm.



The catculation mode! + presented in Figure 1. The pluie toicz Fy and the plate moment
M, for the anchorage and the joint line design are halt of iho-2 force and moment values
acting on the beam clement connecting the anchorage araue L each others (haif because
there are plates on boih sides). The capacity of this beam ¢lement has been determined by
the plastic joit line wind anchorage design methods proposcd for Eurocode 5 by Kangas &
Kevarinmiiki (19935,

The calculation model fulfills the conditions of equilibrium, strength and compatibility
non-lineariy by the following stiffness models and values of the elements:

o Joint gap: there is o contact stiffness before closure of the juint gap (Figure 2a).
e Linear transiational anchorage stiffness in semi-rigid node-points: kg = 2Kg, el or:

e Bi-lineur rotational anchorage stiffness (2K,) in semi-rigid node points according to
Figure 3 (Kevarinmiiki 1996).

e Plastification of steel: rigid-plastic stress-strain mode} lor the beam element that
connects the anchorage areas (Figure 2b); when the compression strength of the plate,
frc=g» 18 achieved on the edge of the plate, the gap closes and the contact clement

begins 1o function.

e Plastification of wood: rigid-plastic force-compression model for the contact elements
(Figure 2a); the maximum compression force of 4 contuct element is limited to the
compression strength of wood achieved on the whole timber cross-section described by
the actual contact element (f; o1 1/3).
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The theoretical analysis has been made with the mean strength and stitiness values of the
materials defined by the standard tests for W and FIX nail plates. The thickness of these
plates is 1.3 mm, the length of the teeth 13..15 mm and the strength classes of the steel
S350GD+Z (FIX) and S400GD+Z (W). For the compression strength of wood the
characteristic value of strength class C40 (26 N/mmz) has been used and the chord
thickness ¢ was 42 mm. The capacity calculations of example joints have been done
iteratively in a stepwise manner with checking of the strength and compatibility conditions
at every value of the load.



3 Pure bending moment

3.1 Simplified equations for plate moment and plate force

The theoretical moment capacities of example splice joints of FIX and W nail plates were
calculated with different combinations of plate sizes and chord heights and with different
values of joint gaps by the analysis model presented in Chapter 2. The relation of the sum
of plate moments M, to the chord moment M was soived in all the cases. It may be safely
concluded that the vaiue of this relation (2M4/M) is generally at most Y2. Then the
following very simple cquations may be written for the values of plate moment M, and
plate tension force Iy in the case of an symmetrical splice joint which transfers only a
bending moment M ol chord:

M, = +M ¢y
i @)
A B
where it is the height of the chord.

The equations are based on the assumption that S0 % of the bending moment of the joint
goes through the contact couple and 50 % by the moment stresses of the nail plate. The
contact point is assumed to be at a distance of /6 from the compression side of the chord.

3.2 Effects of joint gap, plate length and chord height

The theoretical calculations were made both with a joint gap vatue of zero and 1.667 mm.
The latter is the maximum gap value allowed according to Eurocode 5 for the compression
joints at the point of /6 from the edge of the member when the timber contact is utilized.
This corresponds 1o a situation in which the edge gap of compression side is 2 mm and the
tension side is in contact, when the average value of the gap is 1 mm on the centerline of
the member.

Generally the effect of the joint gap on the total bending capacity of the joint was quite
small, as shown in the example of Figure 4, where the capacity of FIX nail plate 100x160
with a chord height of 122 mm was calculated with different gap values. The joint gap has
a higger impact on the internal joint force and moment combination: with a gap value more
than 1 mm the plate moment M, obtains in certain cases a clearly higher value than M/4:
with a maximum gap value at about M/3. However, then the tension force of the plate I4
has a smaller value than is given in Equation (2}, which gives the joint a higher plate
moment capacity reserve. The total theoretical bending capacity of the joint was i all
cafculated cases with the maximum gap value at least 95 % of the joint capacity calculated
according to the simplified Equations (1) and (2).

The effect of the joint gap with different plate length values is seen in examples presented
in Figure 5. There are no joint gap effects on the joint capacity nor on the internal plate
moment values in the case of a long nail plate, where the critical factor is the plate joint
line capacity. After joint line buckling of the compression side, the gap closes and the force
couple develops as in the case of a contact joint,

With the maximum joint gap the value of the plate moment (M) becomes even smaller,
and the failure mode changes from the anchorage to the plate even though the external
moment (M) increases. This is due to the 1igid joint line: the rotations develop in the
anchorage without timber contact before the moment is so high that it leads to clear



anchorage plastification. as may be seen in Figures Sb, 6 and 7 by the plastification fuctor
of the moment anchorage k = Tyeo/faoo. Without non-linearity of the moment anchorage,
no timber contact would normally appear by the bending moment in the anchorage-critical
splice joint in the case of the maximum allowed joint gap.

The plate height - chord height refationship affects the effectiveness of the timber contact,
as may be scen by the comparison of the calculation results presented in Figures 6 and 7.
The simplified Equations (1) and (2) have been fixed for the case where the height of the
nail plate (b} is equal to the chord height (h) (Figure 6). If the nail plate is narrower than the
chord, the simplified equations are on the safe side, because then the corresponding part of
the plate moment (M.} starts to decline and the tension force (£,) of the plate starts to rise.

Bending splice joint: FIX100x 160; h=122
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4  Tension splices

4.1  Simplified equations for plate moment and plate force

An acceptable approximation of the theoretical calculations presented in Paragraph 4.2 may
be written as follows: when the applied tension force causes anchorage stresses which are
higher than half of the anchorage strength and the value of the joint gap is 1 mm, the whole
moment goes through the nail plate (Figure 8). With smailer tension forces there is contact
pressure on the compression side of timber members in fuilure of combined moment-
tension loading, The effect of tension force, N, on the value of the plate force and moment
may be then taken into account as follows:

(v all-w)) vy
‘ "V * N - #r V )"
Fow= = e e | | — 3
A ( 2 4 h ( 2. )
M, =41+, )M, (4)
TS N 1 (5)
r .flu,['l.{) A(:[' B )
where Vv is the shear force of the chord and

M. is the chord moment increased by the joint cecentricity of the shear force:
M =M+Ve (6)
where ¢ is the distance from the centroid of the effective arca to the joint line.

FA in tension when Vd =0
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o
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o e
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Md/(h Nd)
= NA/(2fa00d Aef)=0.05 - Nd/(2fa00d Aefy=0,1 ~ -~ Nd/(2fa00d Acf)=0.2
== NA/(2fa00d Aef)=0.3 e N/(2fa00d Aef)=0.4 — Nd/(2fa00dAef) >0.5

Figure 8  The relationship between the tension force acting on the nail plates, 2F4, and
the tension force affecting on the chord, Ny, in proportion to the relative chord
moment, My/(hNy), solved by the simplified Equations (3)-(5).
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4.2 Comparison calculations

The joint gap of tension splices is increased by the tension force and also by the moment if
there is contact pressure on the compression side of the joint, The value of the tension
force-moment relationship for the point where the contact pressure disappears depends on
the actual joint geometry (plate geometry and size and chord dimensions), on the anchorage
stiffness of the nail plate, on the compression strength of the plate and on the initial value
of the joint gap.

The moment capacity calculations were made as a tension force function for example joints
of FIX and W nail plates with plate lengths of 150 and 160 mm, so that the plate capacity
of the joint line and the anchorage capacity would be near each other. The plate size, chord
height and joint gap were the variables. The joint capacities were calculated also by the
present Eurocode, by Edlund’s method (Finnish Code: PLY 1983) and by the simplified
Equations (3} - (5) presented as a “proposal for EC5”. Some of these calculation results are
presented in Figures 9 - 11, The tension force arca where no contact pressure would appear
on the joint line by the moment is shown in the figures by a note IFy = 0.

From the resubts of calculations presented in Figures 9 - 11 it may been seen that when
there is no more contact pressure, the anchorage capacity curve changes from a straight fine
to a curve, which corresponds with the interaction curves of the plastic anchorage capacity
(Kevarinmiiki 1996). Also the plate capacity of the joint line has a linear dependence
(M(N)) on the timber contact, as presented in Figures 9 and 1. The failure value of the
plate moment M, is constant with all tension force values, when the timber contact is
acting, as shown in Figure 10. This means that the plate-chord moment relationship Ma/M;
depends linearly on the tension force when there is contact pressure as assumed in Eq. (10).
Splice joint: W96x150; h=100; g=1

1. 5efrremei

Joint moment M (kNm)

o
bt

i H i

0 . i : i ;
0

10 20 30 40 50
Tension force N (kN)

— Jointcapacity Mm% Plate capacity -~ ECS: ENV1995:1993
—¥— Anchorage capacily —8- Finnish Codes (PLY) —&— proposal for ECS

Figure 9 Tension-bending interaction capacity curves of a W nail plate (96x150) splice
joint for a chord height of 100 mm with a joint gap of I mm calculated by the
mean strength values. The joint is critically governed by the plate capacity of
the joint line, except in a pure tension case where the anchorage is the
governing condition. At tension load level >25 kN there is no contact pressire
in bending failure.



a) Splice joint: FIX100x160; h=122; g=0
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Figure 10 Calculated tension-bending interaction capacity curves of a FIX -nail plare

splice joint with « joint gap value of a) 0, b} 1 and c) 1.667 mm.
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The maximum value of the tension load, which stiil leads to the contact pressure of joint
line in combined tension-bending failure, depends, in addition to joint gap, on the
relationship between the heights of the plate and the chord. I the nail plate is as high as the
chord and the initial value of the joint gap is 1 mm, the [uilure contact disappears at a
tension load fevel of about 50 % of the anchorage tension capacity, as shown in Figure 9,
The smaller the height relationship between the plate and chord, the higher the tension foad
level may be with the joint contact in the combined tension-bending failure, as can be seen
by comparing Figures 9, 10 b) and 11. In the example of Figuie 11 the relationship between
the plate and chord heights is 2/3, and the maximum tension load level with contact
pressure is about 65 %.

The simplified Equations (3)-(5) have been defined for the case of the plate width equal to
the chord height, as may be seen Figure 9: the capacity line of the simplified method
combined almost exactly with the theoretical curve. In the case of Figure 11 (b = 2//3), the
simplified method is on the safe side: the biggest difference appears at a tension load level
of 27 %, where the simplified method gives about 82 % of the theoretical moment capacity.
With the maximum joint gap value of 1.667 mm at the //6 point, the simplified Equations
are still at an the acceptable level, so long as the nail plate width is at most 80 % of the
chord height (Figure 10 ¢)).

The present Eurocode method (ECS 1993) is generally very conservative in combined
tension-bending loading of chord splices, especially in the cases of big moments. In a pure
bending case the joint capucity calculated according to ECS may be less than 40 % of the
theoretical capacity, when the same mean values for the strength properties are used 1n both
calculations (sec Figure 11). The low bending capacity is due to the governing condition of
the plate buckiing in the joint line, which is not allowed by ECS. With higher tension
forces and no timber contact, the results of the EC3 method differs from the theoretically
calculated anchorage capacity due to the different anchorage design criteria.

Splice joint: FIX149x160; h=223; g=1

Joint moment M {(kNm)

0 20 40 ' 60 T80
Tension [orce N (kN)

Joint capacity M ~¥&- Plale capacity -3+ ECS: ENVi995:1993
~¥- Anchorage capacity —®— Finnish Codes (PLY) ~a& proposal for ECS

Figure L1 Tension-bending interaction capacity curves of « FIX nail plate (149x160)
splice joint for a chord height of 223 mm with a joint gap of 1 mm calculated
by the mean strength values.
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The moment capacitics of example joints were also calculated by Edlund’s method
according to the old Finnish Code (PLY 1983). Generally these formulae give a resultr that
is quite close to that calculated theoretically, although Edlund’s method is hased, in the
case of a big tension force, on the impossible concept of a contact compression and plate
tension force couple. However, the experimentatly determined reduction factor, %, s on
the right levei also by these calculated examples. The pure moment capacity of Edlund’s
method is slightly conservative: in the calculated cases it was at most about 15 % below the
theoretical moment capacity.

The tension-bending interaction capacity of Edlund’s method may be on the unsafe side in
the case of a plate capuacity critical joint (Figure 9) or in the case of the narrow nail plate
compared (o the chord height (Figure 11). In these cuses the biggest differences appeared in
the area where the tension load level from the pure tension capacity was 50..65 %. There
the theoretical moment capacity was exceeded at most by 20 % .

5  Compression splices

5.1  Simplified methods

According to Eurocode 5 (1993), half of the compression force may be transferred by the

timber contact. If this assumption is connected to the simplified Equations (1) and (2)

defined for a pure bending case, the compression force per plate is calculated as:
N M

A4 4k

and the bending moment M, by Equation (1). This simplification means that, when the

moment is high enough(M > Ni/3), the plate force will be in tension at joint failure. This

leads to totally different plate force and plate moment values to those presently given in
Eurocode 5, as shown in Figure 12.

(N

4

According to the theoretical calculations the assumption (7 & 1) is conservative, especially
with high compression force values. A more accurate result would be obtained by the
following simplified equations, where the effectiveness of the timber contact depends on
the relationship between the chord’s compression force, N, and the anchorage capacity and
the compression capacity of timber ().

When N<1F =5 foth:

2 .
| N 3MJa+a) (v 2
F, = - +f =
A 4 4 i 2 ®
My s+(1-p M, )
3fa(]0 Acf' : N
here = =l <] and = — <05
where n ( > N | n M, vy ) (10, 1)
When N >3 F =5 f.oth:
N{ 3N Lovy
F, == =41 + = and M, =+M, 12,13
& 20( fenth ] (2) o AT ( )

1
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5.2  Comparison calculations

The theoretical calculations for the moment capacity of the example joints were made with

a compression force (N) step of 5 kN. The following four different types of the joint

behavior may be observed in combined compression-moment failure, depending on the

value of the compression force:

1. The compression force is so small that the compression capacity of the wood has not
heen achieved on the contact side (¥ < F.). The plate force (¥4) is in tension and the
critical factor is the anchorage or the plate tension capacity in the joint hne.

b2

The compression strength of the wood has been achieved on the contact side to a chord
height of h/3 (F) = F,). However, there is still axial tension force in the nail plates (Fy >
0). The failure criteria are the anchorage or the plate’s joint line capacity. On the joint
linc there may be tension failure or the compression capacity of the plates is exceeded
on the contact side due to the high moment (denoted in the figures by “plate
plastification™).



3. The external axial force is already so high that also the normal force of the plate 1s in
compression (F4 < 0). The height of the contact zone is, however, less than 2/3h, so
there is no force in the lower contact element of Figure | (/2 = 0). The critical factor is
the compression capacity of the plates.

4. The external normal force is so high, and, on the other hand, the moment is so small,
that the height of the joint’s contact zone is greater than 2/3 (denoted in figures by “F
compression”). When the normal force is high enough. the whole cross section of the
timber is in compression, and theoretically then there is no need for any nail plates in
pure interaction of the force and moment. This is possible when M < NA/6. In such a
case, the joint would not limit the capacity of the timber member if no nail plates were
used. To prevent this, the analysis model was corrected in this region so that the plate
moment (M,) obtains a constant value corresponding to the plate moment calculated in
the failure with the external normal force value which gives the joints a contact zone
height of 2/3/. In that region the failure load depends on the compression capacity of the
plates or on the timber member’s capacity in combined compression and bending.

The simplified Equations (8) - (13) have been defined by taken these different joint
behaviors into account. The comparisons between the theoretical results and the calculated
simplified capacities of some examples are shown in Figures 14 - 16. The factors v and p.
of the simplified Equations are fixed so that the normal force-moment capacity curve are
always on the safe side when the nail plate height is less than 90 % of the chord height and
the maximum joint gap is less than { mm. The simplified method is clearly on the safe side
with narrower nail plates (lower b/h relation), as may be seen in Figure 15. When the nail
plate height is equal to the chord height, the simplified method may, within a certain range,
give higher moment capacitics than the theoretical model. However, this difference is
insignificant (Figure 16). Also the impact of the joint gap on the joint capacity 18
insignificant in the joint behavior regions 2, 3 and 4, where the contact side of the joint is
plastified. With Jower compression force values the effectiveness of the joint gap is smaller
than in the pure bending case (Figure 14).
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Figure 14 Calculated compression-bending interaction capacity curves of a FIX nail
plate splice joint with joint gap values of a) 0 and b) 1.67 mm.

The use of more simplified Equations (1) and (7) with the assumption that half of the
compression force is transferred by the timber contact leads to a conservative result,
especially with high normal force values. However, it gives much better results than the
present Eurocode 5 method. The moment capacity of the compressed splice joint is really
Jow when caleulated according to the ECS, as is shown in Figures 14 - 16. The theoretically
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calculated maximum moment capacity is normally achieved al the point where failures of
the plate on the tension and compression sides are equally criticat factors, At this optimum
point the moment capacity calculated by ECS is in all cases less than 20 % of the theoreti-
cal maximum moment vialue, because the bending capacity of ECS decreases linearly as the
compression Torce increases. The conservatism of the ECS method is emphasized with the
narrow nail plates. as 15 shown in Figure 15. Also the compression-bending interaction
capacity of Ldiund’s method (the same as the Finnish Code: PLY 1983) 1s clearly
conservative, although it gives much higher capacitics than the ECS method.
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Figure 15 Compression-bending  interaction  capacity cuwrves of a FIX nail plae
(149x160) splice joint for a chord height of 223 mm with a joint gap of | mm
calculated by the mean strength values.
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Figure 16 Compression-bending interaction capacity curves of a W nail plate (90x150)
splice joint for a chord height of 100 mm with « joint gap of 1 mm calculated
by the mean strength values. The plate capacity of the joint line is the
governing condition: by tension capacity when the compression force N < 25
kN, and otherwise by the plate compression capacity. At load level N < 42 kN,
the plate normal force Fy is in tension.
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6 Comparison with test results

6.1 Bending tesis of FIX nail plate joints
The bending tests of FIX nail plate joints reported here were carried out at Helsinki
University of Technology in 1995 by the author. The dimensions of the test specimens and
load arrangements are shown in Figure 17. The wood material was Finnish spruce (Piceu
Abies). The densities and the moisture contents of the wood were measured and the mean
values are presented in Table 1. Each test series contained five similar test specimens. The
test variable was the initial value of the joint gap fixed as follows:

e (cst series number 0: no gap,

e (st series number 1: straight joint gap of 1 mm from edge to edge, and

e (est series number 2: diagonal gap of 2 mm on the compression side (Figure 18).
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Figure 17 The dimensions of the test specimens Figure 18 The joint gap in test series
and loading arrangements used in the number 2.
FIX -nail plate bending tests.

The reason for failure in all the tests was anchorage. The timber contact was developed to
the compression side in all the tests. In test series number 2 the nail plates buckled on the
compression side before the timber contact was achieved. The buckling load was between
7.5 and 9,0 kN. In tests series 0 and I no nail plate buckling was observed. The test results
and the failure moments adjusted to a moisture content of 15 weight-% and a density of
360 kg/m® arc shown in Table 1. The comparison between the test results and the
calculated mean capacities according to the theoretical model, the simplified method,
Eurocode 5 and Edlund’s method (PLY 1983) are shown.

The comparison presented in Table 1 shows that the theoretically calculated mean
capacities have a good agreement with the test results. However, in the tests the effect of
the joint gap was not so significant as the theoretical calculations show. The simplified
method corresponded well with the test results. The failure mode of the tests (anchorage)
was same as was calculated theoretically and with the simplified method.

Table 1 Bending test results and comparisons with the calculated capacities.

Test Po,, 0 My Muod Theory |Simplified| EC5-93 | PLY -83
series (kg/m?) (%) (kNm) (kNlTj) A"Imod/Mml anf!/MmI Mmud/M('ul A'IINU(!/M('G:’

0 370 129 2,575 2,383 0.963 0.996 2.461 1.196
I 383 13,1 2588 2,365 0,998 0,989 2.442 1.187
2 371 133 2428 2270 1.016 0,949 2344 1.139

Mean Myy/Mey 0.992 0.978 2.416 1,174




Edlund’s compression contact - tension plate lorce moder (PLY 1983) gives smaller
capacities. but the difference is not great: the lests resudis were only 8..22 % higher, The
critical factor of PLY s method was the anchorage in tension. The ECS method was really
conservative: the caleulated capacities were exceeded on average by a factor of 2.4. The
governing condition of =CS5 was plate bucking on the compression side of the joint line.

6.2  Bending tests by Leivo (1991)

Mika Leivo tested 150 nail plate joint specimens in his doctoral thesis (1991). The results

of the contact test specimens have been analyzed here. In the other bending tests the joint
gap was 3 mm, i.e. higher than allowed when the contact is utilized. The W nail plalc size
60x 150, was used and the dimensions of the chord members were 45x95 mm’. The test
results and the comparisons with the theories are shown in Table 2

The failure mode of the contact test specimens was anchorage, although all the calculations
showed that there should be plate tension failure, expect in the case of ECS, where
buckling failure on the compression side was the critical factor. The theoretical anchorage
capacily was a mean value of 8 % higher than the average test result, as shown in Table 2
(“Theory anc.”). The lower anchorage capacity may be due to the long-term loading
histories of the nail plate joints prior to their failure loading.

The theoretical model (“Theory 1/6”) and the simplified method were conservative: the
average fuilure load was about 1.4 times higher than calculated. When the calculations
were done on the assumption that the contact point had been sited on the chord edge, they
corresponded well with the test results (“Theory 0”). The assumption that the contact point
concentrates at a distance of 7/6 from the chord edge is conservative due to the narrow nail
plate (b/h = 0.63). However, according to ECS, this joint is not valid for a spiice joint,
because the b7k relationship should be at least 2/3. So the presented simplified method is
not 50 conservative in cases of practical splice joints.

Edlund’s method (PLY 1983) is in quite good agreement with the test results in this case,
because in bending of the narrow nail plate joint the behavior of the joint is close to that in
the force-couple model. The Eurocode method is really conservative, because the contact is
not utilized in pure bending. The calculated buckling capacity of the nail plates was exceed
in the tests on average by a factor of 3.25.

Table 2 The moment capacities of Leivo’s contact test specimens and the calculated

capacities.

Test | n | My | Muw | Theory 16| Theory O [Theory anc.| Simplified | gC5 -03 | PLY -83

series (kNm) | (KNm) | MMt A Mood/ Mot | MM 8 Moo Mt Moot Mt iM oM
ASa | 8| L1971 L1105 1,341 0,953 0,885 1,364 3,130 1,066
Asb | 8 1,324 { 1,232 1,495 1,062 0,986 1,521 3,490 1,088
AGa | 8] 1,125 1,030 1,250 0,888 0,825 1,272 2,918 0,993
Ach | 8| 1,344 | 1,231 1,494 1,001 0,986 1,520 3,487 1,187
C5a {4 1,263 | 1,160 1,408 £,000 (,929 1,432 3,286 1,119
C5b | 4| 1,194 | 1,496 1,330 1 0,945 0,878 [,353 3,105 1,057
C6a | 4] 1,285 | 1,170 1,420 1,009 0,937 1,444 1314 | 1,128
Cob | 4| 1,253 | 1,140 1,383 0,983 0,913 1,407 3,229 1,099
F5a | 9| 1,250 1,071 1,300 (0,923 0,857 1,322 3.034 1,033
F5b | 9| 1444 | 1,237 1,504 1,066 (0,990 1,527 3,504 1,193
Mean M,.,+M..q 1,394 0,990 0,920 1,418 3,254 1,108
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6.3 Bending tests by Nielsen (1996)

Jacob Nielsen examined bending test splices in his doctoral thesis (1996). The nail plate
used was from Gang-Nail Systems, type GNA 208, with a piute thickness of 1 mm and a
tooth length of 8 mm. The dimensions and loading arrangeinents of test specimens are
presented in Figure 19. The timber was Swedish spruce (Picea abies) of strength class
K-24 according to DS 413. The moisture content of the conditioned wood was about 13 %.
The bending tests were performed with three different plate sizes with symmetric and
cccentric plate locations, Only the results of the symimetrically jointed test specimens have
been analyzed here. The gap size was also a variable in Nielsen’s test series BE6, BET and
BES, being 0, 0.5 and 0.7 mm, respectively. However, the real gap sizes were measured
before the start of the test and they were clearly higher: the average values were 0.5 mm
(BEG), 1.0 mm (BE7) and 1.2 mm (BES), respectively.

The strength and stiffness values of the GNA 20S nail plates have been calculated for the
analysis by the author from the tension test results of the GNA 208 plate presented by
Nielsen & Rathkjen (1994). The following values were determined: the tension strength of
plate fig, = 263 N/mm. the anchomge strength in thc main direction fy 00, = 3.66 N/mm?

and in the weakest direction f o000, = 1 9“: N/mm the transtational stiffness modulus in
the main direction Keposer = 7.57 N/mm the rotational stiffness modulus as an average
value of translationual stiffness of the different directions Ky = 9.35 N/mm® and the
ultimate anchorage slip 8, = 1.36 mm. The compression strength value used for the GNA
208 plate, fr.o,n = 110 N/mm, is estimated from nail plates of the same type.

The bending test results and the comparisons with the theorics are shown in Table 3. The
failure type was tensile rupture of the plates in each test. The plate bucking was observed
during the test in all other cases expect in eight tests of serics BE6-8. The initial value of

the joint gap of those test specimens was less than 1.1 mm.
P P
200 800 [ 500 ., 500 l 800 200 ,,
A A l I l 7t A
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Y45
Figure 19 Dimensions of test specimens and loading arrangements (Nielsen 1 996).

Table 3 The moment capacities of Nielsen’s bending test specimens and the calculated
capacities.

Test |plate size| n | joint gap M M, | Theory |Simplified | EC5 -93:PLY -83
series {mm) (kNm) (kNm) | M, /M| M/ M | My/Mea | MM
BE!I | 76x159 [ 5 | 0,0«>1,3 1 1,60«>1.841 1,688 | I,119 1,482 5,308 | 0,771
BE3 [ 130x317] 5 | 0,1«<21,0 [ 3,00423,32| 3,172 | 1,156 1,123 3413 | 0,819
BEG-8| 103x159) 15 | 0,0+1,6 | 2,28«»3,08 | 2,619 | 1,191 1,365 4,488 | 0,882
Mean M, /M. 1,155 1,323 4403 | 0,824

The theoretical capacitics of the different test series were determined with the measured
average joint gap size. The governing condition in the calculations was the plate tension
capacity expect with the ECS method, where the compression strength of the plate was the
critical factor. The high conservatism of ECS is emphasized with the narrow nail plates,
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where the buckling cupacity of the plates is achieved with « smali moment, because the
contact pressure 3s not utilized at all. The comparison presented in Table 3 shows that the
theoreticai model and the simplified method suits well also for a thin nail plate with the
short teeth. The simpiifizd method is more on the safe side with the narrower nail plates, as
was also showed theorericaily before, However, Edlund’s miethod (PLY) leads to a solution
on the unsafe side in all these analyzed cases of the thin nail plate,

6.4  Combined bending and tension tests by Wolfe (1994)

Ronald W. Wolfe has published a study about the load capacity of nail plate joints under
combined bending and axial loads (1990). The tests series included a series of pure bending
tests (B-series), cecentric tension tests with three different eccentricity levels (C-series) and
also a serics of centric tension tests (A-series). The original test data files have been
available 10 the author. The detailed test setups are presented by Wolle, Hall and Lyles
(1991). Some strength and stiffness properties of the nail plates used have been determined
for the analysis from the tests reported in Stahl, Wolfe, Cramer and McBDonald (1994).

The nail plate used was “a 3 by 5.25 inch 20-gauge plate with a tooth density of 9 teeth per
square inch” and “the wood used was a medium density southern pine” (Wolfe 1990}, The
thickness of ”0 -gauge plate is 0.91 mm, the tooth length is 7.62 mm and there is one tooth
per 71.7 mm’. Twenty-four teeth had been removed around the center line of edch plate.
The plate size was 70x133 mm? and the effective plate arca A, was 4300 mm®. The test
joints had been fabricated using 2 by 4 standard lumber, t.e. the cross section was 38 x 89
mm®. The pieces had been tightly butted and held in alignment to produce test specimens
that were straight with no gap.

In the axial tension tests (A-series) there were 20 parallel test specimens; 8 of them failed
due to yielding of the steel, and the rest failed due to the anchorage. According to the these
tests the mean value of the tension strength of 20-gauge plate fo,, is 208 N/mm and the
anchorage strength fuo0m = 3.32 N/mm?. The compression strength of the plate, f.g. = 93
N/mm uscd in analysis, is calculated from the compression lest results of 20-gauge plate
with a gap size of 6.35 mm obtained by Stahl & al. (1994).

The force-slip dependence of 20-gauges plate may be presented according to the Foschi’s
(1977) equation:

Fo=(P+ B &) l-e kM (14)

The values of constants K, Py and P, for different loading direction combinations are
presented in Stahl & al. (1994) so that they are the best fit between standard test results.
The following mean values of strength and stiffness properties of 20-gauge p]ate used in
the m]culahons have been detmmmed using these values: f, 0000, = 2.30 N/mm®, Keoer=
12.6 N/mm? and Kpser=9.5 N/mm?’,

The bending and eccentric tension test results and the comparisons with the theories are
shown in Table 4 and graphically in Figure 20. The failure type of all these tests was tensile
rupture of the plates. In bending tests, the compression edge strands buckled before the
tension edge stands were strained to failure. The theoretical calculations were made also on
the assumption that the contact point had been sited on the chord edge (denoted as “Theory
0" in Table 4). They corresponded better with the test results than the calculations made on
the assumption that the contact point concentrates at a distance of A/6 trom the chord edge
(“Theory 1/6”). However, the conservatism of the theoretical model, and of the simplified
method, seems to result from the higher plastified steel stresses, acting on the joint line in
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combined tension and bending, than in the tension strength tests, This is possible because
in straight tension, the failure occurs after rupture of the weakest plate strand. In combined
- and more over in pure - bending, the probability that the weakest strand locates on the
fully plastified area s smaller. This is also the reason why, in this case, PLY’s method is in
such good accordance with the test result, although theorcetically it should be clearly on the
unsafe side in combined tension and bending. The situation would probably be different if
the anchorage were the critical factor.

The weakness of the ECS method also in the cases of tension splices with high moments
may be seen in Figure 20. The capacity curve of ECS combined to the simplified method,
when the tension force is so high that there is no joint contact according to Equation (5)
(N > foond.). This point of the test joints corresponds with the value of eccentricity ¢ =
M/N =499 mm.

Table 4 The results of Wolfe's combined bending and tension tests and the
calculated capacities.

Test no e = MIF M, Theory 1/6{ Theory 0 | Simplified | EC5-93 | PLY -83

series (1vun) (kNm) M, /M. M, /M MM | Mo/M M,/M.
B 10 o 0,981 1,271 0,902 1,333 3,633 1,158
CH 12 192 0,803 1,191 (3,898 i,279 2,677 1.046
CM [0 61,1 0,687 1,294 1,057 1,402 1,753 1,678
CL 10 17,6 0,376 1,241 1,129 1,297 1,297 1,042
| Mean Mu/M.y 1249 | 0996 1328 | 2,340 | 1,081

20-gauge plate 3"x5.25" (2x060 1ccti)
GO R < ¢ T etemeRSspme e ses oo S gs o .
: ; - - - -Test results, Wolfe
= Theory, /¢ point
wg——Theory, cdge point
—a— EC5: ENV194$5:1993
—&— Finnish Codes (PLY)
—&— simplified method |

I U—

Tension force (kN)

Moment (kNm)

Figure 20 Combined force-moment capacities by tests and caleulations.

7 Conclusions

In addition of the semi-rigid anchorage stiffness, also the stiffness of the plate in the joint
line (plastification), the timber contact and the effect of joint gap on them could be taken
into account already in the determination of the member forces and moments of the nail
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plate structure. However, this would lead to a heavy iterative design procedure and the
influence of these factors on the member forces and moments would not be significant. But
very big differences would be observed in the force and moment values acting on the plate
if the anaiysis were done without taking account of the timber contact and the plate
plastification (allowed buckling). The effects of these factors may be calculated
theoretically with general plate and wood properties and with certain allowed joint gaps.
Based on the results of the theoretical calculations it is possible to derive simplified
equations for the determination of plate forces and moments.

The results of the analysis of the effect of the timber-to-timber contact in chord splices is
shown and the gencral simplified method of determining the force and moment
components acting on the plate in both tension and compression loaded chord splices with
the bending moment has been derived. The simplified design method developed was
verified with the altogether 148 bending and eccentric tension tests of different kinds of
nail plate joints. The simplified method corresponds well with the test results of anchorage
failure, and it is on the safe side when the plate capacity of the joint line is the critical
factor. The conservatism of the calculation method is due to the higher plate tension
stresses developed in bending than determined in axial tension Lests,

Eurocode 5 (1993} does not give any rules for the utilization of the timber contact in
bending and, together with the weak compression strength of nail plates, this leads to a
very conservative design results in bending joints. The failure loads of the bending tests
were 2,4..5,3 times higher than the capacities calculated by ECS with the mean strength
values, and the difference is further emphasized in combined compression and bending.
The very simple assumption that 50 % of the bending moment of joint transfers through the
contact couple and 50 % by the moment stresses of the nail plate, solved with the
compression splices (Equations (1&7)), leads to much better results, as shown in the
example of Figure 21. However, EC5 is conservative also in combined tension and
bending, if the bending moment is so high that there is contact pressure on the compression
side of the joint, which has been shown also by the analysis of the eccentric tension test
results of Wolfe (1990).

35 | : . - .
1 | anchorage latlure
: <}"."\ < R ;» ——Theory
a ' :
e o § | ae sinptiticd mettiad
1 [
i 1 _—
i | w0 Eepations (12 84T |
253 - . . b e e e e — g = - s - !
_ 1
; 1 —& Eurocode §
7,
g |
x 2p e
|
-g I
I
g :
£ 15
e j o conte
5 W
i
0.5

~120

Nomnal farce A (KN (tension > ()

Figure 21  Moment-normal force capacity curves with different calculation methods for a
FIXI100x160 splice joint with a 122 mm chord height and a I mm joint gap.
The calculations have been made with the mean strength values.
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The simplified Equations (1) - (13) presented here are included in the new Finnish Design
Code for Nail Plate Structures (RTL 1998), which was accepted and taken into use on May
6, 1998. The new Finnish design rules are based on Eurocode 5, and we hope that the rules
of splice joint design will be improved also in the conversion to the official EN standard of
ENV [995-1-1.
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The fastener Yield Strength in Bending
A. Jorissen
Delft University of Technology, The Netherlands
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University of Karlsruhe, Germany

Introduction

The strength of single fastener connections with dowel type fasteners is, in Europe,
determined according to the Yield Model, first presented by K.W. Johansen (1949).
The fastener’s yield capacity and the embedment strength are both governing material
properties.

The fastener’s yield capacity in bending is often determined according to ptEN 409
(1994). Although the method, described in this standard, is meant for nails with a
diameter < 8 mm, it is also used for other dowel type fasteners, e.g. bolts. It is
discussed wether using this method for diameters > 8 mm is recommendable or not.

ENV 1995-1-1: 1993 (Eurocode 5)

For round steel bolts ENV 1995-1-1:1993 (Eurocode 5, 1994) requires that the
characteristic value for the yield moment M, is calculated according to equation (1).

0.8 £, d°

ik 6

(1

Where: £ the characteristic tensile strength.
Apparently, the fastener yield strength in bending is assumed as f, = 0.8 f, which is
shown in figure 1.

tensile strength [

post yield beham

yield strength in tension

stress

f 1 yield strangth
in bending

g

strain
ideaiyzed stress-strain relation test specimen

Figure I: Idealized stress-strain relation for mild steel bolts in tension
and the test specimen used to determine this relation.



The idealized stress-strain retation as shown in figure | is obtained with tension fests.
The test specimens used in the research described in this paper are also shown in
figure 1,

The fastener yield strength in bending is calculated according to equation (3).

A B 2)
u - (d'f)z
J, =08/, (3)

prEN 409: 1993

The bolt yield strength in bending is frequently determined according 1o

prEN 409: 1993 (1994}, although the method described in this standard is only meant
for nails with a diameter < 8 mm. According to prEN 409 the yield capacity in bending
is defined as: "bending moment at the maximum {oad sustained by a nail under test, or
the bending moment at which the nail has deformed through an angle of 45°, whichever
is the lesser".

Several bolt bending tests according to prEN 409 were carried out at the University
Fridericiana in Karlsruhe. The moment-bending angle relations for all tests are similar
and shown in figure 2.

’f\.
/7& diameter d N
)\\\ \< ) g --"”'
—

N
o EV/
-
The bolts are bent through an angte of 450 .
M 1.0
L ]
M™ st
061
04t
0.2¢
e e R E 8 5 %
45 o [degrees]
M = bending moment at an angle of 45°,
Figure 2: Bolts tested to determine the yield capacity in bending according to

prEN 409,

When bolted connections (d > 8 mm) are tested to failure, an angle of 45° 18 not
reached, even not when slender bolts are used. Especially in multiple fastencr
connections, the angle at failure load is much lower (see table 2). Consider, for



example, an angle of 15° at failure load. According to the moment-angle graph shown
in figure 2, about 75% of M* = M, where M, is the full plastic bending moment, i8
reached. For failure mode 3 according to the Johansen’s Yield Model (1949), the load
carrying capacity is reduced most compared to the value determined with full plastic
bending capacity (= M,), see figure 3. For failure mode 2, the reduction in load
carrying capacity is less. The bending capacity does not affect the load carrying
capacity of connections with rigid fasteners (failure mode 1). The failure deformations
of bolts at different failure modes are shown in figure 5.

The yield capacity in bending is determined according to equation (4).

f, = — (4)

Influence of the bending angle on the load carrying capacity

Since the fastener bending moment increases with the bending angle, the failure load
and the failure mode are both affected by this angle: failure mode 3 at low angles
(’low’ load) and failure mode 2 at high angles ("high® load), which is shown by the
slenderness ratio obtained with equation (5). An example i$ given in figure 3.

failure failure
mode 3 <{~H> mode 2

o

4= 59 mm

to=72mm

fy = 27.5 Nfmm? (p = 380 kg/m?)
fy = 500 Nfmm? (e = 45%)

15000 _—T|

o= bergding angle [degrees]
a= 5 :M=060M

o:==102 M=0.70M,
@=15. :M=077M,
@ =300 :M=0.90M,
a=45" :M=M,

R = 16940 N (a = 452

10000

16940 N \

Load carrying capacity [N]

16544 N

16000 N

15640 N

5000}

14480 N

Failure modes according to
Johansen's Yield Model (1949)

5 10 15 30 45
o = hending angle [degreas]

Figure 3: Influence of the bending angle.

Figure 3 shows that for o = 5° the load carrying capacity is reduced to 87% of the
calculated capacity according to the Yield Model with full plastic bending capacity.



For slenderness ratio’s smaller than obtained with equation {3), failure mode 2 is
governing (rigid fasteners i.e. failure mode | is not considered), otherwise failure mode
3 is governing.

f———

i
A= 139 \ij} (5)
i

It 1s assumed that the embedment strength is always reached for o > 0", Consequently,
for lower values of f, i.e. for lower bending angles, failure mode 3 is reached at a
Jower slenderness ratio. The example given in figure 3 shows that with the given timber
sizes and bolt diameter (given slenderness ratio) failure mode 2 is expected 1t the fuil
bending moment M, can be oblained, failure mode 3 is obtained at smaller moments,
i.e. smailer bending angles.

The yield capacity in bending
Both methods for the determination of the yield capacity in bending (Eurocode 5 and

prEN 409), equations (3) and (4), arc used. Only bolts M12 were tested. The results are
given in table 1.

d length mark fy
nim mm on bolt £q. (4)
head prEN 409 Eurocode 5 Eq. (3)
gquation (4) equation {3}
mean | c.ov. | mean | c.owv.
N/mm®* % N/mm’ %
10.65 130 4.6z 552 0.2 330 6 1.67
140 - 631 0.7 466 2 1.35
160 - 625 0.2
11.75 120 6.8 gfd 680 20 420 4 1.62
220 4.6 514 7
Table L Yield capacity in bending according to equations (3) and (4).

The yield capacity in bending according to prEN 409 (equation (4}) is considerably
higher than obtained with the tension test according to figure I (equation (3)), which
partly can be explained by the post yielding behaviour: while testing in bending, the
cross section is partly loaded beyond the yield strength. Therefore, Eurocode 5 assumes
f, = 0.8 £,, which is higher than the yield strength in tension.

Furthermore, the cross section reduces during the tension test when it is loaded beyond
the yield strength. Since the tension strength according to equation (2) is calculated
using the original bolt diameter ¢°, the actual tension strength is higher than calculated.
Based on these considerations, it can be concluded that the determination of the yield
capacity in bending with a bending test, i.e. prEN 409, is closer to reality than based on
a tension test.



Bending angles recorded

The bending angles presented in table 2 are obtained from about 950 tests on
symmetrical timber-to-timber connections with one to nine bolts M12.

The deformation of a dowel type fastener depends on the fastener slenderness, which is,
for the timber middle member, shown in figure 4, i.e. (a) low slenderness (rigid) results
in hardly any deformation and (¢) high slenderness results in high deformation.

by e SN S S S —

plastic hinge plastic hinge

Xf%ﬁ

Y

e T

LN | o
F \ / F
FF|Y i !\F %/ _% A0 -
g/’ 2ab/ plasticihinge
v
(a) rigid b (c} slender
Figure 4: Deformation of a dowel type fastener in the middle

member depending on the fastener slenderness.

Figure 2 shows the deformed shape of the dowel type fastener (bolt) after testing
according to prEN 409, which equals the deformed shape of the fastener shown in
figure 4 (b): angle = o, Figure 4 (b) can be considered as figure 4 (¢) with L =0,
which results in o, = 20 Consequently, to determine the fastener yield capacity in
bending the angle shown in figure 2 must be divided by two.

The bolts in the symmetrical connections deform in three different ways with shapes
shown in figure 5 and defined by Johansen (1949).

failure mode

Figure 5: Bolt (dowel) deformation observed at
the three different failure modes.



To obtain the yield moment determined by the bending angle «,, Y20, must be taken in
stead of ¢, as discussed in relation to figure 4.

The scatter in bending angles recorded is large, see table 2, which can be

explained by the scatter in timber properties and by the low size and strength
requirements for the M12 boits.

d f i, n a, a angle
mm | mm | mm mm | mm
Yo"
0 (XZO
mean” | c.o.v.
%o
10.65 | 24 | 48 I 84 i4 29
1125 | 24 | 48 ¢ 3 | 60 | 6O i2 49
3| 60 | 84 i3 62
3| 84 | 84 12 20
3| 132 | 84 18 26
1751 24 | 48 § 5| 60 | &84 10 51
9 | 60 | 84 4 48
84 | 84 9 36
9 | 132 | 84 5 79
9 | 60 | 60 0
9 | 84 | 60 5 89
10.65 | 59 72 13| 60 | 60 7 35
3 60 | 84 9 19
30 84 | 84 14 29
11.75 | 59 72 | 84 24 12 10
51 36 1 B4 3 73
51 60 84 8 19
51 84 84 5 60
51 60 1 60 11 13
51 84 60 11 20
91 60 &4 5 44
91 84 84 7 27
9 | 132 | 84 9 33
9 | 60 60 5 39
9 | 84 60 8 27
Tabie 2: Bending angles recorded.

Table 2 shows that, even for single fastener connections, an angle of 45° is never
reached. Consequently, the fastener yield capacity in bending reached in tests on double
shear connections is less than determined according to prEN 409. For multiple fastener
connections table 2 shows that the average bending angle (= Y2,) does not exceed 5°
to 10°. The fastener yield capacity in bending considered for Johansen’s Yield Model is
only 60% to 70% of the value determined according to prEN 409, see figure 2, which



results in equation (6).
M, < 070 M* (6)

Consequently, prEN 409 can only be applied to large diameter dowel type fastener for
fow bending angles.

For M, = 0.70 M*, table 2 changes in table 3.

Table 3: Yield capacity in bending according to equations (3) and (4).
f)"
d length mark .
nun mm on bolt px]'::N 409 Emogode 3
head equation (4) equation (3)
mean C.0.V. mean | C.0.V.
N/mm? % N/mm? | %
10.65 130 4.6 z 386 0.2 330 6
£40 - 442 0.7 466 2
160 - 438 0.2
11.75 120 6.8 gtd 476 20 420 4
220 4.6 360 7

Note: in equation (4) M, = 0.70 M*,

Table 3 shows that the values based on the bending test described in prEN 409 [3]
(equation (4)) and the values determined with a tension test and BEurocode 5 [2]
(equation (3)) do reasonably agree with each other.

Summary and conclusion

In this paper the determination of the fasteners yicld strength in bending for large
diameter dowel type fasteners is discussed. ENV 1995-1-1: 1993 (1994) requires a
tension test. A bending test for small diameters, (nails) is described in prEN 409: 1993
(1994), which is also frequently used for large diameters.

Since dowel type fasteners are loaded in bending, a bending test prevails for large
diameter dowels also. However, since the bending angle required in prEN 409 (= 45% is
never reached for large diameters, this required angle should be reduced {e.g. 10%).

The factor 0.8 in equations (1) and (3) given in Eurocode 5 seems to reflect bending
angles reached at failure load reasonable well.



Symbols

Main symbols:

1 thickness of the timber side members
t thickness of the timber middle member
F load

M bending moment

R resistance

f strength

d diameter

n number of fasteners in the row in the load direction (paraliel to the grain)
a, spacing

HI end distance

o angle

P density

Subseripts:

h embedment

U ujtimate

y yield

k characteristic
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A proposal for simplification of Johansen’s formulae,
dealing with the design of dowelled-type fasteners

by Frédéric ROUGER'

Abstract.

In Eurocode 3, design equations of dowel-type fasteners are based on the theory of plasticity.
Experiments have shown that these equations are well calibrated for single fasteners, but
unsafe for multiple fasteners, especially in the case of timber failures. One idea to compensate
this problem is to tend to more ductile fasteners. involving more plasticity. This paper
proposes a simplification of design equations, especially in the case of mixed modes of
failure. This approach is based on numerical methods, and therefore quite different from the
original mechanical model. The proposed equations are easy to use, but contain an additional
safety margin due to the approximations which are made. This safety can be further calibrated
by adjusting the design equations for multiple fasteners.

Introduction.

In the design of connections, equations have been formulated by Johansen [1] on the basis of
plasticity. They are incorporated in Eurocode 5 [2]. These equations have shown to be
efficient for single fasteners, but difficult to handle. Different researchers have tried to
simplify the approach ([3], [4]). This paper presents a new way of simplification, efficient but
conservative for failure modes involving timber. At the present stage, the analysis was done
for singte and double shear connections. It will be easy to extend it for other cases.

1.  Double shear connections.

1.1. Design equations according to Eurocode 5.
In Furocode 5, the design equation for a double shear connection is given by :

fn,.',dfld
05 fh,f.d't»?d ﬁ

d B2+ )
Ra =minﬁ1,]£—"'—"‘—’—“—~ 2ﬁ(]+ﬂ) + ﬂ( ﬁ)’M;‘i
2+p fh‘l,ddﬁ

; _
L 2 My fad

where f) | 4 is the design embedding strength of lateral elements,
f,, 2,418 the design embedding strength of the central element,
d is the fastener diameter,
ty and t, are the thicknesses of lateral and central elements,
M, 4 is the design yield moment of the fastener,
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The four equations represent failure modes g, h, j & k (see Figure 1)

(2) (h) () k)

Figure 1 : Failure modes of a double shear connection

1.2. The Maller approach [5]

We can consider as a {irst step that modes g and h are strictly symmetrical, by replacing t; by
1,/2. We will consider in the following modes g, j & k. According to Moller, these equations
can be represented graphically, by changing definitions :

fiy i
kl - 14y I.E.I_— (2)
v ["/[}‘.u' / Ci
and
R, =k, ‘nf_s:u‘.ﬂ:.].o’d (3)
In this case, k; is a function of k|, according to :
k, = min{ A(k,, ) )
and
Ky
ky : | (7
| e apay FPOD
A 2p . (5)
i 4 B
. 1. p

Figure 2 shows k, = f(k;) for § = 1.0
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Figure 2 : Miller curve
1.3. Numerical approach for simplification of the equations.

Experimental investigations have shown that the equations which are described ab