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INTERNATIONAL COUNCIL FOR BUILDING RESEARCH,
STUDIES AND DOCUMENTATION

WORKING COMMISSION W18 - TIMBER STRUCTURES

MEETING TWENTY-NINE

BORDEAUX, FRANCE, 26 - 29 AUGUST 1996

MINUTES

CHAIRMAN’S INTRODUCTION

The chairman H J Blass welcomed the delegates to the 29th meeting of CIB - W18 in
Bordeaux and thanked CTBA and LRBB for their organisational work.

G-H Florentin then welcomed delegates on behalf of CTBA and thanked local
industries who had supported the meeting. He noted the importance of Bordeaux to the
French timber industry and explained the work of CTBA which will move its operation
to Bordeaux in 1998. He then introduced the visits linked to the meeting.

The chairman specially welcomed H-J Larsen and R H Leicester. He then described
arrangements for the meeting.

CO-OPERATION WITH OTHER ORGANISATIONS
(a) CIB-W18B

R H Leicester presented a report. He noted the work of the group related to
hardwoods and tropical countries. Little of the work scheduled has been achieved
due to lack of funding in the developing countries represented. He outlined
solutions to the problem for discussions.

(1) dissolve CIB - W18B and bring their work very loosely under CIB - W18 and
IUFRO groups.

(i) dissolve the group but keep the work programme going in CIB - W18.
(iii) keep going as before but work to gain sponsorship for developing countries

so they could become part of CIB and attract funding to allow their delegates
to attend conferences.



Comments from the audience suggested the third solution was not practicable and
the chairman noted the main topic areas of work to be appropriate to CIB - W18
showing preference for option (ii).

(b) ISO TC165

Chairman C Stieda is now unable to attend CIB meetings. The chairman noted a
meeting of the ISO group in Kyoto in November and M Yasamura gave further
details.

(¢) RILEM

S Thelandersson could not be present and the chairman presented a report on his
behalf. RILEM had contributed to the development of timber technology with five
technical committees completing their work successfully since the late 1980’s.
Two TC’s are at present active.

W Rug had started a programme of work in TC149 - HTS on “Diagnosis and
repair of historic load - bearing timber structures” but had now been replaced as
chairman by L Uzielli.

A new group TC-MTE had been set up to be chaired by J Ehlbeck on “Test
methods for load transferring metalwork used in timber engineering”. J Ehlbeck
then explained the proposed work load and invited initial contributions from
different countries, either directly to himself or through national representatives.

(d) CEN
H-J Larsen gave a report on two areas of work:

(1))TC 250 responsible for drafting Eurocodes. ECS, at present a prestandard, had
been voted on and it was expected that support would be given to transform it into
a full standard. A group had already been set up to cover the redrafting work. The
code on fire was now complete and the final draft on bridges was almost ready for
voting.

(i1))TC 124 responsible for materials and product standards for timber structures.
Of 42 standards half were published and the rest were in advanced stages of
drafting or were being voted on. Only three standards were causing problems and

they should be completed within a year. New work is due to start redrafting
standards to new European requirements.

H-J Larsen is to be replaced as chairman of TC 250/SC5 by H J Blass.
(e) IABSE
No report

U Meierhofer noted that there would be a meeting in Innsbruck in September
1997 mainly on composite structures.



() IUFRO

No report
(g9 CIB- W85

No report
STRENGTH GRADING

Before taking the first paper H J Blass introduced P Morlier Head of LRBB, co-hosts
of the meeting.

Paper 29-5-1 The effect of edge knots on the strength of SPF MSR Lumber -
T Courchene, F Lam and J D Barrett

H J Blass asked for classification of the visual grade results and how much VQL
material was fed back for MSR; about 50% but a quality assurance tension testing
would be needed for this in practice.

Paper 29-5-2 Determination of moment configuration factors using grading
machine readings - T D G Canisius and T Isaksson

R H Leicester commented that testing modes had not been based on test data when data
was available from Leicester and Madsen. It is necessary to define what is meant by
strength; using CEN rules would make moment configuration factors unnecessary. H J
Larsen commented that the work seemed to concentrate on low level distributions
which necessarily had to be arbitrarily fixed and could not be treated too scientifically.

STRESSES FOR SOLID TIMBERS
Paper 29-6-1 Effect of size on tensile strength of timber - N Burger and P Glos

R H Leicester thought that if specimens were tested to CEN rules there would not be a
size factor because the worst apparent defect would be in the centre. In practice a factor
would be needed. U Meierhofer asked if specimens were hinged or clamped; clamped
as required by EN 508. F Rouger commented that a length effect would be included for
tensile stresses for glulam laminates based on Norwegian and Austrian work. F Lam
asked when was grading of specimens done; before testing. He was also worried by the
sample size for species. C Mettem queried on what factor test length should be
standardised; a constant length. How could results be related to work on other European
standards; a conversion factor would be needed.

Paper 29-6-2 Equivalence of in-grade testing standards - R H Leicester,
H O Breitinger and H F Fordham

H-J Larsen noted it was a pity that there were different test methods. Comparison is
needed between US and EN methods but Australasian work is of little importance to
Europe. Perhaps the European method of choosing the worst deflect is wrong. In
summary; a lot of useful work but not useable data for Europe. R H Leicester replied
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that it was the technical viewpoint that was important not the commercial market and
that Australasia tested timber in the way it is used. F Lam supported findings related to
European and N. American test method. H-J Larsen came back to say research should
be related to trade. Changes cannot be made too often to test methods as then data is
wasted. He commented that there are groups of species that are similar but that there are
materials that are different in behaviour. This makes global comparison difficult and
explains differences in research data from different countries. E Gehri commented that
the goal for design in terms of stiffness should be on the whole beam. Local stiffness is
perhaps only useful to stress rating. Thus for the stiffness the US method is better.

TIMBER JOINTS AND FASTENERS

Paper 29-7-1 A simple method for lateral load-carrying capacity of dowel-type
fasteners - J Kangas and J Kurkela

H-J Larsen commented that no new methods had been added so the nomograph
method must be identical to the ECS rules. ECS5 is not a handbook it is the law so it is
not the place for nomographs. J Ehlbeck commented the authors were right to wish to
extend information to designers as well as students.

Paper 29-7-2 Nail plate joint behaviour at low versus high load level -
T Poutanen

H-J Larsen summarised the meaning of the work to be that manufacturers would use
larger plates and less or lower grade timber. There was disagreement concerning the
acceptability of plastic design to such trusses. L. Whale felt that the conclusion of the
paper should be to ask for more guidance from the Code as to the position of node
points for design.

Paper 29-7-4 A critical review of the moment rotation test method proposed in
prEN 1075 - M Bettison, B S Choo and L R J Whale

J Ehlbeck commented that the shear test is at present in an informal annex. A Leijten
queried the measurement of rotations and measurements. L. Whale noted that
inclinometer readings agreed with transducer readings. B Kallsner felt that stiffness
results in two transitional directions could be used to derive rotational stiffness as done
by Foschi. T Poutanen queried steel stresses; basically they were within the elastic
region.

Paper 29-7-3 The moment resistance of tee and butt joint nail plate test
specimens - a comparison with current design methods -
A Reffold, L R ] Whale and B S Choo

The chairman asked if characteristic conservatism ratios had been calculated as well as
mean ratios. L. Whale explained why this was not necessary. T Poutanen queried how
the work could be related to practical accuracies. He commented on the merit of using
larger plates.



Paper 29-7-5 Explanation of the translation and rotational behaviour of
prestressed moment timber joints - A J M Leijten

No questions or comments.

Paper 29-7-6 Design of joints and frame corners using dowel-type fasteners -
E Gehri

C Mettem showed work he had undertaken comparing EC5 values with test results
relating to spacing and number of connectors. M Yasumura queried the deflection at
failure; often very ductile up to six times elastic prediction. E Gehri noted the
importance of this to design. L. Whale noted the important point on fabrication
tolerance, what should be done; if tolerances are poor a factor of 0.8 was suggested but
it was noted that higher tolerances could be achieved and a value nearer unity would
then be appropriate. H Prion queried the difference in results between hand drilled and
machine drilled dowels.

Paper 29-7-7 Quasi-static reversed-cyclic testing of nailed joints - E Karacabeyli
and A Ceccotti

F Lam queried graphs on energy dissipation for earthquake results. R H Leicester
stated that the test must simulate the earthquake resistance. H-J Larsen wished to see
conclusions related to the reduction of the test results, he was unhappy with the ASTM
method. The author replied that it was still favoured in the US. H Prion related the
work to his shear wall tests and commented on his worries concerning the number of
cycles. In an earthquake there would be very few cycles in the ductile range. E Gehri
queried the use of common nails in shear walls. The author noted that many failures
were pull through and edge distance which did not benefit from improved nails.

Paper 29-7-8 Failure of bolted joints loaded parallel to the grain: experiment
and simulation - L Davenne, L Daudeville and M Yasumura

H Blass asked how plastic deformation due to embedding would affect results.

E Gehri asked what was the orientation of the bolt to the lamination; parallel thus the
crack was in one lamella. He then commented on the combination of results for different
diameters in figure 7 which did not make sense. H Blass asked how loads determined
would compare with Johanssen’s values; the author noted this comparison should be
carried out. H J Larsen queried the angle for crack propagation, his work showed
cracks would be at quarter points of bolt diameter. H Blass checked that friction had
been considered in the finite element model. M Yasumura explained some of the
experimental results associated with the project.

LAMINATED MEMBERS
Paper 29-12-1 Development of efficient glued laminated timber - G Schickhofer

R H Leicester asked for clarification regarding European testing standards. H-J Larsen
queried the gradings and how the samples could be so different for the same grades; this
was due to adjustments which had to be made to the grading machine. He then queried
the overall modulus of elasticity results for some of the combined grade beams. N
Burger queried the derivation of the width factor; this was needed to allow comparison
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with, and use of, Norwegian results. H-J Larsen commented on the work in
relationship to the last meeting on pr EN 1194. The author and E Gehri commented that
it was important to take advantage of this comprehensive piece of work but that
manipulation in the use of tensile strength data would have to be considered to prove the
CEN rules. H-J Larsen replied that all European work must be considered. H Prion
noted that in Canada a finite element programme had been written to predict Glulam
performance. The programme would be commercially available for use with test results.
R H Leicester noted that in Australia finger joints are much closer, could this affect the
application of the results; no because normally finger joints would not be critical.

ENVIRONMENTAL CONDITIONS

Paper 29-11-1 Load duration effect on structural beams under varying climate -
influence of size and shape - P Galimard and P Morlier

H-J Larsen commented that the results concerning moisture variations where very
interesting but he wished for care in linking results to EC5 because of differences in
moisture class classifications. He asked for clarification of the loading procedure for the
time to failure and commented on the care needed in interpretation. C J Mettem
commented that the discrepancies would only relate to Service Class 3. F Lam
suggested a damage accumulation model could be used. He also noted that the
differences between sawn timber and low COV materials in the frequency of times to
failure. E Gehri commented that direction of load depends on the level of characteristic
values used and comparison is not easy. The author agreed but noted the problem of
using characteristic values when the samples were necessarily small. H-J Larsen
commented that the results had not been expected, to which the author agreed. E
Karacabeyli asked for clarification on the “forcing” of the data through fixed points
which he could not accept. U Meierhofer encouraged the measurement of moisture
gradient through the wood because it induces secondary stresses; he therefore preferred
the use of larger specimens. R H Leicester suggested data should be checked against
different models in particular one he had designed.

TIMBER BEAMS
Paper 29-10-1 Time dependent lateral buckling of timber beams - F Rouger

J Ehlbeck queried the equations used in the modified EC5 approach; the author
explained his approach which was a proposal linked to his findings. H-J Larsen asked
if the work could be linked to less slender columns; this was work to be done. H J Blass
queried the fit of results in Figure 2. The author preferred his solution as it was simpler,
R H Leicester noted the differences in the Australian procedures.

Paper 29-10-2 Determination of modulus of elasticity in bending according to
EN 408 - K H Solli

N Burger agreed but commented that the other effects of position were important, e.g.
depth. The author agreed and stated again that standardisation was essential. H-J
Larsen commented that in EN 408 they had wanted to give flexibility and they did not
think differences would be a problem. E Gehri noted that the problems were not so
great in glulam, but for sawn timber with twist, etc. differences would be significant. B
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Kallsner commented on the importance of putting the measuring points in a constant
vertical plane.

Paper 29-10-4 Relation of moduli of elasticity in flatwise and edgewise bending of
solid timber - C J Johansson, A Steffen and E W Wormuth

E Gehri commented on the difference between small test samples and structural
sections where wood could be considered a composite; this could also be related to
tension effects.

Paper 29-10-3 On determination of modulus of elasticity in bending - L Bostrom,
S Ormarsson and O Dahlblom

L. Whale commented on the commercial effect of using different E values, but more
important than standardization, was achieving the correct value. B Kallsner commented
that it was better to measure on the tension side.

STRUCTURAL STABILITY

Paper 29-15-1 Lateral resistance of wood based shear walls with oversized
sheathing materials - F Lam, H G L Prion and M He

D R Griffiths checked that the sheathing was fully free to rotate and commented on the
likely high variability between panels which would make conclusions a little difficult
from one replicate. He also noted the benefits of this sheathing system to panels with
opening and variable nail spanning. H-J Larsen commented that the shaking table work
might not be appropriate.

Paper 29-15-3 The racking resistance of timber frame walls: design by test and
calculation - D R Griffiths, V Enjily, C J Mettem and P J Steer

B Kallsner appreciated the background but could not accept that EC5 oversimplifies
the design. D R Griffiths replied noting that EC5 did not examine the internal
behaviour of the wall panels, nor the stiffness and that some equations in ECS gave silly
results. It was agreed that the two approaches could be linked. R H Leicester
commented that walls are only 50% efficient when testing whole houses and that walls
do not pick up load at the same time. The author noted the high stiffness of internal
“non structural” walls. E Karacabeyli noted work on 4.8m x 2.4m walls in Canada with
hold down of studs so that the influence of vertical load was small. The author
explained why this approach was not used in the UK and discussed the limited
performance of short wall panels with F Lam.

Paper 29-15-4 Current developments in medium-rise timber frame buildings in the
UK - C J Mettem, G C Pitts, P J Steer and V Enjily

U Meierhofer asked what lay-up of floors will be used, compartment floors and
innovative ones relocating layers for fire and sound resistance. H-J Larsen commented
on five storey buildings in Scandinavia and the problem of competition from steel. In
recent exhibitions much more interest had been expressed in steel because of the
architecture and finishes. He noted that we do not do justice to the potential of timber
and this was shown in the poor architecture of the designs put forward. R Marsh noted
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10.

that UK buyers have little appreciation of house architecture, but that design detail is
important.

Paper 29-15-2 Damage of wooden buildings caused by the 1995 Hyogo-Ken
Nanbu earthquake - M Yasumura, N Kawai, N Yamaguch and
S Nakajima

F Lam asked what acceleration is used in Japan; 0.2g. If the peak acceleration is 0.8g is
this accommodated in design; peak acceleration taken in Japan to be 0.4 - 0.5g and in
buildings designed using a code based on this there was very little damage.

Paper 29-15-5 Natural frequency prediction for timber floors - R J Bainbridge
and C J Mettem

R H Leicester queried supports of floors; two edges only, and location of
accelerometers grid of locations used, he was also interested in what was done with the
lowest frequency. H-J Larsen commented that the system tested was simple and that
this could be easily calculated there being no need therefore to test further structures. C
Mettem explained that the theory behind the correction related to a tee-beam. Full
reliance could not be put on a finite element model and a correction factor was needed. J
Konig could not understand the use of a support system on two sides. He noted the tee
beam effect to be appropriate but that it would introduce other problems. He
recommended work by Ohlsson. In orthotropic plates the lowest frequency is not the
only importance, secondary frequencies are also important. This comment and its
relevance to ECS led to discussions including C J Mettem and H-J Larsen. The latter
commented that the floor was not practical because the ceiling would have an influence
and that the test must be related to theory. R H Leicester noted Australian work in this
area and the problems relating to a damping factor the author agreed the need for a
damping ratio.

STRUCTURAL DESIGN CODES

Paper 29-102-1 Model code for the probabilistic design of timber structures -
H-J Larsen, T Isaksson and S Thelandersson

The purpose of the paper is to gain interest to set up an ad hoc working party to study
this area of work ready for the next CIB meeting in Vancouver. J Ehlbeck queried why
engineers were being asked to produce a probabilistic code for timber structures. The
first reason was for completeness with other materials and then for simplified values,
and finally for refined determination of y factors. J Ehlbeck was unhappy that there
would be great difficulty in selling another new method to designers. H-J Larsen
commented that the work was needed for code writers not designers, again this related
to the evaluation of y values. R H Leicester commented on the tail distribution; rogue
results do happen so it may not be practical to truncate the curve. He noted this study
could be useful in a teaching environment and should be linked to work in other
materials. H-J Larsen commented that Foschi’s method could not work without the
truncation. E Gehri stated it was not just academic work it was very important to
system behaviour. The discussion was very relevant to earlier discussions on Glulam.



11.

12.

13.

ANY OTHER BUSINESS

(a) Master copies of reports or changes must be sent to Karlsruhe by the end of
September.

(b) R H Leicester suggested that much work was related in detail to CEN standards.
It would help for those not familiar with CEN standards if the relevant parts could
be included in the papers. H J Blass agreed with this and urged members to
include relevant information.

(¢) J Ehlbeck queried the proposed merger of CIB W18 and CIB W18 B discussed
earlier. R H Leicester commented that the merger was the best way forward but
that he should first check this would be acceptable to the other members of CIB
W18 B. C J Mettem asked if the classification of papers could be re-analysed and
then it would be easy to include the area of simplified or appropriate codes.

VENUE AND PROGRAMME FOR NEXT MEETING
Meeting 30: Vancouver, within the period 25th-29th August 1997. F Lam will make the
necessary arrangements and the meeting will be in downtown Vancouver. H J Larsen

suggested visits should be at the end of the meeting and not within it.

Meeting 31 in 1998: an offer had been received from Finland. Suitable dates were 17-
20th August to best fit with another meeting in Lausanne.

Meeting 32 in 1999: there was a possibility of holding the meeting in Austria.

CLOSE

The chairman thanked everyone for their attendance and contributions and wished then
a pleasant journey home.
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Technical papers presented to CIB-W18(A) are identified by a code
CIB-W18(A)/a-b-c, where:

a denotes the meeting at which the paper was presented.
Meetings are classified in chronological order:

1 Princes Risborough, England; March 1973

2 Copenhagen, Denmark; October 1973

3 Delft, Netherlands; June 1974

4 Paris, France; February 1975

5 Karlsruhe, Federal Republic of Germany; October 1975
6 Aalborg, Denmark; June 1976

7 Stockholm, Sweden; February/March 1977

8 Brussels, Belgium; October 1977

9 Perth, Scotland; June 1978

10 Vancouver, Canada; August 1978

11 Vienna, Austria; March 1979

12 Bordeaux, France; October 1979

13 Otaniemi, Finland; June 1980

14  Warsaw, Poland; May 1981

15  Karlsruhe, Federal Republic of Germany; June 1982
16  Lillehammer, Norway; May/June 1983

17  Rapperswil, Switzerland; May 1984

18  Beit Oren, Israel; June 1985

19 Florence, Italy; September 1986

20  Dublin, Ireland; September 1987

21  Parksville, Canada; September 1988

22 Berlin, German Democratic Republic; September 1989
23 Lisbon, Portugal; September 1990

24 Oxford, United Kingdom; September 1991

25 Ahus, Sweden; August 1992

26 Athens, USA; August 1993

27  Sydney, Australia; July 1994

28  Copenhagen, Denmark, April 1995

29  Bordeaux, France, August 1996



O 0 0 N Dt AW

Pk R R ek e ek 3 i e e
O 000 N R W N~ O

20

100
101
102
103
104
105
106

C

denotes the subject:

Limit State Design

Timber Columns

Symbols

Plywood

Stress Grading

Stresses for Solid Timber

Timber Joints and Fasteners

Load Sharing

Duration of Load

Timber Beams

Environmental Conditions
Laminated Members

Particle and Fibre Building Boards
Trussed Rafters

Structural Stability

Fire

Statistics and Data Analysis

Glued Joints

Fracture Mechanics

Serviceability

CIB Timber Code

Loading Codes

Structural Design Codes
International Standards Organisation
Joint Committee on Structural Safety
CIB Programme, Policy and Meetings
International Union of Forestry Research Organisations

is simply a number given to the papers in the order in which they appear:

Example: CIB-W18/4-102-5 refers to paper 5 on subject 102 presented at the fourth meeting

of W18.

Listed below, by subjects, are all papers that have to date been presented to W18. When
appropriate some papers are listed under more than one subject heading.



LIMIT STATE DESIGN

1-1-1 Limit State Design - H J Larsen

1-1-2 The Use of Partial Safety Factors in the New Norwegian Design Code for Timber
Structures - O Brynildsen

1-1-3 Swedish Code Revision Concerning Timber Structures - B Noren

1-1-4 Working Stresses Report to British Standards Institution Committee BLCP/17/2

6-1-1 On the Application of the Uncertainty Theoretical Methods for the Definition of
the Fundamental Concepts of Structural Safety - K Skov and O Ditlevsen

11-1-1 Safety Design of Timber Structures - H J Larsen

18-1-1 Notes on the Development of a UK Limit States Design Code for Timber -
A R Fewell and C B Pierce

18-1-2 Eurocode 5, Timber Structures - H J Larsen

19-1-1 Duration of Load Effects and Reliability Based Design (Single Member) -
R O Foschi and Z C Yao

21-102-1 Research Activities Towards a New GDR Timber Design Code Based on Limit
States Design - W Rug and M Badstube

22-1-1 Reliability-Theoretical Investigation into Timber Components Proposal for a
Supplement of the Design Concept - M Badstube, W Rug and R Plessow

23-1-1 Some Remarks about the Safety of Timber Structures - J Kuipers

23-1-2 Reliability of Wood Structural Elements: A Probabilistic Method to Eurocode 5
Calibration - F Rouger, N Lheritier, P Racher and M Fogli

TIMBER COLUMNS

2-2-1 The Design of Solid Timber Columns - H J Larsen

3-2-1 The Design of Built-Up Timber Columns - H J Larsen

4-2-1 Tests with Centrally Loaded Timber Columns - H J Larsen and S S Pedersen

4-2-2 Lateral-Torsional Buckling of Eccentrically Loaded Timber Columns-
B Johansson

5-9-1 Strength of a Wood Column in Combined Compression and Bending with Respect
to Creep - B Kiéllsner and B Norén

5-100-1 Design of Solid Timber Columns (First Draft) - H J Larsen

6-100-1 Comments on Document 5-100-1, Design of Solid Timber Columns - H J Larsen
and E Theilgaard

6-2-1 Lattice Columns - H J Larsen

6-2-2 A Mathematical Basis for Design Aids for Timber Columns - H J Burgess

6-2-3 Comparison of Larsen and Perry Formulas for Solid Timber Columns-
H J Burgess

7-2-1 Lateral Bracing of Timber Struts - J A Simon

8-15-1 Laterally Loaded Timber Columns: Tests and Theory - HJ Larsen

17-2-1 Model for Timber Strength under Axial Load and Moment - T Poutanen

18-2-1 Column Design Methods for Timber Engineering - A H Buchanan, K C Johns,
B Madsen

19-2-1 Creep Buckling Strength of Timber Beams and Columns - R H Leicester
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Strength Model for Glulam Columns - H J Blafl

Lateral Buckling Theory for Rectangular Section Deep Beam-Columns-
H J Burgess

Design of Timber Columns - H J Blal
Format for Buckling Strength - R H Leicester
Beam-Column Formulae for Design Codes - R H Leicester

Rectangular Section Deep Beam - Columns with Continuous Lateral Restraint -
H J Burgess

Buckling Modes and Permissible Axial Loads for Continuously Braced Columns -
H J Burgess

Simple Approaches for Column Bracing Calculations - HJ Burgess
Calculations for Discrete Column Restraints - HJ Burgess

Buckling and Reliability Checking of Timber Columns - S Huang, PM Yu and
JY Hong

Proposal for the Design of Compressed Timber Members by Adopting the
Second-Order Stress Theory - P Kaiser

Symbols for Structural Timber Design - J Kuipers and B Norén

Symbols for Timber Structure Design - J Kuipers and B Norén

Symbols for Timber and Wood-Based Materials - J Kuipers and B Noren
Symbols for Use in Structural Timber Design

The Presentation of Structural Design Data for Plywood - L G Booth

Standard Methods of Testing for the Determination of Mechanical Properties of
Plywood - J Kuipers

Bending Strength and Stiffness of Multiple Species Plywood - C K A Stieda

Standard Methods of Testing for the Determination of Mechanical Properties of
Plywood - Council of Forest Industries, B.C.

The Determination of Design Stresses for Plywood in the Revision of CP 112 -
L G Booth

Veneer Plywood for Construction - Quality Specifications - ISO/TC 139.
Plywood, Working Group 6

The Determination of the Mechanical Properties of Plywood Containing Defects -
L G Booth

Comparsion of the Size and Type of Specimen and Type of Test on Plywood
Bending Strength and Stiffness - C R Wilson and P Eng

Buckling Strength of Plywood: Results of Tests and Recommendations for
Calculations - J Kuipers and H Ploos van Amstel

Methods of Test for the Determination of Mechanical Properties of Plywood -
L G Booth, J Kuipers, B Norén, C R Wilson

Comments Received on Paper 7-4-1
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7-4-3 The Effect of Rate of Testing Speed on the Ultimate Tensile Stress of Plywood -
C R Wilson and A V Parasin

7-4-4 Comparison of the Effect of Specimen Size on the Flexural Properties of Plywood
Using the Pure Moment Test - C R Wilson and A V Parasin

8-4-1 Sampling Plywood and the Evaluation of Test Results - B Norén

9-4-1 Shear and Torsional Rigidity of Plywood - H J Larsen

9-4-2 The Evaluation of Test Data on the Strength Properties of Plywood - L G Booth

9-4-3 The Sampling of Plywood and the Derivation of Strength Values (Second Draft) -
B Norén

9-4-4 On the Use of the CIB/RILEM Plywood Plate Twisting Test: a progress report -
L G Booth

10-4-1 Buckling Strength of Plywood - J Dekker, J Kuipers and H Ploos van Amstel

11-4-1 Analysis of Plywood Stressed Skin Panels with Rigid or Semi-Rigid Connections-
I Smith

11-4-2 A Comparison of Plywood Modulus of Rigidity Determined by the ASTM and
RILEM CIB/3-TT Test Methods - C R Wilson and A V Parasin

11-4-3 Sampling of Plywood for Testing Strength - B Norén

12-4-1 Procedures for Analysis of Plywood Test Data and Determination of
Characteristic Values Suitable for Code Presentation - C R Wilson

14-4-1 An Introduction to Performance Standards for Wood-base Panel Products -
D H Brown

14-4-2 Proposal for Presenting Data on the Properties of Structural Panels - T Schmidt

16-4-1 Planar Shear Capacity of Plywood in Bending - C K A Stieda

17-4-1 Determination of Panel Shear Strength and Panel Shear Modulus of Beech-
Plywood in Structural Sizes - J Ehlbeck and F Colling

17-4-2 Ultimate Strength of Plywood Webs - R H Leicester and L Pham

20-4-1 Considerations of Reliability - Based Design for Structural Composite Products -
MR O'Halloran, J A Johnson, E G Elias and T P Cunningham

21-4-1 Modelling for Prediction of Strength of Veneer Having Knots - Y Hirashima

22-4-1 Scientific Research into Plywood and Plywood Building Constructions the Results
and Findings of which are Incorporated into Construction Standard Specifications
of the USSR - I M Guskov

22-4-2 Evaluation of Characteristic values for Wood-Based Sheet Materials - E G Elias

24-4-1 APA Structural-Use Design Values: An Update to Panel Design Capacities -
A 1. Kuchar, E G Elias, B Yeh and M R O'Halloran

STRESS GRADING

1-5-1 Quality Specifications for Sawn Timber and Precision Timber - Norwegian
Standard NS 3080

1-5-2 Specification for Timber Grades for Structural Use - British Standard BS 4978

4-5-1 Draft Proposal for an International Standard for Stress Grading Coniferous Sawn
Softwood - ECE Timber Committee

16-5-1 Grading Errors in Practice - B Thunell
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16-5-2 On the Effect of Measurement Errors when Grading Structural Timber-
L Nordberg and B Thunell

19-5-1 Stress-Grading by ECE Standards of Italian-Grown Douglas-Fir Dimension
Lumber from Young Thinnings - L Uzielli

19-5-2 Structural Softwood from Afforestation Regions in Western Norway - R Lackner

21-5-1 Non-Destructive Test by Frequency of Full Size Timber for Grading - T Nakai

22-5-1 Fundamental Vibration Frequency as a Parameter for Grading Sawn Timber -
T Nakai, T Tanaka and H Nagao

24-5-1 Influence of Stress Grading System on Length Effect Factors for Lumber Loaded
in Compression - A Campos and I Smith

26-5-1 Structural Properties of French Grown Timber According to Various Grading
Methods - F Rouger, C De Lafond and A El Quadrani

28-5-1 Grading Methods for Structural Timber - Principles for Approval - S Ohlsson

28-5-2 Relationship of Moduli of Elasticity in Tension and in Bending of Solid Timber -
N Burger and P Glos

29-5-1 The Effect of Edge Knots on the Strength of SPF MSR Lumber - T Courchene,
F Lam and J D Barrett

29-5-2 Determination of Moment Configuration Factors using Grading Machine

Readings - T D G Canisius and T Isaksson

STRESSES FOR SOLID TIMBER

4-6-1 Derivation of Grade Stresses for Timber in the UK - W T Curry

5-6-1 Standard Methods of Test for Determining some Physical and Mechanical
Properties of Timber in Structural Sizes - W T Curry

5-6-2 The Description of Timber Strength Data - J R Tory

5-6-3 Stresses for EC1 and EC2 Stress Grades - J R Tory

6-6-1 Standard Methods of Test for the Determination of some Physical and Mechanical
Properties of Timber in Structural Sizes (third draft) - W T Curry

7-6-1 Strength and Long-term Behaviour of Lumber and Glued Laminated Timber under
Torsion Loads - K Mohler

9-6-1 Classification of Structural Timber - HJ Larsen

9-6-2 Code Rules for Tension Perpendicular to Grain - H J Larsen

9-6-3 Tension at an Angle to the Grain - K Méhler

9-6-4 Consideration of Combined Stresses for Lumber and Glued Laminated Timber -
K Mohler

11-6-1 Evaluation of Lumber Properties in the United States - W L Galligan and
J H Haskell

11-6-2 Stresses Perpendicular to Grain - K Mdhler

11-6-3 Consideration of Combined Stresses for Lumber and Glued Laminated Timber
(addition to Paper CIB-W18/9-6-4) - K Mohler

12-6-1 Strength Classifications for Timber Engineering Codes - R H Leicester and
W G Keating

12-6-2 Strength Classes for British Standard BS 5268 - J R Tory

13-6-1 Strength Classes for the CIB Code - J R Tory
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Consideration of Size Effects and Longitudinal Shear Strength for Uncracked
Beams - R O Foschi and J D Barrett

Consideration of Shear Strength on End-Cracked Beams - J D Barrett and
R O Foschi

Characteristic Strength Values for the ECE Standard for Timber - J G Sunley
Size Factors for Timber Bending and Tension Stresses - A R Fewell
Strength Classes for International Codes - A R Fewell and J G Sunley

The Determination of Grade Stresses from Characteristic Stresses for BS 5268:
Part 2 - A R Fewell

The Determination of Softwood Strength Properties for Grades, Strength Classes
and Laminated Timber for BS 5268: Part 2 - A R Fewell

Comment on Papers: 18-6-2 and 18-6-3 - R H Leicester
Configuration Factors for the Bending Strength of Timber - R H Leicester
Notes on Sampling Factors for Characteristic Values - R H Leicester

Size Effects in Timber Explained by a Modified Weakest Link Theory- B Madsen
and A H Buchanan

Placement and Selection of Growth Defects in Test Specimens - H Riberholt

Partial Safety-Coefficients for the Load-Carrying Capacity of Timber Structures -
B Norén and J-0 Nylander

Effect of Age and/or Load on Timber Strength - J Kuipers

Confidence in Estimates of Characteristic Values - R H Leicester

Fracture Toughness of Wood - Mode I - K Wright and M Fonselius

Fracture Toughness of Pine - Mode II - K Wright

Drying Stresses in Round Timber - A Ranta-Maunus

A Dynamic Method for Determining Elastic Properties of Wood - R Gorlacher

A Comparative Investigation of the Engineering Properties of "Whitewoods"
Imported to Israel from Various Origins - U Korin

Effects of Yield Class, Tree Section, Forest and Size on Strength of Home Grown
Sitka Spruce - V Picardo

Determination of Shear Strength and Strength Perpendicular to Grain - H J Larsen

Draft Australian Standard: Methods for Evaluation of Strength and Stiffness of
Graded Timber - R H Leicester

The Determination of Characteristic Strength Values for Stress Grades of
Structural Timber. Part 1 - A R Fewell and P Glos

Shear Strength in Bending of Timber - U Korin

Size Effects and Property Relationships for Canadian 2-inch Dimension Lumber -
J D Barrett and H Griffin

Moisture Content Adjustements for In-Grade Data - J D Barrett and W Lau

A Discussion of Lumber Property Relationships in Eurocode 5 - D W Green and
D E Kretschmann

Effect of Wood Preservatives on the Strength Properties of Wood - F Ronai

Timber in Compression Perpendicular to Grain - U Korin
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Discussion of the Failure Criterion for Combined Bending and Compression
-T A CM van der Put

Effect of Within Member Variability on Bending Strength of Structural Timber -
I Czmoch, S Thelandersson and H J Larsen

Protection of Structural Timber Against Fungal Attack Requirements and Testing-
K Jaworska, M Rylko and W Nozynski

Derivation of the Characteristic Bending Strength of Solid Timber According to
CEN-Document prEN 384 - A J M Leijten

Moment Configuration Factors for Simple Beams- T D G Canisius
Bearing Capacity of Timber - U Korin
On Design Criteria for Tension Perpendicular to Grain - H Petersson

Size Effects in Visually Graded Softwood Structural Lumber - J D Barrett, F Lam
and W Lau

Discussion and Proposal of a General Failure Criterion for Wood -
T A CM van der Put

Development of the "Critical Bearing": Design Clause in CSA-086.1 - C Lum and
E Karacabeyli

Size Effects in Timber: Novelty Never Ends - F Rouger and T Fewell

Comparison of Full-Size Sugi (Cryptomeria japonica D.Don) Structural
Performance in Bending of Round Timber, Two Surfaces Sawn Timber and
Square Sawn Timber - T Nakai, H Nagao and T Tanaka

Shear Strength of Canadian Softwood Structural Lumber - F Lam, H Yee and
J D Barrett

Shear Strength of Douglas Fir Timbers - B Madsen

On the Influence of the Loading Head Profiles on Determined Bending Strength -
L Muszyiisky and R Szukala

Effect of Test Standard, Length and Load Configuration on Bending Strength of
Structural Timber- T Isaksson and S Thelandersson

Grading Machine Readings and their Use in the Calculation of Moment
Configuration Factors - T Canisius, T Isaksson and S Thelandersson

End Conditions for Tension Testing of Solid Timber Perpendicular to Grain -
T Canisius

Effect of Size on Tensile Strength of Timber - N Burger and P Glos

Equivalence of In-Grade Testing Standards - R H Leicester, H O Breitinger and H
F Fordham

TIMBER JOINTS AND FASTENERS

1-7-1
4-7-1

4-7-2
5-7-1

5-7-2

Mechanical Fasteners and Fastenings in Timber Structures - E G Stern

Proposal for a Basic Test Method for the Evaluation of Structural Timber Joints
with Mechanical Fasteners and Connectors - RILEM 3TT Committee

Test Methods for Wood Fasteners - K Mohler

Influence of Loading Procedure on Strength and Slip-Behaviour in Testing Timber
Joints - K Mohler

Recommendations for Testing Methods for Joints with Mechanical Fasteners and
Connectors in Load-Bearing Timber Structures - RILEM 3 TT Committee
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7-7-1
7-17-2
7-7-3

7-100-1

9-7-1
9-7-2
11-7-1
12-7-1

12-7-2
12-7-3
13-7-1

13-7-2

13-7-3

13-7-4
13-7-5
13-7-6
13-7-7
13-7-8

13-7-9
13-100-4

14-7-1
14-7-2
14-7-3
14-7-4

9

CIB-Recommendations for the Evaluation of Results of Tests on Joints with
Mechanical Fasteners and Connectors used in Load-Bearing Timber Structures -
J Kuipers

Recommendations for Testing Methods for Joints with Mechanical Fasteners and
Connectors in Load-Bearing Timber Structures (seventh draft) - RILEM 3 TT
Committee

Proposal for Testing Integral Nail Plates as Timber Joints - K Mohler

Rules for Evaluation of Values of Strength and Deformation from Test Results -
Mechanical Timber Joints - M Johansen, J Kuipers, B Norén

Comments to Rules for Testing Timber Joints and Derivation of Characteristic
Values for Rigidity and Strength - B Norén

Testing of Integral Nail Plates as Timber Joints - K Mohler
Long Duration Tests on Timber Joints - J Kuipers

Tests with Mechanically Jointed Beams with a Varying Spacing of Fasteners -
K Mohler

CIB-Timber Code Chapter 5.3 Mechanical Fasteners;CIB-Timber Standard 06 and
07 - HJ Larsen

Design of Truss Plate Joints - F J Keenan
Staples - K Mohler
A Draft Proposal for International Standard: ISO Document ISO/TC 165N 38E

Load-Carrying Capacity and Deformation Characteristics of Nailed Joints -
J Ehlbeck

Design of Bolted Joints - H J Larsen
Design of Joints with Nail Plates - B Norén

Polish Standard BN-80/7159-04: Parts 00-01-02-03-04-05.
"Structures from Wood and Wood-based Materials. Methods of Test and Strength
Criteria for Joints with Mechanical Fasteners"

Investigation of the Effect of Number of Nails in a Joint on its Load Carrying
Ability - W Nozynski

International Acceptance of Manufacture, Marking and Control of Finger-jointed
Structural Timber - B Norén

Design of Joints with Nail Plates - Calculation of Slip - B Norén
Design of Joints with Nail Plates - The Heel Joint - B Kéllsner
Nail Deflection Data for Design - H J Burgess

Test on Bolted Joints - P Vermeyden

Comments to paper CIB-W18/12-7-3 "Design of Joints with Nail Plates"-
B Norén

Strength of Finger Joints - H J Larsen

CIB Structural Timber Design Code. Proposal for Section 6.1.5 Nail Plates -
NIBovim

Design of Joints with Nail Plates (second edition) - B Norén

Method of Testing Nails in Wood (second draft, August 1980) - B Norén
Load-Slip Relationship of Nailed Joints - J Ehlbeck and H J Larsen
Wood Failure in Joints with Nail Plates - B Norén
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14-7-5 The Effect of Support Eccentricity on the Design of W- and WW-Trussed with
Nail Plate Connectors - B Kéllsner

14-7-6 Derivation of the Allowable Load in Case of Nail Plate Joints Perpendicular to
Grain - K Mohler

14-7-7 Comments on CIB-W18/14-7-1 - T A CM van der Put

15-7-1 Final Recommendation TT-1A: Testing Methods for Joints with Mechanical

Fasteners in Load-Bearing Timber Structures. Annex A Punched Metal Plate
Fasteners - Joint Committee RILEM/CIB-3TT

16-7-1 Load Carrying Capacity of Dowels - E Gehri

16-7-2 Bolted Timber Joints: A Literature Survey - N Harding

16-7-3 Bolted Timber Joints: Practical Aspects of Construction and Design; a Survey -
N Harding

16-7-4 Bolted Timber Joints: Draft Experimental Work Plan - Building Research
Association of New Zealand

17-7-1 Mechanical Properties of Nails and their Influence on Mechanical Properties of
Nailed Timber Joints Subjected to Lateral Loads - I Smith, L R J Whale,
C Anderson and L. Held

17-7-2 Notes on the Effective Number of Dowels and Nails in Timber Joints - G Steck

18-7-1 Model Specification for Driven Fasteners for Assembly of Pallets and Related
Structures - E G Stern and W B Wallin

18-7-2 The Influence of the Orientation of Mechanical Joints on their Mechanical
Properties - I Smith and L R J Whale

18-7-3 Influence of Number of Rows of Fasteners or Connectors upon the Ultimate
Capacity of Axially Loaded Timber Joints - I Smith and G Steck

18-7-4 A Detailed Testing Method for Nailplate Joints - J Kangas

18-7-5 Principles for Design Values of Nailplates in Finland - J Kangas

18-7-6 The Strength of Nailplates - N I Bovim and E Aasheim

19-7-1 Behaviour of Nailed and Bolted Joints under Short-Term Lateral Load -
Conclusions from Some Recent Research - L R J Whale, I Smith and B O Hilson

19-7-2 Glued Bolts in Glulam - H Riberholt

19-7-3 Effectiveness of Multiple Fastener Joints According to National Codes and
Eurocode 5 (Draft) - G Steck

19-7-4 The Prediction of the Long-Term Load Carrying Capacity of Joints in Wood
Structures - Y M Ivanov and Y Y Slavic

19-7-5 Slip in Joints under Long-Term Loading - T Feldborg and M Johansen

19-7-6 The Derivation of Design Clauses for Nailed and Bolted Joints in Eurocode 5 -
L R J Whale and I Smith

19-7-7 Design of Joints with Nail Plates - Principles - B Norén

19-7-8 Shear Tests for Nail Plates - B Norén

19-7-9 Advances in Technology of Joints for Laminated Timber - Analyses of the

Structural Behaviour - M Piazza and G Turrini

19-15-1 Connections Deformability in Timber Structures: A Theoretical Evaluation of its
Influence on Seismic Effects - A Ceccotti and A Vignoli
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Design of Nailed and Bolted Joints-Proposals for the Revision of Existing
Formulae in Draft Eurocode 5 and the CIB Code - L R J Whale, I Smith and HJ
Larsen

Slip in Joints under Long Term Loading - T Feldborg and M Johansen

Ultimate Properties of Bolted Joints in Glued-Laminated Timber - M Yasumura,
T Murota and H Sakai

Modelling the Load-Deformation Behaviour of Connections with Pin-Type
Fasteners under Combined Moment, Thrust and Shear Forces - T Smith

Nails under Long-Term Withdrawal Loading - T Feldborg and M Johansen
Glued Bolts in Glulam-Proposals for CIB Code - H Riberholt
Nail Plate Joint Behaviour under Shear Loading - T Poutanen

Design of Joints with Laterally Loaded Dowels. Proposals for Improving the
Design Rules in the CIB Code and the Draft Eurocode 5 - J Ehlbeck and
H Werner

Axially Loaded Nails: Proposals for a Supplement to the CIB Code - J Ehlbeck
and W Siebert

End Grain Connections with Laterally Loaded Steel Bolts A draft proposal for
design rules in the CIB Code - J Ehlbeck and M Gerold

Determination of Perpendicular-to-Grain Tensile Stresses in Joints with Dowel-
Type Fasteners - A draft proposal for design rules - J Ehlbeck, R Gorlacher and
H Werner

Design of Double-Shear Joints with Non-Metallic Dowels A proposal for a
supplement of the design concept - J Ehlbeck and O Eberhart

The Effect of Load on Strength of Timber Joints at high Working Load Level -
A J M Leijten

Plasticity Requirements for Portal Frame Corners - R Gunnewijk and
A J M Leijten

Background Information on Design of Glulam Rivet Connections in CSA/CAN3-
086.1-M89 - A proposal for a supplement of the design concept - E Karacabeyli
and D P Janssens

Mechanical Properties of Joints in Glued-Laminated Beams under Reversed
Cyclic Loading - M Yasumura

Strength of Glued Lap Timber Joints - P Glos and H Horstmann
Toothed Rings Type Bistyp 075 at the Joints of Fir Wood - J Kerste

Calculation of Joints and Fastenings as Compared with the International State -
K Zimmer and K Lissner

Joints on Glued-in Steel Bars Present Relatively New and Progressive Solution in
Terms of Timber Structure Design - G N Zubarev, F A Boitemirov and
V M Golovina

The Development of Design Codes for Timber Structures made of Compositive
Bars with Plate Joints based on Cyclindrical Nails - Y V Piskunov

Designing of Glued Wood Structures Joints on Glued-in Bars - S B Turkovsky
Proposal for a Design Code for Nail Plates - E Aasheim and K H Solli
Load Distribution in Nailed Joints - H J Blass

Theoretical and Experimental Tension and Shear Capacity of Nail Plate
Connections - B Killsner and J Kangas
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Testing Method and Determination of Basic Working Loads for Timber Joints
with Mechanical Fasteners - Y Hirashima and F Kamiya
Anchorage Capacity of Nail Plate - J Kangas

Softwood and Hardwood Embedding Strength for Dowel type Fasteners -
J Ehlbeck and H Werner

A Guide for Application of Quality Indexes for Driven Fasteners Used in
Connections in Wood Structures - E G Stern

35 Years of Experience with Certain Types of Connectors and Connector Plates
Used for the Assembly of Wood Structures and their Components- E G Stern

Characteristic Strength of Split-ring and Shear-plate Connections - H J Blass,
J Ehlbeck and M Schlager

Characteristic Strength of Tooth-plate Connector Joints - H J Blass, J Ehlbeck and
M Schlager

Extending Yield Theory to Screw Connections - T E McLain
Determination of kgef for Nailed Joints - ] W G van de Kuilen
Characteristic Strength of UK Timber Connectors - A V Page and C J Mettem

Multiple-fastener Dowel-type Joints, a Selected Review of Research and Codes -
C J Mettem and A V Page
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THE EFFECT OF EDGE KNOTS ON THE STRENGTH OF SPF MSR LUMBER
by
Terry Courchene', Frank Lam? and J.D. Barrett’

ABSTRACT

An experimental program has been performed to evaluate the impact of edge knot visual
quality level on the tension and bending strengths of 1650f-1.5E 38 x 89 mm Spruce-Pine-
Fir machine stress rated lumber. A closed form solution has been developed to establish the
strength property probability distribution of a new combined grade containing visual quality
level knots. Simulations have been conducted verifying the closed form solution. The
results indicate that the amount of visual quality level material to be included in the new
grade is important. In this study, the new grade exceeded the bending strength and edge-
wise modulus of elasticity requirements but failed to meet the tension strength requirement
due to the quality and quantity of visual quality level material included in the grade mix.

INTRODUCTION

In North America, machine stress rated (MSR) lumber was introduced in the early 1960's
when the well-known principle of positive correlation between the bending strength and
stiffness of lumber was used to develop commercial grading machines such as the
Continuous Lumber Tester (CLT). During production each piece of lumber passes
lengthwise through the grading machine. As the piece travel through the machine, it is
deflected on the flat into an S-shape by a series of rollers (Figure 1).
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Figure 1. - Illustration of a CLT machine. (from Galligan et al. 1977: Machine Stress Rating: Practical
Concerns for Lumber Producers. USDA General Technical Report FPL 7.)
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The forces required to deform the piece are continuously monitored and converted into
flat-wise modulus of elasticity (MOE) estimates along the member. Based on the within

member minimum and average MOE readings, the board is put into a preliminary grade or
MOE class.

Past research has shown that lumber strength properties are affected by knot size, knot
location and slope of grain more than any other common defect (Littleford 1966, 1978,
Orosz 1977, Bolger and Rasmussen 1962, and Cramer and Goodman 1983). Based on
these results, visual quality level (VQL) restrictions have been established to reduce the
variability in strength by excluding oversized edge knots and some non-structural
appearance characteristics such as wane, warp, and general appearance from different
grades of MSR lumber even though the material met the flat-wise MOE requirements.

Littleford (1978) studied visual restrictions on the size of edge knots on unseasoned
Douglas-fir and western hemlock nominal 38 x 140 mm lumber. The material was graded
by a CLT-1 stress rating machine. Littleford (1978) showed that lumber below the average
strength, for any MOE, can be attributed to edge knots. He stated that "edge knot
restrictions arise to eliminate those pieces where the flat-wise stiffness measured by the
machine might not be a good index of the actual strength for use on edge as, for example,
joists and rafters". Further, he stated that with respect to "restrictions on the maximum size
of edge knots to be allowed in Douglas-fir and western hemlock grades...it is debatable that
such a restriction will prove to be so useful for lodgepole pine and western white spruce”.

In Canada the majority of MSR production is Spruce-Pine-Fir (SPF) material. Results
from the Canadian Lumber Properties In-grade Program indicate that SPF MSR material
tends to be governed by bending stiffness rather than strength. Therefore, the current
VQL restriction, based on Douglas Fir-Larch and Hem-Fir data, may not be suitable for the
Canadian SPF material.

The objectives of this study are: 1) to quantify the frequency of visual downgrading of SPF
MSR lumber resulting from edge knot restrictions, 2) to evaluate the relationship between
knot size and lumber strength, and 3) to provide guidance for establishing alternate VQL
rules for SPF MSR lumber.

IMPACT OF YQL ON PRODUCTION

Mill visits were conducted to quantify the impact of edge knot restriction on MSR lumber
production and to evaluate the mill practices of edge knot size determination. MSR lumber
production facilities from the following regions in British Columbia were studied: Interior,
Cariboo, and Kooteney or Rocky Mountain. These areas provide a good representation of
the SPF timber supply.

Finished packages of lumber were inspected. The original machine grade, the final grade,
and the visual restriction that caused downgrading were recorded. Table 1 shows the
summary results which indicate that wane and edge knots are two of the most frequent



reasons for downgrading with relative percentages of downgrade of 31.76% and 18.15%,
respectively. These levels of downgrade are significant to the mills from the viewpoint of
production and the impact is most evident in the 1650f-1.5E grade.

Downgrading Characteristics Percentage of Total

Edge Knots 18.15

Other Knots 8.35

Wane 31.76

Shake 13.25

Slope of Grain 2.54
Manufacturing 10.16

Natural 6.72

Drying 9.07

Table 1. Summary Information for all Regions.
MATERIAL AND METHODS

The testing material was sampled from a MSR lumber sawmill from the Interior Region
of British Columbia. The material was 4.8 m long 1650f-1.5E 38 x 89 mm kiln dried
SPF lumber. This grade permits a maximum edge knot displacement of 1/4 of the net
cross section (NLGA, 1994). The sample was separated into two different types: 1)
visual quality level (VQL) and 2) on-grade or 1650. The VQL material had at least one
edge defect with a displacement greater than 1/4 of the net cross section as defined by the
NLGA current lumber grading rules and practices (NLGA, 1994). The VQL material
contained approximately 450 specimens. The on-grade material consisted of one package
of lumber, 294 specimens, which was on-grade for all characteristics including current
visual override rules.

All material was sampled during a continuous production run during which the CLT was
set to classify lumber into three grades; 2400f-2.0E, 2100f-1.8E and 1650f-1.5E.
Information on the volume of production for all grades after visual grading was recorded.
Production figures such as total number of boards processed by the CLT and the number
of pieces assigned by the CLT in each grade were also recorded.

The specimens were shipped to the University of B.C. where the following physical
properties were measured and recorded: species, CLT machine grade, specimen
dimension and number. The largest strength reducing edge defect was visually
determined. Its location and size (to the nearest 1.6 mm) were measured and recorded.

A two-pass Cook Bolinders SG-AF grading machine was used to determine the flat-wise
MOE profile of each board. The machine measured and recorded the varying load along
the board length required to achieve a flat-wise deflection of 4.5 mm over a span of 900
mm. The load profile for each specimen was converted to a MOE profile assuming
simple supports and center point loading.



A 224 kN bending machine was used to determine the edge-wise MOE of all specimens.
The machine was setup in a third point loading configuration with a span to depth ratio of
21:1. All specimens were longitudinally centered within the machine configuration. A
yoke was suspended between nails spaced at a distance of 7 times the sample depth. A
linear variable differential transducer was centered within the yoke and measured mid-
depth displacement to the nearest 0.025 mm. This yoke displacement, the actuator stroke
displacement and the applied load were recorded. The machine was set so that the
loading time was approximately 1 minute.

Within the VQL and on-grade groups, specimens were randomly assigned to destructive
testing in either tension or bending mode. The sample size for tension testing from the
on-grade and VQL group was 144 and 220, respectively. A Metriguard Model 403
Tension Proof Tester was used in the tension testing. The lumber was lightly sanded for
61 cm on the ends to ensure that they did not slip within the machine grips. Since 61 ¢cm
on both ends were within the grips, the test gauge length was 3.7 m. Moisture content,
peak load, cause and location of the failure were recorded.

A 224 kN bending machine was used to determine the bending strength of 148 on-grade
specimens and 220 VQL specimens. The machine was setup in the third point loading
configuration with a span to depth ratio of 21:1. Samples were trimmed to 2.04 meters,
to ensure adequate coverage of the end supports and to ensure the worst defect in a
specimen could be placed within the middle third of the test length or as close to this as
possible. The actuator stroke displacement and the applied load were recorded. The
stroke actuator rate was set at 23 mm/min. to achieve failure in approximately one
minute. The moisture content, failure location and failure cause were recorded.

ANALYSIS AND RESULTS
KNOT AREA RATIO

The manual knot measurements were analyzed to: 1) determine the knot size as a
percentage of the cross sectional area, and 2) classify a knot as either an edge knot or
otherwise based on current grading practices. The determination of knot area ratio (KAR)
showed that many of the knots that were manually measured did not meet the criteria for
MSR edge knots. From a total of 440 VQL specimens selected by mill personal during
material sampling only 263 specimens actually contained edge knots greater than 25%, as
determined by manual measurements in the laboratory.

In this particular case, the lumber grader felt that he could only achieve 75-80% accuracy
in selecting VQL samples for edge knots alone during production. This would mean that
approximately 340 specimens should have had large edge knots which is substantially
above the actual number of 263 large edge knots. Some of this discrepancy can be
explained by the fact that there was more time and accuracy involved in the manual
measurements in the laboratory than the visual assessment done by lumber graders in the
mill.



Figures 2 and 3 show the relationship between edge knot KAR for the VQL specimens
with bending and tension strengths, respectively. The relationship between KAR and
strength seems to be weaker when comparing bending to tension strength., This results
from the nature of the bending test where the worst defect is randomly selected to either
the tension or the compression edge. Furthermore, it was not always possible to get the
worst defect within the middle third of the test span for every specimen.

MODULUS OF ELASTICITY

For each specimen, the within board flat-wise average and minimum MOE values were
calculated. The cumulative probability distributions of the within board average and
minimum MOE are shown in Figure 4. The summary statistics for the within board flat-
wise MOE values are given in Table 2.

MOE Flat-wise MOE Edge-wise

VQL 1650 VQL 1650
Mean (MPa) 11065 11375 10124 11258
Median (MPa) 11000 11372 10096 11197
Standard Deviation (MPa) 1139 1062 2032 1535
Coefficient of Variation (%) 10.3 9.3 20.0 13.6
Minimum (MPa) 5780 8755 4339 6694
Maximum (MPa) 14800 15662 16604 15786
Count 440 294 442 294
Fifth Percentile (MPa) 9271 9741 6734 9068

Table 2. Summary Statistics for MOE by Group.

For each specimen, the load versus yoke displacement in the edge-wise MOE tests were
analyzed. A linear regression of load data in the range of 0.448 to 1.556 kN was
performed to estimate the slope of the load-deflection curve where the deflection is the
relative deformation between the load point and the mid span. With this slope value,
MOE on edge was calculated. Summary statistics of the edge-wise MOE results are
presented in Table 2. The cumulative probability distributions for each grade are
provided in Figure 5.

BENDING AND TENSION STRENGTHS

Based on the peak load information, the bending and tension strengths were calculated with
standard engineering formulae. Figure 6 shows the cumulative probability distributions of
bending strength for both VQL and 1650 groups. Figure 7 shows the cumulative
probability distributions of tension strength for both VQL and 1650 groups. Summary
statistical information on the bending and tension strengths are shown in Table 3.
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Figure 2. Relationship between Bending Strength and Knot Area Ratio of VQL Specimens.
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Bending Tension

YQL 1650 VQL 1650
Mean (MPa) 30.66 45.06 16.23 27.91
Median (MPa) 29.12 44.61 15.63 27.11
Standard Deviation (MPa) 10.59 11.33 4.80 7.41
Coefficient of Variation (%) 34,54 25.15 29.59 26.57
Minimum (MPa) 572 19.86 3.02 10.24
Maximum (MPa) 61.27 80.12 37.17 49.77
Count 220 148 220 146
Fifth Percentile (MPa) 14.85 26.49 9.33 15.24

Table 3. Summary Statistics for Bending and Tension Strength by Group.

WEIBULL ANALYSIS

Based on maximum likelihood procedures, tension and bending strength data of both
lumber grades were fitted with 3-parameter (3-P) Weibull distributions. The 3-P Weibull
was chosen because it was judged to be the best at fitting the data amongst the various
distributions tried, including 2-parameter Weibull and lognormal. The distribution takes on
the following form:

X =m{-In(1-PH}'"™ + Loc
(1]

where

X = the strength level for a particular P¢
m scale parameter

K shape parameter

Loc = location parameter

Ps = probability of failure

Knowing the distribution parameters, the probability of failure for a given X (strength level)
can be determined. Figures 6 and 7 show the fitted 3-P Weibull distribution to the various
groups of strength data.

CLOSED FORM SOLUTION

A closed form solution was used to determine the strength attributes of a new combined
grade which is a mixture of both 1650 and VQL groups. In the new combined grade, a
portion of the total is VQL material and the remaining proportion is 1650 material. For a

given strength level, the probability of failure for the new grade (P, ) was determined by
these proportions and their associated Py as:




Per=Ppi1650p1650 + PVOLPVOL

(2]
where
Psr = probability of failure of combined grades
Py1650 = probability of failure for 1650 grade
P1650 = proportion of 1650 material
Prvor = probability of failure for VQL grade
PVOL = proportion of VQL material

p1650+ pyoL=1

Given a strength level X, the associated Pyjg50 and PyyQL were estimated from the
respective probability distributions. With the portion of VQL (pygr) known, equation 2
was used to establish the associated probability of failure. The strength property probability
distribution of the combined grade was established when a range of strength levels were
considered. Figure 8 shows a schematic illustration of the procedures.

The amount of VQL material in the new grade combination was determined by evaluation
of different knot area ratios. In essence, boundaries were placed on the VQL group
resulting in separation of the VQL into different groups based on KAR. These group
characteristics, the amount of material in each group, and its corresponding percentage are
summarized in Table 4. The percentage was calculated from the total production of 2642
pieces of 1650f-1.5E material produced during VQL collection.

To produce a MSR lumber grade, the material fifth percentile tension and bending
strengths are required to equal or exceed the grade threshold value (NLGA, 1994).
Therefore, the strength level for the combined grade at the 5% probability of failure was
calculated for different combinations of p7650 and pyy in the various KAR groups.
Tables 5 and 6 contain summary information on tension and bending strengths of the
combined grade considering all material with a KAR of greater than 25%.

These results reveal that the new combined grade meets the requirements for bending
strength but does not meet the requirements for tension strength. The exercise was
repeated with the additional KAR groups shown in Table 4 to study the influence of
various levels of VQL on the strength properties. The results indicate that although the
tension strength requirements cannot be met by any of these groups, both KAR group 4
and 5 narrowly missed the target of 14.8 MPa. The resulting fifth percentile tension
strength levels were 14.67 MPa and 14.71 MPa for KAR groups 4 and 5, respectively.
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KAR Group Group Characteristics Number of Specimens Percentage or Portion of
Name Containing Group Specimens Containing Group
Characteristics Characteristics
KAR 1 KAR>25% 263 /2642 9.05 %
KAR 2 50 % >KAR 225% 246 /2642 8.52%
KAR 3 40%>KAR 225% 197 /2642 6.94 %
KAR 4 33.3%>KAR 225% 128 /2642 4.62%
KARS5 33.3% >KAR>25% 124 /2642 4.48 %
Table 4. Statistics of VQL Breakdown into KAR Groups.
1650 Group KAR Group 1 Combined Grade
Average (MPa) 45.06 29.07
Median (MPa) 44,78 26.60
Standard Deviation (MPa) 11.33 10.69
Coefficient of Variation (%) 25.15 36.78
Count 148 130
Weibull Parameters
Shape 2.70 2.77
Scale 31.89 60.61
Location 16.68 1.83
Proportion 0.91 0.09
l;f 0.02 0.35 0.05
ifth Percentile Strength (MPa) 24.26
Requirement* (MPa) 23.90

* Fifth percentile strength requirement specified by NLGA for 1650f-1.5E.

Table 5. Closed Form Solution Results for Bending Strength using KAR Group 1.

Average (MPa)

Median (MPa)

Standard Deviation (MPa)
Coefficient of Variation (%)
Count

Weibull Parameters

Shape

Scale

Location

Proportion

i
ifth Percentile Strength (MPa)
Requirement* (MPa)

1650 Group KAR Group 1 Combined Grade

2791 15.24

27.19 14.84

7.41 4.15

26.57 27.25

146 133

3.00 221

23.11 9.82

7.24 6.55

0.91 0.09

0.02 0.36 0.05
13.40
14.80

*Fifth percentile strength requirement specified by NLGA for 1650£-1.5E.

Table 6. Closed Form Solution Results for Tension Strength using KAR Group 1.
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The KAR group 5 contained 68 specimens in tension compared to the 71 specimens for
KAR group 4. Originally it was thought that the reduction of a few low tension strength
specimens with a KAR of 25% was responsible for the increase in strength for the new
combined grade. Careful inspection of the tension strength CDF’s of both KAR groups
revealed that the difference between the groups was insignificant; therefore, the increased
tension strength of the new combined grade must be a result of the slightly lower
proportion of material included. The proportions of KAR material was 4.62% and 4.48%
respectively for KAR groups 4 and 5. This slight difference in proportion of KAR
material allowed for KAR group 5 in combination with on-grade material to achieve the
slightly higher tension strength.

The fifth percentile and median strength levels for the MOE on edge were determined
nonparametrically. For the 1650f-1.5E grade, the MOE on edge is required to have a
minimum fifth percentile and mean strengths of 8481 MPa and 10342 MPa, respectively.
The results reveal that for all of the KAR groups the MOE on edge exceeded both
requirements. Edgewise MOE results of KAR cases 1 and 4 are summarized in Table 7.

Percentile Grade KAR 1 Both KAR 4

5th 1650 9068

(MPa) VQL 6687 6703
Combined 8763 8896
Requirement 8481 8481

50th 1650 11197

(MPa) VQL 10074 9822
Combined 11166 11182
Requirement 10342 10342

Table 7. Summary of Closed Form Solution for MOE on Edge of cases KAR 1 and 4.

SIMULATION STUDIES

Simulations were also performed to represent the lumber strength properties of MSR
material in production and to verify the closed form solution method. Again, the goal was
to determine the characteristics of a new lumber grade that contains a mixture of both 1650
and VQL groups. Based on 3-P Weibull distributions of the tension and bending strengths
of the 1650 and VQL groups, a database of lumber strength properties was randomly
generated. From the simulated populations a new grade combination consisting of 5,000
specimens was created where a percentage of the samples was drawn from the VQL group
and a corresponding percentage from the 1650 group. The simulated results and the
Pyl are in excellent agreement with the results from the closed form solution method
(see Table 8).
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5th Percentile KAR Group ! KAR Group 4

Test Type Grade Simulation Proportion Simulation Proportion
Bending 1650 27.07 27.28 27.44 27.28
(MPa) VQL 12.09 12.30 17.93 17.85
Combined 24.67 24.26 26.16 25.96
Tension 1650 15.90 15.82 15.93 15.82
(MPa) VQL 9.15 9.11 9.32 9.27
Combined 13.45 13.39 14.56 14.67

Table 8. Comparisons of Sth Percentile Strength Values.
ALTERNATE VQL QUALIFICATION

The current qualification for alternate VQL in the SPS-2 guidelines (NLGA, 1994)
requires testing 6 samples that contain the large VQL of which none can fail to meet the
required fifth percentile bending strength. Simulated trials of the new combined grade
revealed that on average 36.53% and 29.20% of the 6 samples failed for KAR 1 and 4
proportions, respectively. In both the simulation and closed form solution, tension
strength was shown to be more important and restrictive than bending strength. While it
is difficult to meet the bending requirement, tension strength is a more appropriate
measure for qualification and quality control associated with the large VQL. To qualify
large VQL, it is recommended that a similar approach, as used in this study, be followed
where the strengths and proportions of both large VQL and on-grade material were
determined. With these parameters and using equation 2, it is possible to determine the
amount of VQL material that can be included into the current production while still
meeting the grade requirements.

CONCLUSIONS

The determination of knot area ratio showed that many of the knots that were manually
measured did not meet the criteria for MSR edge knots. This fact must be addressed by

the MSR producing mills to increase lumber grader accuracy in the determination of
MSR edge knots.

A closed form solution was developed to assess the strength properties of a new grade of
MSR lumber with inclusion of a proportion of large VQL material. The results indicate
that the new combined grade exceeds the requirements in bending strength (23.9 MPa)
for KAR groups 1 to 5 but fails to meet the tension strength criteria (14.8 MPa) for KAR
groups 1 to 5. When considering KAR groups 4 and 5, the new combined grade just fails
to meet the tension strength requirements.

The tension strength of the new combined grade is very sensitive to the amount of KAR

material included. However, it should be noted that the frequency of large VQL is a
function of the raw material and the manufacturing process. The testing program
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conducted here is in effect a snapshot in time where large VQLs were evaluated during a
moment of production. This picture corresponds to a certain timber resource from a
particular location with specific growing conditions influencing the resulting lumber
strengths and large edge knot frequency. Therefore, if a mill wishes to qualify a larger
VQL than currently allowed, representative testing of regional conditions must be
performed to assess lumber strength characteristics. Daily quality control procedures,
including tension strength proof testing may be needed to ensure product performance.
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Abstract

A method to determine moment configuration factors using currently avail-
able data from the Lund University test programme on along-member strength
variation in timber beams is presented. The grading machine readings for
the beams and the statistical data on weak-section strengths are used in
the study. Although sufficient data are not available, and more research is
needed, the method presented here may be considered to provide the re-
quired information in a conservative manner. The moment configuration
factors determined for some typical loading cases are also presented.

1 Introduction

The variation of mechanical properties along timber beams is a topic which
has interested many researchers. With this information timber structures can
be made more efficient, and thus more economical. Also such information
makes it possible to determine reliability levels of structures more accurately.

An important benefit of information on the along-beam variation of flex-
ural properties is the possible introduction of a Moment Configuration Fac-
tor(MCF) into the limit state design procedure. This strength conversion
factor would help to narrow the difference between reliability levels of dif-
ferent structures, while improving their efficiency. Such a possibility occurs
for the design of timber structures because, when the along member strength
varies randomly, the maximum bending moment resistable by a given beam
depends on the bending moment diagram. This can be understood with the
help of Figures 1 and 2. Figure 1 shows a possible hypothetical idealisation
of bending strengths along a beam. Figure 2 shows how the ‘strength’ of a
beam, in terms of the maximum possible bending moment in it, can be differ-
ent under two forms of loading. A detailed descriptions of this phenomenon

1
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has already been made in previous papers by the authors and others[1]-[13].
The reader is referred to these documents for a better understanding of the
issues involved. ,

The procedure used to simulate beam strengths using Lund University
test data has been presented in [13] together with some preliminary results.
The current report, which uses all the available test data, presents the method
adopted for determining MCFs from the computer simulated strengths. Also
MCF's results for a simply supported beam with a uniformly distributed load
and a concentrated load are derived and compared with those obtained from
direct test results.

1.1 The concept of moment configuration factors

The meaning of MCFs can be understood through the beam shown in Fig-
ure 2. Let the maximum bending moment that can be applied to it under the
non-uniform moment profile be M;. Also, let the maximum uniform bending
moment that can be applied be M,. That is, under the given non-uniform
and uniform bending moment profiles, the strengths of the beam are M,
and M,, respectively. Then, for this beam, the moment configuration factor
(MCF) under the given non-uniform moment is given by

MCF =22 . (1)

2

However, it is not a moment configuration factor based on a single beam
which is needed in design, but one which considers the total population or
representative samples of beams. That is MCFs need to be determined in
relation to the cumulative distribution functions(CDFs) of strength and the
applied loads, and based on a structural reliability criterion[9].

1.2 The Lund University study

This section provides a summary of results from the Lund University tests.
As this programme of work is well documented in [11], only the briefest and
essential information is provided.

The currently available strength data are with respect to weak sections of
beams as predicted by significant depressions in the Cook-Bolinder grading
machine reading profiles. The sample of beams consisted of 131 beams of
nominal cross section 45x145mm? and lengths of between 5.1 and 5.4m. The
grading machine readings for all these beams were obtained, and at least four
weak sections of each beam were directly tested for strength.



The grading machine readings at the weak sections were converted to a
modulus of elasticity (MOE) value E using the formula

3

PL
E =840 + 1.21 (2)

where P is the grading machine reading in Newtons, § is the grading machine
deflection setting, I is the second moment of area of the beam cross-section,
and L is the grading machine span. In Equation 2 all the length dimensions
are in mm and the unit of E is N/mm?(MPa).

A regression analysis was carried out between the determined MOE values(E)
and the directly measured strengths(S) of the weak sections, giving

S = 0.0048E — 13.47 . (3)

where S is the strength of the weak section.

The above information is used in this paper to simulate the strengths
of all weak sections of a beam, as observed from its Cook-Bolinder grading
machine reading profile.

2 Method of beam strength simulation

2.1 Assumptions and idealisation

A brief description of the idealisation used to simulate the lengthwise vari-
ation of beam strengths and the assumption involved are given here. Addi-
tional details can be obtained from [13].

o Any defectless(clear) beam is assumed to possess infinite strength.
This assumption is unavoidable because no information on clear area
strengths of tested beams is currently available. The importance of the
strength of clear regions lies mainly with bending moment configura-
tions having high intensity localised peaks.

¢ A reduction in strength is assumed to occur at each cross-section deemed
to have a defect through the examination of the grading machine data
profile.

¢ Based on Equations 2 and 3, i.e. using the E value for this cross section
obtained from the grading machine readings, the corresponding mean
strength value can be determined for the cross-section.



o Assuming a normal distribution with the above determined mean strength
and the experimentally determined coefficient of variation(COV), a ran-
dom strength value can be generated for the particular cross-section.
Here, the COV of strength is assumed to be independent of the MOE
value and the determined mean strength of the section. This assump-
tion is made based on the fact that the determined COVs have been
similar (0.24) for both the strengths of all weak sections in beams and
the strengths of only the weakest section of each beam.

e The above determined strength is assumed either as localised in a cross-
section of infinitesimal width or to be influencing the strength of an
adjoining region of finite length. The importance of such a spread
of influence would depend on the bending moment profile and on the
width of the region of reduced strength relative to the span: i.e. it is
important when the beam span is short or when the bending moment
profile has high intensity localised peaks.

e Due to the current lack of information, it is approximately assumed
that the strength reduction at a cross section spreads symmetrically to
an adjoining region of width L, such that

L =2D <%’£)k : (4)

where D is the beam depth, G is the grading machine reading at the
considered weak cross section, and G, is the maximum grading ma-
chine reading for the beam. In addition, n and k are parameters which
are assumed to take values such as 0, 1 and 2, with the n=0 indicating
no spread of influence. The strength reduction is considered to vary
parabolically within this region, such that

s =S iy R ©)

where S(y) is the strength at a distance —0.5L > y < 0.5L from the

weak section and R denotes G/G,,. The complete details of these can
be found in [13].

2.2 Beam simulation procedure

The simulation procedure for along-member variation of beam strength,
based on the above described assumptions, can be summarised as follows.



1. Plot a graph of grading machine readings against the respective dis-
tances along the beam.

2. Determine the positions and the machine readings at the valleys in the
graph, independently of any other information on the beam. These
valleys are considered to depict weak sections.

3. Using Equation 2 determine the modulus of elasticity (MOE).

4. Using the MOE value and Equation 3, predict the mean strength of
each weak section.

5. Generate a random strength value from an assumed normal distribu-
tion with the determined mean strength and a COV of 0.24.

If spread of strength reduction is used:

6. Obtain the assumed approximate strength reduction ratio R=G/Gn,
using the grading machine readings.

7. Using Equation 5, obtain the strengths in the region adjoining the weak
section.

3 Stress Analysis of beams

On having simulated the cross sectional strength profile of a beam, to obtain
the ’beam strength’, it is necessary to analyse it under the relevant bending
moment profile. Here the ‘beam strength’ under a given moment profile
refers to the bending moment at the position of maximum moment when the
beam fails at any position(see Figure 2). This bending moment can then be
converted to a bending stress.

A linear elastic beam finite element program, based on the two-noded
cubic element, is used for structural analysis. This program is connected to
a program which simulates the random cross-sectional strengths and then
allocates them to the relevant finite elements. Within each finite element the
beam strength is assumed to be constant and to be equal to the minimum
value simulated within the corresponding portion of the beam. The details
of the finite element program and the associated strength determination rou-
tines are available in its users’ manual[14].

The current results are based on analyses which used 140 finite elements
to discretise the complete beam. A comparison of beam strength results
obtained with 70 and 140 finite element discretisations for the central con-
centrated load case showed that the maximum error was less than 1.5% of the
value for the latter for all » and k combinations. Thus, the concentrated load



case being the most critical with respect to discretisation, 70 finite elements
were considered sufficient for the analyses presented earlier in [13]. However,
in the current analyses, where all the 131 of beams were used, it was discov-
ered that the higher differences between results from the two analyses were
more concentrated at the lower end of the strength CDF. It is this area of
the CDF which is relevant for MCF determination. Hence, it was decided to
use 140 elements in the full analysis. Although not necessary, this number of
elements was used also for uniform moment and uniformly distributed load
analyses.

4 Calculations and Results

4.1 Comparison of generated and measured strengths

Figures 3 to 5 show comparisons of generated beam strengths with the
measured(tested) strength of each beam. The measured (tested) strengths
have been determined by testing at least four weak cross sections in each
beam. Shown in each figure are the simulated strengths for no spread of
defect influence(ND=0) and the largest spread defect influence [ND(= n) =
NP(= k)=2]. From the results for the three load cases, it can be seen that
the simulated strengths are often lower than the tested values. Among the
lower values of simulated strengths, the results for the above two extremes
of defect spreads differ from each other only in a very small number of occa-
sions. Thus, considering that it is the lower strength values which contribute
towards MCF's, the spread of defect influence could be neglected for these
bending moment diagrams.

Figure 6 shows the CDFs for the above three load cases, under the two
extremes of defect spreads, drawn for the range of strengths below the 40th
percentile. The maximum difference at the lower tail is provided by the
concentrated load case, which has the sharpest peaking of bending moment
diagram (for the cases considered). The difference at the lowest available
fractile (1/131 = 0.0076) is 0.125 of the lower value of the two cases which was
obtained with ND=NP=2. This points to the need, until relevant information
is available, to consider the extreme spread as the conservative one for cases
such as continuous beams where its influence may be large. Due to the many
approximations involved, and considering that ND=2 considers a basic initial
width of 4d (for NP=0), the above possible error is considered acceptable for
bending moment profiles considered here.

Figure 7 shows the simulated and tested beam strengths under different
conditions, plotted against the ordered ranks of strengths. The rank, given



in the X-axis, corresponds to the CDF by the relation

RANK

DF =
© 131

where 131 is the total number of beams used in this study. This figure
shows, for any rank, the CDFs from tests are consistently higher than the
corresponding simulated ones. The lower strengths of simulated results may
be mainly attributed to the fact that simulations consider all possible defects
in a beam, whereas test results consider only a limited number of defects as
allowed for by the test procedure. It is to be noted that, as the presented
graphs refer to the sorted strength ranks, the strengths for a given rank value
need not correspond to the same beam physically.

4.2 Derived moment configuration factors

Figure 8 shows the MCF's from both the simulated and test results, plotted
against the respective strength ranks. In the case of the simulated beams,
the extremes have some undulations, with especially large values at the very
lowest rank. Such undulations at the extremes, although not severe, can
be observed with test results too. The simulated beams, which depend on
the generated random numbers, could reasonably produce a freak case whose
influence will be eliminated only when the sample size is large. In the present
case, the fact that both load cases have these extremely large MCF's for the
first rank indicates that the error is mainly due to a large reduction in the
strength under the uniform moment. This could be seen to be the case
by examining Figure 7. Figure 9 shows the MCFs with the results for the
Rank 1 beams eliminated. It is this set of 130 beams which is used for the
calculations carried out below. The general undulations at the two extremes
of ranks in both simulated and tested results can be attributed the smallness
of the sample.

In a previous paper[9] it was shown that the phenomenon of moment con-
figuration factors could be also explained as occurring because of the non-
coincidence of strength CDFs under different bending moment diagrams. It
was shown there that it was the behaviour of the lower tails of the distribu-
tions which affect the values of the MCFs. It was also observed that the use
of characteristic strength based MCF's for ultimate limit state design could
be too optimistic than reliability based values. This was explained as due to
the gradual increase of MCF's with the increase of the strength fractile. The
correctness of this conclusion, which was originally based on an assumed ap-
proximate strength model, could be evaluated through Figure 9. The figure
shows that the simulated MCFs generally increase in value with the strength
rank. This increase is very small for the tested concentrated load case, while
it is almost non-existent for the uniformly distributed load case. This slight
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B 3.0 | 38
Approx. prob. of failure | 0.001 | 0.0001
Design Pt. Fractile 0.0082 | 0.0012

Table 1: Design point fractile in terms of reliability index.

difference between simulated and test results could be due to the smaller
number of weak sections that could be tested in laboratory, but no conclu-
sive statement can be made in this regard at present. If it is assumed that
due to the larger number of weak sections considered, the simulated values
provide a better picture of the phenomena than the test results, the need for
the use of reliability-based methods for the determination of MCFs can be
justified here.

4.2.1 Reliability-based MCFs

Reliability-based MCFs have to be determined through statistical analyses
which involve the statistics of both the beam strengths and the relevant
actions. In the case of beam strengths, it is the lower portion of the tail
of the strength distribution which is relevant. The extent of the relevant
section of the tail depends on the target reliability index (f3): lower the 8
value, larger is the relevant area of the strength distribution.

The undulations of strength CDF's at the lower fractile end (see Figure 9)
indicate that the direct use of these CDFs would not have sufficient accuracy
for a reliability-based study. While the reason for this non-convergence was
the small sample size, the smallness of the sample meant the non-availability
of fractiles in the range important for reliability studies. Unfortunately, the
sample size was also too small to obtain a good regression fit to the lower
tails of strength distributions such that the low fractiles could be adequately
assessed. Thus, it was decided to not carry out reliability studies, but to
base the MCF's on the strengths at the design values, which themselves had
to be approximated. The possible use of design values in an MCF study was
previously proposed as an approximate method in [10].

The design point for the material strength in a two variable (i.e one action
and one material) structural reliability problem could be derived from ele-
mentary reliability theory[15] as the strength fractile value ®~1(—2), where
® is the cumulative distribution function of the standard normal distribu-
tion, A is the reliability index and « is the FORM factor for strength. For
a single material variable case or for a dominant material, a takes the value



of —0.8. For different 3 values the design point fractiles will take values as
given in Table 1. The 8 value of 3.8 refers to the life-time reliability level
specified against the ultimate limit state of failure[15].

4.3 Moment configuration factors based on the de-
sign point
4.3.1 The need to fit regression curves

In Figure 9, the least available strength fractile is 0.015. This fractile is larger
than the design point fractile required (see Table 1). Thus, it is necessary to
extrapolate data to obtain the design point strength or MCF. However, the
CDF curves are not sufficiently smooth for such direct extrapolation. Hence,
the solution was deemed to be either to fit a regression curve to the obtained
CDF graphs, or to fit a curve to the derived MCF graph itself. The former
method was chosen here as the undulations in MCFs occurred because of the
non-smoothness of the strength CDF curves. (A later fitting of a curve to
directly determined MCF's showed that the differences in results from these
methods were not significant.)

As fitting of curves to the whole range of fractiles (ranks) would reduce
the fit of the curves, it was confined to the first 65 members in rank, i.e.
approximately the lowest 50% of rankings. Using MATHCAD[16] computer
package curves were fitted to both the simulated and tested strength CDFs.

4.3.2 TFitted curves

After several trials at curve fitting, it was observed that the sum of a trun-
cated geometric series and a truncated reciprocal geometric series would pro-
vide a good fit to the data. No statistical test of fit in terms of R* was carried
out, but the fit was tested through eye observation of the lower strength(rank)
portion of the data. The truncation points for the series were obtained by
observing the changes in the fit due to the presence of additional terms. The
obtained regression formulae, F/(X), for each of the six cases, are given below
in terms of the dot product of two vectors such that

F(Xx)={C}'{s} (6)
where {C'} is the set of multiplicative coeflicients for the (algebraic) terms of
the series {S}. These regression curves are also plotted in Figures 10 to 15
which show the respective CDF's.

Concentrated load(Tests):

{8} = (XXX 71,X,x2) (7)
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{C} = (12.68,—9.008,—14.082,36.42,0.475, —0.001)” (8)
Uniformly distributed load(Tests):

{8y = (x*x2,x,,x,x%)" ©)

{C} = (~12.30,32.56,—28.21,32.48,0.492, —0.002)” (10)

Uniform moment(Tests):

{8} = (x%,x7,1,x,x%,x%x%)" (11)
T
{C} = (-0.818,-0.536,19.92,1.522, 0.057,0.001, —6.93 x 10°) (12)
Concentrated load (Simulations):
{8} = (x2,x7,1,X,x%,%x°%)" (13)
? 3 ’ ’

T
{C} = (2.865,-9.234,20.21,0.585,0.003,8.31 x 10~°) (14)

Uniformly distributed load (Simulations):

{8} = (x2,x,1,x,x%,x°)" (15)
{C} = (3.682,-8.122,17.00,0.67,-0.009,6.791 x 10-°)"  (16)

Uniform moment (Simulations):

{8} = (x%,x2,Xx7,1,X,X%,%°)" (17)
T
{c} = (—14.00,22.52,—22.64,20.05,0.141,0.004,—3.913><10-5) (18)

The moment configuration factors, determined using the curves fitted to
the test data, are shown in Figure 16. In the figure, 'T’ refers to test results
while ’S’ refers to simulated results. For example, TCONC and SCONC refer
to the concentrated load case with test and simulated results, respectively.
Due to the fitting of curves to CDFs, the MCF curves are much smoother
now than those shown in Figures 8 and 9. However, the very high MCF's at
the first rank are still present in the simulated MCFs. The very high increase
of the factor at the lowest available fractile in the simulated results can be
again considered as a freak result due to the small sample size used in the
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statistical simulation. In addition, as the lower ends of strength distributions
lack accuracy due to the small sample size in both tests and simulations,
the (standard) errors in the MCFs at those places should be much higher.
Figure 17 shows these MCF results at a higher scale after eliminating the
lowest strength fractile’s results. The MCFs calculated with test results,
although similar to those determined with simulated data, tend to show a
decrease in value with the decrease of strength fractiles below approximately
0.03.

If the lower fractile portions of the MCF curves, which may be considered
unreliable, are eliminated then the MCFs calculated with test results can be
seen to be more conservative than those obtained with simulated results.
This could be a result of the different numbers of weak sections considered in
the tests and simulations: greater the number of weak sections considered,
more will be the randomness of along-member strength and hence higher will
be the MCFs.

Comparisons of MCFs determined with curves fitted to strength CDF's,
and those determined directly without fitted curves are presented in Fig-
ures 18 and 19, for concentrated load and uniformly distributed load cases,
respectively. From these it can be seen that the MCFs determined from the
fitted curve data could be considered to provide approximate fitted curves
for the MCF's determined without fitting curves to the strength CDFs. That
is, for the cases considered, fitting of curves to either CDFs or MCFs would
provide similar results.

4.3.3 Selected procedure for MCF calculations

As mentioned previously, the design point method was adopted for the deter-
mination of MCFs. The design point values were obtained from the graphs
of MCF's determined with curve fitted CDF data shown in Figure 17. How-
ever, considering the possible errors in the lower fractiles, and the need for an
approximation was made as follows. Consider Figure 20 where the strength
fractile range from zero to approximately 0.15 (rank of 20) are shown. Tan-
gential straight lines were fitted to the MCF curves as shown so that the least
possible intercepts of the y(=MCF) axis could be obtained. These tangents
could now be considered to provide sufficiently conservative MCFs. As the
design point fractile is very small a conservative result, without loss of mean-
ing, could now obtained by considering the y-axis intercept as the required
MCF.

Through the above procedure, the values of MCFs for central concen-
trated load and uniformly distributed load cases were obtained as 1.20 and
1.05, respectively (see Figure 20). These are lower than those obtained with
the test results, which have their own limitations, and those obtained previ-
ously with approximate methods[9]. Hence, until more test data are avail-
able, these results could be adopted as a set of safe and conservative estimates
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based on actual test data. The presented procedure could be adopted as the
method to follow in determining MCF's for other moment configurations.

5 Discussion

In Figures 3 to 5, it was observed that there are differences in the predicted
and measured strengths of beams. This difference needs to be accepted as a
part of the present limited nature of the analysis. When individual beams are
considered it would never be possible to predict the exact strength under the
current method of statistical simulation. It is only the statistical parameters
which could be expected to be predicted, and this too is possible only with
sufficiently large sample sizes. A particular observation that could be made
from Figure 7 for CDF's is that the simulated strengths are statistically lower
than the test strengths. This could be attributed to the larger number of
weak sections considered in a simulation, whereas only a limited number of
weak sections with a certain minimum distance between them could be tested
in laboratory. Thus, this difference, in fact, points to the correctness of the
simulation procedure.

The current simulation procedure and the method adopted to determine
design point MCF's have provided results which are conservative than the di-
rect test results. However, there still are unknown parameters and shortcom-
ings in the current procedure. One shortcoming, which may be eliminated in
the future, is the small sample size. As both the design point and ultimate
limit state reliability analysis (for high 8) deal with very low fractiles, the
required sample size for reliable results is large. A large sample size might
also have eliminated possible statistical freaks, as happened with the lowest
strength member. The use of different sets of random numbers, obtained
through different SEEDs for the initiation of the random number generator,
may have eliminated the above problem. However, this alternative was not
followed as it cannot be considered as reasonable. Another current short-
coming is the non-consideration of clear section strengths. However, this will
disappear when the results from current test on such sections become avail-
able. The effect of this on the bending moment diagrams considered here
should be insignificant. However, until clear section strengths are available,
the use of the current method for bending moment diagrams with localised
high peaks should be done with care, and may need more conservatism. A
parametric simulation with assumed clear section strengths may help to shed
light to the relative size of errors.

The effect of the width of the region of influence of weak sections is
to reduce the strength of an individual beam. Its effect is more for bend-
ing moment diagrams with high localised peaks. It becomes of lesser im-
portance with the increase of uniformity of the bending moment diagram,
with no effect at the extreme of a uniform bending moment. Hence, the
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non-consideration of width of influence of weak sections can only result in
non-conservative answers. This makes it necessary to consider them with
continuous beams or to provide some additional measure of conservatism.

In current analyses, the width of influence of weak sections is based on
assumptions. Also the manner in which the strength varies within these
regions is assumed. In the analyses, the ratio of strength of weak sections and
of clear sections, which is used for the above purpose, is approximated with a
ratio of grading machine readings. This approximation could be eliminated
only when clear area strengths are available. Thus, for more accurate results
it will be required to study this phenomenon in detail.

In the current simulation procedure it is assumed that the bending strengths
in positive and negative directions remain the same at all cross sections. This,
of course, is not true for solid timber beams. The effect of this assumption
would be important for beams with both negative and positive bending, such
as those clamped at both ends and those continuous over supports. The ef-
fect of this, in terms of possible errors, remains unknown and need to be
addressed sometime. If experimental data could not be found, a preliminary
study may be carried out through computer simulations based on assumed
variations of strengths.

In the case of indeterminate beams such as continuous beams, an im-
portant aspect which need to be considered is the influence of the elasticity
modulus on MCFs[6]. Although grading machine readings refer to a weighted
average of elasticity modulus about the grading machine span, while struc-
tural analysis requires the cross-sectional values, the problem may be ad-
dressed approximately with the results of Equation 2.

There are several improvements to be made to the simulation procedure
itself. At present the manual procedure to determine weak sections from
grading machine readings involves some subjectivity[13]. There is a need
to make this procedure more objective. If objective criteria for selection of
weak sections can be developed, then the procedure may be automated to
be carried out in a computer, thus saving a considerable amount of time.

The current MCF calculations are based on results obtained from a sam-
ple of structural timber of Norway spruce. Hence, there is the question on
whether MCF’s could be significantly different for different grades of differ-
ent species of timber. This possibly could be answered only through further
tests.

The current derivation of MCFs did not consider the possible importance
of size effects. This needs to be addressed in the future. The consideration of
depth effect needs results on other cross-sections, and these could be obtained
only from further laboratory tests. A length effect study could be carried out
with current results by considering beam lengths smaller than the currently
considered 4200mm span.
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6
The

Conclusions

following conclusions can be made with respect to moment configuration

factor(MCF) determination procedure presented in this report.

Re
[1]

The presented procedure is able to provide, for the cases considered,
MCF's which may be considered as reasonable and conservative.

The accuracy of the determined results were assessed through a com-
parison with the results determined through laboratory tests. As the
latter itself possesses some uncertainty due to the limited number of
weak sections that could be tested, a comparison of the relative sizes
were made, and found to be satisfactory.

The present method has some shortcomings, mainly due to the un-
availability of data. More research, as described in the discussion, is
needed to eliminated these unknowns. Until then, when using the pre-
sented method for other moment configurations such as those present
in continuous beams, it may be prudent to make the MCF results more
conservative through some form of artificial reduction.

Test data are available only with respect to a single species, grade and
cross-section of timber. It is necessary to carry out tests with respect
to other species, grades and cross-sectional sizes of timber so that the
currently derived factors could be confidently used with them.

The current derivation of MCFs did not consider the possible impor-
tance of size effects. This needs to be addressed in the future.

In order to carry out proper reliability based studies, it is necessary to
carry out tests with samples larger than the currently used 131 beams.

The currently derived MCFs, viz. 1.05 uniformly distributed load on
a simply supported beam and 1.20 for a central concentrated load on
a similar beam, can be recommended for use in designs until more
reliable results become available through further research. The above
MCF of 1.05 for uniformly distributed loads on simply supported beams
may also be used with continuous beams until the results for them are
derived in the future.
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Effect of size on tensile strength of timber

N. Burger and P. Glos
Institute for Wood Research, University of Munich

1. Introduction

When designing timber members according to Eurocode 5 the size of the member has to
be taken into account by means of size factors. These factors were derived from investi-
gations mainly carried out in North America and Great Britain using wood species and
grading rules common in these countries. Since it is most likely that size effects may also
depend on wood quality, grading rules and, perhaps, wood species, the purpose of this
study was to investigate whether these size factors also apply to wood species and grad-
ing rules currently in use in Germany.

Towards this end the influence of specimen size on the tensile strength was investigated
using 750 specimens from timber of native spruce and 200 specimens from timber of
native Douglas fir, with varying cross-sectional dimensions and lengths.

2. Current State-of-the-Art

Indications that strength decreases with increasing cross-sectional dimensions were first
published at the beginning of the 20th century (Schneeweill 1969 quoting Tanaka 1909
and Cline and Heim 1912). Causes were initially attributed to the compression zone. The
tension zone, at the time, was considered not critical according to results from tests which
used small clear specimens. Newlin and Trayer (1924) developed the fiber support theory.
Basically, this involves the idea that highly stressed fibres at the periphery of the cross-
section of bending members are being supported by fibres situated further towards the
centre which are subjected to less stress. The size effect was quantified in bending tests
using clear specimens of Sitka spruce by means of a form factor related to cross-sectional
form and size (see Buchanan 1983). Tensile strength, in this theory, is considered a
material property independent of size. This model therefore does not explain size effects
in tension parallel to grain.

The basis for later models was the weakest link theory put forward by Pierce (1926) and
Tucker (1927) which evolved from cotton yarn and concrete tests. This theory is based
upon the assumption that the strength of a structural element is defined by its weakest
point (chain model).

By dividing a continuum into individual elements the one-dimensional model of a chain
can be transferred to three-dimensional bodies. Given brittle material conditions the en-
tire structural element will fail as soon as the critical load of its weakest element is sur-
passed. A potential size effect can be explained by the fact that with increasing volume
the occurrence of weak elements becomes increasingly probable. Since wood loaded in
tension is generally assumed to exhibit brittle material behaviour, this model appears
applicable to wood. In this case it is assumed that the cause for a potential size effect
must be sought in the tension zone of bending members. Thus the theory is also appli-
cable to tension members.



Weibull (1939a,b) developed the mathematical basis for the application of the weakest
link theory from considerations based on probability theory. The failure probability of the
member may be calculated from that of its elements, provided the strength distribution
for these elements is known. Assuming the statistical independence of the part elements
the following distribution function of the failure probability for structural elements
evolves:

_p] =0
S=1-e (") ()
where V' volume of the structural element
existing stress within the structure
lower limit of material strength
scale parameter of the distribution
form parameter of the distribution

This leads to a specific form of distribution, called Weibull-distribution in honour of its
developer. The statistical strength theory on which it is based is known as Weibull-
theory, weakest link theory or brittle fracture theory. For a two-parameter Weibull-
distribution in which the lower limit of material strength is set at &, = 0, the strength ratio
of two structures with different dimensions in relation to its volumes is obtained by
equating the strength distribution functions of the two structures:

]
; m
G, V 2
In most investigations published after 1939 the influence of dimensions was determined
using this model and the size factor quantified by the exponent m. The size factor pro-

posed in EN 384 and Eurocode 5 to cover the height or width of a structural element is
also based on the relationship given in equation (2).

Madsen and Buchanan (1986) suggested a modification of equation (2), which permitted
the determination of a size factor specifically for each dimension (see Eq. 3).
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Mistler (1979), in extending the above theory, developed the so-called rope-chain-model.
The cross-section is treated as a multi-wire rope which remains intact for as long as at
least one wire keeps on transferring the load from all the other failed wires. In contrast to

the original brittle fracture theory by Weibull this makes it possible to take load rear-
rangements within the cross-section into account.

n

Later studies increasingly deal with the application of fracture mechanics to wood, which
also indicate a size factor (Aicher et al. 1993; Aicher and Reinhardt 1993). So far this
approach has mainly been used in studies dealing with load in tension perpendicular to
grain.

A number of further investigations are concerned with variations in local tensile strength
along the length of structural timber (Showalter et al. 1987: Bechtel 1988; Taylor and
Bender 1991; Zhao and Woeste 1991). Generally, this involved the development of sta-
tistical models.



Large test series to study the influence of wood dimensions on strength have to date
mainly been done in North America. Only in the recent past and even then only sporad-
ically was this subject studied in Europe. The majority of these papers deals with size
effects in bending.

A study to determine test specimen geometry for tension tests by Graf and Egner (1938)
was the first instance, in Germany, of tests indicating size effects on specimens under
tension load. The test material consisted largely of clear specimens, with a sample size of
4 to 5 specimens per dimension. Hence, by present-day standards these results cannot be
considered conclusive.

The most comprehensive investigation, to date, on the influence of dimensions on tensile
strength was carried out in a Canadian test program to determine strength determining
factors and design values. These tests involved various wood species and species combi-
nations in different grades (Madsen 1992). The following factors were proposed:

effect of length: 50 percentile  m; =0.20
10 percentile ~ m; =0.15

effect of width: 50 percentile ~ m, =0.15
10 percentile ~ m;, =0.10

In a subsequent test program American wood species were studied (Barrett and Griffin
1989). Using the factor m, = 0.15 various test lengths were converted into uniform length.
Irrespective of wood species and wood quality an effect of width of m, = 0.22 was deter-
mined.

Barrett and Fewell (1990), combined Canadian and American test results with English
data and proposed the values m; = 0.17 and m, = 0.23 for the consideration of specimen
length and width respectively. Glos (1990), in a report on the determination of character-
istic values suggests the factor m; = 0.15 for the conversion of specimen length, based on
a reference length of 2,000 mm. Rouger and Fewell (1994) point out that the size effect
may be influenced by timber quality.

Glos and Burger (1995) provide an overview of published test results.

3. Test program

The study reported here involved tests of 750 specimens of European spruce (Picea
abies), the main species used for structural timber in Germany. For comparison, further
tests were carried out using 200 specimens of Douglas fir (Pseudotsuga menziesii). Table
1 provides an overview of the test program, the various dimensions investigated and the
sample size for each dimension.

The specimen cross-sections were selected, based on typical dimensions of structural ele-
ments subjected to tension load (e.g. glulam laminates, chords and diagonal members of
trusses). A maximum test length of 2,500 mm was chosen, under the assumption that no
great variations in strength determining characteristics of a specimen are to be expected
beyond this length.



Length Depth Width
50 mm 120 mm 200 mm
European spruce (Picea abies)
150 mm 30 mm 49 50 50
50 mm 50 50 49
1090 mm 30 mm - 50 -
50 mm - 49 -
70 mm - 50 -
2500 mm 30 mm 48 49 45
50 mm 48 50 46
Douglas fir (Pseudotsuga menziesii)
2500 mm | 50 mm 49 >1 (sapwood) 50
50 (heartwood)

Table 1: Test program of the investigation. Number of specimens for each size.

4. Material and methods

Timber properties, including strength and stiffness, are known to vary greatly, making it
imperative that, in order to reduce statistical uncertainties, a great number of individual
tests for each specimen dimension be done. Madsen (1978) called for at least 200 speci-
mens per sample, when the test material encompasses the entire range of wood quality.
To keep the number of the tests at a minimum the size factor was studied using specially
cut test specimens with little variation in growth rate, density and knot ratio. The effect of
wood quality was moreover tested using existing data from over 2,000 tension tests on
timber carried out carlier.

Test specimens were produced according to the sawing pattern shown in Figure 1 in such
a manner that uniform density distributions and similar density ranges for the individual
samples as well as comparable patterns of annual rings and knots were achieved. Since
density increases with the distance from the pith a uniform distance from the pith was
chosen and logs with approximately equal diameters were used.

The spruce and Douglas fir logs were each taken from a single growth area. All test speci-
mens were consistently produced from the butt log. For Douglas fir an additional sample,
for comparison, was taken from the heartwood. To guarantee the independence of the
individual tests only one test specimen per sample was taken from each log. Given these
preconditions it appeared justifiable to use a sample size of 50 for each dimension.

As far as possible the test length was kept clear of unusual defects such as ingrowths. To
prevent fracture at the grips care was taken that no large knots occurred at the transition
from test length to the clamped section. Efforts were made to make sure that specimens
with test lengths of 150 mm and 1,090 mm from the same stem had also originated from
the same stem height.

The test specimens were kiln-dried to a moisture content of 10 %. After drying they were
planed to the required test dimensions. Thus the test specimens did not exhibit any signif-
icant bow or distortion.



50/50 mm 50/200 mm

Fig. 1. Sawing pattern of the specimens (]
(exemplary 4 out of 15 sizes). 307200 mm 30/50 mm

Specimens were then stored for at least 4 weeks under standard climate conditions (20°C, 65
% rel. humidity) so that on average a moisture content of about 12 % (14 % for Douglas fir)
had been reached at the time of the strength tests. During conditioning all knots in the spe-
cimens were measured and recorded according to the German grading rule DIN 4074, part 1,
while for spruce specimens an additional record of measurements was made according to the
UN/ECE grading rules.

The tension tests were carried out according to EN 408. The 10.000 MN tension testing
machine used permits testing of full-size specimens at constant strain rate. On both narrow
sides the strain on specimens in the course of the tension test was recorded. The modulus of
elasticity was then calculated by linear regression of the two stress-strain curves. After the
test a sample section was cut out near the failure point to determine moisture content, oven-
dry density, average annual ring width and portion of compression wood.

Having planed the specimens it became apparent that 17 specimens showed some compres-
sion failure or fibre deviations above 5° and they were therefore not used in the evaluation.
This brought the number of specimens to be analysed down to 733.

Tensile strength is described by the 5 percentile (characteristic strength value) and the 50
percentile (median) values. Preference was given to the 50 percentile value rather than the
mean value as strength values for wood tend to have skewed distributions and the mean
value is strongly affected by a few extremely high values, especially when small sample
sizes are used.

According to EN 384 the 5 percentile values for strength have to be determined from at least
40 tests using order statistics, i.e. by a non-parametric method and, where necessary, by
interpolation. However, with decreasing sample size this method becomes increasingly less
accurate, as random extreme values may have a disproportionate effect on results. Due to the
small size of the sample the calculation of 5 percentile values in this investigation was based
on a three-parametric Weibull distribution. The 50 percentile values were determined by
ranking.

In accordance with the formula used in the European standards the size factor was quantified
by determining the exponents of a modified Weibull-equation (see Eq. 3). Exponents were
determined by regression equations according to equation (4), without taking specimen
thickness into account (see section 5.2).
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where  f, [ b tensile strength, length and width of specimens
Jim L b, tensile strength, length and width of reference specimen

In analogy to European standards the reference dimensions were set at b, = 150 mm and /. =
95, =1,350 mm.

To eliminate the effects of density and knot-ratio individual test values were converted into
reference strength and stiffness values by relating them to reference density and knot values
(Burger 1995). For this conversion a regression curve with linear variable residual standard
deviation was used. For each test value a reference value was calculated by taking into
account the respective residual deviation.

5. Results
5.1. Wood characteristics

The mean values and coefficients of variation for density, knot ratio, tensile strength and
modulus of elasticity in tension for each sample are compiled in Tables 2 and 3 for spruce
and Douglas fir respectively. Figures 2 and 3 show the tensile strength of spruce specimens
in relation to oven-dry density and knot ratio according to DIN 4074,

Due to the manner in which specimens had been cut from the logs comparable density dis-
tributions and annual ring widths were obtained.

Density values for the Douglas fir specimens were, on average, about 30 % higher than
those for spruce, with the exception of the sample taken from the heartwood. The density of
Douglas fir specimens cut from near the pith was about 10 % lower than that for specimens
taken from farther away from the pith.

The Douglas fir samples generally had wider annual rings and a greater number of speci-
mens with compression wood than the spruce collectives.

Cross-section [mm] 50/120 50/120
50/50 (sapwood) 50/200 | (heartwood)
Number of specimens 49 51 50 50
Density Po,mean 0.552 0.566 0.558 0.504
V [%] 11.6 9.5 9.3 10.3
Knot ratio acc. to DAB 0.55 0.30 0.21 0.48
DIN 4074 V [%] 53.9 49.3 53.1 32.7
Tensile strength St mean 40.7 48.7 52.0 34.3
V [%] 383 34.1 29.1 37.1
Modulus of elasticity £¢ mean 15000 15100 16500 12200
V [%] 33.3 21.0 17.9 26.7

Table 3: Results of the tested specimens of Douglas fir. p, in [g/cm3], DAB, ET, EM [-], £,
and E, in [N/mm?2].
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Fig. 2:  Tensile strength of the 733 tested spruce specimens as related to density.
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Fig. 3:  Tensile strength of the 733 tested spruce specimens as related to knot ratio
acc. to DIN 4074, criterion boards, knot cluster (DAB).



Due to the variations in dimensions there were considerable differences regarding the
knot ratio of the individual samples:

Knots comparable in size result in a greater knot ratio in smaller cross-sections than in
larger ones. Knot-ratio therefore decreases with increasing specimen width while with
increasing length the probability of larger knot clusters in a specimen tends to rise.
Mainly, however, the maximum knot ratio occurring in specimens is related to speci-
men width. Furthermore there was evidence of a decrease in knot ratio variation with
increasing specimen width as well as length because of the lesser portion of particu-
larly low knot ratios and, with increasing width, of very high knot ratios (see Figures 4
and 5). Specimen thickness has a comparably negligible influence, as was also demon-
strated by the regression equation (see 5.2).

b=200mm

test length

b =120 mm lo =150 mm

relative frequency

0,0 0,2 0,4 06 0,8 1,0
knot ratio DAB acc. to DIN 4074
a) Test length 1, = 150 mm.

\ _
b =200 mm test length
[, = 2500 mm
)
) _
S b =120 mm
O
o
> b= 50 mm
=
T
g
i i i 1 T T T
0,0 0,2 0,4 0,6 0,8 1,0

knot ratio DAB acc. to DIN 4074
b) Test length 1, = 2500 mm.

Fig. 4: Distribution of knot ratio acc. to DIN 4074 as dependent on specimen width b.
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In the tests the significance of knot position within the cross-section in triggering fail-
ure and hence in affecting tensile strength became apparent. Excentric knots have an
unfavourable effect on tensile strength, as became apparent in the deformations record-
ed in the strain graphs. The strength reducing effect of edge knots increases with
decreasing specimen width.

5.2 Tensile strength

There is great variation in the tensile strength of the individual samples. This goes for
mean values and 50 percentiles as well as for 5 percentiles. With increasing specimen
width and concomitant decreasing variation tensile strength rises, while an increase in
specimen length leads to a reduction in strength. Since there is a strong dependence of
tensile strength on knot ratio (see Fig. 3) this is mainly due to the different knot ratios
of the samples and is true for both spruce and Douglas fir specimens. Low tensile
strength of Douglas fir specimens from heartwood can be attributed to distinctly lower
density as well as to a higher knot ratio.

A stepwise regression analysis was done for the purpose of evaluating which para-
meters and combinations of parameters have the greatest influence on tensile strength.
To account for the interaction of parameters various parameter combinations involving
knot ratio, thickness, width and length, were used as regression parameters in addition
to density, knot ratio and specimen dimensions. In the following the statistically sig-
nificant influencing parameters at the 5 percentile level are listed in the sequence in
which they were included in the regression equation, along with the corresponding
multiple correlation coefficient:

specimen width
lo = 2500 mm b =120 mm

lo = 1090 mm

relative frequency

T T | I B |
0,0 0,2 0,4 0,6 0,8 1,0
knot ratio DAB acc. to DIN 4074

Fig. 5:  Distribution of knot ratio acc. to DIN 4074 as dependent on test length /,.
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1. DAB r=0.62
2. Py r=0.70
3. I r=0.76
4. DAB-b r=0.77
5. DAB, r=0.77
6. Ilyb r=0.78
7. DAB-d r=10.78
8. d r=0.78
9. bd r=10.78

Specimen width b and the parameter /,-d combining test length and specimen thickness
were not included in the equation. The result indicates that tensile strength is predom-
inantly being affected by test length, apart from the effects of knot ratio and density.
Moreover, a relationship between knot ratio and specimen width is apparent. Further
variables from the 5th step onwards, inter alia specimen thickness, contribute very
little towards improving the correlation and can be considered negligible.

The regression equation for tensile strength after the first four regression steps is
shown in equation (5), which demonstrates the well-known linear relationship with the
parameters density and knot ratio as well as the most important effects of specimen
dimensions.

f, = 9.7-343-DAB+138.9.p, - 0.0054-, - 0.177-(DAB-b)  (5)

For the Douglas fir tests a corresponding analysis gave the following sequence:

1. DA4B r=0.58
2. Py r=0.71
3. DAB-b r=20.72
4. b r=0.73

The results, too, show the established relationship between knot ratio and specimen
width, which has a stronger effect on tensile strength than specimen width by itself. As
the Douglas fir specimens were tested at uniform length the influence of length could
not be determined here.

Figure 6 shows the influence of the length of spruce specimens on tensile strength. The
curves were obtained by means of regression analysis using the Weibull formula
according to equation (4). Standardized curves in which test values were converted
into reference values of oven-dry density and knot ratio are shown next to the regres-
sion curve with the original test data. The standardized curves give little evidence of
an effect of specimen length, which can be attributed to the compensating effect of
higher knot ratios in specimens of greater length. Table 4 compiles the exponents of
the size factors from the regression analyses using equation (4).

For a study of the effect of wood quality on size factor a further evaluation was made
of 2,000 earlier tensile tests from other research projects involving European spruce
specimens. Specimen cross-sectional dimensions ranged from 20 to 50 mm thickness
and 80 to 260 mm width. In all tests specimen lengths corresponding to 9 times the
respective specimen widths had been used. Here too, regression analyses using these
data gave evidence of the relationship between specimen width and knot ratio and their
influence on tensile strength.
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Because the density values of the individual samples varied greatly, the strength values
were adapted to reference density values for each grade. Since all these tests had been
conducted according to EN 408 and all specimens hence showed a constant ratio of
length to width for all tested cross-sectional dimensions, no separate study of the effect
of each parameter was possible but only of the combined effect. The exponents m,,; for
the combined effect of length and width determined according to equation (4) are
given in Table 5. Figure 7 is an example of this effect using grade S 10 specimens.

The influence of wood quality differs for visually and machine graded timber. While
visually graded timber (Table 5: grades S 7 to S 13) exhibits an increasingly greater
size factor with decreasing wood quality, the effect of wood quality in machine graded
wood (Table 5: Grades MS 10 to MS 17) is unrecognizable for the range of both the 5
percentiles and 50 percentiles. For visually graded wood of grades S 7 to S 13 with
low specimen widths and lengths relatively few data are available. Hence, the values
for the 5 percentiles can only be used as a rough estimate.

60
— 50
& i .
E 50 percentile
-C b
=2
o 30+
in P T 5 percentile
& 200 T
L L original test data

10L ------ standardized (p, u. DAB)

........ standardized (p,,ET u. EM)
OIIl!|III1|6!II|I|l||||l||l!)||||l||lll|l|l|I|I|I(|‘|l|
0 500 1000 1500 2000 2500

test length [mm]
Fig. 6:  Effect of length on tensile strength of the 733 tested spruce specimens.

Spruce Douglas fir

Tensile strength m; my, my,
measured 50 % 0.13 -0.17 -0.17

5 % 0.22 -0.29 -0.16
standardized 50 % 0.09 0.09 0.01
(pp and DAB) 5% 0.11 0.01 -0.15
standardized 50 % 0.06 0.04 -
(P, ET and EM) 5% 0.10 0.00 -

Table 4: Exponents of the size factors. Test results for spruce and Douglas fir.
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The mean values for all grades correlate with the results of the present investigation.
This permits the conclusion that for these tests, too, specimen length is the major
influence on the size factor.

Figure 8 shows the effect of specimen width on the tensile strength of the 733 spruce
specimens of this study from the regression analysis using equation (4), again sepa-
rated into original test data and standardized values for density and knot ratio. For
comparison the curve for the Eurocode 5 size factor k, = (150/5)"? has also been in-
cluded in the graph. The exponents m, of the size factors for spruce and Douglas fir are
provided in Table 4. The conversion into reference values clearly shows the following
relationship between specimen width, knot ratio and tensile strength: The increase in
tensile strength with increasing specimen width is caused by the relationship between
specimen width and knot ratio and is being compensated or even overcompensated
when the knot ratio is included in the regression equation. The tests involving Douglas
fir timber show the same results.

50
E 40 S
Z 0 e
% 301 ¢ > < & =——o 50 percentile
qc) - \\s&_ﬂ \AE‘ T X\\\\'\\—A
{7 = TR g
% 201 SlUCl R R SSTcceoe-——.k . __ .o  5percentile
C I @/ \\\\\\\4\//,7/::‘”EM‘~:>;\:\// 77‘777*‘¥‘7A
3 ERRS Rt -
2 - - =
10 S -
O L 1 1 1 L 1 1 H I i i 1 1 i | 1 ) 1 1
500 1000 1500 2000 2500

test length [mm]

Fig. 7.  Effect of length on tensile strength. Test results from the institute's data base.
Grade S 10. 15 sub-samples totalling 866 tests.

Visual grading Machine grading
50 % 5% 50 % 5%
S13 0.01 (- 0.09) |MS 17 0.00 0.08
S 10 0.11 0.06 |MS 13 0.01 0.06
S7 0.16 (0.35) |IMS 10 0.02 0.09

Table 5: Exponents m,;, of the combined size factors for visually and machine graded
timber. Available tests of the data base.
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As far as the effect of specimen thickness is concerned a comparison of the samples
revealed no distinct tendencies. Since specimen thickness also proved of little signifi-
cance in the regression analysis its influence was not studied in greater detail in this
investigation.

5.3 Modulus of elasticity in tension

Test values for modulus of elasticity showed a slight decrease with increasing length
and decreasing specimen width. These results are again overlapped by density and knot
ratio, with evidence of a more pronounced effect of density on the modulus of elastici-
ty (r = 0.70) compared with that of knot ratio (r = 0.49).

Upon standardization of the modulus of elasticity in tension values and conversion into
reference values for oven-dry density and knot ratio DAB no further influence of size
on modulus of elasticity is apparent.

6. Discussion of Results

Results from the tension tests conducted in the course of this study reveal systematic
effects of specimen dimensions on tensile strength. On the one hand tensile strength
decreases with increasing test length, which corresponds to the statistical approach
according to the Weibull theory. On the other hand an increase in tensile strength with
increasing specimen width was apparent. This observation contradicts the Weibull
theory and can be attributed to the influence of decreasing knot ratio concomitant with
the increase in specimen width.

60
— 50
= L2 e 50 percentile
g 3 ----«-_.._.-.:.-.:.:.""“'".'.'_‘.:.'."':.::.: -----------
Z 40 T
£ .
D 1
& 30,
7 T 5 percentile
L e BRI L
Q o |3 T e
B -1 1 original test data
2 mmmmen standardized (p, u. DAB)
10~ 3o standardized (p, ET u. EM)
- 4 ———— acc.to Eurocode 5
O40 80 120 160 200
width [mm]

Fig. 8: Effect of width on tensile strength of the 733 tested spruce specimens.



15

The dependence of tensile strength on specimen dimensions is thus being determined
by two different influences, both of a statistical nature and both related to specimen
size. They can be characterized, on the one hand, as effects based on microscopic
defects (classic statistical size effect) and, on the other, as effects based on macro-
scopic defects (knots, structural size effect). Structural size effects on tensile strength
are based on an increase in knot ratio with increasing length and decreasing width.

While the probability of the occurrence of knots is known to rise with increasing
specimen width, the strength-affecting knot ratio related to the overall cross-section
was shown to decrease.

As regards the effect of specimen length on tensile strength the statistical and struc-
tural size effects are equidirectional and tend to reinforce each other. By contrast, the
two size effects have opposing influences when considering the influence of specimen
width on tensile strength, as clearly shown in the regression analyses for measured and
standardized test values in Figures 5 and 7. The effect of width, as suggested in the
European standards, is seen to be almost negligible.

For visually graded timber there is a distinct dependence of the statistical size factor
on wood quality. For machine graded timber the size effect is considerably less pro-
nounced and relatively independent of wood quality. This may be explained by the fact
that the size factor was already implicitly taken into account when determining the
settings of the grading machine.

The tests reported here confirm that tensile strength is mainly being affected by the
length of a structural member rather than its width. In general, no relationship exists
between the length and width for structural elements under tension load, in contrast to
the relationship between length and height assumed for structural elements under
bending load.

An influence of length is particularly evident in short structural elements only. It
decreases with increasing length of the element. The economic advantage of higher
design values in tension for shorter structural members on account of material savings
is negligible. Moreover, it would then be necessary to also consider the counter-effect
of the greater probability that extreme load values will occur in smaller loading areas.

Based on the results and reflections of this study there appears to be no justifiable need
to consider a size factor as required by Eurocode 5 in the design of timber construc-
tions. The influence of test length on tensile strength should, however, be taken into
consideration in the determination of characteristic strength values. In particular, a uni-
form length of specimens for tensile strength tests should be stipulated in the test
standards.

Similar relationships, i.e. a major influence of the length of structural elements, can be
assumed for load in bending. If a size factor appears to be necessary in this context, it
should be discussed whether a length factor would perhaps be more suitable than a
height factor. This would remove the necessity for a step-wise design process as now
required when dealing with a height factor.
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ABSTRACT

This paper describes the first part of a study to examine the equivalences between various
in-grade testing procedures. It covers the bending strength and stiffness of mechanically
stress graded 90 x 35 mm radiata pine measured according to European, North American
and Australasian standards. The data indicates that small but significant differences of
about 20% may occur at both the mean and 5-percentile strength and stiffness due to the
test methods used. A simple statistical theory to predict the differences in strength is
given; this theory is based on a knowledge of the defect frequency in the timber boards.
Eventually, it is hoped to be able to use this theory as a basis for establishing the
equivalences between various test procedures.

1. INTRODUCTION

During the past decade there have been millions of dollars invested in measuring the in-
grade properties of structural timber. Unfortunately, different methods of measurement
have been made in various countries, and the equivalences between these various
methods are not apparent. This creates a problem both for technology transfer between
countries and for international trade.

The purpose of this paper is to report on the first part of a study to examine procedures
for evaluating the equivalence of in-grade testing standards. Other information may be
obtained from earlier papers (Leicester and Young 1991; Kallsner and Ditlevsen 1994;
Isaksson and Thelandersson 1995).

The differences between standards can be grouped into two major categories as follows;
(a)  the test configuration, and

(b)  the statistical processing of data.

Of these, differences due to the statistical processing does not present a problem if the
original test data is recorded. However, methods for overcoming differences in test
configurations are still uncertain.



The most important structural properties are strength in bending, tension, compression
and shear and also modulus of elasticity. This paper will address primarily the topic of
bending strength with some reference to modulus of elasticity measured in the same test.
Simple models for use in equivalencing strength data will be discussed, together with
some recently obtained experimental data.

1.1 In-grade Evaluation Standards

There are numerous standards and procedures available for evaluating bending strength,
but it is useful to focus initially on the following three well defined procedures. All
procedures use third point loading configurations as shown in Figure 1.

The European CEN Standards EN 384 and 408 (European Committee for Standardisation
1995), use a span/depth ratio of 18, and state that the worst strength reducing defect be
placed within the middle third; a random edge is chosen for the tension edge. For the
modulus of elasticity, the deflection of point C relative to B and D is used, Figure 1.

North American practice is best represented by the procedures used for a major in-grade
study during the past decade (Green and Evans 1987). Here the specified span/depth
ratio was 17, and the worst strength reducing defect was placed at a random location
within the test span. For modulus of elasticity the deflection of point C relative to A and E
were measured, Figure 1.

Current Australasian practice follows the Standard AS/NZS 4063. Here the specified
span/depth ratio is 18, and the test specimen is cut from a randomly chosen portion
within the length of the graded board. This procedure is intended to simulate in-service
conditions. The modulus of elasticity is derived by measuring the deflection of point G
relative to F and H, Figure 1.

From the above it is apparent that the North American procedure lies somewhere between
the CEN and the Australasian procedures. In fact, it is identical to AS 4063 if the graded
length of the timber is equal to the specimen length; this case is covered by the
requirements for non-standard procedures in AS 4063.

In all procedures, the strength is defined in terms of the lowest fifth percentile value.



2. EXPERIMENTAL MEASUREMENTS

The experimental data obtained to date comprises bending strength tests on 90 x 35 mm
size F5 and F8 grades of mechanically stress-graded radiata pine. Approximately 150
boards, each 4800 mm long, were tested according to the three in-grade standards.

In addition to the in-grade tests, additional measurements were made that could be useful
for equivalencing purposes. These measurements must be simple and rapid to undertake.
One obvious measurement relates to the distribution of visible defects, as these form the
basis of EN and USA standards. A second proposed measurement is to classify the timber
into juvenile and mature wood and treat these separately as their characteristics may be
significantly different.

The boards were classified as juvenile wood if at least one end of the board ring radius
indicated that the board end was less than 50 mm from the pith. This aspect of the
measurements was not rigorously undertaken and will need to be repeated.

To obtain an idea of the distribution of visible defects, the number of knots within each
board were counted. In the case of mature wood, these knots were taken to be any knots
that would fail to meet Structural Grade No. 2 according to the Australian Standard AS
2858 (Standards Australia 1986). For immature timber, it was taken to be significant knot
whorls around the pith.

During the course of developing equivalencing procedures, it became apparent that the
within board correlation of defect strength would be a significant parameter. To obtain a
rough idea of this effect, two test specimens were cut from each board in the AS/NZS test;
this was possible since the AS/NZS test procedure allows for a random location of test
specimens. Treating the left hand side and right hand side specimens as two different
populations, a correlation coefficient was measured. Note that the correlation between the
strengths of defects would be considerably higher than the correlation of the strength of
test specimens, because the strength of the tested specimens were not always defect
controlled.

3. TEST DATA

Data on measured bending strength and modulus of elasticity are summarised in Tables 1
and 2. Note that the information has been broken down in to sub classes of juvenile and
mature wood. The modulus of elasticity in the USA and AS/NZS data do not contain any
correction for shear strength. Cumulative frequency plots on the total in-grade data for



each grade are given in Figures 2—4. A plot of the knot frequency for defects in the mature

timber is given in Figure 8.

Table 1.
Summary of bending strength data
Property E5 F8
Juvenile Mature Total Juvenile | Mature Total

Number of boards

EN 97 53 150 39 111 150

USA 102 48 150 38 111 149

AS/NZS 60 90 149 31 119 150
Mean value (MPa)

EN 30.8 31.6 311 35.6 46.5 43.7

USA 372 36.7 37.1 48.3 51.9 51.0

AS/NZS 354 40.5 38.5 54.8 52.8 53.2
5-percentile value (MPa)

EN 13.5 13.6 13.6 16.3 20.6 20.1

USA 154 11.9 14.7 24.3 234 23.8

AS/NZS 17.8 16.1 17.0 29.1 25.1 26.3
Coefficient of variation

EN 0.43 0.43 0.43 0.37 0.41 0.42

USA 0.50 0.40 0.47 0.38 0.37 0.37

AS/NZS 0.36 0.47 0.44 0.32 0.38 0.37
Correlation coefficient

AS/NZS 0.36 0.15 0.21 0.14 0.34 0.30
Mean spacing of
knots (m) 1.0 1.3 1.1 1.9




Table 2.
Summary of modulus of elasticity data

Property F5 F8
Juvenile Mature Total Juvenile Mature Total
Number of boards
EN 97 53 150 39 111 150
USA 102 48 150 38 111 149
AS/NZS 60 90 149 31 119 150
Mean value (GPa)
EN 7.84 7.58 7.75 10.04 10.74 10.55
USA 9.95 9.60 9.84 11.96 12.33 12.24
AS/NZS 8.97 9.83 9.49 12.26 11.98 12.04
5-percentile value (MPa)
EN 4.50 4.19 4.35 6.56 5.57 5.85
USA 6.88 4.02 6.67 9.71 9.44 9.44
AS/NZS 5.95 6.22 6.11 9.83 8.94 8.97
Coefficient of variation
EN 0.31 0.28 0.30 0.27 0.30 0.30
USA 0.26 0.23 0.25 0.15 0.15 0.15
AS/NZS 0.23 0.26 0.26 0.15 0.16 0.16
Correlation cofficient
AS/NZS 0.48 0.57 0.51 0.54 0.63 0.60
Mean spacing of
knots (m) 1.0 13 1.1 1.9

4. DISCUSSION ON TEST DATA

41  Strength Properties

The strength properties shown in Figures 2 and 3 indicate that a significant difference of
about 20% at the 5-percentile level can occur between in-grade test procedures. As
expected the USA data is somewhere between the EN and AS/NZS. Generally, the data



for the USA and AS/NZS are not far apart; however at the 5-percentile level the USA data
is closer to the EN data than the AS/NZS data in the case of F5 grade material.

To obtain a further understanding on material characteristics, Figures 5-7 show
comparisons between the properties of mature and clear wood for the EN and AS/NZS
data. Figure 5 shows that the difference between EN and AS/NZS data is greatest for the
F8 juvenile wood, i.e. it is easiest to pick out the worst defect for this type of timber. Figure
6 shows the interesting feature that the juvenile wood in the EN data is the same for both
the F5 and F8 grades, while it is well differentiated in the AS/NZS data. This would be
consistent with having the same defects in both grades, but with a better quality of clear
wood in the F8 grade. Figure 7 shows that for the F8 mechanically stress-graded timber,
the EN method would give a different result in mean value depending on the ratio of
juvenile to mature wood of the timber mix.

42 Modulus of Elasticity

The data in Figure 4 and Table 2 shows that there can be differences of 20% in the in-grade
stiffness values, both at the mean and 5-percentile level, depending on the type of in-grade
measurement.

As expected, the data of the USA and AS/NZS procedures are fairly close. Unexpectedly
however, the USA data shows slightly higher stiffnesses than does the AS/NZS data; this

matter is currently under further investigation.
4.3  Defect Spacing

Figure 8 shows a plot of the number of defects within a board length of 4800 mm of
mature timber. For comparison, the expected values for a Poisson distribution are also
shown in the figure; the data indicates that the true defect spacings are similar but slightly
more regular than would be expected of a Poisson distribution.

5. BASIC STATISTICAL MODELS FOR STRENGTH
51  General
The statistical models used will focus on the influence of visible strength reducing defects,

Figure 9. If these defects are not visible, or if they do not control strength, then all
procedures will give essentially the same result.



For practical purposes, statistical models must be simple to apply. They are first fitted to
the available test data for one test procedure and then used to predict the expected results
for other types of test procedures.

In the following it will be assumed that the lower tail of the strength distribution has been
fitted to a Weibull distribution, and it is this tail that is the concern of equivalencing
procedures.

5.2 Weibull Distribution of Strength

Strength of both clear wood and defects will be assumed to follow Weibull distributions;
hence G(x), the probability of strength exceeding a value x is given by

G(x) = exp[~ 6(x/ Xmean)™] (1)

where Xmean is the mean value, and the constants ¢ and m are related to the coefficient of

_ variation V approximately by
¢ =0.555+0445V (2a)
m = V-1.09 (2b)
5.3  Poisson Distribution of Defects

It will be assumed that defects are dispersed according to a Poisson distribution. Hence,
P(n), the probability of finding exactly n defects within a reference length is given by

P(n) = exp(-B)/T(n+1) (3)

where B denotes the mean number of defects within the reference length and I denotes a

gamma distribution.
54  Correlation Coefficient of Strength

If the strength of defects within a board are correlated, then the total coefficient of

variation Vi1 is roughly given by

Viotal = V& + VB (4)



where Vy, and Vg denote the variability within and between boards respectively. The

within board variability is roughly given by (Leicester 1985)

Viv=(1=1) Vol (5)
where r denotes the correlation coefficient between pairs of defects within the same board.
5.5  Effective Span of the Test Specimen
It is convenient to replace Lspan the span for third point loading by Legt, an equivalent
span which would have the same strength if loaded by a uniform moment. Assuming that
the within board variability is about the same as the defects, this leads to (Leicester and
Breitinger 1991)

Leff = Lspan (1 + my/3)/(1 + my) (6)
where My = 0.555 + 0.445 V, @)
The notation for these spans are illustrated in Figure 9.

5.6  Strength of the Weakest Defect
Where strength depends on the weakest defect in a set of n defects within a given board,

then G4(x,n), the probability of the strength exceeding a value x is given by (Leicester and
Breitinger 1991)

Gd(x,n) = exp[- d(0x/ Xmean)™] (8)
where myg = 0.555 + 0.445 Viotal )
and o =nl/mw (10)

5.7 Modelling of Test Procedures

EN 1 Model

As an extreme case, assume that the test operator can detect the presence of strength
reducing defects, but cannot estimate their relative strengths. It is assumed that at least
one defect will be in the test specimen. For this case Ggni1(x), the complementary
distribution function of the specimens tested according to EN 384 and EN 408 is given by



oo

GENI(X) =[ E Pcff (Il) Gd (x,n) jl /{ 1- Peff (O) ]

n=1

(11)

where Peff (n) denotes the probability of getting exactly n defects in Legs and Gg(x,n) refers
to the strength of the weakest of n defects.

EN2 Model

As another extreme case, assume that the test operator has a perfect ability to estimate the
relative strengths of defects. For this case Ggnp (x), the complementary distribution
function of the test specimens is that of the weakest defect within the board and this is
given by

GEN2 (%) = Ppgarq (0) Gejear (%)
+ 3 Proara (@) Gy (x,n) (12)

n=1

where Ppoard (n) denotes the probability of finding exactly n defects within the total board
length and Gglear (x) refers to the strength of clear wood.

AS/NZS Model
The complementary distribution function Gas/Nzs (x) for the strength of specimens tested
according to the Australasian Standard AS/NZS is given by

GasnNzs (%) =Pegr (0) Geyr (%)
+ z | P.gr () Gy (x,n) (13)

5.8  Example

As an example, consider 90 x 35 mm boards of length 4800 mm. This gives
Lboard = 4800 mm and Lspan = 1620 mm. Assume that on average, there are 4.0 defects per
board. Assume that the defects have an average strength of 40 MPa, a coefficient of
variation Vigea] = 0.3 and a correlation coefficient r = 0.5. Assume that the clear wood has a
mean value of 70 MPa and a coefficient of variation V¢jear = 0.25. For this case, the
cumulative distribution functions computed according to equations (11)=(13) are shown in
Figure 10.
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The large variability of the AS/NZS model is due to the influence of clear wood for test
specimens that have no major defects. Further refinements would be required to improve
the prediction and comparisons at the higher percentile. However, at the important low
percentiles, the model appears to be adequate for practical application.

6. DISCUSSION

An inherent difficulty in modelling the EN procedure is that it requires modelling not
only of timber properties but also modelling of the ability of the testing operator to select
the weakest defect. However, if the testing operator cannot recognise defects then both the
EN and AS/NZS results became identical and the difficulty vanishes.

This is the case for many species. For example, in a recent study of 800 tested pieces of
Victorian Ash (Leicester and Seath 1994), it was not possible to develop a visual procedure
for ranking the pieces on the basis of strength. Furthermore, application of the existing
visual grading rules to 190 x 45 mm sizes according to the Standard AS 2062 (Standards
Australia, 1979) were found to incorrectly rank the stress-grades.

An advantage of the AS/NZS procedure is that it simulates a typical in-service loading
configuration and as such provides data that can be used directly for design codes without
the application of modification factors to take account of the test procedure. It is of interest
to note that the early in-grade studies in North America used the AS/NZS procedure
(Doyle and Markwardt 1966, Madsen 1992). It is probable that the current North American
test procedures developed as a compromise between the conflicting requirements of in-
grade testing and testing for quality control purposes.

The philosophy of the AS/NZS test procedure makes it very simple to develop test
methods for any structural component. For example, the in-service design strength of
finger jointed timber elements depends not only on the strength of individual joints, but
also on the frequency and the correlation of these strengths and the length of the
structural member. The use of a simulated in-service test configuration eliminates the
necessity of compensating for these complex matters in the interpretation of the test data
as would be the case if the finger joints are tested one at a time.

7. CONCLUSIONS

Within this limited study of bending strengths and stiffness it has been established that
there are small but significant differences between the in-grade properties of structural
timber established according to European, North American and Australasian standards. A
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simple statistical model has been proposed, which is adequate for establishing
equivalences for the limited data obtained to date. In practice, the procedure would be to
fit a model to the data derived from one test method, and then to use it to predict
information from other methods.

The additional data required for the model is a simple counting of defect frequency;
however, as the project is expanded to include additional sizes or other types of tests (such
as tension tests), it may be necessary to extend the number of input parameters used for
the model.

This paper does not describe a model for establishing the equivalences between standards
with respect to data on the modulus of elasticity. This will be done at a later date.
However, it should be noted that because of the relatively low variability of this property,
mean values of the modulus of elasticity can be established on the basis of very limited
testing; thus it is quite feasible to obtain the equivalence between test procedures by direct
measurement for any given stress-grade of timber.
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Figure 6. Detailed comparison between F5 and F8 grade timber.
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Figure 7. Detailed comparison between juvenile and mature timber.
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A SIMPLE METHOD FOR LATERAL LOAD-CARRYING
CAPACITY OF DOWEL-TYPE FASTENERS

Jorma Kangas and Juha Kurkela

VTT Building Technology, Finland

Abstract

The design load-carrying capacity per shear plane per dowel-type fastener, for timber-
to-timber and panel-to-timber joints in Eurocode 5 should be taken as the smallest
value found from the group of six formulae in single shear and four formulae in
double shear.

In this paper a method is presented, on how the group of the complicated formulae can
be replaced by two simple formulae, with two new coefficients obtained by two
nomographs: one is determined by the relations of two thickness and embedding
strength values, the other by the thickness and the embedding strength values of the
timber member to be fastened, the thickness and yield moment of the fastener and by
the relations of two embedding strength values. The calculated capacities deviate from
the theoretical values only by the reading accuracy of the nomographs.

1. Introduction

For the design of the load-carrying capacity of joints made with dowel-type fasteners
Eurocode 5 gives groups of comprehensive formulae. They are based upon a theory
developed by Johansen and are rather complicated to be used without prewritten
programs, for example in the case of different panels in various load-duration and
service classes. This makes the design of the timber joints some times laborious and
may give room for other materials to replace timber.

The threshold to design timber structures is rather high because of many different and
varying material properties and numerous types of fasteners. People are used to simple
design formulae or to take the design values from tables. The Finnish government
office, as in case of many other countries, favor to increase the usage of timber in
building. Last winter, the government funded finance to find out the possibilities to
simplify the design of the joints with mechanical fasteners. That initiated our interest
in this problem and the results are presented in this paper



2 Eurocode 5 method

The design load-carrying capacity per shear plane per dowel-type fastener, for timber-
to-timber and panel-to-timber joints in Eurocode 5 should be taken as the smallest
value found from the following formulae where each formula corresponds to its own
failure mode:

Design load-carrying capacities for fasteners in single shear:

Jinathd (6.2.1a)

Jrnaadp (6.2.1b)

Jinahd Joon (BY ] a6 t,
R 2yl 2 o 2 6.2.1
4B B+2pB {HI,JF[Q]}L[} [Gj ﬁ(Htlj (6.2.1c)

Rl/ = min f/ 1 /tld I 4/3(2 +,B)M i
e —_ 6.2.1d
L1 2+ 5 — 2[)’(1+ﬁ)+ f,,,l,(,dff B ( d)
Fnatod| [ 4B +2PM,,
I l—== 12 AL 6.2.1e
1 Y, _\/ B (1+ )+ i [3} (6.2.1e)

25
N A (621/)

Design load-carrying capacities for fasteners in double shear:

finathd (0:218)
O,Sf,hhl,l‘gdﬁ (6.2.1h)
R, = mi t.d 4532 + M.
d min 1,1 ‘fh,l,d 1 zﬂ(l + B) + .ﬂ_i)z_li — ﬁ (621])
2 + ﬁ fh,l,dd[l
L1 23 \/W (6.2.1k)
5 1+ 'B yvdJhl.d

The various failure modes are illustrated in figure 1.



Figure1  Failure modes for timber and panel joints. The letters correspond to the
relevant formula reference.

For the calculation of the formulae the following symbols are to be chosen or they
should to be calculated:

d fastener diameter

Kimod modification factor for service class and duration of load
) and 5, timber or board thickness or fastener penetration;

o1 and fhog  design embedding strengths in ¢ and £,

My 4 fastener yield design moment

B Jhad/ frrd

Y partial coefficient for material properties

3 Simplified formulae with nomographs

3.1 Nomograph 1 for both single and double shear joints

Nomograph 1 (figure 2) is made by the formulae, which are common to both single
and double shear joints. A new coefficient k; is used and it contains symbols
mentioned above. It is the relation of the properties of the timber member to be
fastened and the properties of the fastener:

b s
= VIR (1)
. M, /d

Formulae (6.2.1a) and (6.2.1d) are then rewritten by coefficient k; as formulae
(6.2.1a") and (6.2.1d"):

R, =k, My,dfh,l,dd (6.2.1a")

4 ’
Rl/ :%{\/2[3(1+ﬂ)+_@%@_ﬁ \/M_\',dfh‘l.dd (621d)

i



Formulae (6.2.1a%), (6.2.1d") and (6.2.1f) are then written as one uniform formula:

R{l = k2 M\',dﬁz,hdd (2)

Coefficient k, gives the lowest value of formulae (6.2.1a"), (6.2.1d") and (6.2.1f) and it
is drawn in figure 2 as nomograph 1, where on the x-axis is coefficient k; and the
other parameter to be determined beforechand is the relation f of the embedding
strength values.
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Figure 2 Nomograph 1 of the coefficient k, for both single and double shear

joints. It covers the failure modes a, d and f (g, j and k) of figure 1. Determination of
the value of coefficient k, in the given example is shown.



3.2 Nomograph 2 for single shear joints

Nomograph 2 (figure 3) is made by the formulae (6.2.1a), (6.2.1b) and (6.2.1¢) of
single shear joints. They are written as one uniform formula:

R, =k; fh,l,d nd (3)

Coefficient k3 will give the smallest value from the formulae (6.2.1a), (6.2.1b) and
(6.2.1¢) and is drawn in figure 3 as nomograph 2. In the nomograph there is the dash
border line. Formula (6.2.1e) does not need to be taken into account on the range
above it and underneath it formula (6.2.1¢) should be checked separately (see chapter
3.3). There are marked two points a) and b) where the formulae (6.2.1a - f) are
calculated and they are plotted in figure 5. In case of b) there are small area (11,5 <
ti/d < 14,5) where formula (6.2.1e) gives smallest values.
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Figure 3 Nomograph 2 of coefficient k3 for single shear joints. It covers the

failure modes a, b and c of figure 1. Above the dashed border line only formulae (2)
and (3) are to be checked and underneath it formula (6.2.1e) should be checked in
addition to formulae (2) and (3). In marked two points a) and b) the formulae
(6.2.1a - f) are calculated in an example joint and they are plotted in figure 4.
Determination of the value of coefficient k3 in the given example is shown.



3.3 Effect of formula (6.2.1e)

Formula (6.2.1e) can not be situated in the nomographs 1 and 2, because it has the
parameters ki and #/t;. The nomographs can have only one of those parameters.
However, it can be noticed, when formula (6.2.1¢) shall be checked separately.

Let us contemplate nomograph 1 with also formulae (6.2.1¢) and (6.2.1e) drawn in it.
Their locations in it depend on the relation fo/t;. If the graph of formula (6.2.1e) is
above the graph of formula (6.2.1¢c) when it is also beneath formulae (6.2.1f), then
formulae (6.2.1c) is always decisive and it is not necessary to check formula (6.2.1e).
If the condition above is not fulfilled, formula (6.2.1e) is to be checked.

When the condition is fulfilled can be found out from the section points of the graph
of formulae (6.2.1¢) and (6.2.1e) with the graph of formula (6.2.1f). If the section of
formula (6.2.1c) with formula (6.2.1f) is further from the origo than formula (6.2.1e)
has, then the graph of formula (6.2.1¢) is also above the graph of formula (6.2.1¢). In
that case it is not necessary to check formula (6.2.1¢).

The section points of formulae (6.2.1¢) and (6.2.1¢) with formulae (6.2.1f) can be
found by setting formulae (6.2.1c) and (6.2.1f) equal and then setting (6.2.1¢) and

(6.2.1f) equal. The section point of formulae (6.2.1¢) and (6.2.1f) on the direction of
X-axis is

by _ L1y4B(+ B)

h= JM,d ’
" ﬂ+2ﬁ{1+5+[t2] }ﬁ”[gj —ﬁ(u—@]
I I8 5 f

The section point of formulae (6.2.1e) and (6.2.1f) on the direction of x-axis is

k — rl f/z,l,d — 2,8 i (b)
LM, A+1B-JB+1)B+D) 1,

Setting the formulae (a) and (b) equal the following formula will be written:

(a)

LIJ4B(1+ B) -\/ 25 0,
i (1Y £ Y ; 1+1B-JB+D(B+D 1,
et G Ay

The graph of the left side of the formula (c¢) is drawn in figure 4. As the solution of the
formula (c) the value of B will be obtained as a function of the relation #,/f;, by which
the section points of formulae (6.2.1¢) and (6.2.1¢) with formulae (6.2.1f) are situated
on the same place. By inserting the above solved pair of parameters (B, #/f;) in
formula (6.2.1c), the obtained graph (dashed curve) can be drawn in nomograph 2.
If the value of coefficient k3 obtained from nomograph 2 is above the dashed curve, it
is not necessary to check formula (6.2.1e).
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Figure 5 Formulae (6.2.1a - ) are graphed in the case of nailed single shear

joints with d=2.8 mm and #/#;=2. The relation f3 is a) 0.5 and b) 0.2. The cases are
marked in figure 3. They are in different places in relation to the border line in
nomograph 2. In the case of b) (6.2.1¢) gives the lowest values on the shaded area.



4 Design procedure

At first the dimensions of the joint and the material properties will be chosen or
calculated as in Eurocode 5:

d fastener diameter
Kinod modification factor for service class and duration of load
ty and £ timber or board thickness or fastener penetration,

t; <t, in single shear joints for the simplification of nomograph 2
Joaand foq  design embedding strengths in £; and £,

M, 4 fastener yield design moment
B Jn2a/ fora
Wi partial coefficient for material properties

A new coefficient k; is calculated by using the above symbols:
k= ——= (H

4.1 Single shear joints

The coefficients k, and k3 are determined from the nomographs 1 and 2. The design
load-carrying capacity per shear plane per dowel-type fastener, for timber-to-timber
and panel-to-timber joints should be taken as the smallest value found from the
following two formulae:

k2\/ M)‘,Llﬁl,l,(/ d <2)

R, = min
k3 ﬁz,l,(l tl d (3)

If the value of parameter k3 will be underneath the dash line in the nomograph 2,
formula (6.2.1e) should be checked separately, which can easy be avoided e.g by
changing the relation of timber thickness.

f;z 1.(1t2d 2 4ﬁ(1 + Zﬁ)M\ d
R, <1142 rd _
ey {\/2/3 (1+8)+ G B

(6.2.1¢)

4.2  Double shear joints

Coefficient k, is determined from the nomograph 1. The design load-carrying capacity
per shear plane per dowel-type fastener, for timber-to-timber and panel-to-timber
joints should be taken as the smallest value found from the following two formulae:

kZ‘\[ M_\',dfh,l,d d (2)

R, = min
0,5, 4P (6.2.1.h)



4.3 Design example
Nuailed plywood-to-timber single shear joint

Plywood thickness of 10 mm nailed to timber C24 thickness of 100 mm by nails d x [
=2,1 x 50 mm,

no preboring, kyeq = 0,8

pr = 350 kg/m’

Pk plywood = 650 kg/mz

Design:
furx= 0,11 p ' = 0,11%650%2,1%° = 57,2 N/mm? (plywood)
fiutd = kmod fiu1x / W = 0,8%57,23/1,3 = 35,2 N/mm?

frzx= 0,082 p 4% = 0,082%350%2,1°% = 23,0 N/mm? (timber)
Jo2a = kmod o2k / W = 0,8%23,0 /1,3 = 14,1 N/mm”

B=14,1/35,2=10,40

My =270 d*° = 270%2,1*° = 1860 Nmm
Myq=Myy/ = 1860/1,1 = 1690 Nmm

1 =10 mm
f, =50-10 =40 mm (nail point penetration)

. tl ﬁl,l,(l _ 10\/35’2 2 09

VM d 1690721

nomograph 1 gives k, = 0,97

L/t =40/10=4
nomograph 2 gives k3 = 0,61

kyJM,  f,1d =097%[1690%352%21 =343 N

R, = min
kyfinahid =0,61%352%10%2,1 =450 N

R4=343 N

Exact solution according to Eurocode 5 by formula (6.2.1d):
Rg=3433N
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5 Concluding remarks

For the design of the load-carrying capacity of the joints made with dowel-type
fasteners BEurocode 5 gives groups of comprehensive formulae, which are rather
complicated to be used without prewritten programs e.g. in the case of different panels
in various load-duration and service classes. The whole group of formulae shall be
checked anew, when one parameter value will be changed. That may be in some cases
too high threshold to design timber structures and may give room for other materials
to replace timber.

The method presented in this paper predicts accurate design values for joints with
dowel-type fasteners by two simple formulae and easy to use nomographs. Sometimes
one complicated original formula will be necessary to be used for single-shear joints.
However, that case can be seen directly from the nomograph 2, which also can help to
avoid the use of that formula.

The new nomograph method presented in this paper, is easy to use and it is useful in
optimization of the joint. It is easy to see directly the effect of the change of different
parameter values on the capacity of the joint and how to reach e.g. the optimal
yielding of the fastener.

It is the opinion of the authors that because of the easiness and clarity of the proposed
design procedure, this method can be added as an increment for 6.2.1 (5) in Eurocode
5 or it could be given as an ANNEX.
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Nail plate joint behaviour at low versus high load levell

by
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Abstract

Timber trusses exhibit elastic behaviour at low load level and, in many cases, also at high
load level. Thus, an elastic design is justified at least in the serviceability design. Plastic
behaviour can be observed often in some joints at the ultimate load level. A problem is
whether the failure design should be made by the use of elastic or plastic theory.

Timber trusses with nail plate joints were tested to observe joint behaviour at low versus
high load level. Measurements were made by use of an automatic equipment enabling
measurements to be taken up to the failure.

‘Three joint failure types were observed:
a)  Anchorage (lateral resistance, no steel yielding),

b)  steel failure on the joint line with steel yielding without friction between adjacent
timber members and

c) steel failure on the joint line with steel yielding with friction between adjacent tim-
ber members,

Test results were compared with the theoretical results based on the elastic theory (linear
tooth-timber interface, eccentricities considered, joint moments considered, solid plate be-
haviour assumed, stiffness parameters adjusted to correspond to the load).

In the case of anchorage failure (a) the linear elastic theory corresponds well with the
test i.e. the measured chord resultant location (eccentricity) correlates well with that cal-
culated.

Steel yielding in the joint line (b, ¢) makes a considerable difference. Compound steel
yielding and friction (case c¢) increases joint stiffness and reduces eccentricity compared to
-case a. The steel yielding with no friction (case b) produces the opposite effect and the ec-
centricity is increased.

Thus, the joint behaves according to elastic theory if anchorage failure occurs. If steel
yielding occurs the eccentricity may be higher or lesser corresponding to friction. The elas-
tic behaviour is an intermediate between different plastic behaviours.

It 1s concluded that the semi-elastic design (elastic design with load dependant stiffness
parameters) can be used in the failure state, and that the plastic design (steel yielding and
plastic stress distribution in the joint line) is questionable.

1Paper CIB-W18A/29-7-2 prepared for presentation in CIB-W18 meeting in Bordeaux, France,
August 26-29, 1996

2T. Poutanen, Dr.Tech., Director, Wood Institute, Tampere University of Technology, P.O. Box 600,
FIN-33101 Tampere, Finland, tel +358-31-3162111, fax +358-31-3466456



INTRODUCTION

Preamble

Truss tests were recently undertaken which offer information on the following topics:
A procedure for truss testing.

Consequences induced by plastic steel yielding in truss joints.

The design procedure of trusses: the elastic versus plastic theory.

These tests are presented, discussed and conclusions drawn.

Truss design at the failure state, elastic versus plastic design

It is clear that at a low load level (i.e. serviceability design, deflection calculation) the de-
sign should be based on the elastic theory.

Plastic behaviour can be observed often at the ultimate load level. However, plastic be-
haviour does not occur always, especially in cases of joint anchorage failures and timber
failures. Furthermore, though plastic behaviour occurs in the truss it usually takes place
only in a few joints and most of the joints (and in most cases all members, too) stay elastic.
At present some design codes favour the plastic design over the elastic design at nail plate
joints, e.g. in [EUROCODE 5] all given design formulas are based on the plastic theory. The
plastic design is favoured, apparently, for the following reasons:

The plastic design is quite easy (as the approximation of ignoring deformations is
made).

Plastic design leads to small nail plates and low joint cost.

In truss tests joints often exhibit steel yielding in joint lines i.e. they have plastic be-
haviour; it may be believed that, for this reason, the plastic theory is more correct
than the elastic theory.

It is the aim that the timber trusses are ductile in order to avoid brittle failures. Thus,
it is believed that by making the joints plastic the whole truss becomes plastic
(unbrittle). It may even be believed that making the design using the plastic theory
secures ductile truss failure.

However, these arguments are questionable:

The plastic analysis is easy only if the displacement characteristics are disregarded
(according to the basic principle of the plastic theory). It is justified to disregard dis-
placements in statically determinate structures. The displacements may also be dis-
regarded in indeterminate structures in some restricted cases, especially in cases of
special yielding conditions are fulfilled and cases where there is no risk of buckling
failures. In indeterminate structures deformation characteristics must generally be
considered. Timber trusses are statically indeterminate, they do not have yielding ca-
pacity in some failure types and there is a risk of buckling failures3. In timber truss
design the displacement characteristics should be considered, and, if so the plastic
analysis is complicated, far more complicated than the elastic. The approximation of
ignoring the displacement characteristics may result in large errors even in some

3 The limitations on the use of the plastic design are well defined in steel codes, e.g. in [EUROCODE
3], similar limitations should be added to timber codes e.g. [EUROQOCODE 5], too.
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normal common cases as shown by the author [1995] and as demonstrated later in
this paper?. The errors are due to joint modelling.

The plastic design leads to small nail plates and low joint cost. However the joint cost
1s a minor part appr. 5-10%, of the total cost. The major cost appr. 50%, lies in timber.
Present trusses fail more or less always at joints. This indicates that the strength of
joints is too low. By increasing joint strength the overall load carrying capacity can be
increased at negligible cost (as the joint cost is low) as concluded e.g. by [Mtenga
1992] and the author [1995]. Furthermore the author believes that the increased joint
efficiency (increased strength and stiffness) causes secondary favourable effects, e.g.
better overall distribution of stresses. Thus, the plastic theory is questionable from
the economic point of view. It minimises a minor cost (joint cost) and pays little atten-
tion to the major cost (timber cost). Optimisation of compound joint and member cost
1s not possible in the present plastic theory as this theory does not have a relevant
link between the joint and the member (timber) behaviour.

Sometimes, deflection is more governing than failure. Increased joint efficiency is jus-
tified in these cases, too.

In modelling a plastic joint the plastic hinge should be set to the actual plastic hinge
(usually to the joint line, sometimes to the centre of anchorage area). This way of ap-
plying the plastic theory would be theoretically more correct®. However, this principle
is not followed in present plastic joint modelling but, on the contrary, it is believed the
plastic hinge can be set more or less anywhere as advised e.g. in [EUROCODE 5]. It is
believed (according to the general principle of plasticity) that there is freedom in se-
lecting the analysis model and also any error due to this approximation is negligible.
However, this is not the case as shown by the author [1995] and as demonstrated
later in this paper.

It is believed that joint yielding leads to favourable effects:

- redistribution of stresses, levelling of stress peaks and

- avoidance of brittle failures.

These kinds of favourable effects really occur in steel structures with yielding capacity
all over the structure. However, timber structures with yielding joints and nonyield-
ing members do not exhibit similar favourable effects with the effects in timber struc-
tures being random. The favourable and the unfavourable consequences have more or
less equal probability® as demonstrated later in this paper.

Conducting the design using the plastic theory does not ensure that the truss failure
is ductile, as explained later in this paper.

The present plastic truss joint codes are not well defined, inducing variability in de-
sign. Different designers end up with significantly different results in the same de-
sign task. This variability may cause confusion.

Plasticity causes variability in other ways, too. Steel yielding changes joint behaviour
considerably. The direction of this change (favourable, unfavourable) can not be de-
fined in advance in the design stage. The increased variability should be compensated

4 These errors may really be characterised as significant. According to [Poutanen 1995] and also ac-
cording to the tests presented here plastic models may estimate the governing stress appr. 50% un-
safe; that is, the total design safety (of appr. 2) is required for the error of the design model. Further,
the plastic models may consist of a big safe error, and according to [Poutanen 1995], the governing
“stress may be overestimated by a magnitude of three.. four.

5 However, it does not always work well, not e.g. in present trusses.

6 In the trusses presented here the unfavourable effects are dominant. Plasticity tends to increase
eccentricities and stresses especially at chords which are most critical in truss economy. Therefore
the unfavourable consequences are dominant more generally, not only in this special case.
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by an increased safety factor. The plastic design should have a (penalty) factor com-
pared to the elastic behaviour (of no excess variability due to steel yielding). Some-
times this excess variability will be large (as in the present trusses). Thus the
(penalty) factor should also be large.

This paper will supply data on these topics.

Modes of plasticity

If load deformation relationship is linear” we may call the behaviour elastic and otherwise
plastic.

A timber truss with nail plate joints is clearly elastic at low load levels. As load increases
plastic behaviour may be observed in four ways:

1. Plate plasticity: The joint lines of the nail plates may have steel yielding, this behav-
iour is clearly plastic. It is the most difficult from a design point of view. This plastic-
ity occurs most often in present trusses, and can be avoided if strong or big enough
plates are used. Plasticity has some advantageous effects (ductility, increased
strength). However, it also has unfavourable consequences (excess timber stresses, in-
creased variability, difficult analysis, excess overall cost) meaning that the overall be-
haviour is disadvantageous.

2. Anchorage plasticity: The increased load in the plate timber interface causes a nonlin-
ear load-slip relation due to nail yielding and timber crushing adjacent to nails. This
plasticity occurs more or less always in present truss joints. Such plasticity can not be
avoided but can be reduced by strong or big plates. The anchorage plasticity differs
only a little from the elastic behaviour.

3. Contact plasticity: Contact connections of adjacent compressed timber members may
cause timber crushing, which may be called contact plasticity. This plasticity can be
reduced or even fully avoided by large or effective plates. Such plasticity is of minor
importance.

4. Timber plasticity: Occurs in some cases in compressed timber members. This topic is
beyond the scope of the present paper.

From a design point of view the anchorage plasticity and the contact plasticity can be han-
dled with reasonable accuracy by using one and the same model from low to high load level,
and by only adjusting relevant stiffness values. This kind of truss behaviour, including the
elastic stage and the anchorage and contact plasticity, is called here semi-elastic.

Usually contact connections have a minor role in the overall behaviour of a truss
[Poutanen 1995, Nielsen 1996] and in most cases a relevant design can be made by ignoring
these connections in the analysis of internal stresses8. Consequently it is justified to ignore
the contact plasticity at least in most cases®.

The plate plasticity is different. If steel yielding does not occur a good approximation is
to assume that the plate (and the joint line) is undeformable. If yielding occurs in the joint

7 By sufficient accuracy from the point of view of design accuracy induced by the physical behaviour,
geometric nonlinearity may be elastic or plastic.

8 However, in some special cases contact may have a considerable effect on stress distribution.

9 However, contact connections must be utilised in strength design, as present nail plates do not have
sufficient efficiency to transmit full timber compression capacity over the joint (from one timber
member to another). Contact forces increase variability. Thus, increased use of contact forces cause
increased variability. If contact is utilised, in a refined truss design there should be a special (penalty)
factor which takes into account the degree of utilisation of contact forces.
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line the deformation usually is large, normally larger than deformation induced by other
reasons. The steel yielding means that the physical function of the joint changes considera-
bly. The author doubts whether it is possible to make a practical truss design model which
would cover both cases. Therefore two models (one to cover the solid plate behaviour and
the other to cover the case of the yielding joint line) are needed creating excess difficulty.

TESTS

Tests were carried out by M.Sc. T. Turunen [1996]. There were four trusses altogether. The

‘used test procedure is accurate and its variation is smalll0. Therefore conclusions can be
drawn even though the number of tests is small. Test trusses with measurement results
are shown in appendices 1-4 with some photos in appendix 5.

Test method

The test method used has been explained earlier by the author [e.g. 1988a, 1995]. However,
it is explained in short in the following (see figure 1).

Measurement is based on resultant location measurements in timber cross sections. The
resultant is located at a fixed place e measured from the cross section centre. It is prefer-
able to use a relative (normalised, dimensionless) eccentricity e: to measure the resultant
location (instead of the absolute eccentricity e):

(D

S o

e =

The measurement consists of the following steps:

Measurement cross sections along the truss are selected. Increased number of meas-
urement cross sections increase relevant test data. Cross sections without defects are
preferred as having the best accuracy. It is preferable to select cross sections in such
way joint behaviour can be measured as it is most unknown in trusses.

Two strains €1, €2 are measured in each cross section. Strain measurements should be
as far as possible apart (preferably at the edges) to achieve the best accuracy.

The measured resultant location er, m (relative eccentricity) is calculated from:

e . L 2
1',111“6(81 +82) ( )

The corresponding theoretical eccentricity is obtained from the calculated normal
force Ne and moment Me.:

M,
Crc= h N, 3)

10 Actually, the number of tests is larger. In the eccentricity test method each cross section measure-
ment denotes an independent test. From this point of view there were 10 tests.
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er,m and ey, ¢ are compared with each other. They should be the same within relevant
limits if the calculation is correct and corresponds with the testll,

The author has concluded that the error in the eccentricity measurement is small
Aer,m<0.03 i.e. 3% in spite of large variations in timber properties, e.g. defects, modulus of
elasticity. Normally various calculations based on different design models show far bigger
differences in e, .. Therefore it is possible to make conclusions on the correlation between
the test and the analysis though only a small number of tests (even one test) are performed.
This test method can effectively reveal whether the current analysis model is right or
wrong,

Eccentricity defined by measurement erm
Figure 1
Test principle, the cross strain measurement 1, ¢,
section resultant location
s obtained by eccentricity
er,m measurement (top) and
it is also obtained by cal-
culation ere. These eccen-
tricities are compared with
each other and they should
be the same within rele-
vant limits (10% in the Eccentricity defined by calculation e
author’s opinion,).

strain measurement 2, ¢, &

Ot

Test trusses

Test trusses with loading arrangement and measurement cross sections are shown in ap-
‘pendices 1-5. All test trusses were designed to be symmetrical. Bottom chords did not have
any lateral loading. If the bottom chords exhibit some eccentricity (and moment), that is if
the resultant is outside the centre line of the chord, it is fully due to end joints. There is a
direct correlation between the bottom chord eccentricity and the joint behaviour.

Timber was normal sawn spruce timber used for trusses in Finland. Moisture and den-
sity was measured at chords and tensile diagonals, these values were ©=8 - 14 %, po=420 -
520 kg/m?. The average modulus of elasticity was estimated at appr. 10.000 MPa. Variation
in the timber properties was rather large. As far as this test is concerned only the ratio of

' The author [1995] concluded that |er, m - e | < 0.1. If this criterion is not fulfilled the analysis
model is wrong as the model selects incorrect timber grade. Nail plate joints in present trusses ex-
hibit natural variability Ae: which may have the same magnitude (+0.1 i.e. £10%) in the semi-elastic
stage. Steel yielding increases this variability and (nearly) doubles the variability. The total design
variability is cumulated from effects of physical behaviour and errors in theoretical calculations. The
author concluded in [Poutanen 1995], that the design accuracy (and design variability) of Aer 4 < 0.1 is
-possible to obtain in practical semi-elastic design. The joint behaviour variability may be decreased by
disregarding the plasticity in the design. This variability may be decreased further by increasing joint
anchorage stiffness and by decreasing use of contact.
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timber stiffness and plate (anchorage) stiffness has a relevant effect on the result
(eccentricity). It may be estimated that this ratio varies in the test trusses by appr. £20%. A
theoretical study shows that variation of this magnitude has a negligible effect on the rela-
tive eccentricity, appr +3% in the present trusses.

The strain gage strips were of type KC-120-A1-11 and X60 adhesive was used. The rela-
tive eccentricity was calculated by use of the actual bottom chord depth at each measure-
ment cross section (nominal depth 98 mm, actual 93-97 mm).

. The nail plates were Top-91 plates which were widely used in Finland. The plate has
thickness 1.2 mm, nail length 12 mm and high steel quality fy > 360 MPa.

Trusses 1 and 2 were made and tested first. The joint line and anchorage failure were
designed equally governing (however anchorage a little more critical). Both trusses failed in
anchorage in the diagonal connection. Truss 1 had effective contact in timber members in
all joints whereas truss 2 had appr. 3 mm gap in bottom chord joints. Trusses 3 and 4 were
similar to 1 and 2 respectively, but the nail plate of the bottom chord joint was increased to
avoid the anchorage failure!'? (however, truss 4 had appr. 5 mm gap in the horizontal joint
line at the top of the bottom chord).

The measurement results have been plotted in the form in which the data was collected
by an automatic recording device (by use of a spread sheet and graph program) without any
human manipulation. Load was increased to obtain the failure in appr. 10 min. In tests 2, 3
and 4 down load was applied as seen in the result graphs. The recording device was ad-
justed to record of 5 second intervals (in some cases 10 seconds). Trusses were loaded by
human operated hydraulic jacks, the velocity of load increase was not fully uniform. This
explains the small irregularities in the curves. Deflection measurements were made at the
mid span (manually in tests 1, 2 and 3 and automatically in test 4, results not presented

‘here having minor relevance).

Results

The results are presented in relative eccentricity (of bottom chord) versus load graphs. As
the bottom chord depth is nearly 100 mm (nominal 98 mm actual 93-97), the relative eccen-
tricity in % almost equals the actual eccentricity in mm (the actual eccentricity denotes the
location of the bottom chord resultant above the centre line).

Failures

Trusses 1 and 2 failed at anchorage in the bottom chord plate and tension diagonal connec-
tion. The failure may be characterised as brittle. As seen in the graphs in appendices 1 and
2 the capacity is lost suddenly.

- Trusses 3 and 4 failed at the joint line along the top of the bottom chord. In truss 4, be-
fore the final joint failure there was a timber compression-bending crack at the top chord
close to the centre joint, and timber tension-bending failure crack occurred at the bottom
chord close to one joint. Though, both cracks were clearly visible, load was not decreased
and the final failure took place at the bottom chord joint (the test was terminated due to
excess deflection).

12 The tension diagonal was also increased to increase the anchorage resistance.



DISCUSSION

Test accuracy

The author has concluded in [Poutanen 1995] that the measurement accuracy of the eccen-
tricity test method is Aer,m < 8%, and, in good laboratory conditions (proper equipment, skil-
ful and experienced staff), a better accuracy should be obtained. All trusses were symmetric
and should behave symmetrically, too. In all trusses the bottom chord should have uniform
eccentricity!®. Two or three cross sections were measured in each truss. These measure-
ments should be approximately the same in each truss and the ultimate difference should
be less than 6% (=+3%, the ultimate error of the eccentricity test method). This criterion is
fulfilled. Measurements were made in good laboratory conditions!4 and in most cases the
-differences are far less than 6% as expected.

A dark area has been drawn at the top of the graphs denoting the ultimate accuracy of
6%. The location of this area has been set by human estimation on the actual behaviour of
the joint based on average measurements (down load phase is excluded). It is emphasised
that the breadth of this area denotes the maximum measurement error of 6% (=+3%). Thus,
this breadth defines the actual joint behaviour “for sure”. The design result should fall close
to this area, not further than 10% [Poutanen 1995].

Truss 3 clearly is asymmetric and the eccentricity measurements in this truss are not
the same. The asymmetry is apparently due to contact in the joints. It is known from other
tests, e.g. [Poutanen 1987, Laasonen 1988], that contact causes a significant variation in
the joint behaviour.

Error in plastic design models

The plastic design models are not well defined. In these cases several models may be ap-
‘plied. For simplicity only two plastic models drawn in figure 2 are studied:
1. “simple” model, top and

2. “centre line” model, centre,

both of which are widely used and e.g. accepted by [EUROCODE 5]. It is general practice in
plastic joint modelling that the rotational stiffness of the joint is disregarded.

In appendices 2 and 4 stress distribution has been presented at the load level of 12 kN
(which approximately denotes the failure load) in five cases:

Measurement, lower accuracy boarder (e, m - 3%).
Measurement, higher accuracy boarder (ey, m + 3%).

Calculation based on the semi-elastic analysis (figure 2 bottom).
Plastic calculation using model 1.

Plastic calculation using model 2.

13 The eccentricity is not quite precisely uniform, with the deflection and the tension force (secondary
effect) causing a little variation. However, in this case it is small and can be disregarded. This second
order effect is taken into account in the theoretical calculations presented in appendices 2 and 4.

14 The tests were carried out by a student who did not have any experience of the eccentricity test,
but he seemed to carry them out well.



The plastic analysis 1 does not show any
eccentricity in these trusses and the critical
governing stress used in design to select the
timber grade and cross section is 6 MPa.
"However, the test shows that this stress is
at least 13-15 MPa. Thus the plastic model
1 is seriously unsafe. All cumulated safety
factors of appr 2 are needed to compensate
this kind of error!® induced only by the in-
correct design model. There is no safety left
for variation and other errors. On the other
hand the plastic model 2 is very much safe
at the bottom chord, the governing stress is
24 MPa, but the test shows it is not bigger
than 15-17 MPa. However this model is
badly unsafe at diagonals. So, both plastic
models are unsafe.

Figure 2

Plastic model 1, “simple model”, top,
model 2, centre line model, centre
(semi-)elastic model, bottom.

Accuracy of the semi-elastic design

The theoretical calculations were made using a semi-elastic theory and a computer program
disclosed in [Poutanen 1995].

In appendices 2 and 4 calculated results obtained from a semi-elastic calculation are
presented at load level 6 and 12 kN. Theoretical calculation on trusses 1 and 3 where con-
tact occurred between the adjacent timber members are not presented. As seen in the re-
sults, contact did not have a big effect except for the ultimate failure. There is little data
what kind of contact stiffness values should be used in the calculation. By adjusting the
stiffness parameters it would be possible to have full correlation between the test and the
_calculation.

Trusses had Top-91 plates. Accurate stiffness data on this plate was not available. How-
ever, the stiffness may be concluded approximately from other data. Nail plate anchorage
translation stiffness is usually in a short term test appr. 10 N/mm? (=ky=ky) Variation is
large, probable appr. £5 N/mm3. The stiffness of Top-91 is rather poor and therefore the cal-
culation was made using the value of 1016 N/mm? at low load level, F=6 kN. At load level 12
anchorage stiffness is reduced and in truss 2 stiffness 7 N/mm? and truss 4 stiffness 9
N/mm? was used. The stiffness reduction is less in truss 4 as it has a 43% bigger bottom
chord joint plate (172*135 versus 120*135), which is most critical to the bottom chord ec-
centricity. Lesser data is available on rotation stiffness. It is apparent that the rotation

15 Actually, in truss 2 the safety factor of 2 is not sufficient to compensate the error induced only by
the analysis model.

16 T have better accuracy (contrary to general praxis) the calculations were based on cross areas (no

reductions applied in anchorage areas), cross stiffness of 10 N/mm3 corresponds to net stiffness of
appr. 9 N/mms3,
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stiffness is smaller than the translation stiffness. Therefore in all calculations 30% less ro-
tation (than translation) stiffness was used (0.7kx=0.7ky=k, )17,

The semi-elastic calculation falls into the measurement accuracy area fully (truss 2) or
nearly (truss 4).

Increased variability by steel yielding

Truss joint has a variability according to these tests under the load level of steel yielding of
appr. Aer < 20% (£10%). Steel yielding in the joint line almost doubles this value. In truss 3
the eccentricity was decreased appr. 7% and in truss 4 increased appr. 9%. The excess
‘variation of 16% is caused by steel yielding and contact. The variation was the same as in
author’s earlier tests [Poutanen 1988b] where similar variation induced by steel yielding
was observed.

Redistribution of stresses due to plasticity

The timber bottom chord does not have any yielding capacity; thus the test illustrates the
actual behaviour of these trusses and there can not be any further behaviour modes. If the
bottom chord had yielding capacity e.g. if it was made of steel, there would be a secondary
behaviour mode with a hinge at the chord. This chord hinge is needed for a favourable re-
distribution of stresses.

Test 4 discloses that steel yielding does not mean a favourable redistribution of stresses
in a timber truss. On the contrary the redistribution is unfavourable at the most critical
member. The governing bottom chord timber stress is increased due to steel yielding from
14 MPa to 17 MPa i.e. 20%18,

Thus, joint plasticity in timber trusses does not induce favourable redistribution of
stresses.

Ductile failure

Joint anchorage failure and timber tension failure are brittle. The author does not know
any rational means of avoiding such brittle failures in trusses. Thus, these failure types can
not be avoided. Plastic joint behaviour causes (favourable) ductile joint line failures but
does not exclude other failure modes.

As brittle failures in timber trusses can not be avoided it is of minor reason to favour the
plastic design due to ductility.

Joint behaviour at down load

.Change in the eccentricity is large at the down load. The eccentricity increases which can
be explained due to the decreased plate stiffness. These observations call for further tests.

17 The calculation is based on the assumption of solid plate. This approximation causes increased er-
ror as plate size increases. The error can be compensated by reducing k -value further at joints of pig
plates. This reduction should be made for truss 3 and 4 and if so the correlation between the test and
the semi-elastic analysis would be better.

18 The plastic theory produces small and inexpensive nail plates but it causes excess cost in timber,
according to this example the timber stresses should be reduced by 20% i.e. the penalty factor of the
plastic theory in timber design should have the magnitude of 1.1 (1.05-1.2).
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CONCLUSIONS

1. The eccentricity test method is a valid method in truss testing, and can effectively re-
veal errors in truss analysis models.

2. The plastic models for truss joint design are questionable:
They may include significant unsafe errors. The whole safety factor of appr. 2 may
be needed to compensate for these errors leading to unsafe design.
They may also include substantial safe errors, leading to uneconomic design,
The plastic models can not be used for optimisation (as they include large errors).

3. Steel yilelding in the joint line may cause a considerable excess joint variability.

4. Steel yielding in joints does not always cause favourable (but random) redistribution
of stresses in timber trusses (as opposed to steel trusses).

5. It apparently is not possible (economic) to obtain ductile timber trusses. The require-
ment of ductile truss behaviour is questionable.

6. Making the truss design using a plastic model does not secure that the actual truss
behaves ductile.

7. Increased contact in a nail plate joint increases variability in joint behaviour.
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Appendix 3
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Appendix 4
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Appendix 5

Figure 5-1
Test apparatus, truss 3 at
failure.

Figure 5-2
Joint anchorage failure of
truss 2.

Figure 5-3
Joint line failure of truss 3.

Figure 5-4
Joint linee failure of truss 4.
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1. Introduction

Eurocode 5 establishes a method of designing for the effects of moments in the joints
of nail-plated structures. This paper compares the experimental performance of such
joints with the design method given in Eurocode 5 and with the proposed plastic
design method by Noren et al [1].

Typically trussed rafters have joints that resist a combination of axial force and
moment, where the ratio of axial stress to bending stress is high. The inclusion
within Eurocode 5 of a joint design method that accounts for the effects of moments
provides designers with a tool for analysing more indeterminate structures and for
designing structures with joints at positions of high moment. It is the desire for
flexibility of form and potential new markets arising from this ability that provides
the motivation for the analyses and test results presented here.

The paper starts by analysing the moment anchorage capacity of 20 standard shear
tests and 20 beam tests carried out by Bettison et al. [2]. The anchorage capacities
from a further 160 moment tests on Butt and Tee joint specimens encompassing a
wide range of bending moment, axial force and shear force combinations are then
presented and compared with the design methods.

2. Materials

2,1 Timber

All the joint specimens featured in this paper were manufactured from European
Whitewood, (Picea Abies) M75 grade trussed rafter material. The timber was
visually selected, cut as required and,where appropriate,matched ends were jointed
by the nailplates to form the specimens. The specimens were held in a conditioning
room prior to testing. The mean moisture content at the time of testing was 13.2%
within a range of 8.5% to 17.5%. The mean dry density of the specimens was 435
kg/m?3 within a range of 337 kg/m3 to 569 kg/m3 and Young’s Modulus varied from
9.09 to 15.15 kN/mm?. The laboratory mean temperature and relative humidity were
20.5°C and 58% respectively.

2.2 Nailplates

Gang-Nail GN20 plates were used throughout the test series. The plates are
nominally 1mm thick with 9.5mm long nails. Figure 1 shows a typical GN20 nail
plate.
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Figure 1 - GN20 Nailplate Arrangement

Table 1 shows 5 percentile characteristic anchorage values determined from tests
carried out by the British Board of Agrement. Mean characteristic values for plate
tension parallel, shear parallel and shear perpendicular are 218 N/mm, 75 N/mm
and 65 N/mm respectively. The joint specimens were all manufactured with typical
hydraulic press equipment used in trussed rafter manufacture.

Table 1: Characteristic Anchorage Values faof (N/mm?2) for GN20 Nailplate

faof3 Angle of Load to Grain ()
0 15 30 45 60 75 90

0 2.616 2492 2.18 1.869 1.651 1.495 1.464

15 2.616 2492 2.18 1.869 1.651 1.495 1.464

Angle of Load 30 2.616 1.557 2.18 1.869 1.651 1.495 1.464
to Plate 45 2.616 1.557 2.18 1.869 1.651 1.495 1.464
Direction (a) 60 2.429 2.336 2.087 1.838 1.62 1.495 1.464
75 2.243 2.149 1.993 1.775 1.62 1.495 1.464

90 2.087 2.025 1.869 1.713 1.588 1.495 1.464
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3. Test Series

3.1 General

All the testing was carried out at The University of Nottingham, England. The test
arrangements and procedures are described briefly here and more detail is available
in CIB Paper 29-7-4. [2].

The test series had two main objectives:-

i)  to carry out tests similar to those performed by Kevarinmaki et al [3] and
to compare the anchorage load carrying capacities with the current
Eurocode 5 design method and other theories. Two types of joint were
tested:

e  standard shear tests in accordance with prEN1075 [4] (joint type J5).
e beam specimens (joint type J6) similar to those used by Kyrkjeeide et
al [5].

ii) to carry out tests on specimens representing a wide range of practical
situations in which the ratios of applied moment to direct load were
varied and to compare the anchorage load carrying capacities with
Eurocode 5 and other theories. Two principle types of joint were tested:

e  Butt joint specimens in which axial load and shear forces were
applied in addition to the bending force (joint type JT1 and JT3).

o  ‘Tee’ joint specimens in which the bending and direct force ratios
were varied (joint type JT2 and JT4).

Table 2 gives a summary of the test configurations for the shear test and beam test
specimens and Tables 3 and 4 give a summary of the test configurations for the butt
joint and tee joint specimens respectively.

3.2 Ultimate Joint Strength and Timber Densities

It is generally accepted that there is a correlation between timber density, moisture
content and joint strength. Other researchers [Kevarinmaki et al] have adjusted the
test result values using a method that takes account of the specimen density and
moisture content, with the aim of making all the results correspond to a datum
density. The adoption of a similar adjustment was considered here. However, it
was very difficult to see a correlation between ultimate strength, density and
moisture content in our moment test results. The application of a density correction
factor similar to that applied by Kevarinmaki et al would have made a significant
change to some results (up to 25%) and in view of the apparent absence of a clear
trend in the test results it was decided not to apply a density adjustment to the
ultimate loads.



AV "3 % gver

v 667’1 06 44! LS1 st G aof 9/ X 4 = en
A 916’1 0 rAs LST zs1 g 29[ < . >
v 0060 06 06 6CL L2l S a9( D
v 0v0'1 0 6 621 A4S g V9l a
(D) 4 3 —
aderoypuy=y xeuw ureis 03 aye| 1xPp P §
JPOJA 2anjreq BNl UBDA] 30 918uy qang IZIG Ield u adA 1 yurof y 4 AV
a/4 2/4
SI1Sd1LINVId
v /801 06 06 g8l 9z g as(
v 886 0 Gh 1Z 9z S 0S|
v 9¢01 0 06 1z 9z S qs(
v SS01 0 0 1Z 9/ S vl
dderoyuy =y (NDD) d 0 qQxp
IPON danjieg Xeur,J UeaA uoneIudIO 9ZIg 3je]J u adAy yurof
4
SLSHLAVAHS

SLSHL NVAd ANV SLSHL YVAHS AAVANV.LS 40 XIVININNS TH19dV.L



*3010§ uorssaxduwrod sajoudp (-) USIS SNUIW XY 32I0] [PIXY

v €91 S0 va 691 qe 0¢ i | 10T | & 61€l
v 91 SY0 Vs 691 Se 0g vl | T0L | S 81l
v 91 0 0 691 g 0¢ L4729 I (0] A B < BVA K|
A\ 141 Sv0 A 691 ae 0 vl | 0L | § 91€f
v 61 Sv0 ¥'a 691 qe 0 vl | 10T | S S1el
v 8L 0 0 691 qe 0 arl ) 101 | S AR 9/ X 4 = BW
S el'l SY0 A 744 qe 0 vl | 10T | S exel < 1 -
vV 691 Sv0 ya 0ct qe 0 ai | 101 | S [ARS|
v VA 0 0 ozt Se 0 vl | 101 | S | T1I€l
S 9c S¥0 08 691 qe 0 €ve | ¢ST | S | <uLId c
S ¥6'C S0 0'8- 691 S¢ 0 €ye | ¢S | S OLLIf H
S yve 0 0 691 qe 0 €c | ¢4l | S 611{ A
v 680 S0 ¥a 1741 413 06 66 | 101 | § 8LI(
v 640 Svo ¥a- 0ct q¢ 06 66 { 10T | S ARs|
v 001 Sv°0 ¥'S 0ct 1% 0 66 | 10T | S ARs|
v 940 Y0 Vs 0cl qe 0 66 | 10T | § [ARS|
v (401 0 0 0ct G 0 66 | 10T | S LI
[291S=S (N> (NPD (N> urerp oy
aderoypuy=y Xewr eJAl 0 92104 XV 22104 HXg ajeld jo qxp adAy
apour anjreq UedAl Jedyg eIXy 9ZIG I3qUUIL], d8uy | azigaery | u jurof SINIOI LIndg

SLSHAL INIOI LINY 40 AMVININNS € T19V.L



ainyrey ureid o} remorpuadied uorsua] = .
90105 uorssaxduwod sajousp (-) uBIS SNUIL - :XY 3110 [RIXY

S 0 122 S10 LY1 0 €9 691 X G¢ el 4] G81 X 10T ) e6L¥[
v 0 [AN! 0g0 vie 0 g 691 xS8E | €€T | ¢S S8L X 101 S eg1p(
S 0 €01 ST0 89 0 S 691 XGE | €€1 | <8 S8T X 101 S LIANS
S 0 81 60 70T e €9 691 Xge | €€1 | TS S81 X 101 S TLI¥S
v 0 j XA 60 el ¥s 6¥ GaIxXgE | eel | ¢§ 98I X 101 ) TLLES
S 0 80T 60 611 A% g 691 xge | €e1 | TS S81 X 101 S 61%(
S 0 680 60 660 4] S 691 xXSE | €61 | ¢§ S8L X 101 S 8LY[
v 0 (A S 60 91 A% LZ qeIxge | €e1 | ¢§ S8T X 10T S 9L¥{ )
v 0 860 60 80'1T va Ll qeIxse | gel | ¢S S8 X 101 g S1¥( ULO:/U@
v 0 61 60 €71 0 Lz GeI xgg | €€l (4] G8T X 101 q jASZ} ;
v 0 ¢l S1°0 88 0 L2 9SIXGg | €€T | T8 S81 X 10T S 1Iv( 2y
S 0 ¥0¢C 60 9T 08 S8 691 X 6¢ = = €Fe X 761 S AR A
S 0 0ce 60 e 0 g8 691 X g¢ = = €PE X TS1 S orrzf T 5
S 0 S0c 60 LT 08 S8 691 X G¢ = = £E X ¢St S 612f
L 06 ¥9°0 60 140 4] S0t 0L x g¢ = = 66 X 10T ) JA Y4
S 06 60 60 [AIns A% 501 0ZL X ¢ = = 66 X 101 S g1zl \
1 0 SL0 60 €80 'S g6 | ocixse | = | = | e6x101 | 5 | exef $9vevd
1 0 980 €0 98T 0 g6 0CI X G¢ = = 66 X 101 [4 qzizl
L 0 S0t 60 9Tl 0 §6 0ci xsg = = 66 X 101 € ezref
L 0 80'1 60 1 4% g6 021 x 6¢ = = 66 X 10T S 11

QUL =],

PaAS=g eoelq
iopuy =y | 03 23erd (WINDD (NPD XV q Hxd
ainjrejy jo Xeu BJAl (wx) (NDI) xeur | 90104 IS1Id JZ1S qxp adAy
JO 3poA a[duy uBI el UBIJA [eIxy a8pa Jaquury, A} 4 PZIG IR | u yurof SINIOI 9431

SISHL INIOI 491 40 XdVININNS T HT1dVL




29-7-3

3.3 Shear Test and Beam Test - Analysis of Results

The shear test and beam test analyses are given in table 5. Figure 2 shows the
effective plate areas adopted to calculate the geometric plate properties used in the
analysis.

gap
e —

SHEAR JOINT, BEAM JOINT.

Figure 2 - Effective plate areas for shear tests and beam tests

The presented Fmax in table 5a (shear tests) is the lesser value of either the ultimate
Fmax or the Fmax recorded at 6mm shear displacement (despite sizing the plates to
ensure an anchorage failure occured, large shear deformations were observed in
some shear tests before an anchorage failure resulted). A émm deflection limit was
chosen as this is the criteria given in prEN1075 for the determination of steel shear
failure in nailplate joint tests.

The ultimate test loads have been compared with the Eurocode 5 [6] method (EC5)
and with Norens methods (plastic noren) as well as the true theoretical plastic
method (plastic theor). The resulting stresses have been determined using the
following equations:-

_ Fmax
Y= SAg (4a)
S Ma max (4b)

- 2zpolar



29-7-3
TABLE 5 RESULTS OF COMPARISON STUDY
Shear Tests and Beam Tests
Table 5a - Shear Tests (I5)
Plastic Noren Plastic Theory
Joint Mean Resulting Stresses EC5
Type Fmax 1f m Tm m Veal Fmax Veal Fmax | Vcal Fmax Veal Fmax
(kIN) ec5 noren theor ) Vcal ) Veal 3) Veal 4) Veal
eqnde (1) eqrdf (2) eqnig 3) eqndg (4)
J5A 10.55 232 | 411 2.74 2.61 7.51 141 6.43 1.64 7.68 1.37 7.91 1.33
J5B 10.36 2.31 3.69 247 2.36 8.20 1.26 6.77 1.53 7.13 1.45 7.26 143
J5C 9.88 2.24 5.48 3.39 2.63 5.28 1.87 4,96 1.99 6.27 157 7.35 1.35
J5D 10.87 2.42 3.88 2.58 2.47 8.20 1.33 6.77 1.61 5.64 193 5.7 191
Mean 1.47 1.69 1.58 151
Standard Deviation 0.275 0.20 0.24 0.27
Table 5b - Beam Tests (J6)
Plastic Noren Plastic Theory
Joint Mean Resulting Stresses EC5
Type | Mamax m m m Mcal Mamax Mcal Mamax | Mcal | Mamax | Mcal | Mamax
(kNm) ec5 noren theor 1) Meal (2) 2) Mcal ©)] Mcal 4) Mcal
eqnde eqndf (2) eqndg (3) eqndg (4)
J6A 1.04 6.46 4.31 4.03 0.47 2.21 0.63 1.65 0.63 1.65 0.67 1.54
J6B 0.90 5.89 3.93 3.67 0.45 2.01 0.59 1.50 0.59 1.50 0.64 1.40
JeC 1.916 6.10 4,07 3.80 0.92 2.08 1.23 1.55 1.23 1.55 1.32 1.45
J6D 1.499 5.10 3.40 3.18 0.86 1.74 1.15 1.30 1.15 1.30 1.23 1.22
Mean 2.01 1.50 1.50 1.40
Standard Deviation 0.198 0.147 0.147 0.134
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Tm@rm = M (4:C)
Aef (d)

Ma max
theor = (4d)
2Wp theor

m

where:
zpolar = (Ixx + lyy)/rmax
d = “diagonal” according to Noren [1]
Woueor = (Aefxr)da (See Kevarinmaki [7])

The presented maximum loads (Vcal and Mcal) in Table 5 are calculated from the
following criteria:

Eurocode 5 {rmecs < 2.fa9090 (4e)
fof +1mges < 15.fa00 (4f)
2 2
Plastic method ( v ] + (‘cmp ZJ <10 _ (4g)
faoB fa00
where:

tmpl is either Tm,,,,, or Tmy,,,, as appropriate.

3.4 ButtJoint and Tee Joint - Analysis of Results

The butt joint and the joint analyses are given in Table 6. Figure 3 shows the
effective plate areas adopted to calculate the geometric properties used in the

analysis.

F max . Ax
i = .
e

f&\ b La

1 7 y @$ ‘e y
= ¥
I:: angle of Ma =
il plate to Ma : Fmax x La
grain. e = Fmax x e Il
e — ' ’

N °

TEE JOINT.

BUTT JOINT.

Figure 3: Effective Plate Areas For Butt and Tee Joints
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The resulting stresses (tf, Ty TMygen TMy,,) have been determined using
equations 4a to 4d inclusive. The presented stress indices in Table 6 (EC5, plastic
noren, plastic theor) are determined from equations 4e to 4g inclusive and are all
directly comparable to the maximum load/calculated load ratios given in Table 5.

4, Discussion

41 Beam Specimens

The relative performance of the beam tests when the ultimate strengths are
compared with calculated resistances was very similar to those analysed by
Kevarinmaki et al. It is notable that for the EC5 method the tf equation (4e) is
considerably more conservative than the tf + tm equation (4f), giving mean
conservatism ratios (Mamax/Vcal) of 2.01 and 1.50 respectively. The plastic methods
give the best correlation with mean conservatism ratios (Mamax/Vcal) of 1.50 for
Noren’s method and 1.40 for the true theoretical method.

By comparison, mean convervatism ratios of 1.43, 1.34, 1.34 and 1.24 for EC5 (eqn
4e), EC5 (eqn 4f), plastic noren and plastic theor respectively were derived from
work carried out by Kevarinmaki et al [3]. :

One anomaly worth noting is that beam joints with nail plates perpendicular to the
grain (J6B and J6D) are only 82% as strong as with nailplates parallel to the grain
(J6A and J6C). This phenomenon is not recognised in the design methods (equations
4e, 4F and 4g) since tf = 0 and the angle of plate to grain is given no significance in
the design methods.

4.2 Shear Specimens

The shear tests all exhibited anchorage failures although some of these were
recorded after considerable shear deflection had taken place. The presented Fmax
values are the lesser of either the ultimate Fmax or the Fmax recorded at 6mm shear
displacement as described earlier. Even so, the mean conservatism ratios
(Fmax/Vcal) for the Eurocode 5 method, plastic noren and plastic theor methods are
1.69, 1.58 and 1.51 respectively. In the case of the shear tests the Eurocode 1f + Tm
equation (4f) is the most onerous since tf is relatively high (about 0.85 of 1f
characteristic). The conservatism ratios are higher than those observed by
Kevarinmaki et al [3] who presented values of 1.13, 1.07 and 1.02 for the Eurocode 5,

plastic noren and plastic theor methods respectively.

Care was exercised in selecting small nailplates (76mm x 7lmm) where the
anchorage strength was much less than the shear strength to precipitate an
anchorage failure. This need to size the nailplates to avoid shear failure imposes
severe restrictions on the nailplate size (and resulting Aef) and aspect ratio (d/b) .
that may be selected for testing. In our case the width of effective plate
perpendicular to the joint line was; (76/2)-6=32mm. The observed shear
displacements suggest this figure should have been nearer to 25mm (about 4 rows of
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teeth). It seems questionable whether moment anchorage capacities of nailplates
should be verified from such artificially small effective areas. For this reason it may
be possible that the shear test arrangement is not universally suitable for
determining the moment anchorage strength with all nailplate types. Indeed, this
view may even be upheld by the results of Kevarinmaki, Kangas CIB paper 25-14-1
[8] in which moment anchorage capacities for eleven nailplate types were evaluated
using the shear test method. Some nailplate types had consistent mean conservatism

ratios similar to those presented here.

4.3 ButtJoints

The butt joint tests (joint types J1 and J3) introduced constant axial and shear forces
into specimens in which a varying bending force was applied until an anchorage
failure was recorded. Timber contact occurred in all specimens. When comparing
the ultimate strengths of the butt joints with the Eurocode 5 design method, equation
4e (2.Fa9090) was always more onerous than equation 4f (1.5.fa00) with mean
conservatism ratios of 2.51 and 1.96 respectively. The plastic noren method (equation
4g) gave a mean conservatism ratio of 1.99 and the plastic theor method gave a mean
conservatism ratio of 1.85. The conservatism ratios given here are considerably
higher (30%) than those given earlier for the beam tests (emulating Kyrkjeelde et al).
Much of this difference can be attributed to the occurrance of timber contact which
modifies the moment rotational behaviour of the joint.

Joints with a compression force generally had a lower bending strength than joints
with a tension force.

4.4 TeeJoints

The tee joints (J4) introduced a varying shear force (inducing a tf and tm, -see figure
3) together with a varying bending force (Ma) created by the lever arm (La). By
changing the lever arm length it was possible to alter the ratios of applied force
(Fmax) to bending force (Mamax). The longest lever arm (900mm) produces a low
force to moment ratio (tf=0.41) whilst the shortest lever arm (150mm) produces a
higher force moment ratio (tf=0.67) but these only represent 15% and 45% of the
relevant characteristic anchorage strengths compared with 85% observed in the shear
tests.

Considering joint types J4T1 (150 La) and J4T4 (900 La) and referring to table 4, it
would appear that the external anchorage moments are fairly similar (1.32 kNm and
1.29 kNm respectively). However, when the effects of the internal moment (Me in
figure 3) are considered in the analysis the resulting stress indices are markedly
different; J4T1 indices are 3.13, 2.58, 2.98 and 2.86 whilst J4T4 indices are 2.65, 2.01,
2.08, 1.98 for the EC5 (equation 4e), EC5 (equation 4f), plastic noren and plastic theor
respectively.

The stress indices for J4T1 are between 18% and 40% more conservative than those of
J4T4. A further study of the analysis shows that for joint J4T1 the total anchorage
stress comprises; 76% from Ma, 15% from Me and 9% from Fa (shear induced). This
compares with 95% from Ma, 3% from Me and 2% from Fa (shear induced) for joint

JAT4.
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This may suggest that the internal moment (Me) may not have the same effect on
nailplate behaviour as the external moment (Ma).

Another feature that was varied in the tee joint tests was the nailplate to timber
compression edge distance (E, in table 4). Whilst some of these specimens produced
a steel failure (even though the nailplates were sized using EC5 criteria to produce
an anchorage failure) it is worth considering joint types J4T7a and J4T9a in table 4.
Both joint types had 150mm lever arms. J4T7a had a distance E=5mm, whilst in
J4T9a E=63mm. Joint J4T7a resisted an applied moment of 1.12 kNm (tm. =6.96)
and joint J4T9a resisted a moment of 2.21 kNm (tm .5 =15.75) before a steel failure
resulted. The design methods predict the same ultimate anchorage strengths for
each joint (and incidentaly the same ultimate steel capacities). The observed higher
anchorage resistance (and steel strength) of joint type J4T9a is believed to be due to
timber contact once again.

The mean stress indices of all the tee joints presented in table 6 for the Eurocode 5
design criteria (equations 4e to 4f) are 2.23 and 2.04 respectively.

The mean stress indices for the plastic noren and plastic theor methods are 2.18 and
2.09 respectively.

4.5 OQOverview

A summary of the mean nailplate anchorage conservatism ratios for the four joint
types tested and analysed in this study together with comparable conservatism ratios
observed by Kevarinmaki et al are given in table 7.

DESIGN METHOD
EC5 Plastic Noren Plastic Theor
Joint Type Eqn 4e Eqgn 4f

Shear (J5) 1.47 1.69 1.58 1.51

(-) (1.13) (1.07) (1.02)
Beam (J6) 2.01 1.50 1.50 1.40
no contact (1.43) (1.34) (1.34) (1.24)
Butt (J1,]3) 2.54 1.96 1.98 1.85
contact
Tee (J4) 245 1.93 2.01 1.91
long lever arm,
low shear
Short lever arm, 2.78 2.25 2.54 2.46
high shear

values in parenthesis are mean conservatism ratios presented by Kevarinmaki et al [3] for similar style tests.

Table 7 Mean Conservatism Indices
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In summary, the shear tests did not correlate as well with the design methods as
those carried out by Kevarinmaki et al. This may be due in part to difficulty in
obtaining anchorage failure in the specimens without excessive shear deflection.
This in turn indicates that the shear test method may not be suitable for all nailplate
types as a means of verifying moment anchorage capacity.

The conservatism ratios of the beam tests were similar to the values recorded by
Kevarinmaki et al with the exception of the Eurocode 5 equation 4e where a
conservatism ratio of 2.01 was recorded.

The butt and tee joints correlated least well with the design methods with the short
lever arm (high shear) being the most conservative. Much of this conservatism is

probably due to timber contact.

Figure 4 shows a graph of limiting anchorage stress for the Eurocode 5 design
criteria equations 4e and 4f. Plotted on the graph are the relevant positions of some
of the test results presented here together with the relevant positions of some of the
analysis carried out by Kevarinmaki et al. Figure 5 shows a similar graph for the
plastic noren method in the case where o and f=0. (Unlike Eurocode 5 which takes
no account of o and  when considering moments, the plastic design method would
require a different trace for each value of o and f.) Figure 5 has the relevant
positions of some analyses plotted as described for figure 4. "

Figures 4 and 5 serve to illustrate that all the testing done to date has been
concentrated in two main areas:

i)  areas of low direct force (tf) and high moment (tm).
ii)  areas of moderate direct force and moderate moment.

In the case of ii) above, the direct force is induced by shear and the moment is totally
a result of eccentricity.

It is clear that there are large parts of the tf/tm surface that have not been explored,
either in this study or in the studies of Kevarinmaki et al. Much of the nailplate
anchorage design method in Annex D of Eurocode 5 is therefore still unverified.

5. Conclusions

The shear and beam tests were carried out with the intention of following the work
of Kevarinmaki et al and providing a bench mark against which to compare the butt
and tee joint tests. The butt and tee joint tests were intended to represent a range of
typical joints that might be designed in practice. The aim was to observe how the
ultimate strength of such joints compared with the design theories which were

themselves validated from shear tests.

The test series sought to probe the effects of varying direct force to moment ratios as
well as observe the effects of timber contact on moment resistance.
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After considering the various analyses the following conclusions are drawn:-

1)

2)

3)

Uy

The shear test method does not appear to be suitable for all nailplate types.

It imposes severe restrictions on nailplate area.
It imposes severe restrictions on nailplate aspect ratio (d/b)
It gives a fixed tf to Tm ratio which is heavily weighted toward 1f.

All tf and tm are implied by shear.

The existing design methods do not correlate well with the ultimate bending
strengths of practical joints. (See table 7).

e  timber contact modifies joint behaviour and is a major influence on joint

strength.
. external moments (Ma) and internal moments (Me) have a different effect

on joint strength.
*  angle of nailplate to grain affects joint strength but is given no significance

in pure moment joints.

The design methods are still largely untried over much of the 1f/tm surface.

Recommendations

There is a need to undertake more testing and analysis to validate the efficacy
of the design methods across the tf/tm surfaces.

Consideration should be given to deriving an anchorage design method that
takes account of timber contact.

Further design criteria should be introduced to account for the 18% moment
strength change due to angle of plate to grain in pure bending joints.

Further studies are needed to explore the relationship between external
moment (Ma), internal moment (Me) and their effect on joint strength.

Collaboration between interested parties would greatly assist in carrying out
the above studies and lead to a greater understanding of the behaviour of

nailplate joints.
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A Critical Review of the Moment Rotation Test Method Proposed in
prEN1075

M Bettison and B S Choo
University of Nottingham, England

L R J Whale
Gang-Nail Systems Limited, England

1. INTRODUCTION

[t is estimated (by the authors) that some 400 million nailplates (30 000 tonnes) are used
annually throughout the European Community. This requirement is satisfied by well over
20 different plate types, supplied by over 10 manufacturers. Each plate type will presently
be the subject of separate national testing and accreditation procedures to provide the
necessary design data.

It is clear that there is a need for a European Standard which lays down standardised test
procedures and interpretation rules for such products. PrEN1075° is the draft for such a
standard, setting out test procedures to determine the anchorage, tension, compression
and shear capacity of nailplate joints, as well as their rotational stiffness characteristics.

This paper describes tests carried out in accordance with prEN1075 to determine the
rotational stiffnesses of nailplate joints from shear tests. Two other series of tests were
carried out, bending tests on beams in which the shear force was zero, and bending tests
on tee joints in which the shear force was varied. The rotational stiffnesses obtained for
these more practical joint configurations are then compared with the rotational stiffnesses
from the shear tests.

2. TEST SPECIMENS

The test pieces, shown in Table 1, were manufactured using structural timber (European
Whitewood) and Gang Nail nailplates type GN20, with a thickness of 1.0 mm. There
were five specimens in each set of test pieces.

The timber properties were as follows:
Density - mean = 435 kg/m®,  range = 354 to 514 kg/m’
Moisture content - mean = 13.2%, range =9.9t0 17.5%

Before testing the specimens were held in a curing room at 20°C + 1°C and 65% relative
humidity. During the test procedure in open laboratory conditions the temperature and
relative humidity means and ranges were as follows:
Temperature - mean = 20°C, range = 16 to 25°C
Relative humidity - mean = 55%, range = 43 to 66%
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Table 1. Test Specimens

A . B . C
Test series A B C i i ,iF
Plate size 76 x 71176 x71{76xT1 0 T8 7 B 7 3
Force/Plate angle & | 0 | 90 | 45 o H] '
Force/Grain angle # 0 0 0 = o
Plate/Grain angle 0 90 | 45 I

_’-'_2 L —
145 15 All plates - GN-20

Shear fest specimens - Joint type J5

All timber - 35x145

Test series A B C D
Plate size 127x1291127x129{152x1571152x157
Bite (h) 87 89 | 115 15
Plate/Grain angle 0 90 0 90

Beams - Joint type J6

Tapered timber block to
prevent timber contact and

plate buckling

All plates - GN-20
All timber - 35 x120

Plate type GN20 | GN20

Plate orientation =N b

Test series T Té
SF/BM High Low

Tee joints -Joint type J&

169

Low
Shear force/Bending moment

High 101 %185
Shear force/Bending moment
g
7 i t N
115 ">
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3. TEST PROCEDURE AND APPARATUS
Various apparatus were fabricated and assembled in order to carry out the tests.

For the shear tests and beam tests the apparatus shown in Figures 1 and 2 were installed
in a screw driven universal test machine and loaded directly by the moving crosshead.
Note that in the beam tests the central deflection of the beam was measured using
additional deflection transducers mounted on the fabricated frame.

The tee joints were tested using a rotating arm mechanism as shown in Figure 3. In this
arrangement the chord of the tee joint was fixed and the vertical web was loaded by the
rotating arm. By changing the point of application of the bending load it was possible to
change the shear force/bending moment ratio.

In all the tests, displacement measurements were made using linear potentiometers and
the loads were measured using load cells. As far as possible the tests were conducted in
accordance with EN26891" and prEN1075 and in the manner described by Kevarinmaki
and Kangas® and Kyrkjeeide, Aune and Aasheim?®.

A data logging system, linked to a PC, was used to record the various transducer outputs
during the tests.

4. PRESENTATION OF TEST RESULTS

The determination of rotational stiffnesses from the test results, obtained for each of the
three nailplated joint types, is based on the methods given in EC5 1995-1-1: 1994 Annex
D* and prEN1075°. The methods, using elastic theory only, are summarised below.

Shear Tests
Rotational stiffness Ky o = 0.4 Ty o) max / 01 mod

where Ty may 1S the elastic moment anchorage stress at F,,,
Fax = maximum applied force on effective plate area A
0:moa = /5 (B4 - 05)
8.4 is the rotation angle between the plate and the timber at 0.4 F,
0, is the rotation angle between the plate and the timber at 0.1 F__,

The moment anchorage stresses Ty ma Were calculated as follows:

M r

max

I
P

’t fuasd

m el max

where M, .. is the maximum internal bending moment induced on effective plate area A ,;
= F .« X distance from joint line to centroid of the effective plate area
[, = polar moment of inertia of A, about the centroid
r = distance from centroid to the furthest point of the effective area
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The effective area A, was obtained from the measured dimensions together with
allowances for gaps and ineffective fixing at the joint line (6 mm).

Bending Tests (Beams)

The determination of rotational stiffness was similar to that for the shear tests except

F 1
max

Fmax Z
that M, = x —
2 3 6
where F,,. = maximum applied force
[ = distance between supports

An additional rotational stiffness based on the member total rotation was also determined;
with the rotation angle calculated as shown below:

etmod = 4/3 (ezo.4 - 8[0,1)

Beam central deflection at0.1F,__and 0.4 F,

where 6, =

max

Y2 span

Bending Tests (Tee Joints)

The analysis was performed in a manner similar to that for the previous two joint types
except that

Miax = Frax I + Frax € (1.€. external moment + internal moment)
where F, ., = force between the rotating arm and the web
[ =distance between the line of action of the force and the joint line
=900 mm in the low shear force tests and 150 mm in the high shear force
tests
e = distance from the joint line to the centroid of the effective plate area

Figures 4, 5 and 6 show plots of load against displacement using typical results obtained
from the shear and bending tests.

The rotational stiffness values etc. obtained from the analysis of the test results are given
in Tables 2, 3 and 4.

S. DISCUSSION OF RESULTS

Failure Modes

At ultimate load, the joints showed signs of distress, usually nail extraction and shear
deformation at the joint line in the case of the shear test specimen, and nail extraction,

plate buckling and plate tearing in the beam and tee specimens. The rotations at the
ultimate load were in the range 5 - 10°.
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Figure 1. Shear Test Arrangement
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Figure 2. Beam Test Arrangement
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Figure 3. Tee Joint Test Arrangement
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Figure 4. Graph Showing Shear Test Result for Joint Type J5A (Specimen 1)
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Figure 5. Graph Showing Bending Test Result for Joint Type J6A (Specimen 1)
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Figure 6. Graph Showing Bending Test Result for Joint Type J4T4 (Specimen 2)



11

29-7-4
Table 2. Mean results for the Shear Tests
JOint o KF.rcd O'4Fmax O'4’}:F max O'4TM.el max K(p.h.el quv.el KLp.el
Type | Deg | N/mm’ kN N/mm? N/mm*  |N/mm*/rad [ N/mm?%rad | N/mm*/rad
JS5A 0 9.34 5.04 1.119 1.874 352 266 204
J5B | 90 10.32 4.30 0.965 1.597 359 425 319
J5C | 45 3.95 0.973 2.315 399 749 -
Krq - displacement modulus per unit plate area A, determined from anchorage tests
Kyne - rotational stiffness determined using rotation calculated from the displacements
measured with the horizontally mounted transducers. See Figure 1.
K,ve - rotational stiffness determined using rotation calculated from the displacements
measured with the vertically mounted transducers. See Figure 1.
Ky« - rotational stiffness determined using the displacements measured at the joint
line and corrected for shear translation of the joint
*

-displacement modulus not available

300

A . B . C c
! 1] 1
| [5 Y- I { { B
2 3 T
145 ‘745 All plates - GN-20
All timber - 35x145
Test series A B C
Plate size 76 x T1{76 x 71|76 x T
Force/Plate angle « 0 90 | 45
Force/Grain angle B 0 0 0
Plate/Grain angle 0 90 | 45
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Table 3. Mean results for the Bending Tests

Joint 0.4 M, 0.4 Ty e max Koo Ko e ol
Type kNm N/mm? N/mm?/rad N/mm?*/rad
J6A 0.415 2.52 312 276

J6B 0.358 2.30 526 408

J6C 0.761 2.30 338 277

J6D 0.600 1.96 452 321

Ko elow - TOtational stiffness determined using the measured total rotation of the timber

member
Tapered timber block to
prevent timber contact and
/plafe buckling
— ‘:1 ]
10 ——
¢
All plates - GN-20
All timber - 35 x120
Test series A B C D
Plate size 127x129127x 129]152x157[152x157
Bite (h) 87 89 115 115
Plate/Grain angle 0 90 0 90
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Table 4. Mean results for the Bending Tests on the Tee Joints.
Joint 0.4 M, 0.4 Tp x 0.4 Tyt el max Kyel
Type kNm N/mm?* N/mm? N/mm?*/rad
J4T1 0.726 0.157 1.367 457
High Shear
J4aT4 0.617 0.030 1.162 446
Low Shear
Plate type GN20 | GN20
Plate orientation k. b
Test series T T4
SF/BM High Low
169
Low
Shear force/Bendingmoment
High 101 <185
Shear force/Bending moment
9N~ n i N
115

145
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At test loads close to 0.4 F,,, the rotations were approximately 0.5° and there were no
signs of distress at the joint.

Stiffness Comparisons

The rotational stiffness values K, obtained by the various test methods were in the range
204 - 526 N/mm?/rad.

For similar joint configurations greater rotational stiffnesses were found in those joint
types where the plates were fixed perpendicular to the grain. In the case of joint types
JSA and J5B for example the rotational stiffness K, of J5B (plate perpendicular to
grain) was 319 N/mm?*rad and that of J5A (plate parallel to grain) was 204 N/mm?%rad.

The rotational stiffnesses obtained from shear tests are generally smaller than the
rotational stiffnesses obtained from bending tests. For example, in the tests on joint type
J5B, the shear method, the rotational stiffness was 359, 425 or 319 N/mm?%rad, whilst the
rotational stiffness by the pure bending method on joint type J6B was 526 N/mm?rad.
This result is different to that obtained by Kevarinmaki and Kangas.

The bending tests on the tee joints gave rotational stiffnesses of 457 and 446 N/mm?rad,
which are greater than those from the shear tests and similar to those from the beam
bending tests. Although the rotational stiffnesses obtained in the tee joint tests with the
high shear force and low shear force applications are practically the same, the results
generally indicate a decreasing rotational stiffness with increasing shear force.

The rotational stiffnesses determined from the beam bending tests, given in Table 3 for
joint types J6A to D, as well as being generally greater than those obtained in shear tests,
also show the effect of using either the plate to timber rotation or the member total
rotation in the calculations. Depending on the plate size and orientation, the rotational
stiffnesses, K, ;0> based on member rotations, are between 12% and 29% less than the
rotational stiffnesses, K, based on plate to timber rotation. It is considered that the
larger total member rotation is a consequence of plate deformation across the joint line.

Shear Tests - Effects of Transducer Orientation

It is seen that the rotational stiffness values obtained with the horizontally and vertically
positioned displacement transducers in the joint tests JSC are very different. The
horizontal value K ,, ., at 399 N/mm?/rad is similar to that obtained from the tests on
specimens 5A and 5B but K, , ., at 749 N/mm*/rad is significantly higher. A far smaller,
but significant variation was also observed in test series J5A and J5B.

The reason for the difference is not clear as the plates are fixed symmetrically across the
joint line and at all stages during the tests the plate distortion and nail extraction were
fairly evenly distributed. The extent of the nail extraction and fixing in the plate at the
end of the test and the relative positions of the transducer targets are shown in Figure 7.
[t is possible that the positioning of the targets on plate areas with varying degrees of
disturbance is causing the discrepancy in the measured rotations.
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AREA OF NAIL EXTRACTION

SECURE PLATE AREA\ /

TARGETS

Figure 7. Transducer Target Positions Relative to Plate Disturbance

CONCLUSIONS

The tests have shown that different values of rotational stiffness can be obtained
by different test methods for the same type of nailplate. Although it is not clear
which particular values are the most accurate, because of the directness of the
measurements, particularly that for rotation, in the authors’ opinion the beam test
results are probably the most acceptable.

All the rotational stiffnesses calculated from the test results were of the same
order of magnitude, but generally, where shear forces existed the rotational
stiffnesses were reduced. For example, the rotational stiffness for J6B (beam and
no shear force) was 526 N/mm-*/rad and that for J5B (shear specimen) was 319
N/mm?*/rad, a reduction of approximately 40%.
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When considering the shear and bending test methods as a whole, with reference
to EN26891, prEN1075 and the proposals by Kevarinmaki and Kangas, and
Kyrkjeeide, Aune and Aasheim, no particular technical difficulties are foreseen,
although the results may be affected by the targeting of the displacement
transducers, see Figure 7. The shear method requires a stiffness modulus obtained
from other tests, in order to calculate the rotational stiffness. The definition and
derivation of this stiffness modulus could be clarified in prEN1075.

Resulting shear slip corrections applied in this study amounted to about 40% of
the total deformation measured. Conversely, the bending method provides all the
data required and rotations are measured directly.
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by
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SUMMARY

With traditional fasteners it is doubtful to predict the behaviour of a multiple fastener
moment joint by extrapolation of a single fastener tension joint. It is demonstrated that
this statement is no longer valid for the densified veneer wood (dvw) reinforced joints.
The investigation presented aims at verifying the behaviour of dvw moment
transmitting joints by means of a model prediction based on a single fastener joint.
Results show that the behaviour with respect to rotation and the translation can fully be
explained.

INTRODUCTION

In structural timber design timber joints with dowel type fasteners are very popular but
also are regarded as a necessary evil. Non of the existing types of joints have a high
strength nor stiffness capacity combined with a reliable ductility. This limits the
application of moment transmitting joints in portal frames undoubtedly. Even today,
the emphasis of research on timber joints focus only on strength and no body seems to
care about stiffness and ductility. This is probably due to the old allowable stress
calculation method which disregards the structural behaviour at the Ultimate Limit
State. However, as the ULS method is more and more adopted over the world, also for
the structural analyses of timber structures, the combination of strength, stiffness and
ductility becomes more and more important. The ULS method also enables the
designer to apply plastic theory provided certain requirements as minimum rotation
capacity is satisfied. Concreet and steel joints have past this stage decades ago and
structural analyses on the bases of plastic theory has become a standard procedure with
all the positive economic aspects which go with it. Now it becomes time timber pass
this threshold as well. Therefore, it is required to improve the strength, stiffness and
ductile capacity of timber joints as well as the reliability of the properties. So all three
key properties should be addressed simultaneously. Attempts to reinforce timber joints
is a topic which attracts more and more attention.

A solution is to reinforce the joint with densified veneer (ply)wood combined with a
novel prestressing fastener (expanded tube fastener) as outlined in CIB/W18/28-7-1.

BACKGROUND AND AIM OF THE TEST PROGRAMME

A well known feature of non-reinforced timber joints is the inability to deduce the
behaviour of moment joints with multiple fasteners with a single fastener joint. Or to
say it in other words, the global and local behaviour are not compatible.

To verify whether this deficiency is also apparent for the dvw reinforced joint a
number of tests were conducted. The tension and four point bending tests are
considered as basic tests, figure 1 type a) and b). These tests provided information
regarding minimum edge and end distances and some other parameters. In principle
both tests series provide sufficient information to set up some design guidelines. With

_1_



dvw

a) b) c)
Fig. 1.: Test specimens of Werner and Weersink a) , Rodd b) and Leijten c)

the aid of the results, the translation as well as the moment rotation behaviour of
moment joints, type ¢, can be predicted.

To do so the non-linear load-slip curves of both tension and four point bending
tests are characterized by a curve fitting equation inwhich the parameters have a
physical meaning.

Curve fitting models

The models described in literature can be classified into four main categories:

A: Curve fitting

B: Simplified analytical models

C: Mechanical models

D: Finite element analysis

Although purely empirical the advantage of the curve fitting models (A) is the
capacity to represent any shape of load—slip curve with great accuracy. These models
have the inability to recognize that, depending on the geometrical and material
parameters, the behaviour as well as the contribution of each component to the
overall joint response may change significantly. The simplified analytical models (B)
can be defined as to reflect the main characteristic values of the load—slip or
moment—rotation curves such as initial and post yield stiffness, plastic and ultimate
load or moment. For the mechanical and finite element models (C and D) it is
required to have knowledge about the behaviour of all components of the joint
represented as a set of rigid or deformable elements.

For the joints considered in this paper the simplified analytical model of
Richard—Jaspart [1] is considered appropriate because all knowledge required to
apply the models C and D is not yet available.

Jaspart’s—curve fitting model, figure 2, is presented as:
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inwhich:
is the rotation
the initial stiffness (a)

the post yield stiffness (b)

is the transition bending moment (c)

a curve parameter (d)

The parameters of this regression model can of course easely be substituted to
describe the load—slip curve instead of a moment—rotation curve with constants a, b,
¢, and d as indicated above.

Fig. 2: Model parameters
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TEST PROGRAMME

Test Setup

The moment joint specimens tested consist of a double side member connected to
one central or middle member, type c) in figure 1. Two test series are set up to
accommodate two tube sizes, 18 and 35 mm diameter. Four tubes are located at the
corners as shown in figure 3. The glued laminated timber middle members range in
dimension from 80x300 mm (10 specimens) to 110x600 mm (8 specimens) The
thickness of the side members is half the middle member. The member length is 1650
and 2100 mm for the small and big specimens respectively. The wood species is
Spruce; mean density 430 kg/m’ ranging from 350 to 550. The characteristic bending
strength of the glulam is 30 MPa.

The den51f1ed veneer wood (dvw) is cross—wise layered and the density range is 1075
to 1270 kg/m for the joints with 18 mm tubes and 1300 to 1380 kg/m’ for the large
joints with 35 mm tubes. The thickness of the timber members and dvw sheets
correspond with the dimensions of earlier tension and four point bending tests. The
end and edge distance in both test series is 2.5D or 3.5D (D=diameter of the tube).
The test procedure corresponds with EN 26891 (ISO 6891).

Device For Translation and Rotation

Measurements middle meptber RN
The translation and  rotation / side meglbers
measurements should be taken in one /'

point, preferably at the intersection of . ‘ .
the system lines. Therefore, a special - d
accurate purpose built rotation— '

, patterm leus =T

translation device was developed able { ®
to provide the required information. X‘dir?¢ on
Figure 3 shows schematically this y
equipement. Through a big hole in
the side members a small threaded Transducers

direction

rod (8mm) is positioned in a § mm
side member hole. As its length is _
bigger than the jointed section it Figure 3: Principle of measuring device

._..3.__



sticks out on both sides. In this way the movement of the middle member is lifted
above the surface of both side members. A square is fixed to both rod ends. The
transducers are fixed on the side members. One transducers provide information
about the translation in X and the other in Y—direction. A third one takes account of
the rotation. The readings can easely be separated into pure rotation and translation
in X and Y—direction. More information is given in Leijten et al.[2].

Second Order Effect

The test results are corrected for the following second order effect. When the legs of
the specimen, as shown in figure 1c, are pulled apart, the timber members bend and
the joint opens. This cause the lever arm to shorten and requires correction of the
imposed bending moment. All data presented is corrected as such.

THE TEST RESULTS OF THE MOMENT TRANSMITTING JOINTS

In figure 4, all test results with the large specimens (35 mm tubes) are presented. In
this graph also (old) results are presented of the same specimens size not reinforced
Jjoints with 24 mm dowels. As the end and edge distance of the tubes is different per
series, 2.5 and 3.5 D, consequently, the moment rotation curves are different. The
curves finally drop which is not an indication of failure but caused by the end of the
stroke length of the hydraulic jack (200 mm). The maximum rotation attained is
about 0.07 rad. The traditional joints with dowels clearly show much more scatter
while the strength and stiffness capacity is much lower. Note also the bending stresses
in the glulam members, 250

presented at the right i //‘; - 35
hand side of the graph. 11 2 different test series /ﬁq C
Such a stress level (30 to _, 55 - MM4MbesofdSmm "~ 30

35 MPa) with only four
fasteners is quite unique.
The transmitted moment
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type of joint. The
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ments of the middle
member with respect to Rotation ¢ [rad]
the side members are Figure 4: Moment—rotation results of prestressed joints with
given in figure 5. 35 mm tubes and joints with 24 mm dowels



ANALYSES

E 00 E 00

E X E i
In order to compare the moment § & 5 ’
joints with the elementary '§ 1,0 ‘§ 1,0 -
tension and four—point bending £ \i\ = i
tests, the moment rotation curves x ] P23 i
of figure 4, are transformed to £ -20 - £ 20 - i
load—slip curves. This is possible £ ] § = ]
assuming a centre of rotation & . ; 3 .

. = -3,0 = -3,0

which  corresponds to the § . s .
geometrical centre of the pattern & ] \k 5 .
of the fasteners. Although not %‘ 4,0 Q ug' 40
shown here, all curves not only g ] \ 5 ]
coincide well along the whole % ] = ]
load path, the scatter is 2 -5,0 2 50
remarkeble small as  well. ,:“,—f 00 05 10 ,‘_‘E 00 05 10

Apparently, based on this visual
assessment the assumption stated Translation of pattern Translation of pattern
above, is not bad. This is centreinY-direction [mm] centre in Y-direction [mm]
confirmed by the simularity
between the parameters of
Jaspart’s—model when fitted to
all load-slip data. The regression
parameters are given in Table 1 for both tube sizes (18 and 35 mm) and per test
series. The tension tests with 18 mm tubes should for all kinds of reasons not be
considered as valid data. It can be concluded that the parameters correspond well
over the test series per tube size. Apparently, the load to grain angle dependency of
strength and stiffness, which is prominent for traditional joints, is now vanished.

Figure 5: Translation results of the joints with
35 mm tubes. Left, the series with 2.5D
end/edge distance, right 3.5D series.

Explination of the Translation Measurements

The translation measurements, of the middle member with respect to the side
members are given in figure 5. The X-translation readings of 3 to 4 mm can not be
caused by the shear force only. The highest shear load at test is 12.5 kN/shear plane/
per fastener. The expected slip at this load level is about 0.1 mm, as the tension joint
data shows. Are these readings false or can they be explained by an other
phenomenon?

Table 1: Regression parameters of Jaspart’s—model

Comparison of regression equation parameters of Jaspar's—model

F = (k-k).8/(1+((k-k).8/M ) C)N1/C)+k .8

Joints with tubes 35 mm Joints with 18 mm tubes
Test type|Tension {Moment|{Four point bending| Tension { Moment{Four point bending
dvw :

thickness| 12/18 | 18mm [14/18 mm

12mm 12mm

k, 98.2 1258 [89.9 [kN/mm] 37.4 36.6 [kN/mm]
k, 1.45 1.63 | 1.49 [kN/mm)] 1.21 0.57 [kN/mm]
M, 61.0 67.6 62.8 [kN] 24.1 30.2 [kN]

C 1.71 1.02 | 1.33 1.79 1.49




The loads imposed on the fasteners by shear and bending moment are visualized in
figure 6. Obviously, the tube at the inner corner is the highest loaded one as both
moment and shear vector have the same direction. On the opposite corner the lowest
loaded tube is situated. It will be clear that the centre of rotation lies underneath the
centre of the tube pattern on the y—axes. The rotation centre is defined as the
position where only rotation exists and no translation. In case the load=slip behaviour
of the fastener is linear N N

elastic this rotation centre g \/ N
is fixed. As long as this e
rotation centre does not e
correspond  with the e
geometrical centre, the e
rotation contributes to the .-
X—direction readings. <
Because the load-slip \
behaviour is highly
non-linear the rotation
centre will move and its

. pattern radjus
5300 and 251 {nm

contribution to the
translation readings change
correspondingly. This

effect should be taken into
account in trying to
understand the X-
translation readings. Figure 6: Forces caused by shear and moment.

Jaspart’s model parameters

of tension and four point bendingtests are used to predict the movement of the
rotation centre along the Y—axis versus the rotation of the joint. The result is
presented in figure 7. Two lines are drawn. The top one is based on the assumption
that the joint is made with only two tubes, one at the inner corner and one at the
opposite outside corner. Although not relevant for our case but illustrative, is the
movement and the 250 ¢ -

eccentric position of the '
rotation centre on the X-direction displ. = f f(¢)do
¢ =008

[T T |

Y—axis. The bottom line 200

reflects the actual
situation of four 35mm
tubes with a edge/end
distance of 2.5D. The
contribution of the
rotation to the X-
direction translation
readings corresponds with
the area underneath the
lines. In case of the top
line, the X-dir. reading
caused is 8.91 mm. For
the fig. 5 left test set the Rotation [rad]

results is 4.0 mm. For the Figure 7: Movement of the rotation centre for joints with

35 tubes with 2.5D end distance.
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Figure 8: X—translation versus rotation
right one 3.1 mm which corresponds very well with the data. Another way to
compare and to present the test results with the model prediction is reflected by
figure 8 and 9. Notice how well the test data compares with the model, based on the
load-slip results of the elementary tests.

The readings in Y—direction are small, about 0.1 to 0.9 mm. There is a second order
effect which explains this movement as well as the general slope of the figure 5
curves. During the cause of the test the side members onwhich the transducers are
fixed, rotate with respect to the direction of the applied (shear) load. This means that
in the rotated situation any movement in X—or Y direction affect the readings of both
transducers which originally corresponded with the X and Y—coordination system. If
so, than there is a relation between both readings. When the X-reading is 4.0 mm at
an rotation of 0.06 rad, the Y reading caused is 0.06x4.0=0.24 mm. The Y-readings
of the tests vary from 0 mm to 0.75 mm. In some cases 0.25 mm is found. This
variability can be caused by all kinds of small errors.

—
o

Predicfion of the X- translatidn caused
by movement of the rotation centre _
joints 35 mm tubes 3.5D edge dist.

o

o
WET THNRE
/
)

3
E
e
€
o)
o int U
§ -1 10 . \\"L:L“*\ o —
N ~_ =% -
z . Q’:‘;\I\\S\:\
8 -2,0 ] =g — ~ = ——
% E = &:
S 30 - | [ L :@:—@‘i"é{
g 1 —— prediction | H-
; 4 5 O = T { 1 i i ¥ i T ‘AAIH“J 1 i 1 T T i T T T T T T T T T T
0,00 0,01 0,02 0,04 0,05 0,06 0,07

Rotation [rad]
Figure 9: X~translation versus rotation



CONCLUSIONS

The local behaviour of single dowel type fastener joints can not be extrapolated to
predict the global behaviour of multi fastener joints. Recently, a new type of joint is
developed, the prestressed DVW reinforced joints with expanded tubes. This requires
to check the local and global behaviour of the new joint. For this purpose single
fastener tension test were performed as well as four point bending tests. The results
were used to predict the global behaviour of a multi fastener moment transmitting
joint .
— It is concluded that prestressed DVW reinforced joints with expanded tubes are,
strong, stiff and ductile.
— It is shown that the behaviour of the moment transmitting multi fastener joints can
be predicted and described by the behaviour of a single fastener joints.
Not only the moment rotation behaviour but also the slip of the timber members
caused by shear loads. Therefore, it is concluded that the load—slip behaviour of
these type of joints is independent of the load to grain direction angle.
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Design of joints and frame corners using dowel-type fasteners

Prot. E. Gehri, Chair of Wood Technology, ETH Ziirich

1. Introduction

The design of joints is an important part of the design of timber structures. Basis of this design should be
in the European Countries the Eurocode 5 — Part 1—1. Unfortunately chapter 6 — Joints — deals quite only
with fasteners and not with joints. Therefore even simple joints like a moment splice in a beam cannot be
treated with this Code.

Furthermore the assumptions used for the derivation of the load—carrying capacity of dowel-type
fasteners can only partially and under certain conditions be fulfilied, which means that design of joints
using Eurocode 5 may be erroneous.

in addition structural detailing plays a major role on the behaviour of the joint. Tolerance problems may
strongly affect the strength of the joint. Tolerances on the dowel diameter are given actually with — 0/

+ 0,1 mm; the pre-bored holes in the timber should have a diameter not greater than the dowel. No
values are given about tolerances between connecting pieces.

2. Johansen's equations for a single dowel and kgys
2.1 introduction

The ultimate load equations for laterally loaded joints with dowel-type fasteners given in Eurocode 5-1-1
are based on Johansen's equations [Johansen, 1949], which assume that both the dowel and the timber
behave like ideal rigid—plastic materials. This approximation simplifies the analysis but leads to values
greater than in reality.

Due to the deformation of the fasteners and caused by friction between the fastener and the timber a
higher resistance has been stipulated by different authors [Werner H., 1993; Ehlbeck J. and Larsen H.J,,
1993; Hilson B.O., 1994]. Based on these works the Eurocode 5 has taken the above mentioned effect
into account by enhancing the resistance by 10 per cent (except for wood failure modes).

In the preliminary comments to the Madrid meeting of TC 250/SC5, November 1992, the Swiss
representative had exposed different views. In fact it must be expected that the values given by the
Johansen's equations represent always an upper bound which only under special conditions (eg. for a
single dowel) may be reached.

In the following (see 2.3) it will be shown that the derivation of ksys on the research work made by
Werner (1993) is based on an erroneous comparison: test values using dowels with about 50 % higher
effective yield moments, than the nominal values, where simply compared with values derived from
Johansen's equations but using there only the lower nominal values. For a more complete study see
Gehri (1994).

2.2 Basis of design in Eurocode 5-1-1

The load-carrying capacities given in Eurocode 5-1-1 are valid for:
+ joints up to 6 dowels in line with the load, without any reduction;

«  joints with humidity up to about 20 % (for soft woods) without any reduction, since the kmod factor
for service class 1 and 2 is the same;

« joints with "normal" imperfections (in alignment or in spacing), which means that distribution of load
on the dowels may be uneven.



Werner has based his conclusions on research made only on a single dowel (see Werner H., 1993, page
1-2).

It has been shown by Doyle [1964], Gehri [1992, 1994], Yasumura [1993] that the influence of the
number of dowels in a row may be important, the reduction depending mainly upon the ductility of the
single dowel. The reduction can be greater than 30 to 40 per cent for a joint with 6 dowels in line with the
load, when compared with the resistance for a single dowel.

It can therefore not be understood — since the Eurocode 5-1-1 is valid for 6 dowels in line — why the
research work done by Werner on a single dowel can be the basis for the introduction of a so—calied
system factor kgys = 1,1.

23 The system factor ksys

Werner (1993) has introduced the system factor to "correct" Johansen's equations, since he found in his
tests and his simulation work higher values than those given by Johansen's equations. The system factor
is given by

F{k,Werner

ks =
I:‘k,Johansen

yS

It has to be noted that the values of Rk werner are those obtained by tests or by simulation with the real
strength characteristics for f, and My, whereas for Rk Johansen nominal strength values were
introduced.

For slender dowels the characteristic load—carrying capacity is proportional to 1/My,k k- Therefore it
can be written for kgys:

(My,k . fh,k) test or simulation

Koys = (My,k : fh,k) nominal

We obtain for ksys a value of 1,18 when using test results or 1,14 when using simulation results. Those
factors result directly from the higher yield moments My of the dowels used in the tests (about 40 to

50 % higher compared to the nominal value using the EC5 formula given by clause 6.5.1.2(2)). The so—
called system strength factor results therefore from an erroneous comparison. Johansen's equations
need no correction when using a single dowel.

2.4 Conclusions

The simulation study made by Werner was based on the effective strength properties (the yield moment
of the dowels was about 40 % higher than the nominal strength values) whereas the load-carrying
capacities calculated from Johansen's equations were based on the nominal strength values.

From the results and the study made by Werner on a one dowel joint no system factor ksys can be
justified, therefore a value equal to unity has to be introduced.

As mentionned in 2.2 the study of Werner gives no justification for the load equations in Eurocode 5,
since he considers only a one dowel joint and timber with moisture content of 12 %. In contrast with this
the loads given by Eurocode 5 must be valid for joints up to 6 dowels in line with load direction and
"normal" imperfections of fabrication as well as for timber with moisture content up to about 20 %. The
reductions observed in testing larger joints and/or joints exposed to higher moisture contents may be very
important. The design of dowel-type joints will be in these cases on the unsafe side.



3. Group effect
3.1 General

From studies going back to 1920 it is known that the load—carrying capacity of a joint will be less than the
sum of the individual fasteners capacity. The reduction depends on geometry of the joint, type of
connectors or fasteners used. in existing Codes the reduction is normally given for the type of fastener
and the number in a row in line with the load direction. In Eurocode 5, clause 6.5.1.2(3) reads:

"For more than 6 dowels in line with the load direction the load—carrying capacity of the extra dowels
should be reduced by 1/3, i.e. for n dowels the effective number ngf is ngg = 6 + %(n—G)."

For joints using stiff and brittle connectors like shear plates larger reductions are obtained (Erki/Huggins,
1983). The same is valid for dowelled joints when using stocky dowels. As mentionned before by Doyle
(1964) and Gehri (1992) the reduction depends mainly on the ductility of the joint.

3.2 Verification of EC5

In STEP publications the derivation of Johansen's equations is given but not the background, e.g. which
requirements must be fulfilled that the assumption of ideal rigid—plastic behaviour of the materials is
acceptable (see STEP C3). STEP C6 and C7 deal with dowelled joints. Example 3 — Dowelled steel-to—
timber joint was used as basis for the verification (see STEP C7, page 5).

Example 3: Dowelled steel-to-timber joint
#3240x 15... 1410 mm

i
i
P bt itatets) | Seetetetebebotebmabaistulntstantetn

100100

dimensions in mm

Figure 3 Dowelled joint with centre member of steel. Dimensions in (mm).

Dowel d = 24 mm fox = 360 N/mm?
Glued laminated timber according to prEN 1194:

GL 24 P, = 380 kg/m’
Steel plate t=15mm

For the experiment, the joint was slightly modified, as seen below:

Furthermore for the glued laminated timber quality GL 28 with pk = 410 kg/m3 (instead of GL 24) and
dowels with f, x = 510 N/mm?2 (instead of 360 N/mm?) were used. Below are compared the load—

carrying capacities for the materials used in STEP C7 and those foreseen for the verification, in function
of the thickness ty of the timber.
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As can be seen, differences between timber thickness t{ = 75 mm and 100 mm are small.

The material properties for the 5 specimens fabricated were directly established and used for the
comparison. Only 3 tests were performed (material for 2 tests is still existing and tests may be done on
requirement) and showed the following results.
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Compared are the test results with the nominal characteristic values and with the measured values of the
properties (dashed line). The test values are alarmingly low; dowelled steei-to—timber joints designed
according to the actual proposals of EC 5—1-1 are really unsafe.

3.3 Individual dowel - dowels in a row

Tests were performed on individual dowels. Using the same material the individual dowel performed as
foreseen by the Johansen's theory and ultimate strength was correctly established. In the same graph are
represented the results for a row of 5 dowels. No plastification — neither of the dowel, they remained
straight after the test, neither of the timber hole — could be realised: the timber elements failed by splitting

after very small deformations of the joint of only 0,4 to 0,7 mm. These values are of the same magnitude
of fabrication tolerances.
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3.4 Conclusions

From this simple verification and only based on 3 tests, it could be shown:

+ the actual approach given in EC 5-1-1 for steel-to—timber dowelled joints is alarmingly on the unsafe
side;

» the actual approach starting from an individual dowel (see Werner 1993}, even disregarding the so-
called factor ksys, cannot reflect the real behaviour of the joint;

« besides fulfilement of ductility conditions for the individual dowel, fabrication tolerances must be
considered.

4, Proposal taking into account joint geometry

4.1 General
Based on earlier research work it was clear that for the use of Johansen's equations additional

requirements must be fulfilled; otherwise the assumption of plastic behaviour of the material involved

cannot be warranted. The additional requirements must be deduced from the joint behaviour and not from
the behaviour of a single dowel.

As a result the following approach was formulated (Gehri, 1992):

+ Mechanical joints should be designed in such a way that they develop a large plastic deformation
before failure

R joink

—tn — e Y —

— aqvoid britite joinl
- high ducility of joinl
- use of connector with Latqe deformalton capacity



« Fasteners of dowel-type should develop plastic hinges on the dowel. This condition may be
considered fulfilled, when using a fastener slenderness higher than Ay .

N« &
d

v

Ay

« In dowel-type joints with more than 2 fasteners in line with the load direction the effective number
Nef should be taken as.

08 - Ay
Rep = 2 (1) Yo ¢4

1

\ Ne — e.“ec,\{ve. slendernest
¢ = Pel

)\! — “yietd® atendecness

where

4.2 Evaluation of test results

it can be assumed of general knowledge, that

— in the elastic range, distribution of loads in a row, is very uneven; this is not only affected by the
stiffness conditions but also by (small) fabrication tolerances;

- by plastification of the interconnecting elements a more even distribution can be achieved,; this is
valid only under the assumption that the basic material does not fail before load redistribution (e.g. by
splitting).

Based on the above an empirical approach was made, introducing a yield slenderness Ay and a relative
slenderness A, as the relationship of the effective slenderness divided by the yield slenderness. To
account for fabrication tolerances a reduction factor was introduced. For good workmanship a value of
0,8 seemed reasonable.

Above is shown an evaluation of the tests made by Doyle (1964), on steel-to—timber connections with 4
dowels in a row. According to Eurocode 5—1—1 only reduction should be foreseen for n > 6.

Type Value per dowel Empirical formula
tested individually | in group of four proposed by Gehri Slenderness
(1992)
Aof
3/4 " 100 % 67 % 73 % 4,33
/2" 100 % 86 % 87 % 6,5

The proposed empirical approach helps to understand the behaviour of the joint. For more informations
see Gehri (1993).



43 Eurocode 5-2

in Eurocode 5-2 a new proposal for dowelled joints has been introduced which takes in account joint
geometry and fabrication tolerances. The approach is still based on the load—carrying capacity for a
single dowel as given in Eurocode 5-1-1.

The following should be changed:

* the Kgys — values should be taken unity (instead of 1,1);

« the basical values should be taken from tests executed on joints with at least 2 dowels in a row and
two rows.

The actual test procedures not even reflect the behaviour of an individual dowel, since f, is based on
stocky (rigid) dowels and My is based on an empirical approach, starting from the tensile ultimate
strength of the dowel material.

The proposed test should be made on test elements as show above. Therefore basic spacings and
distances can be considered and fabrication tolerances can be included. For that it will be important to
use the same manufactor proceedings. Joints on test elements are too often fabricated in the laboratory
and therefore usual fabrication tolerances may not be reflected.

The results of such a test would directly give the value needed for the empirical approach of 2 dowels in
line:

X
Net = 2(-'21) =2.7%=2

5. Joints on multiple shear
5.1 The BSB-multiple shear jolnts

The multiple shear joint developed by H. Blumer about 20 years ago fulfills many of the conditions
mentionned before. Since most of the tests where made at the Federal Institute of Technology at Zurich,
we dispose of data over 400 tests made on large specimens.

During the years research was made to optimize the multiple shear joints. Only two aspects related with
ductility requirements will be shown here.

5.2  Influence of effective slenderness on the load—carrying capacity of the joint

Tests on BSB-joints with low glulam timber strength had shown:

— too low efficiency of the joint
- low efficiency per dowel and shear plane, as compared to single dowel
- very little ultimate deformation and brittle failure of the joint



By reducing the number of shear planes to 3/4 (3 steel plates instead of 4) we obtained for the same
timber dimensions and quality:

- higher efficiency of the joint

— more than 40 % increase of load—carrying capacity per dowel and shear plane

— large ultimate deformation and ductile behaviour of the joint.

lkN,?.‘i

6001
f

dowel g 6,3 mm same
disposition and same number
of dowels for both specimens

The initial results were supported by a large number of tests.

5.3 Group effect

For the BSB-system the group effect should be small, since the relative slenderness is high and
furthermore very small tolerances are achieved with the fabrication procedure used.

For two well defined densities of glulam (the laminations were graded to density before gluing) with
Pmean 0f 410 and 480 kg/m3 tests were made for 1, 2, 3, 4 and 6 dowels in a row. The test specimens
of section 200/200 mm had normally 9 rows of dowels; for more than 2 doweis in a row, normally the
number of rows had to be reduced, to avoid timber failure.
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[Taken from Indermihle, D./1996]

The group effect can clearly be seen.

Since tests made with the BSB-system are normally made with 3 dowels in a row, the test results take
account of the group effect. Only when using more dowels a small reduction must therefore be
considered.



6. Frame corners with moment-resisting dowelled joints

6.1 General

Based on EC 5-1-1, Racher (1995) has developped a design procedure in STEP (lectures C16 and D8).
Basically the design considers: the strength of the highest loaded dowel and the shear strength of the
timber in the joint area. By optimisation of the dowels, e.g. by using slender dowels of higher strength,
Racher has shown, that the frame corner can reach about 80 % of the bending capacity of the members
to be jointed at the corner. This is an astonishing high performance.

6.2 Verification of the design procedure

To show up the validity of the procedure, the calculated resistance will be compared with test results
published by Kolb (1970).

Tests X3 and X4 had a column section of 2 x 70/830 mm; the glulam strength corresponds to GL 28.
The frame corner collapsed with the following forces acting on the column:

Veu = 75kN Neu = 115kN My = 273 kNm
For the glulam quality GL 28 the following characteristic values are given:
fmgk = 28 N/mm?2 fy,gk = 3,0 N/mm?2 f00,g,k = 0,45 N/mm2

Assuming a coefficient of variation for bending of 0,12, for shear of 0,20 and for tension perpendicular
to grain of 0,25, the mean values would be:

fmg, = 35 N/mm? fv,g = 4,5 N/mm2 f90,g = 0,77 N/mm?

The shear value obtained in both tests was of 3,2 N/mm2. This value is slightly higher than the
characteristic value on shear of the glulam, but about 70 % of the estimated mean value.

We may therefore estimate, that the proposed design procedure overestimates the strength of the frame
corner by about 40 %. The performance of an optimised design would in that case be of less than 60 %
of the bending capacity of the individual members.

it has to be noted that failure occured on tension perpendicular to grain (splitting starting from the ends).

6.3 Why the discrepency?

Maybe that the assumed glulam strength — assumed corresponding to GL 28 — was not achieved (the
tests were made in the 60118, but even so, the large discrepancy can not be explained.

Maybe that the design model is not adequate to explain the real behaviour of the dowelled frame corners.
The failure seen by ali the tests was a splitting of the timber members, e.g. a tension failure perpendicular
to grain, and not a shear failure.

Therefore the strength model for the timber in the joint area should — besides of shear strength — take in
account the tensile strength perpendicular to grain, otherwise the design may be unsafe.

It is interesting to remark that P. RACHER published the analytical results of a similar frame corner,
where he showed up the stresses on shear and perpendicular to grain. For a circular pattern of the
dowels he found the relationship of maximum values

St%0 _ g0
T - !

For glulam the same relationship based on the material characteristics given in 6.2 would be 0,13 (based
on characteristic values) or 0,17 (based on mean values). That means that the failure should occur by
splitting of the members, at a load about 70 % of the calculated ultimate load based on the shear
strength.
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It has also to be noted, that based on the test results, KOLB had proposed in 1970 the introduction of a
reduced shear strength for the design of frame corners. The reduced shear value was of 3/4 of the
regular design shear value. The design procedure used at that time (see HEMPEL, 1967) was the same
as published by P. RACHER in 1995, only that nowadays the reduction — when using only a shear failure
criterion — went forgotten.

6.4 Frame corner strength model by Gehri (1976)

To avoid inconsistency between verification of the timber only on shear and the observation that failures
occurred on tension perpendicular to grain, a more appropriate design procedure was set up (see
GEHRI/1978), which takes in account the tensile strength perpendicular to grain of the glued laminated
material.

Basically the corner is reduced to a circular joint area. In this area the general state of stresses can be
calculated, assuming a regular transfer of forces between the connected members. Spilitting or failure will
occur when the condition

{
m
Omao =
ho sin® o + cos® a
ft 90

will be fulfilled.

The above formula corresponds to a more generalized Hankinson—formula, which has been introduced in
the Swiss Code SIA 164 (1981) and proposed, but not general introduced into EC 5-1-1. See for that
clauses 5.1.5(2) and 5.2.3(3).

Based on the proposal the critical stress can be calculated

o oM 90-0c
Ma = W " 180 g J
c - No i
Na = boh /
h —t :
\

Ng component L to section

It can be shown, that the condition will be best fulfilled for the half angle of intersection. For tests X3 and
X4 that would be about 52°. The value changes only sligthly when using 45° which simplifies the failure
condition to

f
Om45 = """"_m_ft‘_“'
0,5[1 + _°]

,90

with fto = 0,7 - fy we obtain for fm o on characteristic value basis 1,26 N/mm?2; on middle value basis

2,13 N/mm2 and taking account of small (local area) area on tension perp. to grain with increased values
ft,90,g = 1,2 N/mm? the value of 3,27 N/mm2,

The failure condition is therefore very sensitive to the strength perpendicular to the grain or quite directly
related to it.
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For the tests X3 and X4 we obtain, at failure load,
Om45 = OMo — ONo = 4,25-1,28 = 297 Nmm? = 3 N/mm?

material outside the circle
will reduce value

With a local strength perpendicular to grain of about 1 N/mm? the condition would be satisfied.

Tests X1 and X2 with only one circular pattern of dowels showed lower strength. This is explained by:
— reduced end-distance of only 4d instead of 7d which caused an early beginning of splitting at 2/3
of the ultimate load
— less regular transfer of forces in the joint area which causes higher stresses
~ higher loaded individual dowels
dowels loads where at failure about 15 % higher, than for X3 and X4, introducing therefore higher
local stresses
— no overhang of the ends
therefore also reduced strength capacity to shear and tension perpendicular to grain

The capacity of the frame corners with only circular pattern and no overhang (too short end—distances)
was about 70 % of the previously shown configuration.

6.5 Conclusions

To establish the resistance of frame corners formed by overlapping the following conditions should be
verified:
— forthe dowels
+ strength of the highest loaded dowel based on elastic calculation; under curtain conditions, where
high ductility of the connection may be achieved, a plastic redistribution can be considered
- for the timber in the joint area
» shear strength
+ tensile strength perpendicular to grain
In case of frame corners built up with glued-laminated timber and of only use of the shear strength

criteria, as proposed 1967 by HEMPEL, the shear resistance should be reduced to 3/4 of the usual
design value, (see KOLB (1970)), to take in account, that failure will occur earlier by splitting.

The proposed approach by GEHRI (1976) takes in account both strength criteria for the timber joint area.
It may be improved. More important is, that it shows up simple ways to optimize frame corners.

HEMPEL (1967) understood the behaviour of the dowelled frame comers. He not only showed up the
calculation which is still used in the STEP lectures, but he also formulated the following
recommendations:

1 —  The pattern of the dowels has a large influence on the resistance of the joint. The best results
are achieved when using a circular pattern.
2 - The double or paired column is to be verified on shear due to shear force and to splitting

(tension perpendicular to grain).
[By using for the paired column the half thickness of the rafter, the failure normaly initiates on
the column}

3 - The paired column should if possible be made of material with cross plies, since this material
presents higher resistance to shear and tension perpendicular to grain than glued laminated
timber.

[The fact that only one element has higher resistance and stiffness enables not full use but may
be enough to increase the ultimate load]
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7. Conclusions

For the design of joints and frame corners using dowel-type fasteners the following has to be taken into
consideration:

U The general stress state in the joint area

Failure may be originated by splitting, due to high stresses perpendicular to the grain, and by shear,
long before the load—carrying capacity of the dowel is attained. This will cause brittle failure of the
joint, even the individual dowel has a high ductility.

a The relative slenderness of the dowel

When requiring ductile joints only failure modes, were plastic hinges in the dowels are achieved, are
acceptable. The relative slenderness should therefore always be chosen greater than unity.

Q Fabrication tolerances

Fabrication tolerances reduce the ability of plastic redistribution of the dowels. This results in a larger
reduction in the efficiency of the joint.

U Johansen's equations

Johansen's equations give the upper bound of values for a single dowel. The factor ksys = 1,1 used
in EC 5-1-1 should therefore be reduced to unity. The equations are also valid for multiple—-shear
joints: therefore the clause 6.2.3(1) should be deleted.

When using Johansen's equations for joints, restrictions must be made about ductility, group effect
and fabrications.
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QUASI-STATIC REVERSED-CYCLIC TESTING OF NAILED JOINTS
By

Erol Karacabeyli' and Ario Ceccotti’

ABSTRACT

Nailed joints provide platform frame wood structures with most of their ductility and energy
dissipating characteristics which, in turn, make these wood frame structures a very suitable choice,
especially for areas with high seismic activity. There are a number of standards, either developed or
proposed, for testing joints under a quasi-static reversed-cyclic displacement protocol. Results from
a seismic research program at Forintek Canada Corp., including testing of nailed joints according to
the above mentioned standards are presented here with particular emphasis on establishing yield point
and envelope curves and quantifying ductility and impairment of strength. Differences in those
characteristics arising from utilization of different standards are discussed.

INTRODUCTION

There are a number of test standards which are under development for quasi-static reversed-cyclic
testing of timber joints with mechanical fasteners (CEN 1995, ASTM 1993, AS 1995). The
International Standards Organization's Technical Committee on Timber Structures (ISO TC 165)
established a Working Group (WG 7) for the development of an international standard for reversed- -
cyclic testing of joints for earthquake loading (ISO 1995). There is an opportunity, to a certain
extent, to harmonize these standards into an international standard.

There have been number of investigations on the different testing protocols and their implications on
cyclic performance of joints (Ceccotti 1994, Chui et. al. 1995, Foliente 1994, RILEM 1994). The
following characteristics appear to be important for cyclic testing of joints for earthquake loading:
cyclic displacement protocol (the magnitude and number of cycles, constant frequency or constant
velocity, duration of the test), procedure for defining yield point and ductility, ultimate load, strength
degradation, and assessment of stiffness and energy dissipation capability of the joint. The purpose
of this paper is to provide additional technical data for nailed joints on these characteristics.

MATERIALS AND METHODS

The test matrix for the nailed connections presented in this paper is given in Table 1. These five test
groups are part of a larger test matrix which was designed to investigate the effect of variables such
as grain direction (for lumber and panels), wood species, panel type (plywood, oriented strand board,
gypsum wall board), and test configuration (end fixity, number of nails, number of side members,

! Wood Engineering Scientist, Forintek Canada Corp.
? Visiting Scientist, Forintek Canada Corp.



specimen geometry), loading direction (tension versus compression) and cyclic displacement
protocols. Matching between the test groups were performed based on the clear wood density. The
statistics in Table 1 indicates that the matching between the groups was reasonable.

Table 1. Test matrix and relative density of the lumber.

RELATIVE
GROUP NO. TEST DESCRIPTION N
Mea | Std. Dev.

2 Static (Ramp) - Tension 6 | 044 0.05
40 ASTM-SDP procedure 6 0.43 0.05
39 CEN-long procedure 6 | 045 0.03
38 CEN-short procedure 6 0.45 0.06
29 Forintek (FCC) - Cyclic 6 | 044 0.05

A schematic of the test specimen and jig is shown in Figure 1. The lumber main member of each
specimen was cut from a 2x4 (38 mm by 89 mm) SPF (spruce, pine, fir) piece, and the plywood side
member was cut from 9.5 mm thick CSP (Canadian Softwood Plywood Sheathing Grade CSA O151-
M). The grain direction of lumber member and the surface veneer of plywood were parallel to the
applied load. These two members were connected by two common nails (63.5 mm long, diameter
of 3.1 mm). The average bending yield strength of five randomly selected nails was determined using
the ISO/CD 10984-1.2 standard (ISO 1995b), and found to be 770 MPa. Conditioning and testing
were performed at ambient laboratory conditions where the average moisture content of both the
lumber and the plywood were approximately 9 percent. The time period between the assembly and
the testing of the joints was approximately half an hour.

A total of five types of displacement schedules were employed. The first one is a static test with a
slip rate of 2.5 mm/minute. Each of the other four groups were subjected to one of the following
four cyclic displacement protocols:

1) ASTM SDP (Sequential Phased Displacement Procedure, ASTM 1993, Dolan, 1993). A
constant frequency of 1 Hz is specified.

2) CEN-Long Cyclic Procedure (CEN 1995). A constant velocity between 0.02 and 0.2
mm/second is specified.

3) CEN-Short Cyclic Procedure (CEN 1995). A constant velocity between 0.02 and 0.2
mm/second is specified.

4) FCC (Forintek) Cyclic Procedure. A constant frequency of 0.5 Hz is specified.



The cyclic displacement schedules are shown in Figure 2. For simplicity, in this paper, the authors
used a slightly modified yield and ultimate definition for the ASTM-SPD procedure.

An examination of these protocols suggest that the possible differences in the test results may be due
to the rate of displacement or the frequency, the recovery of the wood on the previously loaded side
of the joint, and the fatigue of the nails.

TEST RESULTS

The results are given for the entire connection which include two nails. The load-slip data for the
static ramp test group are shown in Figure 3. The load versus time data obtained from the
corresponding cyclic displacement protocol (Figure 2) are shown in Figure 4. Examples of load-
slip data are shown in Figure 5 for each of the four cyclic test protocols. The envelope curves for
the first cycle and third cycle peak loads are shown in Figures 6a and 6b for ASTM-SPD, in Figures
7a and 7b for CEN-Long, and Figures 8a and 8b for FCC-Cyclic protocols. The first, second, and
third envelope curves for one FCC-Cyclic specimen are shown in Figure 9 along with the mean
static test data (shown with a dashed line).

INTERPRETATION OF THE DATA
Stabilized Envelope Curves

The data were analysed to determine an appropriate envelope curve to be used as the stabilized
curve. The CEN-Short specimens were tested to failure after being subjected to five (instead of
three as specified in the CEN 1995) displacement cycles (Figure 2). In Figures 4 and 5, the load
values for one of the CEN-Short specimens are plotted against the time and slip data, respectively.
These data suggest that the majority of the strength degradation occurs between first and second
cycles, and differences between the peak loads obtained in second, third, fourth and fifth cycles are
relatively small. Test data obtained on other cyclic test protocols in Figures 4 and 5 also support this
observation. For the nailed joint investigated in this paper, the test results suggest that three
consecutive cycles are sufficient to achieve the stabilized envelope curve.

Cyclic Displacement Protocol and Failure Modes

In order to detect the differences in load-slip data between different cyclic displacement protocols,
we plotted the first and third cycle envelope curves for each of the protocols (Figures 6, 7 and 8).
These data show minimal differences between the three cyclic protocols up to approximately 10 mm
slip. After this level, the ASTM-SPD specimens exhibit a sharper decline in load carrying capacity
(see item "a" below for possible reasons). From the standards harmonization point of view, this
observation is quite promising if this drop in load carrying capacity can also be observed for other
configurations and fasteners.



The failure mode is one of the important factors in selecting an appropriate cyclic test protocol for
earthquake loading. It is desirable that the failure mode obtained in testing be similar to that
observed under earthquake loading.

A close examination of tested specimens after 15 mm slip revealed three types of failure modes:
1) nail failures (the rupture of a nail through the shear plane); 2) nail pull-through failure; and 3) nail
withdrawal failure. We made the following observations with regards to failure modes:

a) Nalil failures were non-existent in static-ramp tests and CEN-short tests, but most dominant
in ASTM-Cyclic tests. This may be attributed to the fast rate of displacement as a
consequence of the 1 Hz frequency specified in the ASTM standard. It is the authors'
opinion that these nail failures may be due to excessive fatigue, and may not be one of the
dominant failures under earthquake loading. The fast rate may also be difficult to achieve
in some test facilities.

b) Pull-through failures were the dominant failure mode in static-ramp tests and most (four out
of six specimens) FCC-Cyclic tests. We suspect that a thicker and denser panel product
would have resulted in higher ultimate loads and less pull-through failures. The CEN-Long
Cyclic tests resulted in a mixture of pull-through and nail failures.

c) Withdrawal failure mode was observed together with pull-through failure only for CEN-
short Cyclic tests.

In testing nailed shear walls, we also observed nail tear-out failures where the edge distance was
relatively small, and the nail forces perpendicular to the edge were significant (Karacabeyli and
Ceccotti 1996). Future cyclic and shake table tests on nailed shear walls will help to select the
appropriate cyclic testing procedure with regard to failure mode.

Impairment of Strength

There is a common displacement level among the three cyclic protocols where the first envelope
curves of all the cyclic test specimens were similar to those obtained for the ramp test specimens
(Figure 9). After that displacement level, however, the first envelope curves for the cyclic test
specimens, with the exception of CEN-Short specimens, showed a rapid decline. The impairment
of strength values obtained for FCC-cyclic specimens are given in Table 2. The average impairment
of strength at a slip level of 5 mm in the second and third envelope curves relative to the first
envelope curve were found to be less than 20 percent. The impairment of strength was slightly
larger for tension loading than compression loading. This may be attributed to loading this
particular group on the first cycle in tension (the reverse cycle was the compression cycle).

Yield Displacement and Ductility

The yield and ultimate displacements are defined differently in various standards. Examples of four
approaches are shown in Figure 10. They are also linked differently to the seismic design
procedures in their respective building codes. Although the ductility is consistently defined as the
ratio of ultimate to yield displacements in all these standards, one may expect differences in ductility
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values determined by these standards because of the differences in definition of yield and ultimate
displacements . Examples of differences in the yield displacement and ductility values between the
four standards are presented in Table 3. For example, we calculated these properties for the average
ramp test data, and for the first envelope curve of one of the FCC-Cyclic test specimen. Despite the
differences in definitions, the yield displacement for ASTM, CEN, and FCC-cyclic methods, and
the ductility values for CEN and ASTM methods were quite similar. The ductility value determined
utilizing the Australian standard was significantly greater because of lower yield displacement. The
ductility value calculated with FCC method is lower because of the smaller ultimate displacement
used (Figure 10).

For this FCC-cyclic specimen which was analysed in detail, we made the following observations.
The yield displacements for first envelope curve were found to be greater than those found for the
third envelope curve. Because of relatively greater ultimate displacements, the ductility values for
ramp test data were found to be greater than those found for first envelope curve. Yield
displacement and ductility values for tension and compression cycles appear to be similar.

In an international standard, it would be difficult to define ductility which is in harmony with
different building codes. On the other hand, presentation of impairment of strength versus slip
would give the necessary information required for the evaluation of the joint behaviour according
to individual design codes.

Table 3. Examples of yield displacement and ductility values.
] Tension Yield Displacement Ductility
Specime | Envelope | (+)or
n No. Curve Comp. _
) AS ASTM | CEN FCC AS ASTM | CEN FCC
Average | Ramp + 0.7 1.3 0.9 0.9 23 13 19 13
1st + 0.8 1.3 1.1 1.3 I 9 11 6
FCC- Ist - 08 11 1 L1 14 10 10 5
Cyclic-
No.3 3rd + 0.7 0.9 0.9 0.9 12 10 10 6
3rd - 0.6 1.1 0.9 0.9 15 8 11 6




Stiffness Degradation, Equivalent Viscous Damping

The initial and cyclic stiffness, and equivalent viscous damping (EVD) may be used for comparing
the behaviour of different joints. In order to study the stiffness degradation, one can calculate the
cyclic stiffness as a function of the slip as described by Dolan (1993). The definition of EVD is the
same in all the standards. It would be useful, however, to agree on the specific envelope curve from
which these properties are determined.

FUTURE WORK

The damage on the joint can be related to the work done by the joint, and this may be used as one
of the parameters in selecting an appropriate cyclic displacement protocol. The work done on the
joint may be estimated by calculating the hysteretic energy dissipated by the joint. For a fixed
ultimate displacement level, this can be done for cyclic tests as well as simulated earthquakes. For
example, the behaviour of a nailed joint under an earthquake loading is shown in Figure 11. The
closest dissipated energy to the simulated earthquake may be a selection parameter for an
international cyclic test protocol.
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ABSTRACT

This paper deals with the analysis of failure of joints with dowel-type fasteners in glued
laminated timber under static loading. The single bolt loads the wood parallel to the grain. The
joint failure is due to a cracking along the grain direction.

An experimental program was carried out on joints for different structural parameters and bolt
diameters.

Fracture is analysed by use of linear elastic fracture mechanics concepts. Possible pure or
mixed modes of fracture are investigated. The crack propagation condition is assumed to be
based on a comparison of the energy release rate with a critical value. An analysis of elastic
stresses is carried out for the prediction of the onset of cracking.

The critical energy release rate value was obtained from experimental results of fracture tests
under three point bending. The comparison between experimental and numerical results for the
simulation of fracture in joints shows that the linear elastic fracture mechanics provides a good

approximation of load-bearing capacity of bolted joints and may help improve design codes.

INTRODUCTION

The calculation methods for the design of mechanical joints with dowel-type fasteners proposed
in codes like (Eurocode 5, 1993) do not take into account damage mechanisms of wood like
fracture parallel to the grain. In the Eurocode 5 standard, only the calculation of notched beams
is based on Linear Elastic Fracture Mechanics (LEFM) concepts.

The aim of that paper is an experimental and numerical analysis of failure of dowel-type joints
when cracking of wood is the main mode of damage. Only joints with a single dowel are
examined but this work can be extended to industrial joints. The loading conditions and the

parameters of this study are given in Figure 1.



The structural parameters are the bolt diameter d, the end-distance e and the edge-distance e,.
The thickness b is chosen with the intention of avoiding bending of the dowel (b/d =2).

\‘ Glulam
IS d=2¢8,12, 20 mm
e;/d=2.5,4,7,10
ey/d =3
/ d b/d =2

e
——
Figure 1 - Glued laminated specimens loaded parallel to the grain (b is the thickness)

Experimental results are presented. Tests were performed at the Building Research Institute
(BRI) of Tsukuba, Japan.

The failure mode is a propagation of a crack parallel to the grain (L direction) that is the
weakest plane of wood. Some plasticity may appear due to the embedding of the bolt into the
wood.

A simplified analysis is proposed, plasticity phenomena are not considered in this study. The
crack initiation and the crack propagation are analysed separately. Both problems are solved
with the Finite Element (FE) code CASTEM 2000 under the assumptions of elastic bodies and
of plane stress states.

The crack initiation analysis is essentially carried out for the determination of the onset location.
The crack propagation is analysed with the LEFM approach. Application of fracture mechanics
to wood has principally concerned test specimens for the evaluation of fracture properties
(Valentin et al., 1991).

For the analysis of mechanical joints, fracture mechanics methods have been scarcely applied.
LEFM assumes that all damage phenomena are concentrated at the crack tip. Non Linear
Fracture Mechanics (NLFM) or Damage Mechanics (DM) consider a process zone where non
linear damage phenomena occur (Daudeville et al., 1996).

For this problem, the size of the process zone can be neglected compared with the dimensions
of the crack and of the structure . In such a case the LEFM approach is valid.

The energy release rate Gy value is issued from experimental results (Daudeville et al., 1996).
The fracture energy Gy of white wood was obtained with three point bending tests proposed in

(Larsen and Gustafsson, 1989). It is assumed Gy; = Gr.



In the case of a parallel to the grain load, the stress state is a combination of shear and tensile
stresses perpendicular to the grain. Thus a possible mixed mode of fracture (mode I and 1) is
investigated.

If the crack propagates along the plane of symmetry of the specimen, the fracture mode is a
pure mode L.

In the latter case, the energy release rate can be computed by the compliance method, that is a
global method. In the case of a mixed mode of fracture, a partition of modes is necessary and
the two energy release rates Gy and Gyy are computed by the local crack closure method.

The friction at the wood and bolt contact is considered.

The load-bearing capacity of joints was computed for each combination of structural
parameters. Comparisons between experimental and numerical results for studied single bolted

joints are presented.

EXPERIMENT

Specimens consist of glued laminated spruce (Picea spp.). Two thick steel plates connected
with steel dowels load the wood member. The diameter d is the same for the fastener and the
wood.

Specimens were tested to failure in stroke displacement control with a head speed of
0.5 mm/mn. Rather than the stroke displacement, the displacement between the steel plates and
wooden member was measured with four electronic transducers.

Some specimens were tested with a higher speed (x2). We did not notice any important effects
on the maximum load of these specimens.

The mean density was about 410 kg/m3. The wood member thickness was b = 2d, the end-
distance e varied from 2.5 d to 10 d and the edge distance e, was fixed to 3 d (see Figure 1).
Figure 2 shows the different patterns of fracture that were observed. The test was stopped just
after the load has reached its maximum value.

The pattern A corresponds to a pure tensile mode I of fracture. It is the main mode of damage.
The pattern B is combination of shear and tensile modes is essentially possible for large

diameters (d = 20 mm).

Grain direction

Figure 2 - Fracture patterns



The following table gives the mean maximum load value per unit width. CV denotes the
coefficient of variation.
The coefficient of variation is quite important. That may be due to plasticity that is observed on

a large part of specimens. Note the mean density was a little lower for d = 20 mm.

d (mm) ef/d | Ppn/b&N/m)(CV)| Nb |ModeA | ModeB | A&B
2.5 138 (9) 5 3 0 2
8 4 162 (10) 5 5 0 0
@21 kgm?) | 7 156 (15) 5 5 0 0
10 168 (13) 5 5 0 0
2.5 284 (41) 5 5 0 0
12 4 317 (32) 5 4 0 1
(416 kg/m3) | 7 315 (19) 5 4 1 0
10 316 (12) 5 4 1 0
2.5 225 (14) 5 4 0 1
20 4 270 (23) 5 1 1 3
(380 kg/m3) | 7 426 (32) 5 3 1 1
10 375 (9) 5 3 1 1

Table 1 - Experimental results of bolted joints

MODELING

Assumptions

The modeling assumptions are:

H1 : Plane stress state

H2 : Wood is linear-elastic to failure

H3 : The bolt is a rigid body

H4 : The wood and bolt contact is made with friction.

H5: The transverse T and radial R directions are not distinguished, i.e. the wood is

transversally isotropic

The structure is modelled by finite elements. Because of symmetries, 1/4 of the structure is
studied (Figure 3).

H2 assumption can be considered as a coarse assumption because plasticity phenomena due to
the embedding of the bolt in the wood are observed.

In a plane stress problem, the radial R and transverse T directions cannot be distinguished so a
mean behaviour is considered . The elastic moduli were chosen by extrapolation of results



(Guitard, 1987) with respect to the actual density. x direction corresponds to the L. direction
(Figure 3).

Etr + Er

E, = 15000 MPa , Ey = 5 = 600 MPa
Grr + G (1)
Gxy = — 5+ =700 MPa , Vyy = 0.5
A <H’
Y Prescribed displacement on AB along x (l:]z

Figure 3 - 1/4 of structure and boundary conditions

Initiation

Due to the orthotropy, the stress state is mainly a tensile one in the y direction around point C
(Figure 3), while the maximum shear stress is around point D. The initiation of cracking may
occur at point C in mode I, where a high stress gradient exists. But the crack may also start in
mixed mode somewhere between C and D.

Different fracture criteria for wood exist in the literature (Rathkjen, 1993). They are expressed
in terms of stresses in a co-ordinate system coinciding with the directions of orthotropy. For
those particular tests, the failure is due to a cracking parallel to the grain, thus the chosen
criterion is expressed as a polynomial function of the elastic stresses Oyy = Ot and Oxy = OLT:

2 2
St OLT
—e | 4| == | =1 d cpr 20 2
] e ®

The material constants are Y; =5 MPa and S, =8 MPa (C.T.B.A., 1995). The previous values
were obtained from shear and tensile tests on French wood.

In the present paper, rather than the initiation load, (2) will be used to obtain information about
the location of the onset of cracking.

The maximum of the criterion (2), for every simulation (with different d values), is near point
C, at point C'. The friction at the bolt and wood contact has an influence on the location of the

onset of cracking.



An other approach for the determination of the location of the cracking initiation consists in the
application of LEFM concepts for the initiation problem by assuming a pre-existing sharp

crack. This approach was applied to wood in (Sobue, 1989).

Propagation

The existence of a crack at the point C or C' is now assumed (Figure 3). The propagation
analysis is carried out by use of classical LEFM i.e. all damage phenomena are assumed to
occur at the crack tip.

The energy release rate is:

1 W

G(P,a) = Gy + Gy = - b 5y

3)
With: P is the applied load, W is the potential energy, a is the crack length, b is the specimen
width.

As said before, the location of the plane of propagation is difficult to evaluate accurately. Thus

two cases are considered:

- A propagation in the mid plane: angle (OC, OC') = 0, that is a pure mode I of fracture
- A propagation in another plane: angle (OC, OC') # 0, that is a mixed mode of fracture

If the crack propagates from C under a pure mode I (Gyp = 0). A Griffith criterion (Griffith,
1920) is chosen:

G(P,a) < Gy¢ No crack propagation )
G(P,a) = Gy Possible crack propagation

and,

—g—g(P,a) 2 0 : unstable propagation
®)
g—g(P,a) < 0 : stable propagation

Gy, is the critical energy release rate in pure mode 1. (4) and (5) give some information about

the ultimate load by a stability condition of the structure.

During tests, most of fracture planes took place in the mid plane (initiation at point C). In the

latter case, the fracture mode is a pure mode 1. The fracture analysis is then based on (4) and

(5).



According to the numerical results concerning the location of the cracking initiation, the crack
may propagate from C' (near C). In such a case, a mixed mode is present. It was decided to
study that case.

When the crack initiates at point C', a Griffith criterion does not hold because the critical energy
release rate Gy is much higher than Gy due to the orthotropy of wood. A partition of modes is

then necessary. The following criterion is generally proposed in the literature (Valentin et al.,

1991; Wu, 1967):
(_GLJm +[_GL]H < (6)
Gre Gire

(<1 no crack propagation, =1 possible crack propagation).

Coefficients m and n are chosen equal to 1 for simplicity purpose.

The computation of the energy release rate is quite easy in pure mode 1. In this case (onset of
the crack at point C), G(P,a) is computed by the compliance method which is a global method.
The crack propagation is modelled by separating two connected lines. Thus for two F.E.

computations 1 and 2:

P2 =% Aa (Ei - Ei‘) (7

WithAa=2ap-ajand Aa<<a
In the second case (crack starting at point C' under a mixed mode), G and GJJ are obtained

separately with a local method, the crack closure technique.
Gy and Gy are computed with the necessary work to close the crack during a propagation Aa

(Figure 4):

1 Fy-Au 1 Fy-Av

1750 A2 U720 Aa

8)

Where Fx and Fy are the forces in the x and y directions respectively (obtained in the first FE
computation). Au and Av are the relative displacements of the released node in the x and y

directions (second FE computation).



8
Fy
\A
> Fx
Aa Aa Av
Au

Fy

Figure 4 - Crack closure technique

In the both local and global methods for the computation of the energy release rates, the mesh
refinement at the crack tip is constant during the crack propagation.

In order to verify the validity of both methods, the local crack closure method was applied to a
situation of a pure mode I of cracking. The results of both methods (7) (8) were compared, they

were exactly similar.

Figure 5 - Finite element mesh in the case of a mixed mode of propagation

Determination of the ultimate load

An important problem consists in the choice of material parameters Gy, and Gy.

For the studied problem, i.e. the analysis of fracture in a mechanical joint, the process zone size
is assumed to be small compared with the crack length and the structure size. Hence the
influence of the process zone is negligible and LEFM assumptions are valid.

Classical fracture tests (DCB, SEN) allow the determination of the critical energy release rates
Gi. and Gy corresponding to the onset of propagation of an artificial initial crack (with no
process zone). A distinction may be necessary with the problem of the propagation of a natural
crack. In the latter situation the energy release rate Gy (propagation) is defined. An estimation
of Gp can be obtained by considering the global fracture energy dissipated during a test. The
fracture energy Gr of white wood was obtained with three point bending tests proposed in
(Larsen and Gustafsson, 1989). It is then assumed (Daudeville et al., 1996):

GIc = Gf = 200 Nm/m? )



No tests were performed for the determination of the Gy value. According to the literature
(Valentin et al., 1991; Mansfield-Williams, 1995; Petersson, 1995) the Gy, value can be

obtained with:

Grre =3.5 Grc (10

For a given critical energy release rate Gyc it is possible to compute the strength of the

specimen. The two propagation criteria can be written (4) (6) (10):
G
P = 8@ (11)

The ultimate load corresponds to the minimum value of g(a). For this minimum value:

d
SE(ac,Po) = 0 and G(ac,Pc) = Gre (12)

When the crack length a and the load P reach the critical values ac and P, the crack becomes

unstable. P¢ is the computed strength of the specimen.

Note that absolutely no parameter is identified by comparison between the experimental results

of joints and the FE ones.

RESULTS

Initiation

The criterion (2) was applied for determining the location of cracking. For every simulation, the
angle (OC,0C") (Figure 3) was under 20 degrees. That result is confirmed by experimental
observations (see Table 1).

As said before LEFM can also give information about the initiation location. The length of the
initial defect was chosen equal to a ap = 3 mm. Different simulations with an initial crack
starting at a point C' with different angles (OC,0C') ranging from O to 50 degrees were
performed. The results are in accordance with the first approach, i.e. the initial crack which

corresponds to the initiation (P mini) is located at an angle of about 10 degrees.

Joint strength
As said before, it is difficult to determine accurately the plane of cracking. The previous
initiation study concluded that it was very close to the mid plane. Thus, two cases were

considered:
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- cracking in the mid plane (angle (OC,0C") =0)
- cracking in the plane such that the angle (OC,0C") = 10 degrees.

For the both cases a Coulomb friction at the wood and dowel contact was taken into account.
Two friction coefficients f were considered in each situation (f = 0.1 and £ = 0.2).

The following results were obtained with a cracking in the mid plane and f = 0.2 which give the
best comparison with the experimental results.

The following figures give the comparison between the maximum loads obtained
experimentally and numerically. The influences of the bolt diameter and of the end-distance are
shown.

According to the numerical results, a stable propagation is possible on a very short distance.

This stable propagation was scarcely observed experimentally.

—O—FE simulation —O—FE simulation
¥ mean test value and standard deviation X mean test value and standard deviation
300 o=
§ 200 + E
Ke)
g 100 + 2
£ E
Edge distance =2.5d Edge distance=4d
0 } | 0 } i
8 12 20 8 12 20
d (mm) d (mm)
—O—FE simulation
X mean test value and standard deviation —O—FE simulation
X mean test value and standard deviation
500 400
400
300
£ 300 =
Z =200
) Z
P 200 % &
£ 100 + 5 100 _
Edge distance=7d A Edge distance=10d
0 } | 0 = } -
8 12 20 8 12 20
d (mm) d (mm)

Figures 6, 7, 8, 9 - Influence of the bolt diameter on the maximum load
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400 +
300 +
E
Ev‘ 200 +
g d=20mm ——O——simulation
& 100 4+ == =X=— =mean test value
0 f } } {
2 4 6 8 10
el/d

Figure 10 - Influence of the end-distance on the maximum load

The comparison between experimental and simulation results is very good for low end-
distances (e1/d = 2.5, 4) and for each bolt diameter (Figures 6, 7). That may be due to the few
plasticity observed in such cases. For large end-distances (Figures 8, 9) plasticity phenomena

occur that are not taken into account in the modelling especially for d = 8§, 12 mm.

For d = 20 mm, the embedding is less important than for lower diameters. Thus the comparison
is quite good for each end-distance e1/d. The influence of e1/d is very important for low values

(e1/d < 7) but can not be neglected for large end-distances (e1/d = 7) (Figure 10).

CONCLUSION

LEFM is a simplified approach consisting in the comparison of the energy release rate with a
critical value. This method has been applied for the determination of the load carrying capacity
of a mechanical joint with a single bolt. The loading was parallel to the grain. The fracture mode
that leads to failure is the mode I of opening. The critical energy release rate was chosen equal
to the fracture energy value issued from bending tests. Comparisons of the load carrying
capacity obtained experimentally and numerically with the Finite Element method is
encouraging by considering the coarse assumptions of the simplified approach.

Adjust this simplified approach for calculation rules might provide an improvement for the

determination of the ultimate load in the design of bolted or nailed joints.
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Time dependent lateral buckling of timber beams

F. ROUGER'

Introduction.

In 1994, Le Govic&al. [4] reported the results of a research program dealing with long term
behavior of timber beams (solid timber and glulam). All along this program, beams had been
tested in external protected conditions at three stress levels (2 MPa, 5 MPa, 15 MPa)
corresponding to three average stress ratios (10%, 20%, 60%) with respect to the average
short term characteristic strength. Whereas for low stress ratios (10%, 20%) the beams did
not fail, a high percentage of failures due to lateral instabilities was observed at the highest
stress level (60%). These percentages ranged from 50% for solid timber to 100% for glulam.
A simple reliability calculation based on Eurocode 5 formulas [3] lead to equivalent
probabilities of failure ranging from 10% for solid timber to 25% for glulam. These calculated
values were obviously much too low and justified further investigation.

In this paper, finite elements analysis combined with Eurocode 5 concepts have been done.
In a first part, Timoshenko formulas are compared with finite elements results. They show
a very good accordance and justify the use of finite elements concept for further analysis.
In a second part, critical stresses are calculated for the tested specimens. They lead to the
evaluation of probabilities of failure which are compared with the experimental values.

In a third part, Eurocode 5 formulas are analysed and a new design proposal is given.

Critical moments for different loading configurations.

In this chapter, different critical moments leading to lateral buckling are calculated. The
reference case given by Timoshenko&Gere [5] deals with constant moment bending. The
formulas are given and calculations for different cross-sections are illustrated. This reference
case is further used for deriving critical moments in three and four points bending. The
influence of the loads location is studied, as well as second order effects.

Constant moment bending.
The critical moment leading to lateral buckling in the case of a beam subjected to a constant
bending moment is given by TIMOSHENKO & GERE :

— —

T S 1
MfLN/EOIyGJ @

with, in the case of rectangular cross-sections,

3
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[ =h>
Y 12
3Er [ /\4“
L RCIPPLY PRI 3)

Jo=h =22 3362 L
16| 3 h o 12\h) |

*CTBA, Dept of Timber Engineering, PARIS, FRANCE



where h is the beam depth,
b is the beam width,
L is the beam span,
E, is the beam Young's modulus,
G 1is the beam shear modulus.

According to these formulas, the critical moment is calculated for three beams geometrical
configurations (see Table 1).

TABLE 1 : Critical moments for different beam configurations (E, = 11000 MPa, G = 700 MPa)

b (mm) h (mm) L (mm) M (kN.m)
40 100 1800 447

40 400 7200 5.0

100 400 7200 74.1

In the following sections, the critical moments (M_,) are compared with this reference moment
(M) according to the following formula :

M, =M “
m

Three points bending.
This configuration was used to validate the finite elements model. Foulon [2] gives the critical
loads for different locations of the loading points (see Figure 1). These critical loads are
compared with Timoshenko results in the case where loads are applied on neutral fiber (see
Table 2). They show a very good accordance and justify the use of finite elements approach
in further investigations.

Case A : * o e
A A
CaseG: — — - v "’***ﬂ
A A
Case B : R
A A

FIGURE 1 : Loading points configurations (Case A : Compressive edge, Case G : Neutral
fiber, Case B : Tensile edge).
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TABLE 2 : Comparison of critical loads according to Timoshenko and finite elements
(Loading case G)

Beam Critical Load (kN) Difference
Configuration . ,

Finite elements Timoshenko
40*100%1800 mm 13.312 134 +0.7%
40*400*7200 mm 3.74 3.7 -1%
100*400*7200 mm  55.305 55.317 +0.02%

In table 3, the critical moments (M,,) as well as the correction factors (m) are given for the
three beams configurations and for the three loading conditions. These moments are calculated
by finite elements. They are deducted from the critical loads according to :

L1000 (5)
4

M =P

TABLE 3 : Critical moments (in kN.m) in three points bending.

Beam Loading case A Loading case G Loading case B
Configuration M. o M., o M., N
40*100*1800 mm 5.29 0.845 5.99 0.746 6.795 0.658
40*400*7200 mm 6.03 0.83 6.73 0.743 6.98 0.716
100*400*7200 mm  88.65 0.836 99.54 0.744 108.8 0.68
Mean value 0.84 0.744 0.68

It should be noted here that the location of the loading point has a strong influence on the
critical moment. If the load is located on the compressive edge, the critical moment is much
lower than if it is located on the tensile edge. The value of m for loading case G is in
excellent agreement with the value given by Choo [1].

One of the concerns with the creep experiment was to investigate if the creep deflections
tended to increase or to decrease the critical moment. In order to assess this assumption, a
calculation was performed with an initial curved shape of the beam.

The initial shape is given by :

\
w(x) ::A-sin{n-f\'} (6)
VoL

with A = 0.05*L
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The calculation was performed for loading case G. The results are reported in Table 4. They
show that the initial curvature tends to stabilize the beam and to increase the critical moment.
Therefore, this effect will not be considered in the following sections.

TABLE 4 : Influence of an initial curvature on the critical moment (in kN.m)

Beam Initial straight beam  Initial curved beam
Configuration M., o M. o
40*100*1800 mm  5.99 0.746 6.84 0.65
40*400*7200 mm  6.73 0.743 8.62 0.58

100*400*7200 mm  99.54 0.744 129.8 0.57

Average 0.744 129.8 0.6

Four points bending.
In this case the distance between the loads and the supports are (1/3; 1/3; 1/3). The critical
moment is deducted from the critical load (half of the total applied load) according to :

1-1000
M =P cr"’?’ )]

They are reported in Table 5, as well as the correction factors, for the three beams
configurations and the three loading points locations.

TABLE 5 : Critical moments (in kN.m) in four points bending.

Beam Loading case A Loading case G Loading case B
Configuration M. o M. m M., m
40*100*1800 mm 4.44 1.0 5.09 0.88 5.59 0.8
40*400*7200 mm 5.25 0.95 5.73 0.87 6.22 0.8
100*400*7200 mm  77.3 0.96 85.9 0.86 92.5 0.8
Average 0.97 0.87 0.8

As in three points bending, the critical moment increases as the loads move from the
compressive edge to the tensile edge. Since the experiments have been performed according
to loading case A, the corresponding values of m will be considered in the following sections.



Calculation of the critical stresses.
The critical stress is deducted from the critical load according to :

N L1000
2 2p ®)

b-h”

G¢

which, in combination with equations (1), (4) and (7) gives :

6w [BglyGI )
cr-

mL-b-h’

For rectangular beams, equations (2) and (3) can be used, which gives :

e ] I
r I r !
| o\t

NI 0N h| 12 \h/ |

m-L-h

(10)

The specimens used in the experiments have strength and stiffness properties given in Table
6.

TABLE 6 : Strength and stiffness properties of the specimens.

Strength Class E ean (MPa) f,« MPa)
Solid Timber C22 10 000 22

C30 12 000 30
Glulam GL 24 10 800 24

GL 30 12 000 30

The 5% lower fractile of E is deducted from E_,,, (= E) according to :

Eq = 0.67E 11)

The shear modulus G is deducted from the E,_,, (= E) according to :

g E (12)
16

Both solid timber strength classes correspond to cross-section 40%100 mm, glulam
corresponding to cross-sections 40*400 mm and 100%¥400 mm.



The permanent critical stress is deducted from the instantaneous one according to :

9]

Ccr ] (13)

G — -
UK ger

cr.permanent

with kg = 2.0 (according to EC5, Permanent, Service Class 3)
The critical stresses are reported in Table 7.

TABLE 7 : Critical stresses (in MPa) for the different test specimens.

Beam Configuration Strength Class Critical stress (MPa)
Instantaneous Permanent

40*100*1800 mm C30 58.96 19.65

C22 49.1 16.38
40*400%7200 mm GL 30 4.54 1.51

GL 24 3.92 1.31
100*400%7200 mm  GL 30 26.7 8.91

GL 24 23.1 7.7

Calculation of the probabilities of failure.

Since the beams can fail either by lateral buckling or by classical bending failure, both aspects
are investigated. The resulting probability of failure of the beam is the result of a series
system calculation.

Probability of failure by lateral buckling.

This calculation is performed for an applied stress of 15MPa, and assuming that the critical
stresses (given in Table 7) have a normal distribution, with a coefficient of 30% for solid
timber and 20% for glulam. The safety index B is given by :

_HR S

_ (14)
°R
where U and oy are the man value and the standard-deviation of the critical stress,
S is the applied stress.
The probability of failure is deducted from the safety index according to :
Py = 1- cnorm(B) (15)

where cnorm(x) is the cumulative Gaussian distribution.



The calculated probabilities of failure are reported in Table 8.

TABLE 8 : Probabilities of failure by lateral buckling.

Beam Configuration  Strength Class Probability of failure
Instantaneous Permanent

40*100*1800 mm C30 0.006 0.215

C22 0.01 0.39
40*400*7200 mm GL 30 1.0 1.0

GL 24 1.0 1.0
100*400*7200 mm  GL 30 0.014 1.0

GL 24 0.04 1.0

It can be noted that the time effect is considerable. The probabilities of failure are multiplied
by a factor of at least 25.

Probability of failure in bending.

The calculation is performed by assuming a log-normal distribution for the strength. The mean
strength value is deducted from the 5% lower fractile (f,) and the coefficient of variation
(cv) according to :

[ 1 2 \ ]
fm s expg In<fmk> j- /i-cv + 1.65'CV) ‘ (16)

\

The mean value of the permanent strength is deducted from the instantaneous one according
to :

f=k f (17)

m mod* m

with k4 = 0.50 (according to ECS, Permanent, Service class 3)

Probabilities of failure are calculated according to equations (14) and (15), replacing the
critical stress by the bending strength. The values are reported in Table 9.



TABLE 9 : Probabilities of failure in bending.

Beam Configuration  Strength Class Probability of failure
Instantaneous Permanent

40*100*1800 mm C30 0.009 0.059

C22 0.022 0.177
40*400*7200 mm GL 30 6.0.10™ 0.036

GL 24 3.0.107 0.16
100*400*7200 mm  GL 30 6.0.10* 0.036

GL 24 3.0.107 0.16

Calculation of the combined probability of failure.

The failure of a beam, either by lateral buckling or in bending, constitutes a series system.
The combined probability of failure has two bounds. The lower bound (P;) and the upper
bound (P, are given by :

P if(P <Py, P P (18)

- \
Prg=l (1-Pyy)(1-Pyy) (19)

The values are reported in Tables 10 and 11.

TABLE 10 : Lower bound for combined probability of failure.

Beam Configuration = Strength Class Probability of failure
Instantaneous Permanent
40*100*1800 mm C30 0.009 0.215
C22 0.022 0.39
40*400*7200 mm GL 30 1.0 1.0
GL 24 1.0 1.0
100*400*7200 mm  GL 30 0.014 1.0

GL 24 0.04 1.0




TABLE 11 : Upper bound for combined probability of failure.

Beam Configuration  Strength Class Probability of failure
Instantaneous Permanent

40*100*1800 mm C30 0.015 0.261

C22 0.032 0.498
40%400*7200 mm GL 30 1.0 1.0

GL 24 1.0 1.0
100*400%7200 mm  GL 30 0.015 1.0

GL 24 0.042 1.0

These values are very close to the experimental ones (50% for solid timber and 100% for
glulam) which validates the approach.

Proposals for revising Eurocode 5.
The calculation of the probability of failure according to Eurocode 5 is performed by the
following approach :

--> Calculation of the relative slenderness (§5.2.2, Application rule (2), Equation (5.2.2a))

o @0)

where f,. 1s the characteristic bending strength
O, is the critical stress (calculated according to equation (10))

It should be noted that the critical stress must take into account the time effect (see
equation (13)), whereas the bending strength is the instantaneous value. Eurocode 5 should

be revised according to this remark.

The values of A, are reported in Table 12.



TABLE 12 : Relative slenderness M, .

Beam Configuration Strength Class Relative slenderness A,
Instantaneous Permanent

40*100*1800 mm C30 0.713 1.236

C22 0.67 1.159
40*400*7200 mm GL 30 2.57 4.452

GL 24 2.473 4.284
100*400*7200 mm  GL 30 1.059 1.835

GL 24 1.019 1.766

--> Calculation of k;, (§5.2.2, Application rule (4), Equations 5.2.2¢ to €)

1 if A, <0.75

Kpgp 1= {2056 70754, 1 0.75 < Ay < 1.4 (21)
= ifh,, > 1.4
rel

The values of k;,, are reported in Table 13.

TABLE 13 : Instability factor k,

st

Beam Configuration  Strength Class Instability factor k;,
Instantaneous Permanent

40*100*1800 mm C30 1.0 0.633

C22 1.0 0.691
40*400*7200 mm GL 30 0.151 0.05

GL 24 0.163 0.054
100*400*7200 mm  GL 30 0.765 0.297

GL 24 0.795 0.321

--> Calculation of the probability of failure.

The calculation is performed according to equation (14), replacing uy by :

“R‘jkinst'fm (22)



This is justified by §5.2.2, Application rule (3), equation (5.2.2b)
The combined probabilities of failure are reported in Table 14.

TABLE 14 : Probabilities of failure according to ECS5.

Beam Configuration  Strength Class Probability of failure
Instantaneous Permanent

40*100*1800 mm C30 0.009 0.293

C22 0.022 0.561
40%400%7200 mm GL 30 1.0 1.0

GL 24 1.0 1.0
100*400*7200 mm  GL 30 0.003 1.0

GL 24 0.013 1.0

By comparing these values with the ones given in Table 11, especially the instantaneous ones,
it is obvious that equation (21) should be revised. If we adjust the probabilities of failure to
Table 11, we should get the values of k,, given in Table 15. The comparison between these
values and the ones of ECS are illustrated in Figure 2.

TABLE 15 : Expected values of k,

st

Beam Configuration Strength Class Kinet
Instantaneous Permanent
40*100*1800 mm C30 0.83 0.66
C22 0.9 0.72
40*400*7200 mm GL 30 0.151 0.05
GL 24 0.163 0.054
100*400*7200 mm  GL 30 0.62 0.297

GL 24 0.67 0.321
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FIGURE 2 . k.., versus }\,M (x's represent the expected values, solid line represents EC5)

Revision of ECS5 equations 5.2.2¢ to e
If we wish to maintain k,,, = 1/ A,,* for A, > 1.4, the best fit is given by :

1 Iif A £ 0.5
ki i= 1.26 - 0.53 A,,; If0.5< A,,; s 1.4 (23)
1 ,
e If Ay > 1.4
rel
This is illustrated in Figure 3.
T T T
1 R —]
X,
k Nx
inst; >§\<\)\<
N
Y. 05— s —
%
e
I T (I i}
0 | | | [ !
0 1 2 3 4 5 6
A 1'eli*xj

FIGURE 3 : k,,, versus 7\,.51 (x's represent the expected values, solid line represents equation (23))

If we skip this option, the best fit is given by :



1 if Ay < 0.56
Kiper = (24)

inst *
2—1'_5.5_ ifA_, > 0.56
A%, + 1.24

rel

It is illustrated in Figure 4.
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FIGURE 4 : &, , versus 7\.”,, (x's represent the expected values, solid line represents equation (24))

The corresponding values of k;,, and corresponding probabilities of failure are reported in
Tables 16 and 17.

TABLE 16 : Values of k,,, according to equation (24)

st

Beam Configuration  Strength Class Kinst
Instantaneous Permanent
40*100*1800 mm C30 0.886 0.56
C22 0.918 0.6
40%400*7200 mm GL 30 0.198 0.074
GL 24 0.211 0.079
100*400*7200 mm  GL 30 0.656 0.336

GL 24 0.68 0.356




TABLE 17 : Probabilities of failure according to equation (24)

Beam Configuration  Strength Class Probability of failure
Instantaneous Permanent

40*100%1800 mm C30 0.013 0.428

C22 0.029 0.75
40%400%7200 mm GL 30 1.0 1.0

GL 24 1.0 1.0
100*400%7200 mm  GL 30 0.01 1.0

GL 24 0.039 1.0

These values are in very good accordance with Table 11 and with experiments, at least on the
conservative side. In addition, equation (24) is simpler than the current equations of ECS.

Conclusions.

A numerical method has been compared with the classical theory of Timoshenko and shows
a very good accordance. It was therefore applied for deriving critical moments and subsequent
critical stresses. From these results, probabilities of failure have been calculated and show a
very good agreement with the experiment. EC5 equations have been investigated. A revision
is proposed in two points :

(1) Calculate the relative slenderness with the time dependant critical stress,
(2) Use another equation for k,,, vs A,

st

This approach is easily appliable to columns behavior. In §5.2.1, application rule (2),
equations (5.2.1c) and (5.2.1d), the MOE values should be divided by ( 1 + Kger )-

By adopting this approach, the long term instability problems can be easily solved.
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DETERMINATION OF MODULUS OF ELASTICITY IN BENDING
ACCORDING TO EN 408

Kjell Helge Solli, Norwegian Institute of Wood Technology

August 1996

Background

The test method for determination of the modulus of elasticity is given in the
European standard EN 408 [1]. According to EN 408:8.2 the test piece shall
“...be symmetrically loaded in bending at two points over a span of 18 times
the depth as shown in figure 1.”

And the “...deformation shall be measured at the centre of a central gauge
length of five times the depth of the section.”

v

v
kS

h
2

2, 6rt15h 6h , 6h%1,5h

o g=

g N

2/

£
I =18r£3h ' 2
A - 4

£
2

Figure 1: Test arrangement for measuring modulus of elasticity in bending.
Figure 1. Description of the test method (copy from EN 408).

The description of some of the details in the test method are, however, not _
precise enough. Examples of questions which might come up before testing are:

e At which point of the depth shall the deformation be measured?
Shall the transducer be fixed at the tension edge, compression edge or the
neutral axis? Or does it not matter at all where it is measured? EN 408 does
not give an exact answer.

e Is it good enough to measure the deformation with one transducer fixed on
one side of the cross section? Or is it necessary to measure the deformation
on both sides and then calculate the mean deformation value? EN 408 does
not give an exact answer.

29-10-2.DOC 1996-06-20
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e

NA

Figure 2. Where shall the deformation be measured?
(C = Compression edge, T = Tension edge, NA = Neutral Axis)

These questions about how to measure the deformation came up during a
meeting in one of the TC124/WG 2 groups. The members in this group were
asked about their own practice in this matter. The answers showed clearly that
there were no absolute method or practice. Some countries referred that they
were measuring on the compression edge, some on the tension edge, some on
both side of the neutral axis and some on one side of the neutral axis.

These facts raise the following questions:

e Do these differences in method of measuring the deformation
cause any difference in the final result, i.e. the value of MOE?

And if YES:

e Should EN 408 be revised as soon as possible to ensure that the
values from different laboratories are based on the same criteria?

In order to ensure that our test routines were reliable and eventually give a
contribution to a solution of the mentioned questions, a small project was
established at the Norwegian Institute of Wood Technology. The purpose of
this project was to compare the results from measuring the deformation on one
and two sides of the neutral axis.

Materials to the test

The materials used in this test were spruce (Picea abies) with a moisture
content corresponding to +20 °C and 65 % relative humidity. The dimensions
of the test pieces were 36 x 148 mm (ca. 50 %), 36 x 198 mm (ca. 25 %) and
48 x 148 mm (ca. 25 %). The test program involved totally 95 test pieces.

The quality of the test pieces was chosen to represent the whole span of natural
variation of Nordic structural timber. Some were straight with no visual
defects, other had big knots and/or heavy distortion.
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Test procedure

The test procedure was according to EN 408. The deformation was measured
on both sides of the cross section but with separately reading of data from the
two transducers (see Figure 3).

b
—

h2

Figure 3. Deformation was measured by two symmetrical located transducers.

To eliminate that the measured differences were caused by the measuring
equipment, two measurements were done where the transducers changed place
in the second reading. This was done on about 40 of the test pieces. No
systematic difference between the two transducers was shown.

The ratio between load and deformations was registrered approximately
continuous up to a bending stress of 15 N/mmz?, i.e. about one third of the
expected mean value of the ultimate bending stress for this sample.

Test results

Each test piece gave two values of the ratio between load and deformation, i.e.

K, _AF and K, :ﬂ.
AS, A5,

This K-values are proportional to the modulus of elasticity in bending:

2
_a~l1

m 16-1. n

where

a= the distance between a loading position and the nearest support
(i.e. 6h in this test)

l, = gauge length for measuring the deformation
(i.e. 5h in this test)
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For each test piece the following expression was calculated:
K
[ﬂ - 1} -100%
Kmin

K,.= the highest K-value for the actual test piece independent of which
side or by which transducer it was measured

where

K. = the lowest K-value for the actual test piece independent of which
side or by which transducer it was measured

The results given in ranked order are shown in Figure 4.
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Figure 4. The relation between K., and K., for 95 test pieces

Comment on the results

Most probably the shown deviations are caused by a smaller or bigger rotation
of the cross section during the loading/measuring procedure. Since the
maximum deformation normally is very small (i.e. 1,0 - 1,5 mimn) a quite small
rotation can cause a considerable influence on the registrated MOE.

Theoretical and idealised example:
Dimensions: 48 mm x 148 mm
MOE,,, = 12000 N/mm?

AF = 6000 N (corresponds to a bending stress of Ac,, = 15 N/mm?)
The corresponding deformation will then be §, = 1,17 mm.
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Figure 5. Rotation of the cross section during testing

If the centre of the rotation in this idealised example is identical with the
centre of gravity the situation will be as shown in Figure 5.

If the transducer measures the deformation at a point with distance Al = 15 mm
from the surface of the test piece and the rotation angle is ¢ = 0,5°, the
deformation caused by the rotation is calculated as:

0y = (g + Alj tan ® = {(f;é + 15) -tan O,S"}mm = 0,34mm

This deformation will be added to the vertical deformation caused by the
bending moment. By using just one transducer the registrated value of MOE
will depend on which side the transducer is fixed:

O =0, 04 =(L17+0,34)mm = 1,51mm which corresponds to a MOE value
given as MOE_;; = 9310 N/mm?, i.e. 76% of MOE,, = 12000 N/mm?.

O pin =0,, =84 =(1,17-0,34)mm = 0,83mm which corresponds to a MOE value
given as MOE,,,, = 16940 N/mm?, i.e. 141% of MOE,,, = 12000 N/mm?2.

In this illustration the relation (—mﬂi— 1] -100% 1is given as 82 %.

min

By using one transducer it will be random either the maximum or minimum
value is registrated as a MOE-value of this test piece.

By using two transducers and the mean value of their deformation values the
described effect from rotation should be eliminated:

29-10-2.DOC 1996-06-20
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1,51+0,83 , .
O ean = Oy T 0.0 = (—2-—)mm = 1,I7mm which will correspond to the “true

value” MOE,_, = 12000 N/mmz2.

Potential consequences

In a normal bending sample where the tension edge according to EN 384:5.2 [2]
is selected at random, it should be expected that the same number of pieces
were registrated with the maximum value as with the minimum value when
just one transducer is used. If the target information is the sample mean value
of MOE one might expect that the result should be approximately correct.
However, the mean value will probably be some what higher than “the correct
value” since the effect of ® is stronger on the maximum values. Figure 6 shows
how MOE will change compared with the angle (the figure is directly related to
the previous example).
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Figure 6. MOE depending on the rotation .

In EN 338:6.2.2 [3] the mean modulus of elasticity parallel to the grain is one of
three main criteria which must be fulfilled before a sample can be assigned to a
certain strength class. On this background it is important to define which
accuracy the mean value MOE shall have, and then compare this accuracy with
the uncertainty caused by the use of one side measuring of deformation.

However, sometimes it is not good enough with an “approximately correct”
mean value of a sample. Sometimes it is necessary to have each individual
value as exact as possible. For instance when a strength grading machine shall
be approved according to EN 519 [4]. In EN 519:7.2.5 it is stated that:
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“The relation between the bending modulus of elasticity E,, as measured in
EN 408 and the machine’s indicating property shall have a coefficient of
determination of not less than 0,5.”

The experiences from such approval tests show that this requirement may be
difficult to fill for some machines. When using a MOE-value with an accuracy
of plus/minus 10 % caused by the testing method the requirement of rz> 0,5
might be impossible to reach.

Conclusion

The test method for determination of the modulus of elasticity given in EN 408
opens for various practice. This paper shows examples of inaccuracy which
can occur when the deformation is measured in the neutral axis at one side of
the cross section.

As an average it was detected about 10 % higher values on one side compared
to the opposite. In two extreme cases (out of 95 pieces) the MOE-value
measured on one of the sides was almost 40 % higher than the value measured
on the opposite side.

The modulus of elasticity is one of the most important material properties of
structural timber. Based on this fact it is strange that the details in the method
of measuring this property is as vague as given in EN 408. Statements from
several laboratories in Europe prove that this actual method in EN 408 are
practised quite differently.

The definition of which method gives the correct MOE in bending is important.
Far more important is it, however, to have a standard which ensures that
everyone who are involved in this type of testing follows the same procedure.

We will therefore make a suggestion that EN 408 is revised to ensure that the
values from different laboratories are based on the same criteria.
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On determination of modulus of elasticity in bending

Lars Bostréml, Sigurdur Ormarssonz, Ola Dahlblom?

Abstract

The European standard EN 408 does not clearly specify the method and
position of the deformation measurement. This paper presents experimental
and theoretical results showing the influence of the position of the
deformation measurement when determining the modulus of elasticity
according to EN 408.

1. Introduction

European standard EN 408 includes a method for the determination of modulus of elasticity,
MOE, in bending. The standard specifies the geometry of the test set-up and gauge length for
deformation measurements (see Fig 1), but it does not specify method or position for the
gauge. In other words, the measurement can be made anywhere on the beam as long as it is
centred between the loading points.
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Figure 1 Test arrangement for determination of MOE in bending.

Tests performed on the same specimens at two laboratories resulted in MOE values that
differed by more than 10% (Johansson 1996). The deformations were measured at different
positions of the beams. The purpose of this study was to investigate how the position of the
gauge affects the determination of MOE. Theoretical simulations as well as experimental
studies of the influence of position have been performed. Nine beams have been studied
experimentally and five of these beams were chosen for theoretical analysis.

2. Cross-sectional MOE distribution

In the following sections theoretical and experimental studies are presented, where values of
apparent MOE are determined. Theoretical simulations require information about material
parameters as input data. Furthermore, it is of interest to compare the values of the apparent
MOE evaluated from bending obtained from simulations and experiments with the MOE
obtained from experiments where the variation over the cross-section has been considered.

! Building Technology, Swedish National Testing and Research Institute, Box 857, S-501 15 Borés, Sweden
* Structural Mechanics, Lund Institute of Technology, Box 118, S-221 00 Lund, Sweden



Nine pieces of timber were selected, with the planed dimensions 45x95 mm?. The timber
was free from defects, and it was taken from five different positions in the log (see Fig 2).
Two beams from each position were tested, except for the beam with annual rings parallel to
the wide face and the pith far from the face, where only one beam was tested. The beams were
conditioned in a climate chamber (20°C, RH 65%) to a moisture content of 12% and there-
after tested according to EN 408 for determination of the MOE in bending.

Annual rings parallel to

Annual rings perpen- Annual rings in the wide face, pith far
dicular to the wide face an angle from the face
(Beam 1 and 2) (Beam 5 and 6) (Beam 9)
[
N
=
]
Pith in centre Annual rings paral-
(Beam 3 and 4) lel to the wide face,
pith close to the
face

(Beam 7 and 8)

Figure 2 Location in the log where the specimens were taken.
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Figure 3 Cutting pattern for the sticks used for determination of variation of MOE over the
cross-section.



After performing bending tests (cf. Sec. 4), the longitudinal MOE was determined using a
dynamic method. The MOE was determined from the velocity of an ultrasonic pulse and the
density as

E:VZ'Plz,lz (1)

where E is the MOE, v is the velocity of an ultrasonic pulse, and pj3,15 is the density at 12%
moisture content. This was performed on specimens with the dimensions 10x10x230 mm
obtained by splitting up a part of the central section of the beams tested (see Fig 3). The
results for the individual specimens are presented in Appendix.

According to elementary beam theory the bending stiffness is given by L Ey’dA. By

dividing the bending stiffness by the moment on inertia I = _[A y*dA a weighted value of the
MOE, E, is obtained, i.e.

2
oo L Ey“dA @
L y2dA

which has been calculated as

2, EVA

% 3)
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The MOE shows a considerable variation with the distance from the pith. Using the least-
square method, a linear relation

E =

E=E,+Er (4)

between MOE, E , and the distance from the pith » has been determined.
The values obtained for the nine cross-sections examined are given in Table 1.

Table 1 MOE of a central section of the tested beams.

Beam position in log Beam E Ey E;q Note
(MPa) | (MPa) | (MPa/m)

Annual rings perpendicular to the wide face

16460| 17560| - 15850
153701 11700 55620 | Simulated
16230 8170] 105100
20220 7690| 330000 |Simulated
16060 | 14290 24560
14970 13670 18420 | Simulated
17420 11980 99910 | Simulated
165301 11590 88490
15620 9690 87220 | Simulated

Annual rings perpendicular to the wide face
Pith in centre

Pith in centre

Annual rings at an angle

Annual rings at an angle

Pith near face, annual rings parallel to wide face
Pith near face, annual rings parallel to wide face

O 00~ ON W)

Pith far from face, annual rings parallel to wide face




3. Theoretical simulations

Theoretical simulations of bending tests have been performed using the finite element method.
Three-dimensional simulations have been performed and eight-node isoparametric solid
elements with eight integration points have been utilised. A mesh with 10x20x76 elements for
the wood as shown in Fig 4 have been used. The mesh also includes elements for steel plates
at the supports and at the positions of load application. The steel plates are assumed to have
full coupling with the wood material. In the computation, the orthotropic structure of the
wood has to be considered. The influence of annual ring orientation and spiral grain on the
orthotropic directions are taken into account. The computations have been performed using a
commercial computer code (Hibbitt et al. 1994), supplemented with special-purpose routines
for constitutive model and coordinate transformation specific to wood (see Ormarsson 1995).
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Figure 4 The finite element mesh used in the theoretical simulations.

In addition to the cross-sectional MOE distribution given in Table 1 (cf. Sec. 2) the
material properties given in Table 2 have been assumed. The spiral grain angle, 0, is defined
as the angle, in the longitudinal/tangential plane, between the pith direction and the fibre
direction (see Ormarsson 1995). The function chosen is based on experimental investigations
on Norway spruce (Dahlblom and Petersson 1996).

Table 2 Material properties used in theoretical simulation. (r is the distance from the pith in

[m])
Spiral grain, 6 Egr Er Grr Grr Grr
4-40r 500 MPa 280 MPa 500 MPa 500 MPa 50 MPa

Static analyses were performed and the total load P = 7.0 kN was applied as several nodal
loads in a transversal line on the upper face of the steel plates. The supports were modelled by
assuming zero vertical displacement of a transversal line under one steel plate and zero
vertical displacement of the central point under the other steel plate.




The computation simulates determination of MOE from bending tests. The purpose of the
simulation is to investigate the influence of position of deformation measurement. One
advantage of theoretical simulation is that the results are not affected by the inaccuracies in
measurements and uncontrolled imperfections in the material studied which may affect
experimental investigations.

The computational results are evaluated in the same manner as bending tests, i.e. an
apparent MOE is calculated according to

P LI

- 5

16-1-w )

where P is the load, L, is the distance between support and load, L, the gauge length, I is the
moment of inertia and w is the relative vertical displacement given by

1
w==(u(=L,/2)+ u(L,/2)) - u(0) (©)

where u(0) is the vertical displacement at the mid-point and u(-L{/2) and u(L/2) are the
vertical displacements at the end-points of the gauge.

Assuming L, =6h, Ly =5hand I = bh’/ 12, where h and b are the cross-sectional height and
width respectively, yields

P
E=1125— (7

W

Evaluation of the results obtained from simulations of five different cross-sections have
been performed and evaluated according to Eq. (7) at eight different positions around the
cross-section (see Fig 5). This corresponds to different locations of gauge in an experiment.

: 2.5 : 225 :
IOST“ 10) ® Compression edge
9@ ® @ Compression zone, left
® Compression zone, right
37.5 @ Neutral axis, left
® Neutral axis, right
@ © ® Tension zone, left
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Tension edge
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Figure 5 Positions on the beam where apparent MOE has been determined.

The results obtained are shown in Table 3. It may be noted that the apparent MOE obtained
is affected by the position of determination of deformation. The results show that the obtained
value of the apparent MOE increases from the tension zone to the compression zone. The
difference between the neutral zone and the compression zone is greater than between the



tension zone and the neutral zone. This difference develops due to local deformations near the
loading point which leads to greater value of the apparent MOE in that point.

The values for one cross-section vary by about 5 - 9% depending on position of defor-
mation determination. The results also show that the annual ring orientation affects the
apparent MOE.

Table 3 Comparison of apparent MOE from theoretical simulation and weighted MOE.

Position of the Beam 2 Beam 4 Beam 6 Beam 7 Beam 9
deformation EFEM EFEM EFEM EFEM EFEM EFEM EFEM EFEM EFEM EFEM
measurement E E E E E
(see Fig 5) MPa MPa MPa MPa MPa

Compressionedge 15220 | 0.990 120260 1.002 [ 15490 1.035 | 17780 | 1.021 | 16430 1.052

Compression, left 114930 0.972 [ 19780 0.978 | 15230 1.017 | 174201 1.000 | 16060 | 1.028

Compression, right | 14990 0.975 [19620] 0.970 | 149201 0.997 [ 17260 0.991 | 15970 | 1.022

Neutral axis, left 145601 0.947 118900 | 0.934 | 14610 0.976 | 16560 | 0.950 | 15360 | 0.983

Neutral axis, right 114560 0.948 | 18990 0.939 | 14540 0.971 | 16500 0.947 | 15340 | 0.982

Tension zone, left 14460 | 0.941 [ 18700 | 0.925 | 14920 0.997 [ 16370 | 0.940 | 15240 0.976

Tension zone, right | 14460 | 0.941 | 18830 0.931 | 14460 0.966 | 16350 0.938 [ 15210 0.974

Tension edge 144401 0.940 | 18740 0.927 | 14460 0.966 | 16360 | 0.939 | 15220 0.975

To investigate to what extent the values of transversal MOE, shear moduli and spiral grain
angle affect the obtained value, a parameter study has been performed for beam 9. The results
of the study are presented in Table 4. Computations have been performed where one of the
elastic or shear moduli has been given a value twice as large as in the reference computation.
For the cross-section studied, the largest influence (about 2%) is obtained for a change in Gyr.
The assumption of zero spiral grain also affects the results. The influence is then about 1%.

Table 4 Parameter study of beam 9.

Position (ff the Eref E(ER,moo) E<Er,moo) E<GLR,10()0) E(GLT,I()OO) E(GRT.mo) E(Q — 0)
deformation E E E E i E,,

ref ref ref ref ref
measurement MPa

Compression edge 16430 1.000 0.986 0.996 1.011 0.992 1.012

Compression, left 16060 0.999 0.991 0.990 1.018 0.994 1.012

Compression, right 15970 1.000 0.990 1.006 1.008 0.995 1.013

Neutral axis, left 15360 1.000 1.001 0.996 1.019 1.002 1.011

Neutral axis, right 15340 0.999 1.002 1.003 1.014 0.998 1.012

Tension zone, left 15240 1.000 1.003 0.999 1.018 1.003 1.011

Tension zone, right | 15210 1.000 1.005 1.002 1.020 1.000 1.012

Tension edge 15220 1.000 1.004 1.000 1.019 1.002 1.011

4. Experimental study

In the four-point bending test the deformation was measured at three different positions on the
side of the beam, 10 mm below the upper edge, i.e. in the compression zone, at the neutral
axis, and 10 mm above the lower edge, i.e. in the tension zone. These measurements were




made on both sides of the specimens, referred to below as left and right gauge. The deforma-
tion was also measured on the lower edge of the beam (see Fig 6).
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Figure 6 Positions for deformation measurements.

The beams were loaded with a constant movement of the cross-head at a rate of 8 mm/min.
The load-deformation measurements were recorded up to a load of 8 kN, and thereafter the
specimen was unloaded. Each beam was tested eight times in the following order:

— deformation measured in the compression zone
— deformation measured at the neutral axis

— deformation measured in the tension zone
deformation measured at the neutral axis.

Each test was done twice. In all tests the deformation was also recorded on the lower edge
with a special cradle hanging under the specimen.

The experimental results show a dramatic effect of the position of the gauge on the deter-
mined MOE. In Figs 7 and 8 all results for beam 1 and 4 respectively are presented. The
figures clearly show a decreasing MOE from the compression zone to the tension zone. They
also show the large differences found between the two sides (left and right gauge). In beam 4
the MOE measured in the compression zone is more than 60% higher than in the tension zone.

Two tests were carried out each time the gauges were moved on the beam. The diagrams
show that repeatability is good.

17000 + o Left gauge 28000 + o Left gauge
° O Right gauge O Right gauge
16500 -+ A Mean left and right 26000 + ¢ AMean left and right
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= Compres- é Tensi % = edge
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ompres-
14000 + E. . 16000 -+ sion zone °©
Neutral Tension
axis 2
13500 + 14000 4 zone
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13000 12000

Figure 7 MOE for all tests on beam 1. Figure 8 MOE for all tests on beam 4.



The MOE determined at different positions on the beams is presented in Table 5. All
values used are the mean value between the two gauges, except for the tension edge where
only one gauge was used. The table also presents the maximum deviation at the different
positions from the mean MOE determined at the neutral axis. The mean value for the neutral
axis, E,...> has been calculated from four tests. E E and

E crsioncage are the values that differ most from the mean in the neutral axis in the compression

compression * neutral axis * Etension zone

zone, the neutral axis, the tension zone and at the tension edge respectively.

In all beams except 5, 6 and 7 the MOE decreases from the compression zone to the
tension zone. A peculiar phenomenon is that the MOE measured on the tension edge is
significantly higher than the MOE measured on the side of the beam in the tension zone. Only
beam 7 contradicts this result. The measurements made on the tension face were made with a
different cradle, attached under the beam by using rubber bands, which can be an explanation
to the different results between the values obtained in the tension zone on the side of the beam
and the values obtained on the tension face under the beam.

Table 5 Experimentally determined MOE and the effect of position of gauge on the

measurement.
Mean MOE Maximum deviation from mean
(MPa) MOE at the neutral axis (%)
Com- | Neutral | Tension | Tension | E ession | Eneutatasis | Eeension sone | Eeension edge
pression | axis | zone | edge |E, . .| Eaois | Eoraes | Eoouroe
zone
Annual rings perpendicular to the wide face
Beam 1 15800 | 14680 | 13680 | 14610 14.6 -4.0 -10.1 -1.0
Beam 2 16520 | 15250 | 14150 | 14730 13.6 5.9 -7.9 -4.7
Pith centred in the beam
Beam 3 15930 | 15690 | 14970 | 16520 9.1 -2.9 -11.8 7.4

Beam4 | 21190 | 19840 | 17390 | 20580 33.0 -5.5 -18.1 6.4

Annual rings at an angle

Beam 5 15530 | 16320 | 14980 | 15800 -13.1 2.5 -14.1 -3.7
Beam 6 13460 | 14150 | 13270 | 13980 -11.8 -4.0 -11.2 -3.6

Pith outside but close to the wide face, annual rings parallel with the wide face

Beam 7 14000 13920 | 14100 | 13180 2.9 -1.9 4.9 -8.3

Beam 8 18260 | 17240 | 16080 | 16570 14.4 -1.8 -12.4 -7.5
Pith outside far from the wide face, annual rings parallel with the wide face

Beam 9 [ 14170 [ 13910 [ 13520 [ 14200 [ 85 | 50 | 3.6 | 37

In Table 6 the difference between measurements on the two sides is presented, as well as
the coefficient of variation for the measurements made on the tension edge. The largest
difference between left and right gauge is obtained in the compression zone and the smallest
in most cases in the neutral axis,

The measurements made at the tension edge show good repeatability. The largest value for
the coefficient of variation is 2.5%.



Table 6 Difference between measurements on the two sides of the beams (%). The value
given for the tension edge is the coefficient of variation for all eight tests.

Compression| Neutral Tension Neutral Tension
Zone axis zZone axis edge
Test1 Test2|Test3 Test4|Test5 Test 6| Test7 Test 8] COV (%)
Annual rings perpendicular to the wide face
Beam 1| 123 135 | 2.9 6.6 6.1 68 | 76 7.2 0.4
Beam2 | 9.2 9.5 | 4.3 20 | 03 1.1 03 04 0.7
Pith centred in the beam
Beam3| 144 150 | 45 45 | 175 157 | 50 34 1.6
Beam4 | 49.5 476 | 9.1 97 1149 144 | 80 84 1.6
Annual rings at an angle
Beam 5| 200 202 | 438 33 | 145 143 | 37 4.0 0.4
Beam6 | 163 162 | 1.1 23 1103 128 | 54 26 2.1
Pith outside but close to the wide face, annual rings parallel with the wide face
Beam 7| 3.1 3.8 1.1 1.2 6.4 58 | 25 25 2.5
Beam& | 15.1 130 | 22 2.8 | 138 122 | 3.1 3.1 2.3
Pith outside far from the wide face, annual rings parallel with the wide face
Beam9 [ 138 119 86 95 ] 07 13 ] 68 87| 13

5. Comparison between theoretical and experimental results

The effect of position of the gauges on the MOE is more pronounced in the experimental
results than in the theoretical simulations. However, the same tendencies can be found in the
simulations as in the experiments, i.e. the MOE decreases from the compression zone to the
tension zone. Fig 9 gives an example of the differences between the experimental and
theoretically obtained MOE for beam 4. The experimental data is represented by crosses. The
diamonds represent values obtained on the left side of the beam by the theoretical simulation,
the squares represent the values for the right side, and the triangles the mean values for
respective position.

In Table 7 the simulated and the experimentally determined MOE for the beams in the
neutral axis are compared. The theoretically simulated values are within 10% of the experi-
mentally determined ones, except for beam 7.

A comparison has also been made between the theoretically calculated MOE of the beam
and the weighted MOE calculated from the cross-sectional distribution of the MOE obtained
from tests with the small sticks. The theoretically calculated value is 2 - 6% lower than the
weighted MOE. A corresponding comparison between experimentally determined MOE and
weighted MOE yields the difference 1 - 20%.

Table 8 presents ratios between the MOE values obtained by theoretical simulations and
experiments. In most cases the simulation yields a higher value than the experiments. Only in
beams 2 and 4 in the compression zone, the neutral axis and at the tension edge did the
simulations give a lower value.
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Figure 9 Comparison between theoretically and experimentally determined MOE at different
positions on a beam with the pith in the centre, beam 4. Crosses represent experi-
mental data.

Table 7 Comparison between theoretically simulated and experimentally determined MOE.

Grain orientation Beam |En sim| Ena,exp E wasin | Enasin | Ensex
(MPa}|(MPa)|(MPa) Eyy oo E° E
Annual rings perpendicular to the wide face 2 14560|15240115370| 0.955 | 0.947 | 0.992
Pith in centre 4 118940/19840(20220| 0.955 | 0.937 | 0.981
Annual rings at an angle 6 [14570]14150(14970| 1.030 | 0.973 | 0.945
Pith near face, annual rings parallel to wide face 7 16530(13920(174201 1.188 1 0.949 | 0.799
Pith far from face, annual rings parallel to wide face| 9 [15350(13910115620} 1.103 1 0.983 | 0.890

Table 8 Ratio between theoretically simulated MOE and experimentally determined MOE at
different positions on the beams. Columns headed left and right are valid for the
gauges on the respective sides of the beam.

Compression zone Neutral axis Tension zone Tension
Left | Right | Mean | Left | Right | Mean | Left | Right | Mean | edge

Beam 2 | 0.863 | 0.947 | 0.906 | 0.948 | 0.962 | 0.955 ] 1.026 | 1.019 | 1.022 | 0.981

Beam4 | 0.752 | 1.107 | 0.930 | 0.912 | 0.997 | 0.955 | 1.149 | 1.009 | 1.079 | 0.910

Beam 6 | 1.217 | 1.026 | 1.120 | 1.046 | 1.013 | 1.030 | 1.186 | 1.031 | 1.108 | 1.035

Beam 7 | 1.223 | 1.253 | 1.238 | 1.179 | 1.196 | 1.187 | 1.195 | 1.125 | 1.160 | 1.241

Beam 9 | 1.066 | 1.196 | 1.130 | 1.060 | 1.148 | 1.103 | 1.133 | 1.120 | 1.126 | 1.072
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6. Conclusions

The following conclusions can be drawn from the present study:

The position of the deformation measurement strongly affects the obtained value of MOE.
The highest values are obtained in the compression zone, and the value decreases when
going down towards the tension zone. Both the theoretical simulation and the experiments
yield this effect. One source of the effect is local deformations near the loading points. The
magnitude of the effect of position is smaller in the theoretical simulation than through
experiments.

The MOE is higher when measurements are made on the tension face, under the beam, than
when measuring the MOE in the tension zone on the side of the beam. Of all specimens
there is only one exception.

When measuring the deformation on one side only, and in the compression zone or the
neutral axis, the highest MOE is obtained for the inside face (the face closest to the pith).
When measurements are made in the tension zone the outside face usually gives the highest
MOE. Therefore it is important that the deformation is measured on both sides of the beam,
and a mean value between the two measurements is used for the determination of MOE.

A theoretical parameter study shows that for one cross-section the shear modulus, Gy, and
the spiral grain both affect the results, while the effects of the elastic moduli Eg and Er, and
the shear moduli Gy and Ggr are negligible.

References

Dahlblom O., Petersson H. (1996): A study of engineering properties of spruce. In preparation

EN 408 Timber structures - Test methods - Solid timber and glued laminated timber -
Determination of some physical and mechanical properties.

Hibbitt, Karlsson & Sorenson, Inc (1994): ABAQUS, Version 5.4. Pawtucket, Ri.

Johansson C-J. (1996) Personal communication.

Ormarsson S. (1995): A finite element study of the shape stability of sawn timber subjected to
moisture variations. Report TVSM-3017, Lund Institute of Technology, Sweden



12

Appendix: Cutting pattern and distribution of MOE

In Figs A1-A9 the cutting pattern and the distribution of the MOE over the cross-section for a
central part of all beams are presented.
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Relation of Moduli of Elasticity in Flatwise and
Edgewise Bending of Solid Timber

by

C.-J. Johansson?), A. Steffen? and E. W. Wormuth?3

Abstract

The moduli of elasticity determined in edgewise and in flatwise bending were compared
on 45x170 mm? and 67x195 mm? Norway spruce timber. Sections of the timber were
cut into 300 mm long specimens with 9x9 mm? cross section. The modulus of elasticity
of these small specimens was determined by means of the ultrasonic pulse technique to
study the variation of the modulus of elasticity over the cross section. The results of the
static bending tests showed that the edgewise modulus of elasticity was distinctly higher
than the flatwise modulus of elasticity, even when shear deformations were considered.
The modulus of elasticity of the small specimens varied considerably over a timber
cross section. Normally, the value increased from the pith outwards. The difference was
as large as a factor 2. This explained an important part of the difference between the
edgewise and the flatwise modulus of elasticity.

1 Introduction

Johansson (1992) obtained a difference of 23 % between the moduli of elasticity (MOE)
in edgewise bending according to EN 408 and flatwise three point bending. When shear
deformations are taken into account, a difference of 7 to 12 % remains. 58x120 mm?
Norway spruce timber was studied. The flatwise MOE was determined in a strength
grading machine with a span of 900 mm.

The purpose of the study presented here was to explain the difference between the
edgewise and flatwise MOE of Norway spruce timber. The edgewise and flatwise MOE
have been determined both in knotty and in knot free sections of the timber. In addition
to this the MOE and density distribution over the timber cross sections were determined.
Detailed results are given by Wormuth (1992).

1) Department of Building Technology, Swedish National Testing and Research
Institute, P.O. Box 857, S-501 15 Bords

2) Department of Wood Technology, University of Hamburg, Leuschnerstrasse 91,
D-21031 Hamburg

3) Dr. Wolman GmbH, D-76545 Sinzheim



2 Material

Norway spruce (Picea abies) timber from the southern part of the province
Viistergdtland in Sweden was selected. Two dimensions, 45x170 mm? (8 pieces) and
67x195 mm? (S pieces), were chosen. Timber pieces with narrow or wide growth rings
as well as different positions of the pith were selected. Two cross sections are shown in

Figure 1.
(i ) m )\ |
! ‘\\\\\ \.‘.A\ - - '/// } /' I) / / )/’ /
Specimen C - 45x170 mm?
Figure 1 Examples of cross sections

3 Experimental methods

On each of the specimens the edgewise MOE was determined according to EN 408 with
a span-to-depth ratio of 18. This was done on two sections in each specimen, one knotty
and one knot free. The flatwise MOE (span = 900 mm) was determined on the same
sections in a three point bending test, where the determination of the MOE was based on
the mid span deflection. After this, a 400 mm long piece was cut out of the knot free
sections. One 45 mm long part of that piece was used to determine density and moisture
content, the remaining part was reduced to 300 mm in length and cut into 9x9x300 mm3
specimens. This resulted in a total of 1980 such specimens on which the tensile MOE
was determined by means of an ultrasonic pulse device ‘Pundit’ by C.N.S. Electronics.
The device measured the velocity of the ultrasonic pulse in the material operating with a
frequency of 54 kHz. The dynamic MOE was calculated according to

Edyn:C2L‘P (1)
where ¢; is the ultrasonic pulse velocity and p is the density of the material.

Dynamic and static tensile MOE were determined on 70 specimens for calibration
purposes. In the static test, the rate of loading was adjusted to correspond to the

conditions in the edgewise and flatwise bending tests. The relation between static and
dynamic MOE was E, ,;,=Egy, /1.056 with a correlation coefficient of 0.92. With



Eq. 1 and this correction factor the static tensile MOE of the 9x9x300 mm3 specimens
was calculated.

4 Test results

The results of the static bending tests are presented in Table 1 together with density,
knot area ratio etc.

Table 1 Summary of test results. Moisture content, annual ring width and
density have been obtained from the knot free sections.

Specimen | Moisture | Annual ring Density KAR Eeageest | Etat test
content | width (mean) (Po.u)
(u)
Knotty Knot free
(%) (mm) (kg/m3) section section
45 x 170 mm?
A 14.1 2.5 416 0.24 1.23 1.17
B 13.9 3.1 433 0.26 1.13 1.18
C 13.8 2.2 357 0.19 1.22 1.25
D 13.8 2.3 460 0.35 1.17 1.11
E 13.3 1.9 431 0.19 1.42 1.33
F 13.6 1.8 388 0.20 1.23 1.31
G 13.6 2.4 374 - - 1.13
H 13.9 2.6 409 0.25 1.14 1.15
Mean 13.8 1.9 408 0.24 1.22 1.20
67 x 195 mm?2
I 12.0 2.1 393 0.18 1.36 1.32
J 10.6 3.4 357 0.31 1.34 1.27
K 11.5 1.4 435 0.13 1.52 1.41
L 12.2 1.2 441 0.12 1.63 1.59
M 12.1 1.5 433 0.10 1.60 1.48
Mean 11.7 1.9 411 0.17 1.49 1.41

The following conclusions are drawn:

o The average difference between edgewise and flatwise MOE is 22 % for the knotty
sections of the 45 x 170 mm? and 49 % for the 67 x 195 mm? timber. In the knot free
sections the differences are slightly smaller. The differences are in the same order as
those reported by Bostrom (1994), but higher than those obtained by Burger and
Glos (1995).

« The edgewise/flatwise MOE ratio seems to increase with decreasing knot area ratio
and with increasing edgewise MOE, see Figures 2 and 3. Results obtained by
Bostrom (1992) show the same tendency.

Typical examples of density and MOE distributions over the timber cross sections are
shown in Figures 4, 5 and 6. In general, both the density and the MOE increase from the




pith outwards. In a few cases, the density is almost homogeneously distributed, but the
MOE still varies with a factor of more than 2, see Figures 4 and 5.
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Density (p,,,) and MOE distribution in specimen A.




500+

450+

400

350+

300+

Density (kg/m?3)

250+

200 -
ABCDEFGHIJKLMNOPAQ

18000+

16000+
14000+
12000+

10000+
8000+

MOE (N/mm?)

6000

4000+

Figure 5 Density (p,,,) and MOE distribution in specimen J.



ABCDEFGHI JKLMNOPQ

Figure 6 Density (p,,,) and MOE distribution in specimen M.



5 Edgewise and flatwise MOE based on dynamic MOE

Based on the MOE values from the 9x9x300 mm? specimens the edgewise and flatwise
E age,caic a0d Egpy o have been calculated according to

ZIE 1,
— (2)

Ecalc =

where E; is the MOE of the 9x9x300 mm? specimen and /; is the moment of inertia of
the specimen cross section in relation to the neutral axis. The calculated MOE values are

presented in Table 2 together with the values obtained from the bending tests.

Table 2 Calculated (based on dynamic MOE measurements) and actual (static
bending test) MOE values. Note that E g cac has no influence from
shear deformation.

SpeCi' E flat,stat E flat,calc E flat,calc E edge,test E edge,calc E edge,calc E edge,calc

men Eflat,test Eedge’tes[ Ef/at,ca/c
(N/mm?) | (N/mm?) (N/'mm?) | (N/mm?)
45 x 170 mm?2
A 11700 13200 1.13 13650 13650 1.00 1.03
B 12500 14700 1.18 14750 15750 1.07 1.07
C 11850 14000 1.18 14850 15200 1.02 1.09
D 14450 16300 1.13 16050 17100 1.07 1.05
E 14950 17000 1.14 19950 18950 0.95 1.11
F 12400 14100 1.14 16300 15500 0.95 1.10
G 11200 12550 1.12 12700 12650 1.00 1.01
H 12250 13850 1.13 14050 14350 1.02 1.04
Mean 12650 14450 1.14 15300 15400 1.01 1.06
67 x 195 mm?
I 10600 13200 1.25 13950 14150 1.01 1.07
J 8800 10650 1.21 11200 11450 1.02 1.08
K 12550 15700 1.25 17650 16850 0.95 1.07
L 13200 17050 1.29 21000 18650 0.89 1.09
M 12700 16900 1.33 18750 18700 1.00 1.11
Mean 11550 14700 1.27 16500 15950 0.97 1.09

The following conclusions are drawn:

o The calculated and actual edgewise MOE is, as can be expected, almost the same, as
there is no shear deformation to be considered. The correlation between calculated
and actual values is high, see Figure 7 and 8. For the flatwise MOE it is extremely
high. This means that the calculation based on the dynamic MOE gives an accurate
estimate of both the edgewise MOE determined according to EN 408 and the

flatwise MOE without shear deformation influence.




 For the 45 x 170 mm? timber the calculated edgewise MOE is 6 % higher than the
calculated flatwise MOE (without shear deformation influence). The corresponding
value for the 67 x 195 mm? timber is 9 %. These differences are close to what
Burger and Glos (1995) found and can be explained by the MOE variation over the
timber cross section as exemplified in Figure 4, 5 and 6.

o The differences between calculated and actual flatwise MOE are 14 and 27 %,
respectively, for the two dimensions. These differences cannot be explained entirely
by the shear deformations, which, if an E/G ratio of 30 is assumed would account for
9 and 20 % respectively (Ehlbeck (1967) obtained mean E/G ratios of 22.5 to 32.5
using European coniferous timber.). The remainder is possibly due to compression
perpendicular to grain at the supports.
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Conclusions

The difference between edgewise MOE according to EN 408 and flatwise MOE
determined in a three point bending test was 22 and 49 % respectively for the 45x170
and 67x195 mm?3 timber, which was greater than obtained in other investigations.

The difference between edgewise MOE and flatwise three point bending MOE
seemed to increase with increasing edgewise MOE and to decrease with increasing
knot area ratio.

Density and MOE varied considerably over the timber cross section. In most cases
both the density and the MOE had a minimum close to the pith and then increased in
the radial direction.

Edgewise and flatwise MOE based on dynamic MOE measurements were highly
correlated with the static bending MOE. In addition, the calculated edgewise MOE
was almost on the same level as the EN 408 edgewise MOE.

The shear deformations and the MOE variation over the timber cross section
explained a major part of the difference between the EN 408 edgewise MOE and the
flatwise three point bending MOE.

7 Symbols

cr ultrasonic pulse velocity

E gy modulus of elasticity based on ultrasonic pulse velocity measurements

E,qge calc edgewise modulus of elasticity calculated based on £y,

edge test edgewise modulus of elasticity determined according to EN 408

Eqas cale flatwise modulus of elasticity calculated based on Eqyn

Efiat test flatwise modulus of elasticity determined in three point bending test with
a span of 900 mm

E; =E, st for a 9x9x300 mm? specimen

E, sanic modulus of elasticity obtained in static tension test

Po.u density on the basis of the wood mass at 0% and the volume at u m.c.

KAR Knot Area Ratio

I moment of inertia

G shear modulus
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ABSTRACT

The Duration Of Load effect has been of increasing interest for either the understanding of
wood or wood products in long term behaviour and for the determination of safety factors for
engineering purposes. Many kinds of testing, mainly in bending, have been made but the large
amount of configurations have always been reduced to few moisture contents and load
histories. However, it is still not easy to compare all the results for the protocol of testing and
presenting the results is not yet a standard [BARRETT, 1996].

Different attempts of evaluating the stress level have been done and their accuracy depends on
what is wanted to be shown. The methods are applied on 2 meter LVL beams subjected to
bending in natural environment. Fourty beams are stepwise loaded in an open shed in the
Laboratoire de Rhéologie du Bois de Bordeaux in order to have a failure of 80% of the beams
within two months. The step levels are from 50% to 90% of the average short term strength.
Two beam depths (/100 & 150 mm) are tested. The beams can be sealed or unsealed. The
curvature, the time-to-failure and the climatic conditions are monitored.

A rank method is used to show the main trends of the duration of load results: the time-to-
failure are not affected by daily or short time variations of hygrothermal conditions, but by the
two month mean variation of the moisture content.

The long term strength reductions are evaluated and finally compared to standard (ECS) ones.
This work is a part of a European AIR-Project which has been set to have experimental data on
DOL of LVL and glulam straight, notched and curved sized beams.

Key-words: Duration Of Load Representation - LVL beams - Stepwise loading in bending -

INTRODUCTION

For all building materials, it can be said that failure occurs when some criterion reaches a limit
value; for wood mechanics we know problems when the criterion seems
- to be the stress :
longitudinal stress for straight beams in bending,
transverse stress for curved beams in bending,
- or to be a fracture mechanics criterion (stress intensity factor K, strain energy release G, rice
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integral J) : notched beams are a good example.
The stress or K (or G or J) depends on the mechanical and/or climatic history of the load and on
the history of the material itself (through constitutive laws), the strength or K[C depends on the
current conditions of temperature and moisture content but also on the damage accumulated in
the material, including ageing, i.e. once more on its history, probably on the scale. For
simplification, the long term strength of timber beam depends on :
e present parameter size, shape, temperature, relative humidity, rate of changing of this two
parameters,
¢ history depending parameters which are two types
- parameters that the present knowledge masters and the modeling of which is
possible (moisture transfert, rheological behavior),
- hidden parameters like damage.
The present parameters are (are not) standard ones (constant temperature of 20°c, constant
relative humidity of 65%, "loading rate" chosen for a failure occurring in 5 minutes) ; if they
are not, it is possible to write, regardless the partial security coefficient :

strength = standard strength (includes scale effect)
x stress distribution effect (from modeling)
X damage parameters (a priori unknown)

= kpoa X Standard strength (according to EUROCODE 5)

I - A EUROPEAN PROJECT : AIR CT94-1057

In order to find answers to different unsolved questions, a so called "duration of load effect on
different sized timber beams" was accepted by European Community and has been running for
18 months at the time being.

Shape effect - three different problems are studied :
A - bending of straight beams,
B - bending of notched beams,
C - bending of curved beams, including tension perpendicular to grain tests.

Material and size effect - to reduce the variability it was decided to limit investigations to LVL
and glulam which are much more homogeneous than solid wood ; it was estimated that samples
of unless 10 specimens were statistically representative. Transverse sizes of beams are between

45 x 100 and 75 x 300 for A (LVL)

45 x 100 and 140 x 445 for A (glulam)

45 x 100 and 75 x 100 for B (LVL)

50 x 100 and 90 x 300 for B (glulam)

90 x 600 and 140 x 600 for C (glulam).

For testing such beams we were obliged to build (or rebuild) a quantity of rigs in each
laboratoty (see Annex I).

Various climatic history are (to be) used :




- constant climate or constant mean moisture content for sealed specimens tested in the
laboratory or outdoor,

- a cyclic relative humidity, the period of which is one month, between 55% and 90% R.H. (see
Annex II)

- natural climate : experiments are performed outdoor under shelter, in Bordeaux, Lund or
Stuttgart.

Two different loading histories

- creep experiments with constant load capable of giving 50% of failure in a sample within 3
months

- slow step by step loading : the experiment begins at a predefined stress which is maintained
for a month, then the load is increased in a step wise manner with a new period of equal
duration for the unbroken specimens, ... the experiments are stopped when more than 50% of
specimens have failed.

The experimental campaign has the role to obtain a significative level of failure at 3 months for
different sized beams in each problem and different climates :

- a 3 months period corresponds to a typical seasonal climate in Bordeaux for instance (see
Annex II) ;

- on a logarithmic timer scale 3 months is just between 5 minutes (standard tests) and 10 years.

IT - LOAD DURATION REPRESENTATION

MADSEN [1994] has shown that the increase of moisture content reduces the long term strength
of clear wood. The higher is the grade of the wood, the greater is the influence of the duration
effect. Therefore, we can imagine the same influence on homogenized wood as glulam or
L.V.L.
However, it is important to detail and try to standardize the variables used

- to compare Duration Of Load results,

- to present the results and to study the sensitivity of some parameters,

- to assess mathematical, phenomenological or physical models and

- to assess the strength reduction factors used in the Eurocode 5 for medium and long term.

Many reviews on previous studies have already been made. They enlight the large amount of
testing configurations, although, for experimental problems, the range of the studies is very
narrow compared to in-service climatic and loading conditions.
We present in the references the most recent studies on Duration of Load. The topics are:

- Surveys

- straight beams : DOL experiments on structural lumber and LVL beams.

- notched beams

- curved beams and tension perpendicular to grain,

- numerical analysis,

- methodology.



1I-1 - Definition of the Variables

1-1 Loading history

The origin of the time is simple as far as the applied stress is constant; all these kinds of results
can be compared. However, as the stress history is variable, an equivalence must be found. In
stepwise loading, the stress increase for each step has to be large enough to assume there is no
damage accumulation before the last step [HOFFMEYER 1995], unless no effective damage
measurement is available. Therefore, in stepwise loading analysis, the origin of the time could
be stated as the beginning of the last step, when the failure occurred.

1-2 Stress Level

For high grade lumber or homogeneous wood product, the Modulus Of Rupture may not be
estimated for each long term tested beam from its MOE or from its side beam. As the standard
deviation of the distributions is quite small, we can assume that the mean value is enough to
design the stress level.

LEBATTEUX [1995] has demonstrated that this estimation (and the use of MOE) does not give
as good results as the ranking method proposed by MADSEN in 1973. This method is assuming
that, in a sample, the failure rank of a beam would be the same in a short term test as in a long
term test. Therefore, the short term strength, through its distribution, can be estimated for every
beams.

1-3 Strength reduction factors
They are deduced from a straight line joining the short term test point. The straight line can be
drawn using:

- an interpolation between all the datas, or

- the point defined by the time and stress level of the 50% failure according to HOFFMEYER.
As the kg factor of the Eurocode 5 is a coefficient applied the characteristic value, we can
think to draw the reduction line of the 5-percentile. Unfortunately, as it can be seen on figure 1,
the tails of the distributions are not as stable as the mean values. Thus the mean value evolution
is conservative in regard with the 5-percentile when the moisture content is increasing.

§ 1.0 1%12% 10'5%9% When the moisture content does not remain
%’_ constant throughout the test, it must be
2 considered that the short term strength
o 057 distributions are not equal for every
= moisture contents. The long term tests
2 3 3 should be refered to the short term
5 001 - ; ’ distribution corresponding to the moisture
30 40 >0 60 70 content in the beam when the failure
MOR occurs. In a first analysis, the mean value of
Figure 1 - Strength distribution of LVL the moisture content in the cross section is
structural beams considered, rather than the moisture at the
(2mx100mmx45mm) at four highest stressed point.

moisture contents (HOFFMEYER
12% & 10.5%, LEBATTEUX 15% &
9%)



III - D.O.L. EFFECT ON STRAIGHT STRUCTURAL BEAMS

The results, presented below, come from the experimental part of the AIR Project carried out in
Bordeaux on straight LVL beams in outdoor conditions.
Two-meter span LVL straight beams were loaded in four point bending at the same time, for a
minimum period of two and a half months. Half of the beams are coated with a moisture barrier
paint.

- 20 small beams that have a cross section of 45x100 mm?

- 20 large beams that have a cross section of 45x150 mm?

ITI-1 - Short Term Characteristics
Two samples of sixty LVL beams have been previously tested to characterize the long term

beams at two moisture contents: 9% and 15%. Thus, ten beams have been tested up to failure at
the beginning of each long term test season. See Table 1.

Section MOR Nb CV | MOE | Nb Cv MC
mm? MPa % GPa % %
Spring 45x100 50,6 6 6 11,6 32 3 14
95 45x150 56,8 4 7 12,0 24 7 14
Summer 45x100 61,9 6 10 13,1 32 4 11
95 45x150 58,2 4 9 13,4 24 7 11
Autumn 45x100 53,3 6 6 12,8 32 4 13
95 45x150 52,1 4 7 11,4 24 5 13
Winter 45x100 45,7 6 5 12,4 32 5 17
95 45x150 47,0 4 5 12,1 24 4 16
February 45x100 60,0 30 7 12,8 30 4 9
95 45x150 59,7 30 8 12,5 30 5 9
February 45x100 49,0 30 6 12,3 30 7 15
96 45x150 50,3 30 6 12,7 30 7 15
Table 1 - Short term mechanical characteristics
Rather than the standard deviation, Table 1 S 1 - 50
includes the coefficient of variation (CV) of §
the MOE and MOR. g
The normal distribution (as well as the “;:, 05—
Weibull distribution) fitted well with the %
dry beam modulus of elasticity (MOE) and g
modulus of rupture (MOR) data (fig. 2&3). 3 [ j .
50 60 70

The Weibull distribution gave slightly
better results for the small wet beams (fig.
4). No size effect could be statistically
proved.

MOR

Figure 2 - Normal strength distribution
for small and large beams at
MC=9%

weiboisiH



These distributions (figures 2 and 3) have been used for evaluating the stress level applied to
long term tested beams, as is explained below. However, neither the side beam, nor the MOE
or the density were good estimators of the short term strength of each. The coefficients of
correlation MOE/MOR are 0.02 and 0.28 respectively for the small and the large cross sections.

The mechanical characteristics of L.V.L., as a homogenous wood product, have high
characteristic values (5th percentile) because of their small variations. There was no evidence
of a size effect between the small and the large beams.
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Figure 3 - Weilbull strength distribution Figure 4 - Normal strength distribution
of the large beams (45x100 mm?) of the small beams (45x150 mm?)
at MC=15%. at MC=15%.

I11-2 - Influence of Moisture Content Variations

As explained above, we have taken the moisture content at the beginning of the first step as the
reference because of the lack of short strength distributions at every needed moisture content.
The trends of results have been only studied with a linear interpolation of the long term data,
without any point corresponding to short term (WOSTR). This respresentation is accurate to
study the trends of the results.

As with deflection, the main factor is the trend of the average moisture content. There was no
difference between coated and uncoated beams in summer (Fig 5). In autumn, as the average
moisture content increases, the uncoated beams failed earlier than the coated ones (Fig 6).
Similar results were obtained in spring: the uncoated beams had greater times to failure as the
moisture content decreased.
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Figure 6 - Autumn time-to-failure results.

The study of short term hygrothermal variations have not emphasized any influence on the
DOL results. The summer results (Fig 5) were very similar, whether the beams are coated or
not. Therefore, there was no particular time at which the occurrence of failure was increased.
Thus, the appearance of the final failure, characterized by a fast increasing of strain rate before
failure, cannot be linked to the short term MC variations. Fig 7 shows, for a high, slightly
decreasing moisture content, the same kind of results.

Comparing Fig 5, 6 and 7, it appears that the material was sensitive to the moisture content and
its long term variation. This result is in accordance with part of previous studies [MADSEN,
1992], which have shown that the higher the grade of timber, the greater the effect of moisture
on long term behaviour.
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Figure 7 - Winter time-to-failure results.

The linear interpolation gave good results on these data: the regression coefficient was
0.65<R2<0.82

Size effect

The diffusion of moisture inside the different cross sections may have some influence. In the
summer results (Fig 5) there was no evidence of size effect: the results of the small and large
sections are the same. However, autumn and winter climate seem to have more influence on the
large beams. It can be noticed that the linear extraploation to short term strength (5 minutes)
had given stress levels in a range of 90% to 120% for the small section but in a much wider
range for the large section. This representation cannot be used for the estimation of DOL
strength factors.

III-3 - Ten Year Strength Reductions due to Load Duration

The following curves only considered the duration of load effect: the ranking method was
applied, using the short term strength distributions in the moisture content of the beginning of
the season. Fig 8, 9 and 10 are showing:

- the datas of the small coated and uncoated sections,

- the linear interpolations between the ranked datas but including the short term point
(With Short Term Reference) at the beginning of the loading,

- the straight line given by the short and the average failed beam (beam #50%) according
to HOFFMEYERS’ presentation. #50% beam has been chosen when it has not failed
during a reloading. In this case, #50% beam would be the last failed beam of the
previous.

The slopes of the lines were significantly different from the presentation of figures 5, 6 & 7. It
can be seen on figure 9 where the without short term reference (WOSTR) line of the uncoated
beams remains. It seems that the time to failure was affected by the previous steps.

The D.O.L. reduction factors have been extrapolated to ten years from the two lines and
compared on table 2.
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autumn spring summer autumn winter
MC=12-15%|MC=14-11%| MC=11% |MC=12-15% | MC =16 - 14%
ref. MC = 15% | 1ef. MC = 15% | ref MC =9% | ref. MC =99 | ref. MC =15%
rank | 50% | rank | 50% | rank | 50% | rank 50% rank 50%

100 nc 81 79 62 60 51 49 81 81
100 ¢ 65 69 57 59 66 69 66 71
150 nc 80 73 96 100 70 71 42 37 83 98
150 ¢ 84 80 64 65 67 68 73 77

Table 2 - D.O.L. strength reduction depending on the short term reference and on the
interpolation method: with all the whole ranked datas or with #50 % beam.

e There is little difference between the two ways of drawing the strength reduction line. As it
is much more easy, the beam #50% method from HOFFMEYER can be kept.

o The strength reduction is very effected by the Moisture Content reference. It is a real
problem as the Moisture Content varies.

e The strength reduction is lower for high Moisture Content. It is opposite with the previous
observations on the same datas. However, it is confirmed by other studies [HOFFMEYER,
1995, MADSEN, 1992].

e There is no evidence of size effect on the D.O.L. strength reduction factors. The sizes may
not be different enough to enlight an effect of the moisture gradient.

I11-4 - Comparison to ECS Coefficients Koq.

The kg coefficient from the Eurocode 5 depends on the moisture content in service and on the
duration of the loads. It is deduced from the above D.O.L. reduction factors and from the
moisture content. The three service classes of the Eurocode 5 can be found in the moisture
conditions of the seasons. See Annex IL.
e Service Class [ (RH<65%)
summer coated and non coated beams / autumn coated beams
e Service Class I (RH<85%)
autumn non coated beams
e Service Class III (RH>85%)
winter coated and non coated beams

To design the ko4 factors for ten year loads, we must adjust the strength reductions according
to the moisture content. We make the assumption that the short term strength at MC=9% is the
good reference strength. Therefore, the reduction coefficients of Class I & II remain unchanged.
The short term reference winter moisture content was MC=15% which mean strength value is
50 MPa. The strength reduction has to be affected by ( Table 4 ) the following coefficient : ¢ =
50/60.

Service
Table 4 - Strength reduction due to Class 1 I I
moisture and Duration Of Load/ Kioa tests | 62% 51% 61%
Kmoa ECS. Kimod EC5'|  60% 60% 40%
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For service class I, the results are the same. The EC5 seems optimistic for service class II. The
results for service class III show that the ECS is too conservative. These kind of results have
been previously enlighted by HOFFMEYER [1995].

IV - LOAD DURATION EFFECT ON NOTCHED BEAMS

=3
|

In a second task devoted to the L.R.B.B.,
notched beams are studied in short term and
stepwise long term tests (see Annex I).
Beam size : Imx45mmx100mm

Cumulative Frequency
T

o
=]
|

10 2 14
Failure load ( kN )

IV-1 Short term results

o
@

Half of beams have the notch sealed. The

short term experiments have shown that the Figure 11 - Failure load distributions of
increase of moisture content makes the load notched beams at MC =9 & 22 %
failure rise, as previously noticed in other

studies.

IV-2 Load duration trends

The long term tests have been carried out in the shelter used for the straight beams (see Annex
I). The moisture content of short term distribution reference, used for the four seasons, is 9%.
The linear interpolations, presented on the figures below, were determined without any short
term reference. That does not make any great difference, as it does for straight beams. It can be
seen on the figures 12, 13, 14 & 15 that the strength reduction effect is much smaller for the
notched beams than for the straight beams. For example, the autumn results give a long term
strength coefficient of 95%. The difference between sealed and unsealed notches are still to be
explained.

It is obvious that extra analysis has to be made e.g. on the influence of the moisture content
reference, on #50 beam, or on the ECS k.4 factor.

140
ERLY)

o [~
B D] a %
£ 80 . £
2 @ 2 70 + o
£ T0- g
a o
60 | B> onled beams. | i
L ) ) ) ) “&* Unsealed be. ) \ .
i 1.1 T T T T L i i T
5 a1 05 0 05 1 15 2 25 15 05 05 15 25 35
Log( time to failure, hour ) Log( time to failure, hour }
Figure 12 - Long term strength Figure 13 - Long term strength
reductions (rank method) for reductions (rank method) for
notched beams in spring. notched beams in summer.
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Figure 14 - Long term strength Figure 15 - Long term strength
reductions (rank method) for reductions (rank method) for
notched beams in autumn. notched beams in winter.
CONCLUSION

We have shown, on straight LVL beams, that opposite conclusions can appear from the
same datas depending on the way of presenting the results.

However, the influence of the general changing of the climate was more important than the
absolute moisture content.

The strength reduction estimation has roughly given the same results from the two tested
methods; so #50% beam can be accurately used.

The short term strength has been influencing the results in a large scale, because of the
moisture content reference and of the definition of the stress level.

The duration of load effect is fairly depending on the tested shape: it is more important on
straight beams than on notched beams.

The EC5 kg factor, for LVL beams, seems to be optimistic for ECS Service Class 2 and
conservative for ECS5 Service Class 3.

A protocol of Duration Of Load test and analysis is still needed [BARRETT, 1996] because of

the numerous testing configurations,
the variability of the result analysis,
the influence of the analysis on the conclusions that can be contradictory.
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Batiment et des Travaux Publics

Comments on the photographs (next pages)
Photo 2 : 40 rigs ( airjack - straight beams in LAB1 ) - external
Photo 3 : 18 rigs ( dead load - notched beams in LAB1 ) - external

Photo 5 : 8 rigs ( hydraulicjacks - curved beams in LAB2 ) - climatic room
Photo 6 : 10 rigs ( hydraulicjacks - straigth beams in LAB2 ) - climatic room

Photo 8 : 60 rigs ( dead load - notched beams in LABS ) - external

These rigs were designed in LAB3 where 45 are working in a climatic room
Photo 9 : 24 rigs ( dead load - tension L grain in LAB4 ) - external and climatic room

P. HOFFMEYER

S. AICHER

P.J. GUSTAFSSON

J. M. QUILLACQ
Centre Expérimental de Recherches et d’Etudes du

APPENDIX I  Monitored hygrothermal conditions in the open shelter in Lab 1.
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Upper Photo (n° 1) :
Shelter under which experiments
are performed in Lab 1

Lower Photo (n°2) :
rigs for straight beams with air jacks
inLab 1
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Upper Photo (n°3)

Lower Photo (n°4)

rigs for notched beams in Lab 1

details of the supports for notched beams
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long term tests for notched glulam beams
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Photo (n°9) : One of the rigs for glulam transverse characteristics (Lab. 4)
rigid clamping via glued-on steel plate
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Development of Efficient Glued Laminated
Timber

G. Schickhofer

Abstract

Within most of the European countries the grading of timber as well as its classification results from
visual obvious characteristics of quality. The inaccuracy of such visual grading, as far as strength and
stiffness of timber are concerned, causes an insufficient utilisation of the material timber itself. Special
mechanical grading methods working by means of accurate grading parameters to determine stiffness
are a basic requirement to classify the respective strength of boards used for the production of GLU-
LAM timber. We give you a survey of the results from mechanical grading relating to the particular
grading classes and point out which characteristics constitute mechanically graded boards. Finally we
define the efficiency of mechanically graded boards within the field of GLULAM members, consider-
ing also the quality of finger joints respectively interdependent grading scales and qualities of products
and their effects on GLULAM timber quality.

1.0 Introduction

Actually in Austria, according to the wording of the Austrian Standards ONORM B4100/part 2, valid for the time being, there exists only one
grade to define the standard of quality, the so-called ‘Good Timber’ (‘GBH’ - ‘Gutes BauHolz"). A fact which permits, of coutse, only the pro-
duction of one single kind of GLULAM timber quality. The European Conception of Standards, however, provides nine grades of stiffness for
conifers (C14 to C40), according to ONORM BN 338 [2]; the ONORM prEN 1194/April, 1995 (6] provides even 11 main grades of stiffness (GL18
to GL38) to classify GLULAM timber. The visually graded ‘GBH falls into the class €24, following an Buropean instruction of classification (Code
ONORM EN 1912 F). Producing a GLULAM beam by that means, we reach GL26h as stiffness class, according to the draft of ONORM prEN 1194/
April, 1995 [6], and only GL24 basing on the previous draft.

Extensive comparative calculations were made, based on three typical types of GLULAM beams. The findings resulted in a foreseeable deterio-
ration of 10% to 15% compared to the conception of dimensioning, ONORM B4100/part 2, concerning the dimensions of cross sections. At the
instance of these facts the research work started, entitled: Development of efficient glued laminated timber with the application of mechanical
stress graded timber”,

Only an extensive mechanical stress grading of timber and of the boards used to produce GLULAM beams can meet the requitements of the
production of GLULAM timber corresponding to the classes GL30 to GL38, according to the ONORM prEN 1194/April, 1995 [6]. Having real-
ized these demands we knew that the aim had to be the production of efficient GLULAM components by means of mechanically graded boards.

The grading of the timber (about 150 m? of boards) obtained from 18 Austrian sawmills, was conducted with the help of a stress grading
machine, developed in Germany, classifying the scales MS7, MS10, MS13 and MS17. Extensive testing of the boards (regarding tension and
bending strength) determined the characteristics of the ‘material’. Above all the tension strength of the boards of a bending stressed beam is
very important,

Moreover 12 Austrian GLULAM producing firms made available not only more than 200 beams, but also more than 1000 finger joint test speci-
men. Also those finger joint test specimen were subjected to extensive testing (tension, bending), according to their cassifications. As above we
notice, that first of all the tension strength is of high importance for the quality. It has to be mentioned, that Austrian firms are able to produce
finger joint GLULAM beams of elevated quality. Since both facts - quality of the boards and quality of the finger joints - determine the final qual-
ity of GLULAM beams. We wanted to make evident the influence of these two facts, taking into consideration also the grading classes MS10,
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MS13 and MS17, on the quality of a GLULAM component. Conclusively we can say, that an extensive mechanical grading of the boards is show-
ing its effects on the quality of the beams.

2.0 Material and grading

2.1 Material

A basic requirement of any scientific work is the convenient selection of the specimen. To fulfil the claim to representative random samples of
timber is very difficult, since the multiple influences which have to be observed. Timber used for the test was taken from 18 Austrian sawmills.
The essential data of the respective amount of random samples, 150 cubic metres, was registered by means of registration forms, which
referred to forestry and sawing.

e Forestry geographical position
felling date
quality of the round timber

e Sawing storage of the round timber
pregrading of the round timber
method of cutting
grading of the timber
method of desiccating

The information resulting of the registration forms was that Austrian timber is convenient and typical to the production of GLULAM timber.
» Specie: spruce

» Dimension of the boards: thickness / width / length = 38 mm / 175 mm / 4000 mm

o Moisture: 12%, +2%

On this basis of boards’ width almost all the Austrian firms producing GLULAM components fabricate their pieces of a width of 160 mm and a
lamella thickness of 33 mm.

2.2 Grading

The mechanical grading was effected by a grading machine corresponding to the ONORM DIN 4074/part 3 [1], the so-called Eurogrecomat,
which works according to the following principles: In a pass through procedure the local bending E-modulus flatwise gets defined (span of 700
mm). Density, size and position of knots get determined by X-rays.

2.2.1 Grading in phase 1 and phase 2

The grading of the timber is effected in two steps. During the mechanical grading - in phase 1 of the project - the values of stength and stiffness
of the boards didn’t reach the nominal values by far, so to speak it was an insufficient grading. Only during the second phase of the project -
during a second grading, after a new adjustment of the identification values of the machine, the relations could be made clear.

Additional to that mechanical grading with the Eurogrecomat (MS7, MS10, MS13, MS17) in phase 2 we conducted an extensive ultrasound grad-
ing (US7, US10, US13, US17) with 3200 boards. The relations we found out you can take from the parts [12) and [13] within our literature.
2.2.2 Grading for the following project

After we had finished that project and with the existing results we adjusted the setting of the machine, since the value of tensile strength of the
MS17, boards, which we had discovered during the examination, was not high enough, so that we would be able to reach with our following
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tests also the strength classes GL36 respectively GL 38, which we thought be possible because of the set formulas and their correlation. During
an actually adopted following project a total of 2745 boards 36 mm / 155 mm /4000 mm again were being graded mechanically, Table 1 sums
up the grading results and brings them face to face.

Table 1. Output. Phase 1, phase 2 und following project

Grading class Def”
according to rejects
ONORM and
DIN 4074/part 1D MS7 MS10 | MS13 | MS17
Phase 12 1% 7% 16% 76 %
 Phase?® | 3% | %% _I 3% | 38%
Following project® %" 44% 36% 13%
Strength classes C169 245 355 40>
according to
ONORM EN 338%)

1.) The Austrian Engineering Standards Committee FNAO12 for wooden structures has adopted DIN 4074/part 1, part
3 and part 4 unchanged as ONORM DIN 4074/part 1, part 3 and part 4.

2.) First grading from 22nd and 23rd of July, 1994,
3.) Second grading from 3rd of December, 1994 after adjusting of the machine - starting situation for the project.

4.) Grading for the following project, 13th of May, 1996, after the termination of the research project, a supplementary
adjustment of the machine and an attestation of the suitability by DIN CERTCO.

5.) Related according to P. Glos [16], [17];
6.) Strength classes according to ONORM EN 338 [2];

After the second grading 38% consequently reached the highest grading class, according to ONORM DIN 4074/part 1 [1). Which characteristic
values we reached with this class out of this grading will be pointed out in the following. Beforehand we can say that the present grading was a
very distinct one. To take into account the existing differences concerning the characteristic values between the 2nd grading and the last grad-
ing, we extend the designation of the grading classes in the following with an index.

Table 2. Designation of the grading classes

Phase 1 MS7, | MS10; | MS13,; | MS17,
_ Phase2) | MST, | MSI0, | MSI3, |
FO”OWIng projectz) MS7 MS10 MS13 MS17

1.) Designation of the grading class in phase 2 of the research project,
2.) Designation of the grading class according to ONORM DIN 4074/part 1 for the grading used within the following
project.

It has to be mentioned, that in spite of differing grading results, every data between the first and the second grading is of scientific interest,
because independent of the quality of the grading all essential characteristic values have been found out and therefore correlations do exist!

3.0 Experimental conceptions

Necessarily the whole test was executed in two phases, because phase 1 - first grading - showed an insufficient grading, Nethertheless within
this phase we made 841 single tests - 120 boards (tension), 120 boards (bending), 541 finger joints (tension) and 60 beams (bending, h = 320
mm) - which results wont be of any interest for the report. The experimental conceptions of phase 2 were corresponding to a large extent to
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those of phase 1, however, some extensions were made, first of all with regard to the series of beams. Table 3 and 4 show the conceptions of
phase 2.

Table 3. Conception phase 2. Boards (L) and finger joints (fj)

Test L/fj MS7, MS10, | MS13, | MS17, | £ | E | p Laboratory
Total D 1) 1 1
L 2) | ETH Zurich
Tension 228 14 70 70 74 Vi ivi Vv E. Gehri
Bending L OHFTI Vienna
edgewise 89 0 29 30 30 SV R. Mauritz
Bending L OHFI Vienna
flatwise 66 0 22 20 24 S| R. Mauritz
Tension f; ETH Zurich
8 firms 200 0 0 0 200 VI iX| v E. Gehri
Tension f; ETH Zurich
firmB 135 0 50 45 40 V| X iv E. Gehri
Bending f] OHFI Vienna
flatwise 133 0 50 45 38 | ViV R. Mauritz
firm B
851

1.) Second grading from 3rd of December, 1994,
Designation of the grading class with index 2: MS7,, MS10,, MS13,, MS17,;

2.) The determination of the density was taken from the whole specimen and was reduced to small specimen of refer-
ence.

3.) The evaluation neglects slight differences of the quoted number of pieces.

Table 4. Conception phase 2. Beams

Tests z 1010, 1313, 1717, 1310, 1713, fl1E|p LAB
hom? comb?

h =300 mm 40 0 0 0 0 40 Vi iv v OHFI
8 firms Vienna

h =300 mm 115 23 30 20 20 22 vViv v OHFI
firmB Vienna

h =600 mm 28 10 0 18 0 0 ViV v SZA
firm B Vienna

183

1.) f.e.: 1010, means that the layup of the beam homogeneously consists only of MS10, boards.
2.) f.e.: 1310, means that the layup of the beam combines MS13, boards in the section of tension and M$10, boards

in the remaining cross sectional part.

In the following will have a close look at the results of the tension tests we made with boards and finger joints, another crucial point will be the
tests we made with GLULAM beams according to table 3 and 4.
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4.0 Boards

4.1 Test specimen, experimental conceptions, conditions of reference

The tension test in phase 1 was based on boards with a cross section of 32 mm / 160 mm, in phase 2 they showed a cross section of 36 mm /
170 mm. The free length of examination was 3220 mm, at which the minimum length, according to the ONORM EN 408 [5] has to be 9 times
the largest cross sectional measure. We determined the tension E-modulus in the middle of a measured length of 800 mm, without looking for
the obvious worst point, which also corresponds to the ONORM EN 408 [5], which demands that the measurements of deformations ought to
be based on a minimum length of S times the largest cross sectional measure.

The following data essentially has to be seen as pure results of examinations. We did not define conversion factors for the values of strength we
found out, because in parts those factors are mostly disputed. Like the influence of length and width at the tension test. The quoted E-modulus
values have been corrected according to the ONORM EN 384 [3] to a moisture of reference of 12%. Another correction concerns the density in
relation to the moisture of reference of 12%, according to the ONORM EN 384 [3], and even, if necessary, we adopted a division with 1.05 of
the values of density we had found out, if we had determined the value on the whole specimen. By that we reached a reduction of the density
to a punctilious specimen without knots and ‘mistakes’.

4.2 Results of the tension test and the measuring of the density

In the following table 5 and 6 we present the results of phase 1 and phase 2. Phase 2 was based on a distinct grading, a fact which is shown in
the results of the test.

Table 5. Results of phase 1

Grading classes? MS7; | MS10, | MS13; | MS17; | ALY

Tension strength2)

- 8. 11 12.7
ft,O,l,k [N/mmz] - (L) 9 5 15'1

Tension E-modulus®

- 8900 10400 12800 12100
EO,I,mean [N/mmz] -(G)

Density3)

_ 34 4 360
P [kg/m’] - (G) I

1.) Fist grading from 22nd and 23rd of July, 1994.
Designation of the grading class with index 1: MS7;, MS10;, MS13;, MS17y;

2.) (L) - Log-Normal-Distribution;
3.) (G) - GauB-Normal-Distribution;

4.) The description of these results gets used to compare with the basic totality.

Table 6. Results of phase 2

Grading classes? MS7, | MS10, | MS13, | MS17, | AnLY
Tension strength
£y 0% [N/mm?] - (L)? - 11.6 | 17.5 | 219 | 14.3
£, 0. [N'mm?] - (Z) i 11.7 18.1 22.2 13.6
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Table 6. Results of phase 2

Grading classes? MS7, MS10, | MS13, MS17, Auzs)
Tension-E-modulus?
Eg 1 mean [N/mm?] - (G) . 10100 | 12300 | 14900 | 12800
Density®

1.) Second grading from 3rd of December, 1994.
Designation of the grading class with index 2: MS7,, MS10,, MS13,, MS17,;

2.) (L) - The Log-Normal-Distribution describes the tension strength best.

3.} The Countingmethod (Z) without any distribution is very sensible as far as small deviations within a smaller test
are concerned.

4.) (G) - GauB-Normal-Distribution;

5.) The description of these results gets used to compare with the basic totality.

In the following we analyse the correlations of the single tests. We emphasise only the tension tests, in special their relation to the density. The
density is defined as a dimension which derives from the tension E-modulus and the strength of tension..

Table 7. Lines of regression and coefficient of correlation

Y = a + b ® X Annotations r
fio, =| -12 |+ 32 || Eyy (E in 1000) 0.78
fio1 =| -23 + 011 | * p p=(fy ,+23)/0.11 0.43
E¢o, =| -6200 | +/ 43 | *| p p=(E+6200)/43 | 0.65

We notice an obvious correlation between tension strength and the tension E-modulus. The influence of the density on the tension strength
appears less. All the examinations show an influence of the density across the E-modulus, the most important criterion of grading. Moreover we
point out the relations between the tension and the bending tests. You find these results, which regarded the factors of dimension according to
ONORM EN 384 [3], which orders a relation of the fifth percentile of the tension and bending strength to a height of reference respectively to
awidth of reference of 150 mm, in table 8.

Table 8. Correlation tension strength : bending strength3

MS7, | MS10, | MS13, | MS17, | All, | Mean
- 060 | 072 | 070 | 064 | 0.67

1
ft,O,l,k/ fm,k,edgewise )

0,/ Fm ko fratwise - 061 | 079 | 070 | 068 | 0.70

1.) (1/0.975)/(1/0.975) = 1.000;,
2.) (1/0.975)/(1/1.330) = 1.364;

3.) Please take the experimental values of the tests edgewise and flatwise from our literature [23].

According to ONORM EN 338 [2] we introduce frok as derived size f ) = 0.60%, \. This factor is about mean 0.70 at both of the bending
tests, flatwise and edgewise as well.

5.0 Finger joints

Apart from the tension strength and the tension E-modulus of the boards it is first of all the tension strength of the finger joints which is of
essential importance for the bending strength and the bending E-modulus of a bending stressed GLULAM beam. That was also the reason we
made examinations of the finger joints on all the three classes of strength for boards.
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As you can see from table 3 and 4, not only most of the laminated timber beams - 143 beams of 7 series - but also most of the finger joints - 135
finger joints of three classes - had been produced by the firm B. So we could avoid deviations because of the spread inside the firm within our
final results,

5.1 Test specimen, experimental conceptions, conditions of reference

The pieces of specimen for the finger joints were taken during the production of the beams. The production was lead in such a way, that for
the bending tests the same boards were joined to each other as for the tension tests (they had been numbered before). The joints were shaped
according to the I-15-profile defined by the ONORM EN 385 [4] (15.0/3.8/0.3). The glue used was resorcin resin glue. The tension tests were
based in phase 2 on a cross section of 33 mm / 160 mm. The free length of examination amounted on 200 mm, according to the prescriptions
made in ONORM prEN 1194/April, 1995 [6].

The data presented followingly are mainly based on testing! The strength properties we found out were not converted with particular factors,
because they are still being disputed on. This refers to the influence of width on the tension test, the factors kq, kyand kg according to ONORM

EN 384 [4] and also the factor k¢ according to ONORM EN 385 [5]. We expected more fractures within the class MS10,, which made us test a

higher quantity of that specimen,

5.2 Results of the finger joint tension test and the measuring of the density

In rable 9 you find the results of the tension test made on the finger joints of firm B.

Table 9. Results of the tension test on finger joints. Firm B

Grading classes b MS7, | MS10, | MS13, | MS17,
Number of all the

tested pieces®? - 50 45 40
Number of all the

evaluated pieces?® ) 40 42 37

fjx INNmm?1? - (G) - 247 | 24.0 | 34.8
fiik-Z [N‘mm?)? - () " 25.9 214 33.3

Density®
oy lkg/m?] - (G) . 365 375 390
Finger joints (A)> - 80% 60% 40%

- 20% 40% 60%

Finger joints (D))

1.) Second grading {rom the 3rd of December, 1994,

2a)Within the grading class MS10, we had expected more fractures, which made us raise the number of specimen.

2b) A lot of A-fractures is a sign for an inferior quality of the timber. We did not sum up in our results those fractures
caused only by the timber. The evaluation neglects slight differences of the tested number of pieces.

3.) The tension strength of finger joints is well defined by the GauB-Normal-Distribution (G). Countingmethods (Z),
corresponding to ONORM EN 384 [3] without any distribution is here even more sensible against small deviations
than the boards themselves (one bad board used for a finger joint fractiles 40 tests).

4.) This value corresponds to the mean value of the fifth percentile of both of the halves.
Annotation: The desiccated specimen material was taken from both of the halves, as close to the site of fracture as
possible, which we converted then according to DIN 52182 [7] into 12%. Moreover we know the density of the
total weight. The converting factor of the denisty for flaw-less specimen is fxed in the ONORM EN 384 [3] with
1.05. We define it here inferior for all the three grading classes with 1.02, because of the length of 800 mm.

5.) Finger joints (A) - Failures at the base of the finger joint.

Development of Efficient Glued Laminated Timber 29-12-1 7



Finger joints (D) - Failures in the flank - extraction of a finger joint.

The higher the grading class, the more the number of timber fractures decrease.
In phase 1 and in phase 2 there were produced moreover by 8 Austrian GLULAM timber producing firms respectively 45 and 25 finger joints.
The tested material of phase 1 showed a characteristic tension strength of 15.1 N/mm? {Log-Normal). The material of phase 2 showed 21.9 N/
mm? (Log-Normal). Usually the cut ist made on a flaw-less point of the timber, which means that the grading is only secondary to the tension of
the finger joints. The same is valid also for the density. The difference of the boards within their grading classes MS17; und MS17,, which we

notice at the density, doesn’t influence on the tension strength of the finger joints in the same extent. An determining influence on the quality
of finger joints, however, seems obviously to be found within the production deviations. Table 10 gives you the results of all of the 8 firms

(every firm got a capital letter as a sign: A, D, E, G, L, ], K, 1), as well compared to the firm B as compared between phase 1 and phase 2 within
the respective firm.

Table 10. Tension strength of the finger joints, without fractures of timber, in [N/mm?]

Firm A B D E G 1 J K L All

ft,j ,mean

Phase 1% 35.8 42.5 43.7 42.5 39.7 43.9 39.5 42.0 393 41.7

fiix
Phase 12 21.9 314 26.5 26.4 28.8 27.6 30.8 29.1 28.5 28.6

ft,j ,mean

Phase 22 44 .4 47.8 40.2 364 32.8 49.0 433 49.5 43.4 42.4

fi ik

Phase2? | 32.6 | 348 | 31.8 | 26.1 | 26.7 | 30.7 | 33.7 | 40.0 | 31.2 | 31.6

ft,j ,mean

Diff. 2:13) | t24% | +12% | 8% | -14% | -17% | +12% | +10% | +18% | +10% | +2%

feix
Diff 213 | 9% | +11% | +20% | -1% | 7% | +11% | +9% | +37% | +9% | +10%

1.) We chose firm B for the production of 143 GLULAM beams, that means 7 series.
2.) Designation of the grading class MS17; (phase 1 -> index 1) and MS17, (phase 2 -> index 2).

3.) The mean value is moving between -17% and +18%, the fifth percentile is moving between -7% up to +37%. The
value of +49% can not be seen as a productional deviation, since this firm because of its bad values during the tests
in phase 1 was told to improve its working methods. The corrections which were made on the geometry of the pro-
file didn’t be in vain (+24% in the mean, +49% with the fractile value).

5.3 Correlations

The demands made for the finger joints in the ONORM prEN 1194/April, 1995 [6] concerning the tension strength amounts on 80% of the
bending strength of GLULAM timber. If we want to reach the highest level of strength, given in the draft of the ONORM prEN 1194/April, 1995
(6], defined in the class of strength for GLULAM timber GL38, we have to reach a minimum of tension strength with the finger joints of fjx=
304 N/mm? (fj = 30.0 N/mm? in consideration of the factor ky). Looking at table 10 you will notice that 7 of nine of those firms were able to

meet the conditions of tension of the highest quality of GLULAM timber. The following comparison will make clear that the characteristic ten-
sion strength of the finger joints partly was obviously superior to the tension strength of the basic material.

Table 11. Tension strength of fj : Tension strength of boards

Grading classesl) MS72 MS 102 MS 132 MSl72
£y /fer0x - 2.11 1.35 1.57

1.) Second grading from 3rd of December, 1994,
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2.} fjx - GauB-Normal-Distribution : fi10x - Log-Normal-Distribution;

6.0 GLULAM beams

We aimed with our tests on beams in phase 1and phase 2, based on mechanical stress graded boards - MS510,, MS13, und MS17, - at producing

efficient GLULAM beams on the one hand, and on the other, at the same time, we wanted to find a classifying system for GLULAM timber.

6.1 Test specimen, experimental conceptions, conditions of reference

All the beams tatked about in the following had been produced by one Austrian firm for GLULAM timber - the so-called firm B. The series 1 to 5
had a cross section of 160 mm /297 mm (9¥33 mm), the series 6 und 7 showed one of 160 mm /594 mm (18%33 mm). In the whole we frac-
tured 115 beams within the first five series of examination. 73 of those beams were homogeneously built, 42 were built in 2 combined unsymet-
rical way. We used another 28 homogeneously built beams in the series 6 and 7. Please take the information about the fayup of the beams used
during the tests from the figure 1 below,

Serie 1 e
MS10,
23 1010, 20
Serie 6 Seric 4 s o
MS10,
20 : ,:,»,,' L 13102 22 .“__».--\-».-\-,, 5
MSTO, TMSI3; ]
10 1010, 8

Figure 1. Serials of examination in phase 2 - firm B

The experimental conception was effected according to the ONORM EN 408 (51. Only the series 6 and 7 - h = 594 mm (18*33 mm) - were
based on a reduced length of beams, still accordingly to the quoted normation, to 17*h. Those reductions were made, to use the existing cuba-
ture of timber for the production of an elevated number of beams.

The used data has to be seen as pure results of examinations! When we defined the strength properties, we did not use any converting factors
-k (= 1.011) according to the ONORM EN 384 [3]. We determined the strain on the base of M/W. The mean E-modulus of every serie was cor-
rected by means of the respective average value of the moisture of timber, accordingly to ONORM EN 384 (3], to a moisture of reference of
12%. To specify the density we took a tiny specimen out of the belowmost tension lamella. We also adopted a correction according to the
ONORM EN 384 3] to a moisture of reference of 12%,
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6.2 Results of the bending test and the measuring of the density on beams

Looking at the failure of the examined bending beams at the test, it becomes very obvious, that first of all two factors are essential for the bend-
ing strength of a GLULAM beam. Those qualities are the tension strength of the finger joints and the quality of the board itself, above all the
quality of the outermost lamella of pressure in that part of the beam that gets exposed to the tension. The following table 12 gives you a survey
of the results evaluation of the 7 quoted series of examination.

Table 12. Results - phase 2 - firm B

Serie 1 | Serie2 | Serie3 | Seried4 | Serie 5 | Serie6 | Serie 7
1010, 1313, 1717, 1310, 1713, 1010, 1717,

1

hom. comb?

Bending strength

fgic- [NMm?1 - (G)Y | 224 | 262 | 325 | 225 | 329 | 215 | 312
g - Nmm?] -z | 225 | 266 | 332 | 249 | 320 | 195 | 300

Bend.-E-modulus - GY
EgOmean'[N/mmz] 10400 | 11900 | 14600 | 10600 | 13100 | 10600 | 14300

Density” MS10, | MS13, | MS17, | MS13, | MS17, | MS10, | MS17,
oy - [ke/m?] - (G) 350 355 385 375 380 340 390
Failure timber” 91% | 89% | 61% | 98% | 75% | 95% | 76%
Failure finger joints 9% 11% | 39% 2% 25% 5% 24%

1.) f.e.: 1010, means that the layup of the beam is homogeneous with MS10, boards.

2.) fie.: 1310 means a combined built beam with MS13, boards in the tension stressed zone and MS10, boards for
the other parts of the cross section.

3.) The bending strength gets defined quite well by the GauB-Normal-Distribution (G). To refer to the nominal value
seems to be rather problematical, since the number of pieces of specimen is small.

4.) (G) - GauB-Normal-Distribution;

5.) The value of the density of the boards is, however, a value which doesn’t suit a comparison with the ONORM
prEN 1194/April, 1995 [6]; same situation as with the tension test.

6.2.1 Bending strength

Looking at the table 12, which gives you the values of bending strength, you may notice an increase within the series 1010, and 1313, of 18%
within the series 1010, and 1717, the rise amounts on 48% - with high beams is also 54%. Among the combined GLULAM beams we also notice
an obvious graduation between the series 1310, and 1713,, with a percentage of 29%. Another essential fact is that the difference of the bend-

ing strength between homogeneously built and unsymetrically combined series might be neglected, if the quality of the outermost lamellas is
the same one. The coefficient of variation within the beams of the series 1 to 5 is on the mean at 0.14 respectively at 0.11 within the series 6 & 7.

6.2.2 Bending E-modulus

At the same time also the graduation of the bending E-modulus among the single classes is obvious. We notice an increase of the mean value
from serie 1010, to serie 1313, of 15%, within the setie 1010, to 1717, the rise differs from 35% (h = 600 mm) to 41% (h = 300 mm). If we com-

pare the homogeneously built series, 1313, respectively 1717,, to the combined unsymetrically built ones 1310, respectively 1713, (in the zone
of tension MS13, respectively MS17,), we notice a difference in the quality of the boards, in contrast to the bending strength, in a decline of the

mean bending E-modulus of 10%, as far as homogeneous seties are concerned.
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6.2.3 Types of fractures and analyses of fractures

Analysing the 23 1010, beams we notice that only in 10% of all fractures the finger joints were the reason for the failure. Concludingly we can

say that 90% of all fractures find their reasons in the quality of the timber itself. In 65% of the fractures the number of knots is generally or at
least partly the fracture-causing weak point. The size and the position of the knots (flat knots at the edges) turned out to be very essential for
the phenomenon of fractures. Moreover accumulations of knot, square fibres, deviation of fibres (in the most cases in connection with knots),
the position of pith inside the board, respectively very near to the board. And extreme high or low extent of the single annual rings were fur-
ther reasons for fractures of the timber. Like within the 20 1010, beams within the serie 1 (h = 300 mm), also within the serie 6 (h = 600 mm)

-

there exists only a small number of fractures (about 5%) where the finger joints cause the fractures themselves. Also at those examinations we
found the knots - knots at the edges, accumulation of knots - responsible for the fractures.

At the serie 1313, (h = 300 mm) we found a similar situation as within the serie 1010,. Only ~10% of the beams fractures are caused by the fin-

ger joints. We have to stress that at ~90% of the fractures that an essential criterion for the fractures is the number respectively the extent of
knots.

The characteristic tension strength of the finger joints was rising less with an elevated quality of timber than the characteristic tension strength
of the board. After we had analysed the present 20 1717, beams (h = 300 mm) we found out that ~40% of the reasons for the fractures were

based on the finger joints. Nevertheless the timber was the main fact which created the fractures. The 18 1717, beams (h = 600 mm) of serie 7

showed us that the three mostbelow lamellas of tension featured about in ~20% of the finger joints within all of the three lamellas.
ger )

Itis quite difficult, to give a reliable and exact statement on the factor which really causes the fracture, it's the more problematical the higher a
bean is, since in the zone of tension a larger volume gets stressed.

6.3 Influence of the size of the beams

Many publications and projects of research [8}, [9], [21], a. 0. have been working on the problem of influence of the size. Most of the projects
of research and their resulting correlations, first of all those which referred to the influence of the height, are however based on examinations
of solid timber blanks with a maximum height of h =300 mm. Some of those publications point out that the effect of height in fact is an effect
of the volume. That’s why the one dimensional problem of the influence of height generally gets a problem of the influence of volume. Hence
it becomes necessary to consider not only the height of a beam, but also the width and the length of that beam.

The present results make it possible to state facts, based on the variable heights within the series 1 and 6, respectively 3 and 7, with the same
construction of the beams, on the influence of the height of a beam, according to the ONORM prEN 1194 [6]. We compare the series in tab. 13.

Table 13. Factor of height k;, of the series 1010, and 1717,

Serie 1 | Serie 6 Serie 3 | Serie 7
1010, 1010, ky, 1717, 1717, kg,

Height of the beam
9%33, 18%33 [mm] 297 594 297 594

Bending strengthl)

fin,g.mean [N/mm?] - (G) 27.9 25.3 1.10 43.0 39.4 1.09

Bending strengthl)

fin, gk [N/mm?] - (G) 22.4 21.5 1.04 32.5 31.2 1.04

1.) (G) - GauB-Normal-Distribution;

Concludingly we can define the same factor of height as well for the series 1010, as for the series 1717,. Basing on these results we can con-

clude that independent of the various classis of strenght and also independent of the grading classes of the boards, it’s always the same valid
factor. It’s a fact that the mean value of the factor of height is about 1.10 and that one of the fifth percentile is about 1.05.
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6.4 Correlations

In the following table 14 gives you an impression of the essential correlations, like bending E-modulus and bending strength, and also how
both of those previous are connected with the density. Moreover we refer more closely to the so-called model of beams. That means the corre-
lation between the values of the characteristic tension strength f, g of the boards which are used to built up the beam and the resulting char-

acteristic values of bending strength of the beam f,

1,8,k

Table 14. Lines of regression and coefficient of correlation

Y = a + b ® X Annotation r

Series 1to 5

fm’g = -6.3 + 35 ® EO,g (E in 1000) 0.71

Series 6 and 7

fm,g = -134 + 3.6 # EO,g (E in 1000) 0.92
Series 1 to 5

fm’g = 0 +! 0.086 | * p 0.40

Ey, =| 4700 + 18 ® p 0.40

g = 93 |+ 097 [t @] n-u® 0.83

1.) Gauf-Normal-Distribution.
Considering also the factor of width ky, and the factor of height ky,, corresponding to the newly revised second draft
of the prEN 1994/April, 1996.

2.) Log-Normal-Distribution.
Considering also the factor of width k,, and dthe factor of length k;, according to newly revised second draft of the
prEN 1194/April, 1996.

3.} n = 11: Additional to the 9 series (7 series of firm B and two series of all the firms) we took also two Norwegian
series with the respective factor of correction into consideration (see also index 1 and 2).

We found out a good correlation between the bending E-modulus and the bending strength. The correlation between density and bending
strength as bending E-modulus is rather small. However you should consider that the density was determined by only a tiny specimen of the
mostbelow lamella, The bending E-modulus, in contrast to that, is an integral value of the whole beam.

7.0 Summary and relation to the revised second draft of priEN 1194

Having finished the project of research and in front of the interpretation of the results it seemed to be logical, that a statement against the sec-
ond draft of the ONORM prEN 1194/April, 1995 [6] was necessary, because of various reasons. In the following we give you a summary based
on the present results to the single steps of the Austrian comment {22], also in relation to the revised second draft of the prEN 1994/April,
1996.

7.1 Boards - criterions of the grading according to the strength and stiffness

Based on the results of the present project of research we have to point out, that first of all the tension strength and the tension E-modulus of
the boards are essential for the bending strength and the bending E-modulus of a GLULAM beam. That's why you should define the following
both values as the criterions to classify the boards:

fro1x
E

t,0,mean

We should not take the density as a criterion of classification!
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A classification by means of the bending attributes according to the ONORM EN 338 [2] is not valid for boards used to produce GLULAM tim-
ber. Neither the flatwise bending tests nor those edgewise ones give us respective values. The bending test flatwise gives us an unsuitable value
of the bending E-modulus, since the zone of measuring is to small for the boards, that’s why a problematical ‘knot-bending-modulus’. The
bending test edgewise doesn’t correspond to the usual stress of a board within any component of GLULAM timber. The most opportune test
turned out to be the tension test, on which you should take the following measurements of reference (wp, Ip) for the examined pieces of spe-

cimen to determine their characteristic values:

width of the boards wg = 150 mm

free length of examination Iy with a minimum of 9*w, according to the ONORM EN 384 [3]

If you work on other measurements you should take into consinderation the influence of length and width as follows:

_ = 0.1 0.1
ft,O,Lk = ft,O,l,k,test‘ (w/wg) " #(Up)

Within the normative supplement A of the prEN 1194/April, 1996 the correlations of GLULAM timber are indicated, There you can see that the
most essential needs of 2 board are the tension strength and the tension E-modulus. The density of the board doesn’t exist s 2 classifying cri-
terion itself,

The determination of the tension strength has to be made accordingly with the ONORM EN 408 [5] and the ONORM EN 384 [3]. In the follow-
ing the conditions of reference have to be:

width of the board wg = 150 mm
free length of examination Iy = 2000 mm

If the width respectively the length of the tested piece deviates from 150 mm respectively from 2000 mm, you have to adopt corrections in the
following way:

b0k = foo rest™ (W/150)1%(1/2000) 01

7.2 Finger joints

Within the present examinations the finger joints have not been the weak point. The characteristic strength of the finger joints party are clearly
elevated - ~35% to ~110% - compared to the strength of the material they are based on themselves. Above all within the grading class MS10,
we noticed lots of fractures (type of fracture B) and net finger joint fractures (type of fracture 4). Therefor we can conclude that the quality of
the timber defines a limiting factor. The requirements to the finger joints according to the ONORM prEN 1194/April, 1995 [6] could be met.
Another interesting fact is that the influence of the density on the finger joints was rather small (t(pfy) = 0.34). Moreover we have to admit
that the tesion test of the finger joints gives more evidence than the bending test, since the cross sectional part which gets under tension stress
is about twice as big and at the bending test only a small part at the edge of the cross section is exposed to the high stess. Moreover the finger
joints wedge themselves during the bending test within the stressed zone, which gives reason to a certain value of strength of the not-glued fin-
ger joints. The tension test ist more sensible. It also shows an elevated coefficient of variation, and it describes much better the state of tension
stress af finger joints within the beam.

According to the revised second draft of the prEN 1194/April, 1996 the following requirements are to meet of the fnger joints:

fm,j,k =80+ 1.4*&0’1,;{

The testing of the characteristic tension strength of the finger joints has to be made in accordance with the ONORM EN 408 [5], with 2 fee

Development of Efficient Glued Laminated Timber 29-12-1 13



length of examination of 200 mm 25 a maximum. The testing of the bending strength of the finger joints fiztwise has to be made in accordance
with the ONORM EN 386,

Ifyou take fr gy = 26 N/mm? - the demanded tension strength of boards for the highest class of strength of laminated timber GL36 - there

result the following demands to the finger joints:

fijx=50+260=310 N/mm?

finji = 8.0+ 14%26.0 = 44.4 N/mm?

Both of the characteristically values have been reached in the present project of research. From the table 10 you can see that there exists a cha-

racteristic value of tension strength for all the firms of fj = 316 N/mm?. Please take the values of bending strength of the finger joints from

the literature {23].

7.3 GLULAM beams

I's an essential fact, that the distinct grading of the boards finds its corresponding values within the beams. The increase of the bending
strength respectively of the bending E-modulus between the series 1010, to 1717, is rather high. Please take those facts from capture 6. Analo-

gous to the decisive criterions of classifacation for boards - 01 and Eq j peqn - also the classification of the GLULAM timber should correspond
to the classes of strength according to the ONORM prEN 1194/1995 [6]. The decisive criterions are:
fm,g,k
By

g, mean

The density should not be atopted as a main criterion of classification, since it leads to a declassification of the ‘light’ GLULAM timber.
According to the present pieces of research we can reach with the highest class of grading in phase 2 - MS17, (o1 = 219 N/mm?, not cor-

rected) - a characteristically bending strength of about 31 N/mm? to about 32 N/mm?. Departing from the model of beams of the ONORM prEN
1194/April, 1995 [6]

fm,g,k =90+ l'zoﬁ:ft,o,l,k

you get - confronted to the examination of beams (4/SUI - tests of beams with h = 600 mm) - ~15% to ~20% values of calculation which are
too high. Also at the first tests with h = 300 mm, with which we had like at the beams with a height of 600 mm the values of tension strength,
we found out similar results, as soon as the influence of height gets registered closely.

Based on the present results of our examinations we should fix a model of beams for a new draft of ONORM prEN 1194, It also would be neces-
sary to base the new model of beams on a reproducible curve of examinations, The following diagram - figure 2 - gives you an impression of the
correlation fyg) and £, , within the 11 series of timber beams - two Norwegian series and 9 series A/SUL Moreover three kind of models of

beams:

fingk = 9.0+ 1.20%f, o . (ONORM prEN 1194/April, 1995 [6])
fugk = 7.0+ L15% 1 (B Colling/R. Falk)
fngk = 95 + 100, (G. Schickhofer/A. Steinberger/C. Seiner)

get illustrated and compared to each other, The model fngk = 95 + 100, o x gives the best fit to the 11 series. You will find corrected to a

measurement of reference, in this case, the tension strength of the boards as well as the bending strength of the GLULAM timber with a fator of
size according to the prEN 1194/April, 1996.
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Figure 2. Test data and beam models

The base for the system of classification of strength, table 1 and 2, prEN 1194/April - G124, G128, G132, GL36 - is the model of beams:

fm,g,k =70+ 1.15*&0’1’1(
The difference between the model of beams of F. Colling/R. Falk and that one which is basic for the model of the 11 series amount on -1% to
4%. The very slight difference and the fact that behind this model we suppose a lot of series of American und European examinations as well as

many calculations of simulations is the reason for the acceptation of this model of beams into the prEN 1194/April, 1996.

The height of reference for the present characteristic values of the ONORM prEN 1194/April, 1995 is h = 600 mm. We could not confirm the
correlation of the factor of height

- (600/}1)02

A reduction of this factor is necessary. According to the examinations of E. Aasheim and K.H. Solli (N) [8) and A/SUI [23], {24] it gets quite
obvious, that we have to depart from rather small height influence from h = 300 mm to h = 600 mm.

Table 15. Influence of size ki,

prEN 1194/
April, 1995 A/SUL N)
Beam h = 300 mm
ky, 1.15 1.05 1.07

Based on these examinations it's reasonable to reduce the influence of the beams heights in the following way:

ky = (600"

Additional to that you have also to take into consideration the influence of width. We got to that result by comparing the project of research N/
USA, 199071991 {11] - width of the beam w = 90 mm - and our own examinations - width of the beam w = 160 mm. It turned out clearly that
the tension strength of the board, which influenced on the model, also showed an influence of width. Hence it seems to be logical, that this fact
also valid for the GLULAM beams.
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ke = (150/w)"!
The prEN 1194/April, 1996 gives the following measurments of reference for the tested beams:

Height of the beam hyg = 600 mm
Width of the beam wg = 150 mm

If smaller cross sectional dimensions get adopted for the examined beam, the results change in the following way:

fin g = fm g cest* (W/150) ¥ (n/600) 0

We have to consider not only the height of a beam but also its width, because it is possible to compare experimental series with different cross
sectional measurements

8.0 Final considerations and prospects

By means of this present project, which we made together with the Austrian industry of wood, with centres of research on wood and the insti-
tute of Wood technology of the ETH Zurich, we are able to enlarge the amount of knowledge in two essential pats. On the one hand we
enabled for the first time an insight into the actual standards of quality of the Austrian industry of timber, on the other hand we created by our
work, an extensive amount of basic materials, which together with the results of the Norwegian examinations can be taken as a first step for fur-
ther European projects of research. We also have to point out that this project of research was an essential base for a new revision of the prEN
1194/April, 1996.

Ifwe want to take further advantage out of the European normative standards of classes of strength, it’s a fact that a mechanical grading is indis-
pensable. The present results make clear, that an improvement of the value of timber can be reached. Another fact is, however, that an
improvement of the mechanical grading remains still a field of further activities. See the optimising of the output of various methods of grad-
ing, the finding of optimal criterions for grading classes respective to the operational field of the graded timber, and so on. Of great conse-
quence, however, beside the scientific field of research is a realisation of the knowledge (research and standardisation) of the economic
partners.

9.0 Definitions
e Main Symbols

f Strength (of a material) h Higth (or depth of a beam)
k Coefficient; Factor (always with a substipt) p Density
cov Coefficient of Variation MOE Modulus of elasticity

e Subscripts

c Compression g Properties of glued laminated timber
j Properties of finger joints k Characteristic values (5%)

| Properties of laminations m Bending

mean Mean value (50%) t Tension

v Shear 0 Parallel to grain
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Abstract

This paper summarizes the results from the first phase of a study to develop a database
comparing the structural performance of shear wall systems built with regular and
nonstandard large dimension oriented strand board panels under monotonic and cyclic
loading conditions. Different types of nail connectors have also been investigated . The
results indicate that under monotonic loading, a substantial increase in both stiffness and
lateral load carrying capacity can be achieved by shear walls built with oversized panels
when compared to regular panels. Defining ductility as the ratio between wall
displacements at maximum load and at 50% of the maximum load during monotonic
testing, a slight increase in ductility has been observed for the shear walls built with
oversize panels. Examining the dissipated energy as the area under the load deformation
curve, it seems that the walls built with the regular panels can dissipate more energy under
cyclic loading when compared to the walls built with oversized panels. The failure modes
in the shear walls have been shown to be substantially different under monotonic (nail
withdrawal) and cyclic (nail fatigue) test conditions. It seems that further investigation of
the adopted cyclic load schedule in relation to the dynamic response of the shear wall is
needed to fully understand and characterize the failure modes in shear walls.

Introduction

Changes in North American demographics and industry restructuring to value-added
products have caused the Canadian wood product industries to try to expand from the
traditional residential construction market into the commercial construction market while
trying to maintain and protect the current competitive advantage in residential
construction. A key element in wood based construction is the shear wall and diaphragm
system which efficiently provides the building with its three major load carrying
components to resist (i) vertical loads, (ii) transverse wind loads and (iii) in-plane lateral
forces imposed by wind and seismic loading. These systems typically are composed of
lumber framing members sheathed with 1.2 x 2.4 m plywood or oriented strand board
panels and connected using nails. These systems have a history of excellent performance
against lateral loading especially in residential applications. For example, in the recent
1995 Kobe earthquake in Japan, there is evidence that residences built with North
American wood based shear wall techniques (2x4 platform construction) have survived
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major seismic forces with relatively little damage even in sites of serious liquefaction of the
supporting ground.

In the past there has been much experimental work on the structural behavior of wood
based shear walls and diaphragms. Typically experimental studies were conducted under
either static or dynamic loading with the majority of earlier research efforts focused on the
static case. Full size shear walls and diaphragms were tested to quantify the ultimate load
carrying capacity of the system under static loads (Tissel and Elliott 1977, COFI, 1979,
TECO 1980 and 1981, Atherton 1982 and 1983, and Adams 1987). Experimental studies
were also conducted to evaluate the performance of full size shear walls and diaphragms
under dynamic (Stewart 1987 and Dolan 1989) and pseudo dynamic (Kamiya 1988) test
conditions. Finally, full scale testing of buildings under lateral loads were also conducted
(Sugiyama ef al. 1988, Boughton 1988, and Stewart ef al. 1988). Recently Forintek
Canada Corp. has started a major research program to evaluate the lateral resistance of
shear walls under static and cyclic loading.

All of these research efforts have focused on walls and diaphragms built with standard 1.2
x 2.4 m size panels as sheathing material. The discontinuity between panels, as dictated by
standard panel dimensions, has a significant impact on the performance and load carrying
capacity of the shear walls. In cases where the sheathing panels are oriented horizontally,
blocking components are typically installed to provide shear continuity between panels. In
cases where the long axes of the sheathing panels are oriented vertically, nail spacings are
halved along the seams. Although these construction details increase the lateral load
carrying capacity and stiffness of the walls, failure always occurred along the panel edges
and it was expected that shear walls built with continuous panels would be stronger and
stiffer than common wall assemblies. Preliminary finite element analyses comparing the
load carrying capacity of 2.4 x 7.3 m shear walls modelled with standard dimension panels
and with oversized panels supported this hypothesis, provided the failure modes in both
structural systems would be consistent.

In Canada some oriented strand boards mills have the capability to produce panels of up to
33 x 7.3 m in size. Currently these large panels are cut into standard sizes for
conventional building practice. Potential structural advantages of using the larger
dimension panels need to be investigated and quantified especially for commercial
construction where building geometry such as height, length, and width typically exceeds
those in residential construction. Here, larger lateral forces will be introduced into the
building systems and the use of prefabricated shear wall systems using the large
nonstandard panels is especially well suited. Furthermore, with a comprehensive database
and verified model, optimization of the wall assembly is possible through reduction of
panel thickness, redistribution of the nailing pattern, and shortening of the required length
of wall while achieving the same lateral capacity as walls built with regular size panels.

The overall objectives of the research program are:
1) to experimentally investigate and quantify the structural performance of shear wall
systems built with nonstandard large dimension oriented strand board panels under



static and dynamic lateral loading to take advantage of the reduced discontinuity
compared to standard size panels.

2) to develop analytical and design procedures for the seismic performance of wood
based shear wall systems built with nonstandard large dimension panels.

In the first phase of the research program, an experimental study was conducted to
develop a database on the structural performance of shear wall systems built with
nonstandard large dimension oriented strand board panels under monotonic and cyclic
loading conditions. This paper reports: 1) the development of a test facility for shear walls
of up to 1.2 x 7.3 m in dimension where both lateral and vertical loading can be applied
simultaneously onto the wall assembly and 2) a summary of experimental results from the
first test series comparing the monotonic and cyclic responses of shear walls built with
standard and oversized panels and different types of nail connectors.

Experimental Studies

Test Facilities

Figure 1 shows the schematics of a typical shear wall test specimen with staggered regular
size sheathing panels. The test specimen was mounted in the load assembly with variable
in-plane lateral load applied by a 222 kN serve-controlled hydraulic actuator along the top
of the wall through a load distribution beam that was bolted to the wall. The actuator with
an inline load cell was mounted onto the reaction frame through a pin connection 2.5 m
from the ground. A MTS Micro-controller (458.10) and Material Testing Function
Generator (Exact-340) were used to drive the actuator in a displacement control mode to
develop the required lateral loading pattern.

To facilitate the set-up procedure, the test wall specimen was first mounted between load
distribution beam and base beam using 12.7 mm diameter class 5 steel bolts at a spacing of
0.4 m. W150 x 22 steel I beams, 7.6 m in length, were used as the load distribution beam
and base beam. After erection, the base beam was attached to the test floor and the load
distribution beam was connected to the hydraulic actuator at one end. Out-of-plane
support systems were provided at the two ends of the load distribution beam.

Six hydraulic jacks, each with a working pressure capacity of 17.24 MPa, were mounted
to the test floor at the base and attached through 2.1 m long steel rods (diameter 12.7
mm) to the top of load distribution beam. Three jacks were mounted on each side of the
wall and symmetrically placed about the center of the wall with a spacing of 2.4 m. These
jacks provided a static uniformly distributed vertical load on the wall through the top of
the load distribution beam. In all of the tests a vertical load of 9.12 kN/m was used which
represented a gravity load of 5.0 kPa over an area of 7.3 x 7.3 m, supported by 4 walls.
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Figure 1 The scheme of the shear wall test setup assembly

A 386/25 personal computer data acquisition system with 16 A/D channels and LabTech
Notebook data acquisition software were used to collect the experimental data which
included the lateral load, vertical load, actuator displacements, lateral displacements at the
top of the shear wall, uplift at the base of the shear wall, and relative movements between
panel and frame at various locations. The sampling frequencies were 1 Hz for the
monotonic load condition and 10 Hz for cyclic load conditions.

Test Wall Configurations '

Shear walls, 2.4 x 7.3 m in dimension, were tested. In each wall, No. 2 and better Spruce
Pine Fir 38 x 89 mm lumber were used as framing members and connected by a Bostitch-
NB8OCB air driven nail gun with coil fed 76 mm common nails. The stud members (2.4 m
in length) were spaced 400 mm apart. The top plate and the end studs consisted of double
members while the bottom plate and the interior studs consisted of single members.
Performance Rated W24 oriented strand boards (CSA-0325.0-M88), 9.5 mm thick, were
used as sheathing panels. The sheathing panels were connected to the framing members
with 50 mm common and spiral nails at a spacing of 150 mm along the panel edges and
300 mm for the interior attachment of the sheathing panel to the frame members.

Seven shear walls were tested with one replicate per test type (Table 1). In tests 2, 3, 5,
and 6, 2.4 x 7.3 m oversized panels were used. In tests 1, 4, and 7, regular 1.2 x 2.4 m
panels were used. In these cases the regular size sheathing panels were staggered and



oriented with the long axis of the panels parallel to the length of the wall as shown in
Figure 1. At mid-height of the walls, continuous blocking components were installed in
cases 1 and 4 and staggered blocking components were installed in case 7. The
installation of the continuous blocking components was done by end-nailing one end of the
blocking and toe-nailing the other end to the framing member. The installation of
staggered blocking involved only end-nailing. Two types of nails were considered for the
sheathing to frame connection: Bostitch-N8OCB air driven coil fed 50 mm spiral nails and
hand driven 50 mm common nails. The total number of nail connections between panel
and framing were 424 (375 for staggered blocking) and 281 for the walls with regular and
oversized panels, respectively.

Table 1. Shear wall test program

Wall  Panel size (m)  Blocking Nails for sheathing  Lateral load Type  No. of nails
1 12x24 Continuous Spiral (Gun) Monotonic 424
2 24x73 No Spiral (Gun) Monotonic 281
3 24x73 No Spiral (Gun) Cyclic 281
4 12x24 Continuous Spiral (Gun) Cyclic 424
5 24x73 No Common (Hand) Monotonic 281
6 24x73 No Common (Hand) Cyclic 281
7 12x2.4 Staggered Spiral (Gun) Monotonic 375

Loading Scheme

Two types of loading scheme were used: monotonic loading for walls 1, 2, 5 and 7 and
cyclic loading for walls 3, 4 and 6. The loading rate for the monotonic tests was
approximately 7.8 mm/min based on recommendations in the ASTM Standard E564-73
and in compliance with tests done previously by Forintek Canada Corp.

The testing schedule for cyclic loading consisted of a sequence of sinusoidal cycle groups,
with each cycle group consisting of three identical cycles. The amplitude of each cycle
group was taken as a percentage of the nominal yield displacement (8y). This nominal
yield point was defined as the displacement at a load level equal to half of the maximum
load obtained during a monotonic test. To obtain consistent results for both monotonic
and cyclic tests and for the ease of actuator control, the values for the yield points were
taken from the displacement of the hydraulic cylinder, instead of that of the shear wall.
The yield points, cycle frequencies and other parameters for shear walls 3, 4 and 6 are
listed in Table 2.



Table 2. Basic parameters for cyclic testing

Wall | Maximum Maximum 3y (mm) Loading rate
monotonic test monotonic test Cycle group Cycle frequency
load, Po. (KN) | displacement, (mmy) (Hz)

82.2 45.0 6.0 11023 0.25

62.7 80.0 10.0 1to 19 0.25
20 to 22 0.083

6 71.1 42.0 6.0 1to 13 0.25
1410 23 0.125

The amplitudes of cycle groups as a percentage of the yield point (Amy.) for these walls
are listed in Table 3. The displacement amplitudes of these cycle groups are also
graphically illustrated in Figure 2. It can be noted that the Amy. schedule is identical for
the various walls up to cycle group 18. Typically at this cycle group, the maximum load
had already been well exceeded. Both the Amy., schedules and the cycle frequencies were
adjusted beyond cycle group 18 so that the hardware data storage capability was not
exceeded.

Table 3. Displacement amplitude schedule of various cycle groups as a percentage of dy.

Cycle Wall Wall Wall | Cycle Wall Wall Wall | Cycle Wall Wall Wall
Group No.3 No.4 No.6|Group No.3 No.4 No.6 |Group No.3 No.4 No.6
1 25% 25% 25% | 11  200% 200% 200%| 21 450% 700% 450%
2 50% 50% 50% || 12 300% 300% 300%| 22 600% 800% 600%
3 25% 25% 25% | 13 250% 250% 250%| 23 750% 700%
4  100% 100% 100%| 14 350% 350% 350%

5 50% 50% 50% || 15 300% 300% 300%

6 150% 150% 150%| 16 400% 400% 400%

7 100% 100% 100%} 17 350% 350% 350%

8  200% 200% 200%| 18 450% 450% 450%

9  150% 150% 150%} 19 400% 500% 400%

10 250% 250% 250%| 20 500% 600% 500%




50
40}
30 }
20 }

10 YWPLLLYWULEEERIL LD, i .,x;'l. A I" |.l| pihir |'l |'l|| l'u i 'i'lll'n |'l il
10t I\ HHHH”I'H ”"
20 +

230 i
40 }
-50

Displacement (mm)
o

0 50 100 150 200 250
Time (sec)

Fig. 2 Typical displacement amplitudes for cycle testing

Results and Discussions
Wall Performance

The load-displacement curves for shear walls 1, 2, 5 and 7 under monotonic lateral load
are shown in Figure 3. Here the displacement is taken as the lateral displacement of the
top corner of the wall. Figures 4 to 6 show the static envelope curves and the cyclic load
displacement curves for walls 3, 4, and 6, respectively.

In compliance with ASTM Standard E 564-76 and the calculation methods used by

Forintek Canada Corp., the following parameters (shown in Table 4) were obtained:

¢ P, the maximum load carrying capacity of shear wall, kN.

o 3 nax total displacement of shear wall at failure, measured at the top plate of shear
wall, which includes both the shear deflection of the wall and deflections caused by the
anchorage system, mm.

¢ 0 pmax: displacement of shear wall at the maximum load, mm.

® J o5 pmax the displacement of shear wall at half of the maximum load, mm.

e S, ultimate shear strength of shear wall, N/m.

P
S, = —me
L
where: L = length of shear wall measured parallel to the loading direction.
e (’: shear stiffness of shear wall obtained from test, N/m.
P H
G 14 - max
2 5 0.5Pmax L
where: H = height of shear wall =2.438 m.
D: ductility factor.

)

Pmax

D=

5 0.5Pmax
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Table 4. Shear wall summary test results

Wall Prnax (KN) Bmax 8 pmax 8 0.5Pmax Su G D
(mm) (mm) (mm) (kN/m)  (MN/m)

1 62.77 88 54.04 9.82 8.581 1.07 5.5
4 45929, -51.69 80 31.93 12.62 - - -
2 82.21 46 33.27 5.88 11239 233 5.7
3 +64.07, -59.40 45 15.60 451 - - -
5 71.13 42 21.92 3.54 9.724 335 62
6  +61.25,-56.69 42 15.78 4.56 . - -
7 5473 90 50.97 1032 7.482 088 49

Note: + => extension of the hydraulic cylinder, — = contraction of the hydraulic cylinder.

The monotonic test results show that walls 2 and 5 (oversized panels) had higher load
carrying capacity, higher stiffness, higher ductility, and lower deformations compared to
walls 1 and 7 (regular panels). Common nails were used as panel-to-frame connectors in
wall 5 under monotonic test. Wall 5 showed a higher stiffness and a lower strength than
wall 2 which implied that the common nails connections were stiffer but weaker than the
spiral nail connections. The cyclic test results show that the walls 3 and 6 (oversized
panels) had slightly higher load carrying capacity and lower deformations compared to
wall 4 (regular panels).

Energy Dissipation

Under cyclic loading, energy dissipation occurred through internal friction, yielding of the
nails and non-recoverable deformation (damage) in the wall assembly. A measure of this
energy dissipation was obtained by evaluating the area of the hysteresis loops from the
load-displacement curves for each load cycle. For walls 3, 4 , and 6, the dissipated energy
within each cycle group (U;) and the total dissipated energy at the end of a cycle group
(Ur) are shown in Table 5. Figures 7 to 8 also graphically illustrate the energy dissipation
characteristics of the walls. Since slight differences exist in loading schedule, the results
are only comparable up to cycle 18. It is clear that more energy dissipation occurred in
wall 4 (regular panel) compared to walls 3 and 6 (oversize panel). The maximum amount
of energy dissipated within a cycle group occurred in cycle group 14 in all three cases.
Figure 9 shows the normalized dissipated energy within a cycle group as a percentage of
the peak dissipated energy in cycle group 14. It can be observed that the normalized
dissipated energy of all 3 walls was similar until cycle group 14 after which the normalized
dissipated energy significantly reduced in wall 3.
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Table 5. Dissipated energy in shear wall during cyclic loading.

Cycle Wall 3 Wall 4 Wall 6
Gr oup Ui UTi Ui U'ri Ui UTi
No. i (N'm (N'm (N'm (N'm (N m) (N m)
1 19 19 70 70 17 17
2 99 118 248 318 103 120
3 19 137 60 378 20 140
4 394 531 755 1133 430 570
5 96 627 181 1314 95 665
6 741 1368 1267 2581 816 1481
7 291 1659 451 3032 375 1856
8 1138 2797 1845 4877 1262 3118
9 551 3348 824 5701 666 3784
10 1516 4864 2475 8176 1713 5497
11 837 5701 1227 9403 984 6481
12 1881 7582 2985 12388 1923 8404
13 1103 8685 1662 14050 1073 9477
14 1919 10604 3339 17389 1920 11397
15 778 11382 1977 19366 1100 12497
16 1033 12415 2900 22266 1817 14314
17 531 12946 1950 24216 893 15207
18 765 13711 1837 26053 1260 16467
19 429 14140 2415 28468 765 17232
20 618 14758 2459 30927 1034 18266
21 392 15150 2247 33174 688 18954
22 572 15722 2898 36072 1075 20029
23 536 16258 834 20863
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Figure 7 Energy dissipation characteristics within each cycle group (U;) of walls 3, 4 and 6
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Figure 8 Cumulative energy dissipation (Ur;) of walls 3, 4 and 6
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Figure 9 Normalized dissipated energy within a cycle group as a percentage of the peak
dissipated energy in cycle group 14

Failure Modes and Locations

In the monotonic tests of walls 1 and 7 (regular panels), connection failures were first
observed at the edges of panels along the blocking. The failures were initially in the form
of nail withdrawal (Figures 10a and b) from blocking and framing members and eventually
from nail heads embedding into and pulling through the panels. In the monotonic tests of
wall 2 and 5 (oversized panels) connection failures initiated along the bottom edge of the
wall in the form of nail withdrawal (Figures 10a and b) from the framing members and
progressed upward towards the mid-height of the wall.

Under cyclic load, the predominant failure mode was different from the monotonic load

cases, although failure occurred at the same locations. Instead of nail withdrawal, most
connectors failed in low cycle fatigue fracture (Figure 10c) due to reversed bending. For

12



example, along the bottom edge of walls 4 (regular panel) and 6 (oversize panel), 100%
and 84% of the nails failed in fatigue fracture, respectively.

@

(@)
Figure 10 Three deformation patterns of nails

The observed distinct difference in failure mode between monotonic and cyclic loading led
to the question of which failure mode should be considered critical for realistic dynamic
lateral earthquake and wind loading. Careful correlation between static and dynamic test
results is needed to fine tune the static testing schemes and to fully understand and
characterize the relevant failure modes in shear walls under earthquake loads.

Conclusions

A database comparing the structural performance of shear wall systems built with regular
and nonstandard large dimension oriented strand board panels under monotonic and cyclic
loading conditions was reported. Under monotonic loading, a substantial increase in both
stiffness and lateral load carrying capacity was observed when comparing shear walls built
with oversize and regular panels. Defining ductility as the ratio between wall
displacements at maximum load and 50% of the maximum load during monotonic testing,
a slight increase in ductility was observed comparing the shear walls built with oversize
and regular panels. Examining the dissipated energy as the area under the load
deformation curve, walls built with the regular panel dissipated more energy under cyclic
loading as compared to walls built with oversized panels. The failure modes in the shear
walls were substantially different under monotonic (nail withdrawal) and cyclic (nail
fatigue) test conditions. Further investigation of the adopted cyclic load schedule in
relation to the dynamic response of the shear wall is needed to fully understand and
characterize the failure modes in shear walls.
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DAMAGE OF WOODEN BUILDINGS CAUSED BY
THE 1995 HYOGO-KEN NANBU EARTHQUAKE
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Japan

Introduction

A strong earthquake occurred in Hanshin area in the early morning of 17 January, 1996.
It caused the largest scale of damages since after the second world war.  Over 6,300
persons were killed or lost, over 43,000 persons were injured and about 400,000
buildings were damaged. A large number of fatalities were caused by the collapse of
wooden houses. Building Research Institute conducted a survey on the damaged
wooden houses due to the 1995 Hyogo-ken Nanbu earthquake. This report presents
the outline of the damages of wooden houses and discusses the aseismic design of
timber structures in Japan.

Outline of earthquake and damage
(1) Outline of earthquake (Announcement of the Meteorological Agency)
Date of occurrence: 17 January , 1995 at approximately 5:46 a.m.
The seismic center:  Awaji [sland
The depth of the seismic center:  14km
Magnitude: M=7.2
(2) Damages (Investigated by the Fire Defense Agency and summing up on 27
December 1995)
Fatality: 6,308 persons ( including of the 789 related to this earthquake)
Missing: 2 persons
Seriously injured: 1,883 persons
Slightly injured: 26,615 persons
Under investigation: 14,679 persons
Completely destroyed houses: 100,302 units
Partial destroyed: 108,741 units
Slightly damaged: 222,373 units
Public building: 750 units
Other building: 3,952 units
Number of fires: 294
Damage portions of roads: 9,948



Outline of damage of wooden houses

(1) Classification of wooden houses in Kobe area

Wooden houses in damaged area are briefly classified into the following three types
according to the structure and the constructed period.

S1: Wooden houses having the clay wall and heavy tile roof with clay pad. In general
they have very few or no diagonal braces.

S2: Wooden houses having the clay wall finished with the lath mortal and tile roof with
clay pad. They have a certain amount of diagonal braces and continuous concrete
foundation.

S3: Wooden houses having no clay wall sheathed with lath-mortal or sidings.
Sometimes thermal insulation is used. Interior walls are generally sheathed with
gypsumboard or lathboard. They have slates or tile roof without clay pad, and
diagonal braces or plywood-sheathed shear walls.

It is estimated that houses of SI type were constructed before or just after the World
War II.  Houses of S2 and S3 types are estimated to be constructed at the period from
1955 to 1975, and after 1975, respectively.

(2) Outlines of Damages

Damages of wooden houses in Nagata, Nada, and Higashinada ward were surveyed.
Figs. 1 to 3 show the damages of each ty pe of wooden houses in a block where wooden
houses were severely damaged. Fig.1 shows that the number of S1 type houses was
the highest in the surveyed area of Nagata ward, and followed by S2 and S3. In Nada
and Higashinada ward, the number of S2 type houses was the highest, and followed by
S3 and S1. The rate of severely damaged wooden houses was approximately 80% in
both types of SI and S2. In S3 type, the rate of severely damaged houses was 30 to
50%, and smaller than that of S1 and S2 in all the area. Here, the severe damage is
defined by the residual story drift of more than 1/20, the moderate damage is defined
by the residual story drift from 1/60 to 1/20, and the light damage is defined by the
residual story drift of less than 1/60.

A large number of wooden buildings collapsed or were severely damaged by this
earthquake. Most of collapsed buildings were one or two story dwellings in which
the structural calculation was not required. The degree and state of the damages
depend on the kinds and the construction method.

Photo. 1 shows a typical example of the damaged wooden houses in Nagata word.
Whole the building collapsed completely. This type of damage occurred mainly in old
wooden houses constructed before or just after the World War II.  Photos. 2 to 5
show the damages of wooden buildings whose first story collapsed. This damage



took place generally in wooden houses constructed of the clay wall and heavy tile roof
with clay pad. Some newly constructed wooden houses also collapsed as shown in
Photos. 4 and 5. Having a garage in the first story, this building of Photo. 4 did not
have the sufficient amount of shear walls, and also the shear walls were placed
eccentrically in the first story. The third story of the building of Photo. 5 was
extended afterwards, and was lacking the seismic consideration.

Photos. 6 and 7 show the damage of the comparatively new wooden houses having a
reinforced concrete garage in the first story. The first level of wooden structure of
Photo. 6 collapsed completely. In general these houses have less shear wall in front of
the second story, and heavy balconies in the third story.

Photos. 8 and 9 show the damages of the dwellings whose width was very narrow.
This type of buildings have generally very few or no shear walls in front of the building,
A number of dwellings of this type were damaged. This type of damages were also
observed in the buildings having a shop in the first story. Having a large space in the
first story and eccentrically placed shear walls, a number of buildings of this type were
severely damaged.

Photo. 10 shows the damages of the exterior mortar. The lath-mortar has been used
for the exterior in urban area since roughly 40 years ago because of the fire safety. In
many houses, the exterior mortar was peeled off because of the inadequate connection
between the lath-mortar and sheathings.

Photos. 11 and 12 shows a non-damaged three-story house of conventional wooden
post and beam house and a prefabricated house. These buildings designed by the
structural calculation showed in general very few or no damages even in high seismic
area.

(3) Major causes of typical damages

The majority of the collapsed wooden buildings were old houses of post and beam
construction consisting of the clay walls and heavy tile roof with the clay pad.
These buildings having no diagonal braces, or very few if any, had comparatively long
natural period and insufficient lateral resistance to support the mass of the building.
The insufficient reinforcement of the traditional tenon-type joints is also one of the
causes of the collapse. In some old houses, the length of the tenon was not sufficient
and the members were not connected in adequate way.

Some wooden buildings constructed recently also collapsed or were severely damaged.
Most of them were conventional post and beam construction having large openings in
the first story. This design appears often in the dwellings whose width is extremely
narrow or those whose first floor is a shop. As the shear stiffness of the floor
diaphragm of conventional construction is generally low, a large horizontal



displacement occurs in front of the building having very few or no shear walls.

The inadequate application of the diagonal braces is also one of the causes of the
damage of wooden buildings. In most cases, braces were connected to the post and
horizontal members such as a girder and a sill with only few nails, and the posts and
the horizontal members themselves were not connected in an adequate way. These
braces do not work sufficiently not only as tension member but also as compressive
member.

The second story of some wooden buildings having a reinforced concrete garage in the
first story were severely damaged. It is supposed that the first level of the wooden
structure was shaken excessively because of the difference of mass and stiffness
between the reinforced concrete and the wooden structure, however further study
should be done to verify this fact.

Generally speaking, wooden buildings constructed with the North American Wood
Frame Construction Method, prefabricated panel structure, three story wooden
buildings designed by the structural calculation and well designed conventional wooden
post and beam buildings resisted well against the strong earthquake.

Strength of wooden houses and damage grade

One of the main causes of the damage of wooden houses is the lack of the sufficient
shear walls. Therefore, thirty one damaged and undamaged houses were investigated
precisely.

(1) Mass of the building

The mass of the building was obtained from the following weight of elements;

Roof tiles without clay pad (including of rafter and ceiling):  120kg/m?

Roof tiles with clay pad (including of rafter and ceiling): 160kg/m?

Metal roof: 70kg/m?

Slate roof: 70kg/m?

Lath-mortar wall:  90kg/m?

Siding wall:  90kg/m?

Gypsumboard wall: 40kg/m?

Floor: 60kg/m?

The length of eaves was assumed to be 45¢m, and a half of the weight of the wall was
considered for the opening. the live load was assumed to be 60kg/m?.

(2) Shear strength of shear walls

The load-displacement relationship of ty pical shear walls and non-structural walls were
assumed as follows from the experimental results of racking test of wall panels.



Table 1 shear strength of walls (N/m)

Displacement h/500 h/120 h/40
30x90mm brace 588 2352 3920
45x90mm brace 588 2352 4704

Lath-mortar 784 1568 1960
Clay wall 392 980 1078
Gypsumboard wall 686 1666 2646

h: height of wall

The allowable strength(Qy) and the maximum strength(Qu) of the building were
obtained from the sum of the product of the wall length and the load for h/120 and h/40
respectively.

(3) Results

Fig. 4 shows the relationship between the shear wall ratio and the damage grade of
wooden buildings. Here, the shear wall ratio is the ratio of the total effective length of
shear wall(smaller value of total wall length in two directions multiplied by the wall
multiplier prescribed in building code) to the required wall length in building code(1).
It indicates that the buildings which satisfy the shear wall ratio of 1.0 generally show
light damage, and those which do not satisfy the required wall length show
comparatively severe damage.

Figs. 5 and 6 show the relation between the ratio of the allowable load ( load for h/120
displacement) to the weight of building (Qy/M g) and the ultimate load (load for h/40 is
considered as ultimate) to the weight of the building (Qu/Mg) and the damage grade.
Fig 5 shows that the average value of Qy/M g of the buildings whose damage grade was
1 and 2 was approximately 0.2, and those of the damage grade 4 were below 0.2. Fig.6
shows that average value of Qu/Mg of the buildings whose damage grade was 1 or 2
was 0.34, and those of the damage grade 4 was 0.05 to 0.2 except for one. These fact
indicate that the building designed with base shear of 0.2 and having the ultimate base
shear of 0.34 have less possibility to be damaged by the severe earthquakes. In this
study, the effect of small walls, 3D effects, etc. were not included. Father study
should be done on these subjects.
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Photo.1 - Collapsed of wooden houses in Nagata Photo.2 - Houses whose first story collapsed.
ward.

Photo.3 - Collapse of the first story. Photo.4- Collapse of newly constructed house.
The first story was garage and the displacement
of shear wall was eccentric.

Photo.5 - Collapse of the first story. The third Photo.6 - Collapse of the second story. The first
story was added afterwards. story was a garage of reinforced concrete.
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Photo.7 - Damage of the second story. The first Photo.8 - Damage of the first story. No shear walls
story was a garage of reinforced concrete. were placed in front of the house.

Photo.9 - Very narrow house with few shear walls.

Photo.10 - Damage of the exterior mortar.

Photo.11- Three story conventional wooden Photo.12 - Three story prefablicated wooden
house without damage. Well designed houses panel house without damage.
had no or few damages.
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The racking resistance of timber frame walls.

The Racking Resistance of Timber Frame Walls:
Design by Test and Calculation

by Dr D R Griffiths, University of Surrey, UK
Mr C J Mettem, TRADA Technology Ltd, UK

Dr V Enijily, Building Research Establishment, UK
and Mr P J Steer, Consulting Engineer, UK

Abstract

This paper introduces work carried out over many years in the UK, on timber
frame wall design. It explains why the work was necessary for the national
acceptance of timber frame, and demonstrates how knowledge gained is now
helping in considering designs for medium-rise timber frame buildings of up to
six storeys. Alternative design and test methods are considered, and a
justification is given for a top loading test, which leads to an empirically-based
design method. This paper is written in preparation for a UK initiative to find
a suitable design method for racking resistance to limit-state design
principles. The importance of correctly modelling the timber frame behaviour
under load is noted, and short design examples are included.

Introduction

Rapid developments of timber frame in the form of prefabricated platform
frame panels took place in the UK in the 1960’s (Enjily and Mettem, 1996).
Historically, the UK had good experience of the use of timber in building.
Nevertheless, platform frame was a new form, and the building authorities
required it to be fully engineered, even for domestic-scale construction.
Consequently, a design method linked to a new test approach was
developed, and was first published in Code form in 1988 (BSI, 1988) having
been used unofficially in evolving formats for a number of years (Robertson
and Griffiths, 1981). In developing the test and design methods, many
alternatives were considered, in particular a TRADA approach linked to the
ASTM E-72 test. More recently, the test method for timber frame walls has
been updated, as a result of European harmonisation. The new EN 594 test
for racking resistance (BSI, 1996b) has been published, and has caused the
UK code to be updated (BSI 1996a). No changes have been made in the
design approach, but the test section has been replaced by one giving
guidance on test programmes, and on the reduction of results related to the
EN 594 test.

Eurocode 5 (EC5) for the design of timber structures (BSI, 1994) includes a
short section on the design of wall diaphragms. This section is not linked to
the EN 594 test, and thus no guidance is available on how test results should
be reduced for limit-state design. The EC5 method seems to have a
similarity to the ASTM/TRADA method. It greatly oversimplifies a timber
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frame wall. The method has also been shown to contain design
discrepancies, and the UK National Application Document recommends that
it shall not be used.

At present, in the UK, the timber frame industry is slowly recovering the share
of the domestic market which was suddenly lost as a result of competitor
sniping and media hype in 1985. Furthermore, the advantages of
prefabricated timber frame have introduced new markets for commercial,
residential and industrial developments. Initiatives are underway for medium-
rise timber frame buildings, taller than the current commercially constructed
maximum of five storeys, and for tall walls with storey heights of up to 4.8m.
These initiatives both verify the value of the design code, and present it with a
new challenge through the need to increase its scope. Already research has
been carried out for tall wall panels (Enjily and Griffiths, 1995) and a
programme is being considered for medium-rise projects (Mettem et al,
1996).

It is becoming increasingly important that timber frame research and design is
acceptable throughout Europe, and in order to take full advantage of the lead
shown by the UK timber frame industry in recent years, the Department of the
Environment in conjunction with industry has initiated a “Eurodiaphragms”
project. This has the objective of preparing a wall racking design method
which is comprehensive in its coverage, yet simple and most importantly,
acceptable throughout Europe. This method is to be prepared within the
timetable for the revision of Eurocode 5.

General Principles

The general principles underlying the UK design approach to platform frame
wall design are as follows:-

(i)  Only the racking resistance (ability to resist horizontal wind forces in the
plane of the wall panel) is considered in detail in the relevant section of
the design code. Vertical resistance, and horizontal resistance normal
to the wall, is covered by standard design methods given in the general
code.

(i) The racking resistance is assessed for the wall itself, independent of
base fixings and return walls, which may either add or detract from
overall performance. Normally base fixings should be provided to
enable the full wall racking resistance to be achieved.

(i) A working stress approach is employed, such that the design value will
provide an adequate factor of safety against failure (given that the
applied load is short-term), and will ensure that deflections do not
exceed 0.003 times the panel height (h).
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(iv) Within a building, both structurally sheathed and semi-structurally lined
walls may contribute to racking resistance. The factor of safety applied
to linings is increased, and a limitation is placed upon their contribution.
Since the true stiffness of walls is not used, the actual distribution of
load into the timber frame walls of a building cannot be determined, and
three-dimensional effects must be ignored. In general it is adequate to
ensure that for the principal wall directions, the design capacity exceeds
the applied load. If the make-up of the walls means that there is a major
eccentricity between the applied and aggregate resistive forces, the
effect on other walls should be checked.

(v) Brickwork external walls may provide a shielding effect, reducing the
load applied to the timber frame, and may also act in conjunction with a
structural sheathing, to improve racking resistance. In both cases, the
brickwork external and timber internal leaves of the wall must be
adequately connected.

(vi) The design model should reflect as accurately as possible the practical
factors which influence racking resistance and which affect test
performance, and only practical restraints should be included.

(vii) In practice, little time and finance is available to consulting engineers for
racking checks, due to the types of structure being designed, and the
very low occurrence of failures in such structures. It is therefore
necessary to keep the design method simple, even though the problem
is complex, and the structures themselves are extremely variable.

Racking Resistance Tests

The purpose of the racking test should be to provide information on wall
panel strength and stiffness, from which design data can be derived. The
method should be capable of covering full-length walls, where the design
value will be the performance value for the wall, as well as smaller panels
which include all the constituent materials of the walls. In the latter case, the
design values can be used as the basis for an empirical design method,
which should of course be checked by full-length wall tests.

The most significant requirement for such a test is then to model most
accurately the restraints and weakness of the wall or panel in its practical
applications. Where the restraints are variable, such as in the base or
intermediate fixings of wall units, the test can either take an average situation,
or it can take a lower-bound course, and allow strengthening factors to be
built in.

Wall racking test proposals involving both horizontal and vertical loading were
published in the UK as long ago as 1967, (Lantos). However one of the
earliest widely-used wall racking tests was the American ASTM E-72 (ASTM,
1980) procedure. The principle here was to produce pure -racking by
restricting vertical movement. The leading stud of the wall was therefore
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prevented from uplifting by holding-down rods, and as a consequence the
base fixings only carried shear forces. Griffiths (unreported) found that the
forces generated in the holding-down rods were enormous, and much higher
than those identified by applying rules of statical equilibrium to the panel.
This was quite simply due to the fact that the panel did not behave as a rigid
body.

The holding down enabled high resistance values to be achieved, but placed
substantial requirements in actual design conditions upon the panel fixings or
top loading. The E-72 test was also problematic, in that it did not measure
panel stiffness realistically, and this could not easily be covered, due to the
vertical load changing with racking load, and the virtual elimination of vertical
slip in the test set up. This had been recognised in the United States, where
an alternative E-564 test (ASTM, 1976), had been introduced, involving a
zero vertical load procedure.

The UK, unhappy with the E-72 restraints, and after much committee
deliberation, adopted the following principles for the BS test method:-

() the base rail is rigidly fixed to the test rig, such that the racking
resistance is substantially due to the resistance of the cladding fixings in
preventing differential movement of the frame and sheathings or linings.

(i) the rest of the frame and claddings are free to move in the plane of the
panel.

(iii) vertical load is applied to the frame, to increase racking resistance.
(iv) out-of-plane movements are restricted at the top of the panel.

A standard test panel 2.4 m square without openings (see Figure 1) was
devised to incorporate the major points of weakness in most normal forms of
panel /e uplift of sheathings at the connection of the leading stud to the base
rail, and sheathings abutting on a common stud. The principal functions of
the test procedure were to:

() enable stiffness tests to be carried out at different vertical load
conditions, before failing the panel at one vertical load.

(i) to measure stiffness over four cycles to 0.002h deflection and the “panel
set’, ie the non recoverable racking deflection, between stiffness cycles.

(i) to allow prediction of the load carried by the panel at a deflection of
0.003h, based on the lowest load at 0.002h, and modified if necessary
due to unacceptable panel sets. '

(iv) to predict a safe working load, using a factor of safety applied to the
maximum load achieved in the failure test, where the deflection rate was
no more than 3 mm per minute.
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Advice was included in the code on sampling and statistical requirements,
and on the reduction of test results to give either a design value for the wall
as tested, or a single design value for a zero vertical load condition adequate
for both serviceability and strength, noting the UK code to be based on
working stress principles. The latter was for use in design within the range of
vertical loads for which the panels were tested. The test method was
incorporated in the UK timber frame wall code (BSI, 1988).

In 1996, the UK test was replaced by the European EN 594 test. This was
identical to the national test in terms of the principles and the standard test
panel, but different in its procedures. The new method is based on the
standard format for European timber tests, and only allows one vertical load
to be considered for each panel. The new test improves on the UK test, in
that it is quicker, and it ignores the problem of panel set which imposed a
double penalty on weaker sheathings in the UK procedure. However the EN
594 test, being load-based, is more difficult to run, requires a previous
knowledge of the estimated failure load, and does not have a suitable
approach to the determination of panel stiffness. In the latter case, stiffness
is calculated over two cycles, but in setting load limits, the stiffness is seen to
increase significantly in the second cycle, and in weaker panels where
recovery of the panel on unloading is reduced, the increase in stiffness is
amplified, hence a weaker panel records a higher stiffness. The principle
adopted in the EN 594 test would be correct, if the panel were to be
subjected to load reversal. The EN 594 test standard gives no advice on
sampling or use of the test results, and no other Eurocode support document
is available to provide any further advice linking the test method with any
limit-state design approach. However in the UK, the timber frame code has
been adapted (BSI 1996a) to include the new test, and to allow similar
reduction procedures to those of the old BS test.

In summary, both the BS and the European test methods can be reduced by
the UK procedure, to provide either design values for a particular form of
panel, or a lower bound generic design resistance for empirical design
purposes. These design loads or resistances are for working stress design,
and provide both an adequate factor of safety against failure, and a check
that deflections will be limited to 0.003h. To convert to EC5 philosophy, the
methods of reduction would have to be reworked to conform with a limit-state
design approach, and in considering the stabilising effects of vertical load,
would have to take account of the different load factors, v, for favourable and
unfavourable actions.

Further detail on the derivation of data from the UK test methods and on their
development is included in a paper accepted for the International Wood
Engineering Conference in New Orleans in October 1996 (Griffiths and
Wickens, 1996).
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History of Design Methods

Much empirical design based on the ASTM E-72 was reported by Anderson
(1975).  Similar procedures were adopted by TRADA for their design
manuals, early editions of which were prepared in the 1960’s (TRADA 1968).
The method was very simple. A racking resistance determined by test as a
load per metre run of panel, was applied to the aggregate length of full height
panel in a wall to determine its load capacity (see Figure 10). Griffiths (1987)
reported in detail on work carried out in the USA and in the UK, on analytical
methods related to procedures akin to these ASTM-type tests.

These analytical approaches were complex, due to the number of cladding
fixing points in a wall, each of which had a different deformation. The racking
load was related to the sum of the fixing resistances, based on an ASTM-type
deformation model and, normally a linear elastic fixing response. It was felt
that these forms of analysis were too complex for a design method.
Furthermore, they did not cover panel stiffness, and they were unlikely to
model the ASTM test well, unless they took account of the direction of nail
loading and the limited edge- and end-distances required in timber frame
walls.

Griffiths also noted the more refined finite element approaches of Gutkowski
and Castillo, with their WANELS program, and Foschi with his SADT
program. Later, Griffiths adapted the SADT program, and used it to model
the UK top loading test (Griffiths, 1987). He demonstrated the importance of
modelling nail performances parallel and perpendicular to the framing timber,
and in including a failure mechanism for the sheathing material. A plain 2.4m
square panel and a similar sized window panel were modelled reasonably
accurately for different vertical load cases, covering initial stiffness
(deflections up to 5.0mm) and failure (deflections of 40 mm). Further work
was needed to refine the model, but it was considered to be purely a
research exercise, and not suitable for practical design.

Griffiths” own approach to design had developed from earlier work (Robertson
and Griffiths, 1981), and took advantage of the better test information
achieved through improvements to the racking test. The wall length and
opening factors critical to the design method were based on two major test
programmes, covering walls up to 4.8m long.

Work was also being carried out on whole-house behaviour, based on testing
principles.  Griffiths (1987) considered the work of the Cyclone Testing
Station at Townsville, Australia to be very significant. They demonstrated the
importance of internal walls sheathed with plasterboard, even when poorly
fixed, to the overall stiffness and strength of the building. Testing a building
where all the external sheathing is broken due to cyclone damage may not
seem relevant to UK conditions, but the minimal loss of performance caused
by removal of the “structural” component is of great significance. A typical
wall layout tested at Townsville is shown in Figure 2.
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Griffiths’ test work and interpretations were used as the basis for the UK
design code (BSI, 1988), together with work on brickwork shielding and
racking undertaken at the Polytechnic of the South Bank, London, (Procter,
1986). Rules based on experience, dealing with non-structural wall
limitations, were also devised by the Code drafting committee.

More recently in Europe, Eurocode 5 (EC5) on the Design of timber
structures, has been introduced (BSI, 1994). The Code follows limit-state
principles, and includes a short section on the design of vertical diaphragms.
It allows the determination of racking resistance by calculation or by testing of
prototype structures, but it does not link with the European wall racking test
method of EN 594 (BS!, 1996b).

The Eurocode considers only the strength of panels fixed to a base with
holding-down straps on vertical studs, and ignoring vertical load. The latter
provides stiffness and strength data for a panel attached to a base by the
bottom rail only, such that stiffness and strength will be influenced by vertical
load. Kallsner and Lam (1995) have detailed the principles behind the EC5
design method, and have noted the inconsistencies in the text. Kallsner and
Lam include a detailed set of recent references. Their test information is at
odds with that of Griffiths, but this is likely to be due to the very different test
models researched. They also note that the wall diaphragm section is
incompatible with the rest of EC5, in terms of edge- and end-distances of
fixings.

The UK Design Method

The design method for wall racking in BS 5268 Section 6.1 covers the
following functions:

()  The applied wind load on the timber frame structure may be reduced in
one or more principal wall directions by the shielding effect of the brick
outer skin, using the Ko, modification factor (see Figure 3).

(i)  The racking resistance for a cladding on one face of a timber frame wall
is given by:

Fv,d= RbXKmXKWXL

where Ry, is the basic racking resistance
L is the wall length
K are materials modification factors Kig; to Kygs
Kw are wall modification factors Kygs to Kyo7
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(i) The wall is normally considered as a whole, with a reduction in
performance applied for openings. However due to the over-simplicity of
the openings modification factor, it is also acceptable to break the wall
into parts, apply the normal procedures, and sum the parts, if this gives
an improved performance.

(iv) A wall clad on both sides has primary and secondary claddings, whose
contribution can be determined separately. This is of major importance
when the wall has a structural sheathing on one face, and a semi-
structural lining on the other.

(v) Plasterboard is considered as a semi-structural material, except in the
case of party walls, where the thickness of board applied and the greater
care and attention given to nailing, allow it to be considered fully
structural albeit with a much greater factor of safety applied.

(vi) The contribution of semi-structural linings should not exceed 50% of the
capacity of structural sheathings, for any direction of wind load.

(vii) Brick walls in the direction of wind load can contribute to racking
resistance, but performance is limited to 25% of that of the sheathed
wall to which the brickwork is linked. The design is restricted to full wall
height brickwork, and follows the principles for horizontal load
demonstrated in Figure 10.

(viii) A whole building interaction factor, Ko, of 1.1 can be applied to the total
wall racking resistance.  Effectively, this will increase all wall
contributions, however the Code now advises that it is applied to basic
resistance values.

The value of F, 4 for a wall can also be determined directly by test, but should
be restricted to the values of vertical load tested, although interpolation of
results is possible. If a full-scale test should include both sheathing and
lining, great care must be taken in interpreting the results to ensure that in the
whole building design, the required limitations on structural use of linings are
observed.

Basic Racking Resistance

The basic racking resistance, the unique performance value for a
combination of materials, is either a test value, or a tabulated value which is a
lower bound for a group of similar claddings. It is quoted for a fixed
specification of materials, but is given for both primary and secondary use.

The values quoted in the code have been derived from many standard panel
tests, and relate in terms of board thickness to the most common use of the
board type. The boards are grouped into three categories. Category 1
covers the stronger sheathings, Category 2 the weaker sheathings, and
Category 3 the semi-structural linings. The datum values typically will show a
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10 to 20% margin of safety, compared with test results from a full five- panel
test programme. This allows safety in using materials of the minimum quality
permitted in the specification. Limiting the categories and the ranges of the
material modification factors has not been a problem in traditional domestic
construction, and the Code covers adequately the most common board types.

More recently, the system has been seen to give problems relating to
conservatism in dealing with increased board thicknesses, and mid-range
boards. In the latter case, typically, high density insulation boards, low
density medium boards and some non wood-based building boards are
affected. The enormous safety margin imposed on separating wall
construction to allow it to be considered fully structural, can be noted in its
inclusion as a Category 2 material.

Where the datum code resistance values are considered unacceptably
conservative, they can be substituted by values taken from standard panel
tests. Then however, the value is only applicable to the configurations of
materials tested. Separating walls are an exception in this respect.

Materials Modification Factors

The Ky, modification factors are applied only to tabulated R, values to modify
the resistance to that applicable to the configuration of materials in the wall.
These factors have been based on a number of different test programmes.
Essentially K¢, for board thickness, and K, for nail diameter, show the
resistance to be approximately proportional to the area of contact between
the nail and the sheathing within a limited range around the datum condition.

Of significant interest is the spacing factor, Kio3, Where the test results
showed very clearly that improvement was not directly proportional to the
number of fasteners, and was lower than predicted by ASTM and EC5 based
analyses (see Figure 4). It is considered that these analyses often over
simplify the nail loading, and ignore the problem of end distances. Typically
the most heavily stressed fixings in a panel will be those at the windward
edge of the unit attaching the cladding to the base rail. Here the vertical
loading component due to the sheathing rotating, significantly affects the
performance, and the end distance for the fixing is likely to be about 18 mm.
The Kjos factor has recently been reconfirmed in a major test programme
(Enjily and Griffiths, 19986).

Table 1 shows some design resistance values for a typical configuration of
materials. The boards are at their datum thickness, and the nails are at
standard spacing, but the most common nail diameter has been used for the
sheathing, requiring the incorporation of the Ko, factor. The plasterboard
has a set requirement for fixings, which does not allow the use of K02 and
K1os factors. 9.0 mm OSB or 12.0 mm chipboard or 9.0 mm medium board
could be substituted for the plywood. The table demonstrates several
important points, including the limited contribution of the secondary board,
the additional factor of safety applied to the use of plasterboard, and the

10
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more significant problem of coupling two boards of different behavioural
types.

These values are quoted for the datum wall conditions of the standard panel
test.

Wall Modification Factors

The K, wall factors cover the form of the wall, je length L, height h, openings,
and the vertical load. The datum values which give a unity value relate to the
standard test panel ie h = 2.4m L = 2.4m, no openings and zero vertical load.

The height factor (Kio4) in the present code is very limited in scope, and is
based on a simple analysis which is relatively untested. It assumes the
racking to be proportional to the couple resulting from the height and the
horizontal force. More recent work (Enjily and Griffiths 1995) confirms this is
not true, over a wider range of heights, and suggests a different approach to
both height and length modification factors.

The vertical load factor (Kq7) is the only factor which is not independent of
the others. Here the improvement with vertical load decreases with length.
The modification factor can take account of uniformly distributed loading,
equal stud loads, and variations in stud load. It can also be used to
accommodate holding-down ties attached to studs when the short term shear
resistance of the tie fasteners can be considered as an equivalent vertical
load. The vertical load factor was derived in conjunction with the length
factor, from tests on plain wall panels. It was then checked with the test data
obtained for perforated panels containing door and window openings.

In reality, the vertical load performance relates to the quality of the materials.
A strong combination allows full benefit to be gained as vertical load
increases. Weaker combinations are unable to take advantage of the higher
vertical loads, as shown in Figure 5. This does not affect design because the
basic racking resistance value has been reduced in such a way as to be safe
for all vertical loads. Unless otherwise stated, the upper bound will be 5
kN/stud (or its equivalent), which is the normal maximum test loading. It is
sensible for weaker claddings to be tested to a lower maximum vertical load,
in which case the basic racking resistance must be quoted, together with a
limitation on the use of the vertical load factor which relates to the maximum
test loading.

11
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Panel Details

Sheathings:  9.5mm plywood, 3.35mm diameter nails

at 150/300mm centres.
Lining: 12mm plasterboard, 2.87mm diameter nails

at 150/300mm centres.
Framing: Minimum of 38 x 72mm SC3 timber.
Primary sheathing only 1.88kN/m
Primary sheathing + secondary sheathing

1.88+0.94 2.82kN/m
Primary sheathing + secondary lining

1.88 +0.28 2.16kN/m
Primary sheathing only 0.90kN/m
Primary sheathing + secondary lining

0.90 +0.45 1.35kN/m

Table 1 Some examples of wall racking
resistance for zero vertical load and 2.4m wall
lengths only (Note that 3.35mm is not the datum
nail diameter for plywood).
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The length factor is in three parts, as follows:

(i) ForL <2.4h, Kyos = L/2.4; thus for short walls racking performance, Fv.as
is proportional to L which indicates more a beam type interaction, with
the wall acting as a vertical cantilever.

(i) For L > 4.8m K5 = 1.32; thus F,4 is proportional to L, indicating that
shear is the governing factor.

(i) In between, 2.4 < L < 4.8, K;o5 = (L/2.4)%* which is an intermediate case.

The values for Kygs in (i) and (iii) above have been proven by test in two
substantial programmes. (i) is a lower bound estimate, assuming no further
increase in performance for panels longer than 4.8m. It is clear that
resistance will tend to a maximum value for longer panels, assuming the load
to be carried uniformly into the panel along its length by the horizontal
diaphragm. Kigs in (ii) above gives a lower bound value for this resistance
based on the maximum wall length tested.

Figure 8a shows the results of wall tests on plain walls sheathed with either
9.5 mm plywood or 9.0 mm medium density fibreboard, using 3.35 mm
diameter nails at standard 150/300 mm centres on standard framing systems.
The loads are those to produce a deflection of 5 mm, approximately 0.002h.
A number of failure tests were carried out in the programme, which showed
that strength would not be important to design for shorter wall lengths, but
could be critical for longer panels and at higher vertical loads. From these
results, the design equations were derived. Figure 8b shows the plots for the
limiting design conditions of strength, and stiffness, based on a deflection of
0.003h, together with the design line based on the Code modification factors.
The margin of safety again reflects the need to include an allowance for
materials that might be of a lower specification than those tested, although
still within acceptable tolerance.

The test walls were either made up of combinations of smaller units
connected by three M12 bolts across abutting studs, or from one single unit.
In the latter case, the sheathings were linked by joining onto common studs.
The make-up of the wall was seen to have little effect on performance.
Where possible, sheathing widths of 1.2m were used, but in the build up of
0.6m and 1.8m units, a 0.6m sheathing width was necessary. In general, the
use of 0.6m width sheathings did reduce the panel capacity, but the losses
were not significant. These secondary results allowed the design method to
be made independent of panel construction, although it was clear that
performance is improved by using wider boards, and that very narrow boards
should be avoided. Recent unpublished work at the University of Surrey
shows the benefit to racking performance of taping plasterboard type joints,
effectively enhancing the width of the sheathing units.

13



The racking resistance of timber frame walls.
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The opening factor, Kig, is extremely simplistic in format; Kigs = (1-1.3p)2
where p is the aggregate area of openings in a wall divided by the total wall
area. The factor is independent of the size or form of individual openings,
their layout and the direction of load. The code gives limitations on the
distance between openings and on the size of small openings considered not
to affect racking resistance. It also gives recommendations on dealing with
openings closer together than 300 mm.

The factor is based on two major test programmes which covered a very wide
range of openings in walls up to 4.8m long (Girths, 1987). Smaller panels
with openings often contain very narrow widths of full height panels, thus
when a wall is made up of such units there may be few, if any, cladding
boards of even 0.6m width. This will weaken the wall in addition to the
natural effect of the openings, and may be avoided by using larger wall units.
However, this limitation should be included in the derivation of the lower
bound opening factor. Because of the narrow full height parts, perforated
panels when tested usually are governed by their stiffness. Figure 6 shows
how the test results have been reduced to confirm the Ki06 factor. For the
wide range of walls and openings tested (see Figure 7), the effect of the
opening has been calculated by determining the ratio of the perforated wall
performance against that of the same sized plain panel. The results cover
two vertical load conditions and relate to the racking load to produce a 5 mm
deflection. This ratio is plotted against the design value of K05 for the area of
opening, and the correlation of data to the direct relationship between the two
demonstrates the accuracy of the design factor.

The Kygs factor is extremely onerous, and it is possible that a wall can be
found to have a greater performance if it is designed in parts, particularly if
the wall contains either a large length of plain panel, or one with a
significantly large opening (see Figure 9). Recent tests (Enjily and Griffiths,
1995) and the stiffness interpretation of the new test method (BS EN 594,
1996) indicate that the panel opening factor should be reviewed, and a desk
study is currently underway. This may lead to a less onerous factor being
allowable, provided that certain conditions are met, such as the minimum
width of full height sheathings.

Comparison of Design Methods

A brief comparison of the design approaches is given below. Figure 9 shows
a typical wall, and notes how the racking load would be calculated using BS
5268. The modification factors are not evaluated, and must be derived from
the equations given in the code (BSI, 1996a). The racking resistance is
dependent on vertical load, and two means of dealing with the openings are
shown; the higher racking load may be used. Values of racking resistance
will ensure an adequate factor of safety against failure, and will keep
deflections below 0.003 times the panel height. The base fixings should be
capable of resisting the shear load and overturning, and in so doing, if
sensibly spread, will resist the racking load.
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Figure 9 Wall design example using BS 5268
section 6.1.

Zero vertical load Hold down strap (load V)
BS 5268 ASTM

V=35x24

Ry = 1.88kN/m R4= 3.50kN/m = 8.4KN

a) Results on standard test panels.
14.4kN 5.76kN/stud 12.0kN/m
v Yy Soeetoeeem

Rg4= 3.50kN/m Ry4= 3.50kN/m R4= 3.50kN/m

b) BS 5268 test equivalent vertical loads to give
resistance similar to ASTM.

All design values are for 9.5mm plywood nailed with 3.35mm
diameter nails at 150/300mm centres.

Figure 11 Comparison of BS 5268 and
ASTM/TRADA design values for standard test
panels
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ASTM/TRADA resistance, Ry =3.5kN/m
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Openings: 25 % of gross area

Figure 12 Comparison of BS 5268 and
ASTM/TRADA design values for typical wall
panels.
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Figure 10 shows the same wall unit and the design approach, approximately,
for both the ASTM/TRADA method and the EC5 method. For the same
specification of sheathing, where the basic racking resistance in Table 1 was
1.88 kN/m, the ASTM resistance would be 3.50 kN/m (TRADA, 1989). This
design value should provide an adequate factor of safety against failure, but
does not consider deflection. The racking load is independent of vertical
load, and in order that it can be achieved, vertical restraints must be attached
to the windward end of plain panels (i.e. Fiq). The base fixing must resist the
racking force.

In ECS, the design value will be an ultimate limit-state condition. No advice is
given on the racking resistance of the panel; the capacity is determined by
the base fixings and in turn determines the anchorage and compression stud
requirements.

A further comparison of the ASTM/TRADA and BS 5268 design methods is
given in Figure 8. It shows that for plain walls, the ASTM/TRADA design
values will be similar to those for a 5 kN/stud vertical loading. To achieve the
ASTM/TRADA load, an 8.4 kN hold-down must be provided at the windward
end of each length of full-height panel. In a 4.8m long plain wall, this
demonstrates a significant difference between the design methods. In the
ASTM/TRADA case, a single holding down strap motivating 8.4 kN is
required, whereas in the BS 5268 design, to achieve a similar racking load, a
stud load of 5 kN is required on each of the nine studs i.e. a total vertical load
of 45 kN.

This vertical load effect is demonstrated further in Figure 11 on standard test
panels. In part a), the basic racking resistance values are shown with their
vertical loading requirements. In part b), three different top load conditions
are shown, each of which will give a racking resistance equivalent to the
ASTM/TRADA value. The vertical load differences are significant, but it must
be recognised that the BS 5268 design method is also ensuring a maximum
deflection limit, which the ASTM/TRADA method is not doing.

For panels with openings, the design methods are very different in concept,
and make realistic comparison difficult. Three design cases are shown in
Figure 12 to illustrate the effects of openings, panel length and vertical load.
In general, to achieve the same racking performance, twice the vertical load
is required by the BS 5268 design method. However, in all of these
comparisons it must be noted that in practice the BS 5268 performance
values can be increased by 10% to allow for the Kios interaction factor.

17



The racking resistance of timber frame walls.

Summary and Conclusions

The principal wall racking test and design method used in the UK was
developed to meet a need for the structural appraisal of platform frame
housing systems, which when the methods were instigated, represented a
new form of domestic building construction. The limitation of deflection
was significant to the design objectives. A top-loading test was accepted,
after other methods had been seen to mode! inadequately the complex
situation of the real timber frame wall.

A detailed reduction procedure for the test results linked the test basis to
a design method. This entailed the derivation of a single design value,
termed the “basic racking resistance” R, (kN/m). The racking resistance
was used with the total wall length, and with modification factors for
materials and wall form, to evaluate the safe racking capacity of any
practical wall design desired.

The design method was empirically based. However it was by no means
ad hoc. Indeed, it was related to the test performance of nearly two
hundred wall and panel units. |t realistically modelled the timber frame
wall, and its practical restraints, but did not take full account of holding-
down methods or of return walls, although it has been shown in research
projects that these factors can in fact be modelled.

The UK design approach has rules which allow for the combined use of
structural sheathings, and semi-structural linings. These rules preclude
the use of a fundamentally-based three dimensional design method, since
the high stiffness and strength of internal semi-structurally lined walls
must often be ignored.

Although conceived for working stress design, the UK method could, and
probably will be, adapted to a limit-state approach. This will need to look
separately at serviceability and ultimate limit-states. This will in turn
require a comprehensive re-evaluation of the UK test data. There is a
realisation that at present, design values are very much limited by
deflection considerations.

The new EN 594 test reduces the significance of stiffness in design, but at
the same time is fundamentally flawed in its evaluation of this parameter.
Whilst appealing in their design simplicity, the ASTM-based design
methods use an unrealistic test model, and consider only wall strength.
The ECS5 design method concentrates on external forces, and seems not
to consider the racking resistance of the wall itself. Certainly, it does not
cover serviceability design, and is restrictive in its requirements for panel
fixings.
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o Itis becoming increasingly important that both timber frame research, and
the ensuing design methods are acceptable throughout Europe. In order
to take full advantage of the lead shown by the UK timber frame industry,
a “Eurodiaphragms” project has just been initiated. This has the objective
of preparing a wall racking design method which is comprehensive in its
coverage, yet simple. Most importantly, it seeks to establish a basis which
will be acceptable throughout Europe. This method is to be prepared
within the timetable for the revision of Eurocode 5.

o Completed research on the brickwork outer skin in the UK, both as a
contributor to racking resistance, and as a wind shield, could with great
benefit be transferred to a limit-state design approach. This would be a
fairly substantial undertaking. However, the common between-materials
safety format of the Eurocodes would help considerably in such an
endeavour. Developments in medium-rise timber frame construction are
stimulating a desire to investigate such masonry/timber composite action
effects for taller buildings.
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by C J Mettem and G C Pitts, TRADA Technology Ltd
P J Steer, Consulting Engineer and
V Enijily, Building Research Establishment

Introduction

This paper addresses the current status of medium-rise timber frame buildings in the UK, and
describes some significant developments which have been taking place recently. These
have led to a project which involves the full-scale testing of a six-storey prototype, along with
many desk-based, component-based and site-driven ancillary exercises.

Throughout Europe, reduced costs, rapid construction times and high build quality are all
reasons for the growing interest in timber frame for medium-rise construction. In fact,
irrespective of its particular form or size, timber frame can call upon a series of well-
established credentials, including the following:-

o Lightness, giving low erection costs and needing only inexpensive foundations
e Excellent thermal performance
e A dry construction process

e An economical and amenable technique for factory pre-fabrication, providing production
efficiency and environmental benefits, including waste reduction

e A good environmental image for the constituent materials, backed up by demonstrable
whole-life audits

Collectively, these benefits combine to make timber frame an attractive alternative to steel and
concrete construction for a wide range of buildings in the four to eight storey range. It is
ideally suited to many residential, commercial, hotel, office, and leisure applications.
Exploiting the potential of this construction method will give timber frame access to new and
extended markets.

In the last four years, in the UK, some sixteen timber framed structures have already been
built on a commercial basis, at heights of four storeys plus basements, or with five full storeys
in timber. However, there are at present no comprehensive design rules for such buildings,
and correcting this deficiency has been the motive for the Research and Technology
Developments (RTD) which have been initiated, and which are described in this paper.

Feasibility Study

A collaborative Building Research Establishment (BRE) and TRADA Technology Ltd (TTL)
feasibility study, funded jointly with the industry through the DoE Partners in Technology
programme, was commissioned in 1994 to review and summarise the construction
requirements and existing information affecting medium-rise timber framed buildings in the
UK, and to develop proposals for any necessary further research (1).

The partners completed this feasibility study in 1995. The main recommendation was that a
programme of both component testing and also a series of full-scale building tests would be
required. It was recognised that this should lead to the production of a major, nationally
accepted, authoritative Guidance Document on the subject. This would link in turn to codes
and standards expected to be coming into force at the time of completion of the
recommended work, including of course Eurocode 5 and parts of Eurocode 1.



TF2000 Project

Recently, the same partners have embarked upon Stage 1 of a full-scale project, entitled
Timber Frame 2000 (TF 2000). This is intended to fulfil the aims recommended in the
feasibility study, namely to generate authoritative guidance, which will ensure a uniform design
approach, and encourage “pest practice” procedures. All the best design features and
fabrication techniques for medium-rise timber frame will be investigated and developed
throughout the project. This will entail, amongst other things, designing, constructing and testing
a full-scale six-storey test building at the BRE Cardington facility. Figure 1 shows indicative
sections, and a plan of the six-storey test building, as conceived at present. The principles of this
are discussed in later sections of this paper. However, it should be noted that developments are

still occurring in the research programme, and that therefore details of the building itself may
change.
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Whilst the main purpose of the TF 2000 initiative is obviously to derive a basis for timber frame
buildings over four storeys in height, there will clearly be considerable spin-off in a number of

areas relevant to all timber frame buildings. This is also regarded as of great importance by the
whole industry, and by government.
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Primary Issues

As mentioned above, the project TF 2000 is funded through the DoE “Partners in
Technology”. programme. Such projects are only partially supported from public funds, and
new proposals are bid for competitively by all sectors of the building industry. These
proposals are reviewed independently and very critically, in order to ensure that they reflect
real industry needs. TF 2000 is in fact the largest joint- venture RTD project ever embarked
upon by the UK timber frame industry. Two leading English companies, and two equally
leading Scottish firms, have been central not only to the technical efforts, but also to a major
share of the fund raising, and recruitment of further partners.

Because of this highly competitive element within the project, primary issues were carefully
reviewed by both Management and Technical Committees, before deciding upon the design
and specification of the test building, and before choosing the core items for the RTD
programme in Stage 2. A formal construction management tool, known as SMART Analysis
(2), was employed, to clarify the complex choices. This used a consensus approach,
incorporating the views of all of the “stakeholders”, in arriving at the key decisions.

Market demand, certainty of success, affordability, and Regulatory acceptance were seen as
the main commercial factors, whilst choice of cladding, key construction techniques, and
those aspects relating to what Eurocode 5 describes as “mechanical resistance, serviceability
and durability” were major technical factors. Building performance requirements, such as
thermal and sound insulation, and satisfactory reaction to moisture and temperature effects,
were also of course technically very important. Finally, resistance to fire was recognised as
another primary requirement, and this was related to a changing Regulatory perception within
the UK, which is briefly amplified upon in the subsequent section of this paper entitled
“Regulatory Acceptance”.

In summary, therefore, the issues of primary concern affecting the decisions relating to the
prototype were as follows:-

¢ Market-related aspects

¢ Regulatory acceptance

¢ Key constructional choices

¢ Cladding

¢ Mechanical resistance

« Serviceability

¢ Building performance

o Fire engineering

It can be understood from the above explanation of the aims, and of the industry-led
motivations for the project, that the market-related aspects were of paramount importance. It
would be improper however to attempt to deal with these more fully, in a technical paper of
this nature. Suffice it to say that both the choice of a six-storey prototype, and the decision to

use a single, half-brick-thick leaf of cladding, now regarded as “conventional” for timber frame
in the UK, (3), were both taken on hard-headed commercial grounds.



Regulatory Acceptance

In order to understand the importance attached to “Regulatory Acceptance”, it is necessary to
appreciate some of the important, and in the main “deregulatory”, changes that have been
occurring in the UK in recent years. Whilst these will of necessity be strictly of national
relevance only, they may well parallel similar changes elsewhere in Europe. Particularly
important are the features relating to fire safety, working practices, and to resistance to
accidental damage.

Fire Safety

Improvements in the “England and Wales” Building Regulations with regard to fire safety,
mean that timber framed buildings of more than three storeys are now fully permitted, rather
than requiring special waivers. The alterations, which occurred in 1991, removed most of the
prescriptive limitations on the use of combustible materials. There is now effectively no height
limit in the Regulations for timber framed buildings, provided that the relevant fire resistance
performance can be demonstrated.

This situation allows, for example, timber framed buildings of up to 20.0 metres to top floor
level to be constructed with components framed in timber, provided that they have a fire
resistance of at least 60 minutes. Timber floors and walls with this degree of fire resistance
have for long been a well-established fact of life for the timber frame industry, and can easily
be achieved.

Scotland

The regulatory changes with respect to England and Wales also bring prospects of influencing
future editions of the Building Standards for Scotland. These are at present more restrictive in
terms of fire safety than the Regulations for England and Wales, even though timber frame is
a highly preferred method of construction in Scotland, where climatic conditions are more
comparable with those in parts of Scandinavia. The Scottish timber frame industry therefore
sees this RTD as especially significant, since it is a means of demonstrating that adequate fire
safety can be provided, as well as achieving all the essential requirements for mechanical
resistance, serviceability and durability. Obtaining greater harmonisation between the various
UK regulations is therefore another important goal for all concerned.

Working Practices

New Health and Safety at Work requirements are affecting timber frame design generally, as
well as influencing this project in particular. Traditional 3.6 metre long “two-man lift" wall
panels are no longer acceptable. Very small companies or projects may use short panels, or
more manpower, but in general, crane erection is now planned in, at the design stage.
Encouragement of the use of large, crane-erected panels also reflects the desire to achieve
greater factory prefabrication, which is linked in turn to the aim of quality in off-site
manufacture.

Perhaps less surprisingly if it is thought about, the size and extent of prefabricated units,
including both wall and floor panels, has a considerable bearing upon the achievement of
details which are satisfactory in resisting accidental damage, as well as relating to a number of
other points concerning “whole-building performance”.



Accidental Damage

Ever since the notorious collapse of the Ronan Point building, there have been strict
regulatory requirements throughout the UK, with respect to resistance to accidental damage.
In more recent years, robust buildings have been required to provide protection for both the
occupants, and for those in the surrounding vicinity, in the face of various forms of event,
sometimes of a sinister nature.

There are design requirements relating to Accidental Damage for all forms of building covered
by both of the main sets of UK Building Regulations, which are more prescriptive than those
given in general codes, such as Eurocode 5 Clause 2.1 P(2). At five storeys or more {(and this
is an important distinction), in addition to the normal vertical and lateral resistance
calculations, the designer is obliged to provide formal calculations, following a choice of
several alternative assumption philosophies, proving that the structure will remain stable, and
will not experience “Disproportionate Collapse” in the event of an accident. The Regulations
are couched in such a manner that the nature of the “accident” itself is undefined.

The Feasibility Report included a review of both the Regulatory requirements for resistance to
“Disproportionate Collapse”, and also of the design assumptions, construction methods and
details which are currently employed in medium-rise timber frame, in order to satisfy such
requirements in the UK. The report concluded that these are in general satisfactory, but that it
is an example of one of the areas in which nationally accepted, harmonised design guidance
would be beneficial.

Low-rise experience (4), as well as assessments on completed medium-rise schemes, and
feasibility studies on buildings of six to eight storeys, all suggest that adequate robustness is
achievable, without major alterations to the engineering basics. Bridging and tying solutions
are expected to be adopted, using effectively “modified platform frame construction”.
Connections between prefabricated units, and amongst the various structural diaphragms, will
be required to be more positively “engineered” than is the case in low-rise timber frame
buildings. Recent work on defining more formally the resistance of “timber engineering
hardware” (5) will pay dividends in this respect.

Thought has already been given to performance requirements in relation to the extent of walls
notionally removed in the face of "Accidental Actions”. The safety format of the Eurocodes, in
formally recognising such actions as being associated with factors different from normal
design, is undoubtedly one of the major areas of improvement, in comparison with older
national codes. In ENV Eurocode 5 Part 1-1 for example, the design values of accidental
actions are defined formally in Table 2.3.2.2 and its associated clauses.

Stabilising the brick cladding may prove something of a challenge. Although it is easy to
demonstrate that the timber structure itself remains stable in the event of an accident in which
all of the bricks are removed, danger to persons external to the structure should be
considered by conscientious designers, if not by Regulations. It is believed however that
protection can be achieved by a combination of local reinforcement within the brickwork,
together with the normal tying arrangements which are required for other purposes.



Key Constructional Choices

Four broad categories of structural form are recognised (3) as having potential for the general
design of modern timber framed buildings of the type required for dwellings, commercial uses,
and the other classes of occupancy considered here. These are shown in Figures 2,3,4 and 5
and are as follows:-

o Platform frame (sub-divided into three types)
¢ Balloon frame
e Post and beam

¢ Volumetric construction

Platform Frame

Platform frame construction consists of floor to ceiling height stud wall panels with
intermediate floors sitting on top of these as a platform. One of its major advantages is ease
of erection. Platform frame is likely to be the selected option for the TF 2000 prototype; a
choice which can be understood in the light of the commercial decision-making process
described above. Platform frame construction has a long and successful record in the UK,
extending back at least seventy years (6). It is also the most common “light framing” timber
system world-wide. The system has been used for all of the UK five storey buildings which
have been constructed to date.

Differential movements in the face of potential moisture content changes have been
recognised as a challenge with this system. Aggregated sections of cross-grained timber,
summing up all of the joist depths and other transverse sections, become quite considerable
as the number of storeys increases. Working against shrinkage in the timber may be the
swelling effects of the types of clay brick commonly used for timber frame cladding in the UK.
Proposed solutions for the prototype include the use of precision kiln-dried timber, taken to a
target moisture content corresponding to Service Class 1 in Eurocode 5.

Figures 2a, 2b and 2c illustrate successive degrees of panelisation and of factory
prefabrication, within the range of platform frame options. For the reasons explained above
under the heading Working Practices, large, crane-erected panels as shown in Figure 2c will
prevail, both in future commercial practices, and hence in the prototype building.

Balloon Frame

Prefabricated balloon frame construction is shown in principle in Figure 3. This method was
the basis for most of the mediaeval timber frame construction throughout north western
Europe, with green temperate hardwoods such as oak being the normal choice of timber (7).
Prefabricated softwood frames in North America were introduced by European settlers, using
similar techniques.

The modern version entails stud panel systems of a broadly similar form to platform frame, but
with walls of two or more storeys in height. Intermediate floors can be hung internally off the
walls, thus obviating some of the difficulties mentioned above in relation to differential
movement. Panel heights have until recently been limited both by available timber lengths,
and also by perceived transport limitations. It is quite possible that with the growing
awareness of the advantages of Structural Timber Composites (STCs) (8), together with the
changing attitudes to large factory-made units mentioned above, there could be a revival of
interest in balloon frame construction.



Post and beam

Post and beam is another traditional form of long standing, Figure 4. Its use for medium-rise
construction with large section solid timber, or even with glulam, would probably not be viable,
for a combination of economic and technical reasons. However, post and beam construction
using modern materials, including STCs, might become a preferred option where clear spans
are desired, for example in medium-rise office accommodation. Lengths of up to 24 metres in
laminated veneer lumber (LVL), parallel strand lumber (PSL) and similar STCs are readily
available. As well as being obtainable in large sizes, these materials have the additional
merits of being of high strength and stiffness; “ultra-dry”; of great dimensional precision, and
of demonstrable environmental merit.

Figure 2 a Figure2 b Figure2 ¢

Figure 3 Figure 4 Figure 5

Volumetric Construction

Volumetric construction, Figure 5, represents the maximum added value form of system which
can be completed in the factory. Internal finishes, glazing, doors and services can all be fitted,
before transporting to site. This method has been used in the UK with considerable success
for timber framed construction of up to four storeys. lts main applications have been those
where very standardised layout requirements exist, such as hotel extensions, motels, nursing
homes and student accommodation. Whilst appealing because of the concept of increased
factory prefabrication, along with quality improvement prospects, volumetric construction
tends to place too much restriction upon floor layouts for flats and houses. It is also less
attractive than the alternatives mentioned here, in relation to differential movement.



Mechanical Resistance and Structural Serviceability

Apart from the specific requirements of being capable of resisting “Accidental Events”, as
described above in the Section headed Regulatory Acceptance, three principal
classifications of required “mechanical resistance” exist, each of which can be related to
sections of Eurocode 5. In addition, there are a number of Serviceability requirements, which
for the purposes of brevity in this paper can all be summarised under a single heading. The
three design performance requirements related to ultimate limit states are “loss of equilibrium
of the structure or any part of it, considered as a rigid body” (Clause 2.2.1.1 (4)), conveniently
taken as “Overall Stability”, and “failure by excessive deformation, rupture, or loss of stability
of the structure or any part of it” ( same Clause, second paragraph), conveniently covered in
the main by the two UK Building Regulations items “Elemental Resistance to Horizontal
Forces” and “Normal Vertical Load-Carrying Capacity”.

Overall Stability

This is dependent primarily upon the building’s plan aspect ratio (*footprint”) in relation to its
total mass. It is also a function of the technology that can be harnessed to mobilise any
necessary anchorages. In general terms, the latter may be based upon existing solutions for
timber structures, and therefore simply becomes a question of cost and buildability. All of the
available options for structural forms descrived above can achieve the required overall
stability, provided that they have appropriate building “footprints” that permit the desired
architectural layouts.

In relation to the preliminary designs for the six-storey TF 2000 test building, calculations have
been made concerning overall stability. Two wind loading codes have been compared. The
first is BS CP3 Chapter V Part 2, a code regarded by the authorities as obsolescent, but still
prevailingly that used in the UK for all building structures, and with all materials. The second
wind code used has been BS 6399 Part 2, a document frequently giving rise to higher loadings
than the former, for the types of structure considered here. In either case, six storey (and
even higher) timber framed buildings of “sensible” footprints can be shown to have more than
adequate factors of safety against gross overturning.

Elemental resistance to horizontal forces

The ability of a wall panel to resist horizontal forces in the plane of the panel is generally
termed “racking resistance”. Manufactured sheets and boards used as bracing are called
“sheathing”.

Since wind forces increase with building height, the sheathing requirements for medium-rise
timber frame obviously become more onerous, compared with those for low-rise buildings.
For example, thicker sheathing, more layers, and/or closer nailing of the sheathing are likely to
be required, In addition, internal walls and compartment walls are often required to be treated
as structural diaphragms. The engineer is also likely to wish to take into account the
contribution to horizontal resistance and local stability which can be provided by gypsum board
or similar linings.

The British Standard code, BS 5268 Part 6 ‘Code of practice for timber frame walls’ makes
provision for all of the aspects just mentioned. Eurocode 5 Part 1-1 on the other hand, has
been found deficient in this respect more than any other, by British trial designers. The use of
the Clauses under 5.4.3 “Wall Diaphragms” is expressly excluded in the UK National
Application Document, and collaborative research, intended to be applicable to timber frame
constructions of all heights, is in hand.



BS 5268 Part 6 provides tabulated values of what are termed “basic racking resistances”.
These are based upon tests, using fully sheathed panel walls 2.4 m square, together with
generic framing and sheathing materials. The tabulated values take account of load duration
effects, and thus are useable directly as design resistances, in association with unfactored
loads. The values are based upon zero vertical load.

To illustrate the approach used in the design of a typical medium-rise structure, consider the
values given in Table 1 of this paper. Let it be assumed that the designer is seeking to
establish a design resistance greater than 4.6 kN per metre run of diaphragm wall, a typical
figure for a six-storey building. Then the thought process follows the steps shown in the table.
At Stage 1, a basic resistance of 1.96 kN/m is found, using standard values for the generic
sheathing materials, in this case 9.0 mm OSB plus 12.5 mm gypsum plasterboard. Stage 2
seeks improved values from larger diameter fasteners at closer centres. Finally, Stage 3
takes advantage of geometrical factors and the contribution of vertical loads (what Eurocode 5
would term “design effects of stabilising actions”). It can be seen that by reaching Stage 3, a
more than adequate resistance is provided. Without each of the stages however, nowhere
near sufficient resistance could be achieved.

Table 1 Stages in determining racking resistance for a sheathed timber frame wall in a typical
six-storey building design

Stage Construction Design Resistance
kN/m
1 9.0 mm OSB + 12.5 mm 1.96

gypsum board

2 3.35 dia nails at 75 mm c/c 3.14

3 top load & panel length factors 5.38

The decision to use brick cladding on the test building was taken on the grounds of market
demand, as explained above, under “Primary Issues”. Figure 6 shows a typical section
through a brick-clad, timber frame wall, in accordance with well established British practice.

BS 5268 Part 6 provides a method whereby the racking resistance of timber frame walls may
be increased to take account of the contribution of masonry cladding, provided that certain
conditions are observed. The research upon which this is based was conducted on single
storey test walls and upon computer modelling of low-rise building configurations. Design
recommendations have subsequently been extrapolated to cover constructions of up to four
storeys. At present therefore, there is no basis to extend the concept to medium-rise timber
frame construction. Economy of design is likely to be achievable, when research is
completed. Whole-building testing, as described later in this paper, will contribute to the
knowledge in this field, although it is recognised that other forms of research are also likely to
be necessary.

As mentioned above, a number of five-storey real projects have already been built in the UK,
and design studies such as those alluded to in connection with Table 1 have been carried out
on both these, and taller schemes, including the TF 2000 prototype. These suggest that
elemental resistance using the existing concepts of panellised factory pre-fabricated timber
wall framing, is achievable with, at the most, improvements and enhancements upon the
existing technology, rather than demanding revolutionary changes.
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Figure 6 Typical Section, Brick-Clad External Timber Frame Wall

Normal vertical load-carrying capacity

Feasibility design studies on the test building, together with design work and checking on
existing constructions of up to five storeys, have both shown that normal vertical load-carrying
capacity can readily be assured. Wind loading affects the design of vertical elements such as
studs, as well as influencing horizontal action effects, of course.

As mentioned above, there have recently been difficulties expressed by sectors of the British
profession, including those concerned with timber structures, over the implementation of a
new national wind loading code. This follows a philosophy closer to that being proposed in the
drafts of the Eurocode 1 Part 2.4 ‘Wind loads’ rather than that of CP 3 Chapter V Part 2.
Preliminary calibration studies have shown however that the national changes are more
onerous than the European proposals. In any event, it has also been shown that there are
clear benefits in the use of Eurocode 5 Part 1-1, together with its NAD, as opposed to BS
5268 Part 2.

Advantage may be taken of this in completing the design calculations for the test building. It is
desired to construct wherever possible with generic, and very “industry standard” materials.
The motives for this are associated with the market and commercially-driven aims explained
above. There are a number of instances where Strength class C16 (BS EN 338) timber can
be used in acceptable sizes, and at logical centres, provided that the design is in accordance
with Eurocode 5 Part 1-1.

Serviceability

In 1992, an approach to the control of static deflections in timber structures was published in
the CIB W18 proceedings (9). This proposed a basis more similar to the principles of
Eurocode 1 Part 1 ‘Basis of Design’ than the application rules provided in ENV Eurocode 5
Part 1-1. The paper generated considerable interest in the UK, and led to further studies of
Eurocode 1. A research project was also carried out in which actual measurements of static
deflections were made in real timber buildings, and the various criteria for static deflection
limitations were examined. This led to the publication of a technical Information Sheet on the
subject (10).
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Principles broadly as recommended to CIB W18 and as explained in the information note are
being adopted in trial designs to Eurocode 5, and in developing comments for future versions.
These same principles will be assessed in relation to the six-storey test building calculations,
and compared with measurements. Vibrational performance of timber floors will also be
checked, as mentioned in the following section of this paper.

Dynamic Testing, and other Measurements

BRE have well-established dynamic testing procedures for whole buildings, and have
published results on some sixteen buildings of eight to forty-six storeys in height (11).

Similar techniques will be used on the six-storey timber frame test building. Testing will
include structural assessments of the dynamic stiffness of the whole building before and after
constructing the cladding and at various other phases of construction. Measured damping will
be assessed from forced vibration tests, and a comparative numerical model will be
developed.

Floor vibration measurements and acoustical tests will be undertaken. In addition, there will
be tests involving the removal of critical parts of the structure, to simulate accidental damage
and to prove that there is no risk whatever of disproportionate collapse. Finally “real fire”
testing will be undertaken on major compartments within the structure.

Greater consideration of optional (non-regulatory) customer needs is drawing attention to the
desirability of achieving excellent acoustical performance, both within and between the timber
frame compartments, and in terms of the total building. High performance sound insulation is
offered by a number of existing timber floor and wall solutions. The project will be examining
how the “whole” structure and envelope performs. Vertical flanking sound transmission
across a number of flats or apartments is of special interest in this respect.

It is anticipated that the six storey test building will incorporate a lift and services. It will also
be fitted throughout with windows and doors. Those parts of the building to be tested for
aspects such as acoustical performance and fire will be fully finished internally.  The
dimensional accuracy of all of the components and of the complete assembly will be
monitored throughout the two-year test programme. Relative dimensional changes will also
be continuously measured.

Conclusions

Innovation

The TF 2000 project will undoubtedly be innovative. Amongst the

large number of items in the RTD and information-generation programme for the project, the

list of “firsts” includes the following:

* The first full-scale prototype timber frame building of six storeys to have been tested as a
complete structure

e The first timber structure of such height in Europe to be fully assessed as satisfying the
requirements of ENVs Eurocode 5 Part 1-1 and Eurocode 1 Part 1

* A structure having compartment floors and fire resistant shafts constructed from so-called
‘combustible” materials, and tested by means of “real” fires

¢ A unique test bed for many serviceability design enhancements - improved acoustical and
vibrational performance, as well as measured stiffness under dynamic loading regimes

11



Impact

On completion of the full-scale test programme, authoritative guidance will be published to
encourage the safe, efficient and economic production of medium-rise timber frame buildings.
This aligns directly with national policy. Well thought-out and co-ordinated research and
innovation strategies for timber have been developed recently in the UK. These recognise
that research must have impact, and create beneficial changes. Such impacts may be:

¢ Innovation - Turning research to commercial and social benefit through new products and
processes, or through development of codes of practice and regulations

» Competitiveness and profitability - Gaining market share through innovation

o Environment and Quality of Life - Improved quality of life, and health and safety

It is also stressed that research impact will not occur without:

¢ Knowledge transfer

Clearly substantial impact in all four of these areas will start to occur, even before the project
TF 2000 is completed.

Competitiveness

The timber frame industry in the whole of the UK is convinced that its clients will appreciate
the excellent energy efficiency, high comfort levels, and competitive build costs of taller timber
frame buildings. The importance of this project and the positive publicity that it will attract, will
ensure the highest possible levels of interest in the businesses of all of the participants. Fully
developed solutions, proven construction methods and harmonised design guidance will give
timber frame access to new and extended markets, whose value has already been calculated.
There is also a growing overseas market for factory-engineered timber building solutions, and
considerable export potential is foreseen.
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NATURAL FREQUENCY PREDICTION FOR TIMBER FLOORS

R J Bainbridge and C J Mettem,
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Abstract

This paper describes research concerning vibrational performance of timber floors,
both domestic and non-domestic, as a component of serviceability limit state design.
The paper concludes with a simplified method for natural frequency prediction based
- on the method presented in Eurocode 5 Part 1.1 (BS DD ENV 1995-1-1:1994) and

modified in line with research findings. The paper also describes future items for
investigation in this field.



1.0

2.0

introduction

This paper describes research concerning the vibrational performance of timber floors, both
domestic and non-domestic, as a component of serviceability fimit state design. An overall
aim of the research is to produce design guidance on the subject.

The serviceability limit state design method for timber floors given in Eurocode 5 (EC5) [1]
requires consideration of the vibrational response with respect to dynamic parameters.
Currently, the UK NAD to EC5 contains an alternative method based on a static deflection limit
consistent with the current BS 5268: Part 2 [2] design method. It is believed that consideration
of a static deflection alone may not be sufficient to ensure adequate vibrational performance,
especially in non-domestic applications, and that simplified design equations applicable to UK
Floors are required.

This paper details one aspect of this work; namely a method for natural frequency prediction
based upon the method presented in EC5, modified in line with research findings to date. The
paper aiso describes other work carried out to date and future items for investigation.

Code Basis

Eurocode 1 Part 1 “Basis of Design” [3] is intended to be used with all of the design
Eurocodes (ENVs 1992 to 1999). As a serviceability limit state which may require
consideration, it includes vibrations which cause discomfort to people, damage to the structure
or to the materials it supports, or which limit its functional effectiveness.

It is nowadays considered important that designers should take steps to ensure the good
vibrational performance of timber floors. In most modern timber codes of practice, checks are
included as one of a series of serviceability criteria. In a number of instances in the UK,
timber floors have been found to vibrate in an unacceptable manner, even whilst complying
with static design requirements.

Eurocode 5 states, as a principle, that:

“4.4.1P(1) It shall be ensured that the actions which are anticipated to occur often do
not cause vibrations that can impair the function of the structure or cause
unacceptable discomfort to users.”

It also states that floor vibration levels should be estimated by measurements, or by
calculation, taking into account the expected stiffness of the floor, and the modal damping
ratio. Competent practising structural engineers have no difficulty in estimating the stiffness of
a floor, parallel to the direction of the joists, when carrying out a static design check. For such
purposes, very simple methods are normally employed, and it is seldom considered
necessary, or worthwhile, to allow for effects such as plate action, or the contribution of the
flooring and ceiling to the sectional stiffness.

Such simplified methods do not readily lend themselves to making an estimate of the stiffness
of the floor transverse to the direction of the joists. In this direction, system effects, and the
detailed nature of the floor construction, play a considerable role in influencing the response of
the floor to dynamic loading.

There are other difficulties for those familiar with routine static design calculations for floors,
but less familiar with the methods required for dynamic design checks. These arise because
several new structural parameters and construction-related properties are introduced.
Whereas, for example, location and magnitude of maximum deflection can fully describe static
serviceability performance, vibrational performance can be described through an array of
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parameters (natural frequencies, damping, amplitude, velocity, acceleration etc.) all of which
quantify a certain aspect of the complex vibrational response.

When dynamic behaviour of the floor is taken into account, it is found in many cases that the
sizes of joists are determined by calculations related to vibration, rather than to strength or
static deflection. Itis therefore very important to use a design method for vibrational response
which produces close approximations (bearing in mind the necessity for simplified equations),
and to make a reliable assessment of the design parameters required.

The Frequency Prediction Method in Eurocode 5:Part 1.1
The Eurocode 5 application rules are currently limited in their range to “residential floors”
fuifilling the following criteria:
1. Having a fundamental frequency greater than 8 Hz; Clause 4.4.3(1)
states that for residential floors with a fundamental frequency <8 Hz a

special investigation should be made.

2. Rectangular floors simply supported on all four edges.
Clause 4.4.3(4) states “For a rectangular floor £ x b simply supported along all four edges

and with timber beams having a span £ the fundamental frequency f, may approximately be
calculated as

|,

f = (4.4.3¢c)
] 2V m
Where
m mass per unit area (kg/mz)
/ floor span (m)
(El) equivalent plate bending stiffness of the floor about an axis perpendicular to
‘ beam direction (Nm?*/m)”

The method in EC5 stems from an extensive programme of research into vibrational
performance of floors undertaken at Chalmers University of Technology in Sweden [4, 5]

This equation is also known as the Equivalent Beam Method (EBM) for natural frequency
estimation and avoids the complex equations of dynamic physics which although covered in
scientific texts [6, 7], are too complex for inclusion in general use design codes.

As the equation considers a floor to be a series of beams with connected flanges, it is
therefore necessary to quantify the extent to which a bay of a floor behaves as, in the case
where there is no ceiling, a ‘T' beam. By manipulation of test data [8] a value of 1.2 has been
derived as an appropriate factor to be applied to the joist stiffness to account for deck action,
ie.

(E) ~12E] x 1000/s

{

Where E; = Mean modulus of Elasticity of the joist (N/m?)
I = Second moment of the area of the joist (m*
S = Joist spacing {(mm)
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The UK National Application Document (NAD) to EC5 provides the following alternative
recommendation to the residential floors Application Rule of the code:

“f) Clause 4.4.3

For Type 1 residential UK timber floors, as defined in Table 1 of BS 6399 Part 1, which are
primarily supported on two sides only and do not have significant transverse stiffness, it is
sufficient to check that the total instantaneous deflection of the floor joists under load does not
exceed 14 mm or L/333, whichever is the lesser.”

In many instances, for commonly occurring domestic floors, this effectively excuses the
designer from checking more rigorously against the EC5 principle (4.4.1 P(1)) which has been
previously stated and which is quoted from the Eurocode. However, it remains unproven
whether or not, in fact, the procedure of checking that the total instantaneous deflection of the
joists under load does not exceed 14 mm or L/333 is a sufficient step to ensure that the
actions which are anticipated to occur often do not cause vibrations that can impair the
function of the structure or cause unacceptable discomfort to the users.

Furthermore, the NAD simplification provides no help for those designing floors for
applications other than Type | residential. Clearly, timber floors in buildings other than single
occupancy dwellings are of considerable economic importance, and consequently it is also
important to ensure their vibrational serviceability.

Floor Tests

A series of floor tests were carried out on large domestic and non-domestic timber floor
designs.

Four main floor configurations were tested under this research programme:

A 4.8 mx 4.8 m, C24 whitewood joist floor;
B. 4.8 m x 7.2 m, C24 whitewood joist floor:
C. 4.8 mx 4.8 m, Kerto LVL joist floor;
D. 7.2 m x 4.8 m, Kerto LVL joist floor.

These floor types varied between tests with respect to the following parameters:

joist spacing;
imposed design load and corresponding deck material;
number of sides supported:;

the presence of strutting employed in line with current guidance, versus the absence
of strutting.

HwOD -

Figure 1 shows one of the floors during testing.



Figure 1 7.2m Span LVL Test Floor

In order to assess dynamic performance, a discrete impulse was induced on each floor. This
was achieved by dropping a sand bag, of mass 3 kg, suspended at a height of 1000 mm from
an overhead crane, independent of the floor, onto a 200 mm diameter aluminium transfer plate
placed in the centre of the floor as shown in Figure 2. Heel drop test and static deflection
tests were also carried out [9].

Accelerometers Impulse Transfer Plate

Test Floox

Data

Aquisition g S—
Unit \
Laptop PC
Figure 2 Schematic Representation of Test Equipment

The response was recorded by accelerometers fixed to the deck and relayed to a laptop PC
with dedicated software via a data acquisition unit. The software then manipulated the raw
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data and displayed the response in terms of a frequency spectrum, with peaks at the natural
frequencies (See Figure 3).

5.0

r"“",—.’" L.} _“'“.‘-“"\_‘*'*:‘\,—~','%«,m‘?f{“-.f';m.-'\"‘r"‘?"j. ’;"".\‘”".'A‘.“'-*‘r«-’t‘\“r—'-;-'w»—:"','"*\'}..A,xlf”\b"?"Tw.'\—”.-»’"‘:"':“T"*”."~'--—».~"\-.~“ﬁwf‘*--“r'-'r~’-
50 100 150 200 Frequency (Hz)
Figure 3 Example frequency spectrum produced from a bag drop test

Comparison of Test Results and Predicted Frequency

The results of these floor tests and the data presented in other reports [5, 9-15] are compared
to the theoretical values obtained using the EBM method in Figure 4. It is emphasised that
these data represented generic floor construction of the type described here as “typical UK
practice”. Sets were examined from North America, Scandinavia, and New Zealand, hence
these comparisons do not relate just to British practice.

30
- 25 |
N
=
> .
% 20 —ldeal Prediction
=]
g 15 L .
o o Oh o O g EBM Predicted Frequency
- oo o (Hz)
g 10 = % '
k) ] 0 Qoo
g oo
a 5.
0
0 5 10 15 20 25 30
Measured Frequency (Hz)
Figure 4 Comparison of EBM predictors and measured values.

The trend shown in these results, i.e. the measured results being noticeably higher than those
obtained using the Equivalent Beam Method (EBM), is also in agreement with the findings of
research carried out on floors constructed using other materials, including concrete [16].
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Predicted Frequency (Hz)

7.0

Conclusion

As shown in Figure 4, the measured frequency results are consistently higher than predicted
values by approximately 50%. Therefore, the suggested modification to the frequency
prediction method is as follows:

3n |(ED,
fl = F E—
14 m

where (El), =1.2E] x 1000/s

Predictions using this method are compared to measured results in Figure 5.

30

25

20

—— Ideal Prediction
15 |
¢ Predicted Frequency

(Hz) ‘

10 s

0 10 20 30

Measured Frequency (Hz)

Figure 5 Comparison of Suggested method and Measured Values

Further Work

As dynamic design methods for timber are an aspect not covered by BS 5268: Part 2, it is

likely that designs to EC5 will highlight the importance of this subject.

The prediction of natural frequency forms one of three aspects in the EC5 design method.
The issue of unit deflection and response velocity detailed in EC5 have also been

incorporated in the research project.

The scope for further investigation in this area is enormous. Some of the many items needing

further future investigation include:

e The vibrational performance under periodic excitation (e.g. walking) and design methods to

account for the effects of this

Vibrational performance of engineered timber floor systems

Further testing to prove/fine tune the suggested method for real floors
Survey projects to prove/fine tune design limits employed

these (e.g. proprietary strutting systems, composite joints/box beams, etc.)
* Effectiveness of remedial measures for floors with poor vibrational performance

Investigation of responses of individual components and the variables associated with
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INTRODUCTION

The Joint Committee on Structural Safety is preparing a probabilistic model code. This code
should enable the designer to do a full probabilistic design as an alternative to the partial
safety factor design codified for instance in the Eurocodes.

One of the authors was invited to write a section on timber properties and accepted,
assuming the advise and assistance of members of CIB W18. It is, therefore, hoped that an
ad hoc CIB W18 group could be formed of specialists on the different subjects.

In this paper a first, very rough, draft is presented as a basis for a first discussion of the
general format and the structural model to be used. It should also help identify where the
necessary data are available or areas where research is needed.

For simplicity’s sake, only bending is covered in the following "Draft outline for resistance

model for timber". When the principles are established other relevant properties will be
included.

DRAFT OUTLINE

RESISTANCE MODELS FOR TIMBER IN BENDING

1. BASIC REQUIREMENT
It shall be verified that the following condition is fulfilled for any member (simply supported
or continuous beam) at any time during the intended life of the structure
a <1
where « is a parameter expressing the relative damage in the member due to its loading

history. @ = 0 corresponds to undamaged material. o = 1 corresponds to failure. ¥

a shall be determined from the following expressions

da(t
LD - AWy + Cal) 0@fy -k for o(t)/f, = K,
do(t
0 -0 for o(t)/fs < ke
where
o(t) is the maximum stress in the member at time t?
£ is the short-term strength, see section 3
k, is a threshold factor given in table 1. It is assumed that no damage

- accumulates when o(t) <kf,



b,C,d are factors given in table 1¥

A is a function of £, b, C, d and k, to provide model consistency when o(t) is
the ramp stress history used to obtain f,_, see section 2.

ref

The parameters A, b, C, d and k, are assumed to be constants for a given member, but
vary across members.

Table 1 Parameters in the damage model

b C d

mean Cc.0.v mean C.0.v.

=

Species/grade

Note 1

The damage theory used is the socalled Canadian model, see [Foschi et al., 1989],

espeially chapter 4. It will probably be necessary to describe the model in an annex
indicating also how to calculate more conventional engineering properties, e.g. the
residual short-term strength after a load history.

Note 2
The verification is linked to the maximum stress, the stress condition being taken
care of by the configuration factor.

Note 3

In [Foschi et al., 1989] values are given for Hemlock and Spruce-Pine-Fir Q1 and
Q2. The mean values for b vary between 35 and 160 with c.o.v. between 0.28 and
0.001 (!). For c the mean vary between 1.1-10° and 6.6-10° with a c.o.v of about 6.7.
These big variations require that individual values are given for the different species
and grades. For d and k, the variations are much smaller and it might be possible to
give the same value for all species and grades:

d : mean = 1.2 cowv. = 0.2

0.5 cov. =03

k, : mean

2. REFERENCE STRENGTH

The short-term strength is derived from the reference bending strength. The reference
strength f; is the bending strength of a beam with the actual cross-section dimensions?
determined by tests in accordance with EN 408 with a test duration of 300 s using test
pieces at an equilibrium moisture content resulting from a temperature of 20° and a
relative humidity of 65%. If the bending strength is determined by beams with other cross-
section dimensions, the following expression should be used to correct the test values



ref ref
where
hyeq is the depth of the tested beam
h,. is the depth of the reference beam
Byt is the width of the tested beam
b is the width of the test beam
and
k, = 0¥
kh = 0-2
Note 4

Another solution would be to link the reference strength to a standardized cross-
section , e.g. 50 x 150 mm as in Eurocode 5.

Note 5
This value is in accordance with the recommendations in [Barret and Lau, 1994].

The distribution of the reference property for the relevant population® corresponds to the
higher value” found from:

- a 2-parameter Weibull distribution fitted to the lower 15% of the test values;

- a Normal distribution® fitted to all test values.

Note 6

It has to be discussed whether there should be restrictions on the population
covered, e.g. requiring a well-known geography or that the material should be
graded.

Note 7

This method is proposed in [Foschi, Folz and Yao, 1989] where it is shown that the
calculated safety index is very sensitive to the assumed distribution if it is fitted to all
test results. The reason being that none of the standardized distributions describe
the lower tail adequately: the test values fall below the theoretical distributions, see
the figure below. The same trend is found in [Isaksson, 1996]. If the distributions are
fitted to the lower part of the test data, the results are much less sensitive to
assumptions about the distribution. In parallel with Foschi et al. the truncation is
made at 15% and a 2-P Weibull distribution is chosen.

Note 8

The code shall also cover the probabilistic design of systems, where many members
interact and for such systems a greater part of the distribution is of importance. For
percentiles over about 10% the distribution cannot be described by the truncated
distribution. For the central part any of the common distributions - Normal, Log-
normal, or Weibull (2- or 3-parameters) - can be used and the simplest, viz. the
Normal distribution, is proposed.
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figure 3.2 in [Foschi, Folz and Yao, 1989].

3. SHORT-TERM STRENGTH

The distribution of the short-term strength corresonds to the one for . but with a linear
- affinity in the direction of the abscisse with a factor k. k is a normal distributed variable
with mean

m{k} = kmoist klength kconf
and coefficient of variation 191
v{k} =7

Note 9
Also a log-normal distribution could be prescribed.

Note 10
It is proposed that the variability is assigned to the product. Another possibility is to
regard the four partial factors as individual stochastic variables.

Note 11

Another possibility would be to assume k to consist of a deterministic element
superimposed by a standard normal (or log-normal) element with mean 0 and a
prescribed standard deviation.

Kmoist takes into account the influence of the moisture content and shall be determined by

I +68 foru <6
ko= 1-B@u-12) for 6 u < 28
1-164 for 28 < u

where u is the moisture content in %, and

g =7



Note 12

The simplest solution is to give one factor for a species or species combination
independent of strength. For softwood in bending, a value of 0.03 may be appropriate
taking into account that the geometry at the actual moisture conditions are used for
calculating the resistance. Another possibility is in line with [Barret and Lau, 1994] to
assume that o depends on the bending strength (f,) from « = 0 for f, < 20 N/mm to
0.035 for f,, > 80 N/mm. f corresponds either to the mean value of f_ or to the
individual value. For softwoods this method might be linked to the strength class
system.

Kyengen- This partial factor takes into account the influence of the length and shall be
determined from

P [2.7]"’
length T

where
I is the length in m, and
k = 028

Note 13
This value is in accordance with recommendations in [Barret and Lau, 1994].

K one- This partial factor takes into account the effect of the configuration (moment
distribution). k. is determined as follows ........ 1

Note 14

One possibility is to calculate the configuration factor assuming that timber is a
homogenous material for which Weibull’s theory for brittle materials apply. The
modification factor can either be given by analytical expressions or as indicated below

BASE |\ MOMEN POINT VALUES FOR,
AS BAS LOADING CODE PURPOJES

1.00 0.87 0.8>\

7.7 1.00 0.96

CONSTAN 3rd \ RECOMMENDE
DL

0 1.04 1.00

A0 1.22 1.17

1.40 1.22 1.17

8 ] 1.55 1.35 1.

N 1.65 1.43 .38

Example of table with k_, values. Reproduced from [Madsen, 1992].



in tabular form. A problem with this method is that is is not well suited to handle
situations of moment peaks acting over short lengths.

Another possibility is to model timber as a material with weak cross-sections (knots etc.)
and assuming that failure takes place only in relation to the weak cross-sections. The
spacing of the weak cross-sections and their strength are random variables for which the
distribution functions will have to be codified, see e.g. [Canisius, 1994], [Czmoch et al,,
1991], [Barrett and Lau, 1994] and [Isaksson, 1996].If this method is chosen one could of
course discuss whether this model should form the basis for the whole code, not only for
the configuration effect.

4. CROSS-SECTION

The cross-section dimensions d for a moisture content of u = 12% may be assumed to be
random variables with mean and coefficient of variation as shown in table 3.

Table 3 Cross-section dimensions d. d, is target size.

mean c.0.v.
Sawn timber in accordance with EN 336
- Class 1 0.98 d, ?
- Class 2 0.98 d, ?
Glued laminated timber in accordance with EN 408 d, ?
Planed timer d, ?

For moisture contents between 6% and 28% the dimensions for moisture contents should
be corrected by multiplication by the factor k,

k, = a,(u-12)

where k, is 0.002 for softwood and 0.003 for hardwoods .

Note 15
More differentiated values should be given.
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