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CHAIRMAN'S INTRODUCTION
H Blass welcomed the delegates to the 43rd CIB-W18 Meeting in Nelson, New Zealand.
He thanked Andy Buchanan and David Carradine for hosting the meeting.
Twenty seven papers will be presented this year. The presentations are limited to 20
minutes each, allowing time for meaningful discussions after each paper. The Chair asked
the presenters to conclude the presentation with a general proposal or statements
concerning impact of the research results on existing or future potential application and
development in codes and standards. R Görlacher will deal with questions regarding the
meeting proceedings.
Papers brought directly to the meeting would not be accepted for presentation, discussions,
or publication. Papers presented by non-authors or non-co-authors are not recommended
except in exceptional situations because the discussion process might be compromised.
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GENERAL TOPICS
H Larsen made a proposal regarding research notes:
One of the reasons for the high quality of the CIB-W18 papers and the success of the
meetings is the strict procedures that have been established: papers shall relate to
Eurocode 5 or other design codes, summaries are required for acceptance 6 months before
the next meetings, there are good editorial guidelines for the papers and final papers are
(after being checked by the secretariat) available for downloading a month before the
meeting, there is a reasonable time for presenting and discussing the papers, and the
papers are made available in proceedings where also the minutes are summarised. The
quality is also documented by the fact that many papers later appear in peer-reviewed
journals.
The established procedures have, however, also drawbacks. Some are: If you find out that
you would rather present some newer ideas or findings you have to wait another year and
you have to enlarge interesting ideas to a 10- pages scientific paper.
I, therefore, suggest that we introduce a new type of papers that could be called Notes and
allow time for discussing them, e.g. 2 hours allowing presentation of up to 8 notes. The
author should bring copies of the notes for distribution at the beginning of the meeting and
they should be included in the Proceedings.
1

As examples may be mentioned:
- Information on the background for Eurocode 5 clauses where they are not based on
CIB-W18 work. Clause 6.18 for example gives a shape factor for torsion that is in
conflict with the only CIB W18 Paper, viz. Paper 7-6-1: K Möhler, Strength and longterm behaviour of lumber and glued laminated timber under torsion loads.
- Papers that only contain information but not knowledge. As an example may be
mentioned test result for basic properties, e.g. embedding strength. The results are very
valuable and should be reported in a CIB-paper, but the scientific content is meagre.
- Proposals for new research.
- Information about new materials and fasteners and their properties.
- New design methods.
H Blass recommended considering H Larsen’s proposal. Authors are being notified about
the new possibility by the minutes of CIB-W18. The working commission will observe
how it develops in the coming years.
A Jorissen gave an overview regarding the Structural Eurocodes. He described the
schedule of changes, the maintenance procedures and publications related to the Eurocodes
as well as the future developments. J Munch-Andersen mentioned the topic of robustness
with regard to the Eurocodes.
S Winter gave an overview regarding European Standardisation on the supporting
standards (CEN TC 124). The following topics were discussed:
- list of all standards
- status of harmonization
- examples (shear) on consequences of each of harmonization.
P Quenneville asked whether there will be a central authority in Europe. S Winter
answered that this is lacking. A Jorissen sees a move towards central jurisdiction. A
Palermo mentioned EN standards and EC5. A Jorissen stated that some countries did
already accept EC5 others are still to follow. H Blass mentioned the positive effect of
moving towards one EC. This has caused the national design codes to become much more
similar. A complete harmonisation is not there yet but there is a move in this direction.
3

LOADING CODES
43 - 101- 1 Dependant versus Independent Loads in Structural Design - T Poutanen
Presented by T Poutanen
T Poutanen said that there are mistakes in the paper but that the presentation content is
correct.
A Buchanan asked whether the author had this discussion about dependant and
independent loads with other materials organizations. What was the response? T Poutanen
answered he had presented it in May but without response and dialogue.
J Munch-Andersen: I still do not understand that loads are to be dependant on strength. T
Poutanen: those do not believe in this can have a look at reliability book and will see that
loads are not independent. Loads are dependent on the structure.
T Tannert: if considering loads independent is unsafe, why are we not experiencing more
failures? T Poutanen: At most 20% unsafe. Therefore failures are not observe in practice.
S Winter: Will the paper be corrected? T Poutanen: Yes.
2
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TEST METHODS
43 - 21 - 1

Estimation of Load-Bearing Capacity of Timber Connections - J MunchAndersen, J D Sørensen, F Sørensen

Presented by J Munch-Andersen
A Jorissen: Questioned non-safety of D-8 in EC. J Munch-Andersen: Eurocode method
allows connections to be taken into account.
H Blass: how to standardize smart, honest and stupid sampling? J Munch-Andersen: that is
impossible and to be avoided.
H Larsen: that proposal is too late as new approach (unsafe) is already adopted.

43 - 21 - 2

A New Method to Determine Suitable Spacings and Distances for
Self-tapping Screws - T Uibel, H J Blass

Presented by T Uibel
B Walford: Did he check crack growth and weathering? T Uibel: No, only cracks due to
insertion and short term behaviour were studied.
A Jorissen: Will distances recommendation be made? H Blass: This procedure is already in
place in a CUAP for ETAs for self-drilling screws.
P Quenneville: what about multi-screw in a row? T. Uibel: Procedure works also for
multiple screws in rows or columns.
S Aicher: Crack growth and in-service crack growth: have you addressed this? H Blass:
no, only short term behaviour was studied.
J Schmidt: effect of density? Why results not symmetrical? T. Uibel: density is not known
in service. The screw was inserted between the end grain and the second screw.
H Morris: dye in split sample - How is it done? T Uibel: remove screw and insert ink.
S Franke: diagram difference between predicted and actual split. T Uibel: caused by
natural variability.
R Harris: EC rule about row screw offset and effect. H Blass: No influence of offset.
R Harris: effect of grain direction - is it investigated? T Uibel: tests were performed with
different grain directions. Influence is about 10%.
F Rouger: how to simulate split area? T Uibel: Using springs representing cracking
behaviour.
J Munch-Andersen: drilling tips and effect. T Uibel: not significant.
S Winter: good method and danger of providing very detailed spacing recommendations. H
Blass: producers want detailed rules for non-pre-drilled screws.
S Aicher: single screw results and offset effect: he recommends offset. H. J. Blass: The
offset certainly does not harm and is beneficial for nails and screws in non-predrilled
holes.
5

SERVICEABILITY
43 - 20 - 1

The Long Term Instrumentation of a Timber Building in Nelson NZ - the Need
for Standardisation - H W Morris, S R Uma, K Gledhill, P Omenzetter,
M Worth
3

Presented by H W Morris
B Yeh: how is segregation of vertical movement done? H W Morris: can’t be done in
current set up.
B Yeh: history of vertical movement?
A Buchanan: is moisture content of wood measured?
A Ceccotti: how do dissipating devices work? H W Morris describes the principle and
refers to explanations during the visit of the building site.
A Palermo: moisture and creep measurements? H W Morris: will be difficult.
M Fragiacomo: long-term measurements of MC for LVL and experience are available at
Canterbury.
P Schädle: Is a performance-based or a force-based design in use? A Palermo:
displacement-based design has been used in this case.
M Fragiacomo comments about flexibility of joint at portal frames and his experience at
University of Canterbury.
M Frese asks about slide 18 – compression stress distribution at bottom of shear wall?
A Palermo states that a uniform stress under pre-stress and a linear distribution under
rocking were assumed.
S Aicher: maximum stress at corner. Design or ultimate strength? A Buchanan: ask
designer in afternoon presentation
6

GLUED JOINTS
43 - 18 - 1

Comparison of API, RF and MUF Adhesives Using a Draft Australian/New
Zealand Standard - B Walford

Presented by B Walford
S Aicher: why re-invent new classification system and not adapt from European ones? B
Walford: not reinvention but borrowing from others.
7

FIRE
43 - 16 - 2

Fire Exposed Cross-Laminated Timber - Modelling and Tests - J Schmid, J
König

Presented by J Schmid
H Blass: one dimensional model should not apply to lintel. J Schmid: It does not.
S Winter does not agree with statement that EC5 is unsafe. Fire design always is rough
prediction and 10% difference should be acceptable. In multi-span, d0 would be different
for tension and compression portion; this would be too complicated. J Schmid: this is what
is done for concrete design.
S Winter: predictions are for strength. What about deflection governed designs?
S Aicher: do figures apply to CLT with glued edges? J Schmid: if edges are opened,
charring rate increases.
S Winter: charring rate is hard to establish. Higher if edges are open but char expands and
closes gaps.
B Yeh: is the delamination layer important? J Schmid: Yes, as the charring rate will
increase for a while.
4

43 - 16 - 3

Timber-Concrete Composite Floors in Fire - J O'Neill, D Carradine, R
Dhakal, P J Moss, A H Buchanan, M Fragiacomo

Presented by D Carradine
S Winter: how were LVL beams connected? D Carradine: screwed together
S Winter: where were screws located? D Carradine: too low! ~ 75 mm from the bottom. It
is also important to use fully-threaded screws.
B Yeh: why use size of LVL and not 200 mm to verify theory developed? D Carradine:
users of this technology wanted to verify the fire rating for cold designs.
B Yeh: fire regulation would not let extrapolation of results from 400 to 200. A Buchanan:
in NZ, extrapolation is possible.
T Gibney: why use so much reinforcing steal in concrete topping? A Buchanan: to satisfy
seismic design.
A Palermo: what about continuous slabs and the connection concrete/wood? D. Carradine:
not to be considered at the moment (Need to assess priority of next variable).

43 - 16 - 4

Light Timber Frame Construction with Solid Timber Members – Application
of the Reduced Cross-section Method - J König, J Schmid

Presented by J Schmid
No Questions
8

STRUCTURAL STABILITY
43 - 15 - 1

Influence of the Boundary Conditions on the Racking Strength of Shear Walls
with an Opening - M Yasumura

Presented by M Yasumura
L Dalziel: What are consequences of multiple openings? M Yasumura: would be more
complicated. Not being studied.
L Dalziel: Software was developed for multiple openings.
S Franke: does model allow “negative” uplift? M Yasumura: negative uplift is for sheeting
only.
H Blass: springs elements for sheeting connections? M Yasumura: yes, and polygonal.
T Gibney: Where tie-down forces measured and what were they? M Yasumura: No, forces
where not measured.
T Gibney: were lateral displacements measured? M Yasumura: Yes and always good
correlation with model.
S Aicher: Why tension force is approximately constant? M Yasumura: Longer walls can
resist higher lateral forces and tensile forces are more or less constant.

43 - 15 - 2

Influence of Different Standards on the Determination of Earthquake
Properties of Timber Shear Wall Systems - P Schädle, H Blass

Presented by P Schädle
5

A Ceccotti: Congratulations for nice work. H Blass should ask TC250 for a new proposal
for timber construction for EC 8.
A Jorissen: Is it possible to have a uniform test method for timber elements? P Schädle:
Yes, two tests are needed – connector and entire wall.
A Palermo: One should not refer to 1st cycle, only to 2nd and 3rd because of strength
degradation. Were simulated earthquakes reflecting the requirements of EC 8? P Schädle:
Yes.
A Palermo: Why use force-based analysis? P Schädle - test standard in Germany is still
force based.
M Fragiacomo: were tests performed with wall components? P Schädle: No, with entire
shear walls.

43 - 15 - 4

Optimized Anchor-Bolt Spacing for Structural Panel Shearwalls Subjected to
Combined Shear and Wind Uplift Forces - B Yeh, E Keith, T Skaggs

Presented by B Yeh
P Quenneville: what is the effect of doubling the sill plate? B Yeh: it would work but
construction industry does not want to trim all studs.
M Yasumura: In tests, how do you control the vertical forces? B Yeh: Lateral and vertical
forces can be controlled to remain constant. There are no standard test methods but
perhaps ISO can initiate this.
H Morris: Was the 1.2m spacing tested? B Yeh: It has been in use for almost 50 years.

43 - 15 - 5

Full-Scale Shear Wall Tests for Force Transfer around Openings - T Skaggs,
B Yeh, F Lam

Presented by T Skaggs
L Daziel: Are the forces measured in the opening where the strap is loaded in compression
only? T Skaggs: No. sometimes in tension and also shear as well. It is also a cycle test.
When in compression, the straps are not mobilized.
R Crocetti: Are straps only on one side (outside)? T Skaggs: Yes, only on the outside
P Schädle: Testing method. How much time does it take for the entire test? T Skaggs: from
2 sec – 2 mins. At slow rate, strap forces are a bit less but this is not due to rate.
G Beattie: Modelling wood and earthquake. I recommend the fast loading.
L Daziel: was there any difference in strap forces for different opening size? T Skaggs: this
effect has not been analyzed yet. It will be available in the future.
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LAMINATED MEMBERS
43 – 12 – 1 Fatigue Behaviour of Finger Jointed Lumber - S Aicher, G Stapf
Presented by S Aicher
R Crocetti: were failures in joints or in lumber? S Aicher: Mostly (about 90%) in joints.
Some were in lumber at knots.
R Crocetti: The ratio is closer to 0 for lumber. Why use 0.5? S Aicher: Design offices for
roller coaster asked for testing at this value. Testing currently being done is at 0.1
6

T Poutanen: for other glues, would results be different? S Aicher: 1 comp. Polyurethane
performs better.
J Schmid: for joint failures, are they due to glue? S Aicher: no, always in the fingers.
T Tannert: do you have indication that moisture factor proposed is dependant on moisture
cycling? S Aicher: hard to say but moisture content factor is based on average moisture
content.

43 - 12 - 3

System Effects in Glued Laminated Timber in Tension and Bending - M
Frese, H Blass

Presented by M Frese
A Jorissen: Is the length factor (observed for tension members) valid for bending as well?
M Frese: No. Length factor is for tension only.
R Nestic: In the numerical model, did lamination have different behaviour. M Frese: Yes,
each 150mm segments behave differently
S Aicher: What is failure? M Frese: Failure in outer lamination (bending) in lumber or
finger – joint.
S Winter: Is the effect really a volume effect for which the tension is the main significant
one?
T Poutanen: How do you model the timber in compression? M Frese: the behaviour is
modelled as linear-elastic.
T Poutanen: do you assume that failure occurs in compression? H Blass: No. It does not
make a difference in the 5th% value. Tension failure is critical on the 5%-level.
L Daziel: Is the multiple-span factor a recommendation? M Frese: Yes! What about spans
of different length? M Frese: We do not know at this point what the effect of different span
length is.

43 - 12 - 4

Experimental Investigations on Mechanical Behaviour of Glued Solid timber C Faye, F Rouger, P Garcia

Presented by C Faye
H Larsen: Why are the E values higher for some of the configuration? C Faye: It may be
due to system effect.
H Larsen: Since averages are taken, E should not change.
R Crocetti: In transversely pre-stressed bridge decks, higher E values are also obtained.

43 - 12 - 5

Experimental and Numerical Investigation on the Shear Strength of Glulam R Crocetti, P J Gustafsson, H Danielsson, A Emilsson, S Ormarsson

Presented by R Crocetti
H Larsen: Tests should be done using EN408 so that results can be corrected. Other
methods are more complicated and EN408 is the simplest. R Crocetti: You may be right
but EN408 method is not always successful.
R Nestic: Have you compared results with ASTM tests? R Crocetti: No, but beam tests
method is higher than small specimens’ tests
7

B Yeh: People assume that glulam shear values are for ASTM method but this is not the
case. How to induce shear in a beam with overhangs when there are no shear within these
parts? R Crocetti: It does occur.
S Aicher: Did you try to evaluate kcr value for specimens with cracks? R Crocetti: It was
not our intention.
T Poutanen: Shear values obtained look high in comparison to the ones in use. Do you
agree? R Crocetti: No.
A Manoorchehr: How is the notch made in the specimens?
R Crocetti: using band saw. The cracks forces the stresses to start
L Daziel: When putting UDL on un-glued laminations, the same capacity was obtained
because of friction. The shear capacity was observed as negligible.
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TIMBER JOINTS AND FASTENERS
43 - 7 - 1

Probabilistic Capacity Prediction of Timber Joints under Brittle Failure
Modes - T Tannert, T Vallée, and F Lam

Presented by T Tannert
H Blass: Did you consider failure in header for dovetail joint? T Tannert: we avoided it in
our testing program to verify the method.
H Larsen: Anisotropic materials are nasty materials. Anisotropy introduces secondary
stresses. One must start and evaluate material parameters every time. T Tannert: Yes, FE
analyses are very complex but material parameters do not have to be evaluated every time.
Material parameters can be taken from tables.
H Larsen: why calling it probabilistic? T Tannert: It is more stochastic and certainly not
deterministic.
S Aicher: What is sensitivity to volume? T Tannert: not sensitive if one changes volume
and scales material parameters accordingly.

43 - 7 - 2

Ductility in Timber Structures - A Jorissen, M Fragiacomo

Presented by A Jorissen
H Larsen: Not in agreement with capacity based concept.
A Palermo: It is good to have presentation like this but what about structural systems?
H Blass: how does one expect to have large moments and ductility in beam as shown in
Gerber system?
T Poutanen: Assuming 2 structures and one is brittle and one ductile. How much is the
ductile one better? A Jorissen: hard to put a number but the steel and concrete industry are
using this concept.
P Quenneville: how to force connections to control this design? M Fragiacomo: the
ductility is to be forced only through system design, not component design.
A Ceccotti: In EC 8, safety coefficient for timber is to be 1 for brittle, 1.3 ductile.
A Buchanan: Not in agreement with paper. The authors are trying to use seismic concepts
in non seismic situations.
8

43 - 7 - 3

Design of Mechanically Jointed Composite Concrete-Timber Beams Taking
into Account the Plastic Behaviour of the Fasteners - H J Larsen, A
Ceccotti, H Riberholt

Presented by H Larsen
H Blass: Discrepancy between interpretations of some of the behaviour of some
connectors. H Larsen: Will be reviewed.
B Walford: Not a good idea to have plastic behaviour of connector for bridges. H Larsen:
this is a suggestion for the design, not the actual behaviour.

43 - 7 - 4

Design of Timber-Concrete Composite Beams with Notched Connections - M
Fragiacomo, D Yeoh

Presented by M Fragiacomo
R Nestic: What about long term? M Fragiacomo: There are long term tests in progress and
results will be published.
H Larsen: This concept is hard to use as fasteners are far too strong and stiff. Notches
suggested are expensive as well.
H Blass: Some of the data used in reference was done with shear strength of 1/3 the
characteristic values for shear.
A Palermo: How will MC and fatigue affect serviceability issues? M Fragiacomo: MC
increase is not substantial in wood.
S Franke: Tests in Weimar showed that MC increase is not deep in timber. M Fragiacomo:
Increase in MC in wood is not a problem for wood, but loss of moisture from concrete is a
problem.

43 - 7 - 5

Development of Design Procedures for Timber Concrete Composite Floors in
Australia and New Zealand - K Crews, C Gerber

Presented by C Gerber
H Blass: what is an S notch? C Gerber: A notch with rounded edges. A diagram will be
added to the paper.
P Quenneville: What is a batten connection? C Gerber: A diagram will be added to the
paper.
S Aicher: How to derive the K stiffness for the fasteners? C Gerber: From connection tests.
Linear regression from separate results, not floor test.
S Winter: Hard to get information from paper and presentation. More information is
needed to follow procedures. K Crews: An 80 page report will be available.
H Larsen: why would one want a simplified method? C Gerber: in Australia, they want
simple methods. K Crews: A design tools is needed and will be made available.
T Tannert: We also teach TCC and suggest getting away from Gamma Method as it is too
complicated. K Crews: A method in a design tool (spreadsheet) will be what is used.
M Fragiacomo: Length will influence some factors. Some values in tables are not
9

compatible with NZ Design. How to explain? C Gerber: Tabled values were adjusted
between Australia and NZ.

43 - 7 - 6

Failure Behaviour and Resistance of Dowel-Type Connections Loaded
Perpendicular to Grain - B Franke, P Quenneville

Presented by P Quenneville
A Jorissen: Is there still splitting at a/h =07? P Quenneville: there could be. Model gives
proper load-slip curve and failure criterion is used (first occurrence of splitting or 5%
offset).
R Crocetti: Laboratory results may be simulated, but in practice this type of connection
should be avoided. P Quenneville: Reinforcement will be avoided due to cost.
T Tannert: Numerical study is 2D. What would be the influence of 3D? P Quenneville: 3D
would be more favourable to a ductile behaviour.
R Görlacher: Have you compared results to the C1B- paper of 1989? B Franke: No,
comparison was to code equations.
M Yasumura: What is the failure criterion? B Franke: failure (in splitting) is maximum
load when crack becomes unstable.
L Daziel: here Steel-Wood-Steel connection is shown, in practice Steel-Wood is often
used. What will be the influence? P Quenneville: Possible embedment and 3D model
would be needed.
A Palermo: How did you verify the model for the cohesive part? B Franke: No calibration
was carried out, average values for Canadian glulam code were used.
A Manoorchehr: What was the thickness of the cohesive elements? B Franke: no thickness
at all.
P Schädle: which element type was used? B Franke: Element no.174 in ANSYS.

43 - 7 - 7

Post-Tensioned Timber Frames and Beams - S Giorgini, A Neale, A
Palermo, D Carradine, S Pampanin, A H Buchanan

Presented by A Palermo
B Yeh: What about moisture effects? A Palermo: Some experimental work is being done
where moisture is being monitored but this is taken care in kdef.
A Jorissen: You are introducing aging effect. Why? A Palermo: The procedure is borrowed
from concrete technology. Integration of pre-stress and losses is taken into account with
time and this allows one not to do experimental tests.
T Gibney: What strands are being used? A Palermo: 7-wire strands
S Aicher: any monitoring of pool post-tensioned beams? A Palermo: No. Not allowed.
S Winter: What about corrosion prevention in pool building? A Palermo: Grease and
plastic membrane were used.
T Poutanen: Is there economical benefit analysis to this technology? A Palermo: Done for
a bridge deck. Same costs. Some reduction in timber section size.
10

R Crocetti: Should look at what has been done in timber bridge decks to minimize prestress losses. A Palermo: Agree. Several stressing cycles may be required and this may be
difficult for frames. To be considered.
M Fragiacomo: experimental data for frames is required to confirm analytical work. A
Palermo: agree, especially for frames.
43 - 7 - 8

Simplified Design of Post-tensioned Timber Buildings - M Newcombe, M
Cusiel, S Pampanin, A Palermo, A H Buchanan

Presented by M Cusiel
L Daziel: How significant are the plates to limit the crushing at the columns? M Cusiel: It
provides a stiffer connection. Better to use flexibility in member than plasticity in
connection.
A Ceccotti: Why was this system not used in the NMIT building? A Buchanan: It was not
in the winning bid.
A Ceccotti: How much crushing is allowed in seismic design (due to pre-stress)? How
much pre-stress losses? M Cusiel: none.
M Fragiacomo: Do dissipators help? M Cusiel: connections are stiffer and dissipators are
not engaged. Uneconomical.
11

STRESSES FOR SOLID TIMBER
43 - 6 - 1

The Bearing Strength of Timber Beams on Discrete Supports - A Jorissen, B
de Leijer, A Leijten

Presented by A Jorissen
R Crocetti: The beam shown in picture is a good example of a bad design. Bearing plate
should be as wide as beam. A Jorissen: this is just an example
H Blass: is the 10% failure criteria too relaxed?
H Larsen: did you design this beam? A Jorissen: No.
S Franke: this is local effect which depends on growth ring orientation.
L Daziel: About example of failure. Was this a deviation in planned construction? A
Jorissen: No.
12

STRESS GRADING
43 - 5 - 1

Quality Control Methods - Application to Acceptance Criteria for a Batch of
Timber - F Rouger

Presented by F Rouger
H Larsen: why do we have acceptance criteria on timber acceptance? The situation
described does not exist. F Rouger: I do not agree. In glulam industry in France, each
lamination must be checked. In EN 384, the acceptance criterion was a rule-of-thumb.
11

J Munch-Andersen: This new rule must comply with Eurocode 0. F Rouger: The method in
itself is not new for engineering but new for timber.

43 - 5 - 2

Influence of Origin and Grading Principles on the Engineering Properties of
European Timber - P Stapel, J W v. d. Kuilen, A Rais

Presented by P Stapel
H Larsen: I support the recommendation of eliminating the depth effect.
L Daziel: was visual grading done by supplier? P. Stapel: No.

13

ANY OTHER BUSINESS
S Winter: H Blass will be honoured with the Wallenberg prize in September. We wish to
congratulate him for his achievements.

14

VENUE AND PROGRAMME FOR NEXT MEETING
2011 - University of Sassari, Alghero, Italy (28 Aug – 1 Sept)
2012 - Linnaeus University, Växjö, Sweden

15

CLOSE
The chair thanked the speakers for their presentations and the delegates for their
participation. He also thanked the host team for their efforts to organize an excellent
meeting.
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Peer review of papers for the CIB-W18 Proceedings

Experts involved:
Members of the CIB-W18 “Timber Structures” group are a community of experts in the field
of timber engineering.
Procedure of peer review
• Submission of manuscripts: all members of the CIB-W18 group attending the meeting
receive the manuscripts of the papers at least four weeks before the meeting. Everyone
is invited to read and review the manuscripts especially in their respective fields of
competence and interest.
• Presentation of the paper during the meeting by the author
• Comments and recommendations of the experts, discussion of the paper
• Comments, discussion and recommendations of the experts are documented in the
minutes of the meeting and are printed on the front page of each paper.
• Final acceptance of the paper for the proceedings with
no changes
minor changes
major changes
or reject
• Revised papers are to be sent to the editor of the proceedings and the chairman of the
CIB-W18 group
• Editor and chairman check, whether the requested changes have been carried out.
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43 - 5 - 1

Quality Control Methods - Application to Acceptance Criteria for a Batch of
Timber - F Rouger

43 - 5 - 2

Influence of Origin and Grading Principles on the Engineering Properties of
European Timber - P Stapel, J W v. d. Kuilen, A Rais

43 - 6 - 1

The Bearing Strength of Timber Beams on Discrete Supports - A Jorissen, B
de Leijer, A Leijten

43 - 7 - 1

Probabilistic Capacity Prediction of Timber Joints under Brittle Failure
Modes - T Tannert, T Vallée, and F Lam

43 - 7 - 2

Ductility in Timber Structures - A Jorissen, M Fragiacomo

43 - 7 - 3

Design of Mechanically Jointed Concrete-Timber Beams Taking into Account
the Plastic Behaviour of the Fasteners - H J Larsen, H Riberholt, A Ceccotti

43 - 7 - 4

Design of Timber-Concrete Composite Beams with Notched Connections - M
Fragiacomo, D Yeoh

43 - 7 - 5

Development of Design Procedures for Timber Concrete Composite Floors in
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43 - 7 - 6

Failure Behaviour and Resistance of Dowel-Type Connections Loaded
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43 - 7 - 7

Predicting Time Dependent Effects in Unbonded Post-Tensioned Timber
Beams and Frames - S Giorgini, A Neale, A Palermo, D Carradine, S
Pampanin, A H Buchanan

43 - 7 - 8

Simplified Design of Post-tensioned Timber Frames - M Newcombe, M
Cusiel, S Pampanin, A Palermo, A H Buchanan

43 - 12 - 1

Fatigue Behaviour of Finger Jointed Lumber - S Aicher, G Stapf

43 - 12 - 2

Experimental and Numercial Investigation on the Shear Strength of Glulam R Crocetti, P J Gustafsson, H Danielsson, A Emilsson, S Ormarsson

43 - 12 - 3

System Effects in Glued Laminated Timber in Tension and Bending - M
Frese, H J Blaß

43 - 12 - 4

Experimental Investigations on Mechanical Behaviour of Glued Solid timber
- C Faye, F Rouger, P Garcia

43 - 15 - 1

Influence of the Boundary Conditions on the Racking Strength of Shear Walls
with an Opening - M Yasumura

43 - 15 - 2

Influence of Different Standards on the Determination of Earthquake
Properties of Timber Shear Wall Systems - P Schädle, H J Blaß

43 - 15 - 3

Full-Scale Shear Wall Tests for Force Transfer Around Openings - T Skaggs,
B Yeh, F Lam

43 - 15 - 4

Optimized Anchor-Bolt Spacing for Structural Panel Shearwalls Subjected to
Combined Shear and Wind Uplift Forces - B Yeh, E Keith, T Skaggs

43 - 16 - 1

Light Timber Frame Construction with Solid Timber Members – Application
of the Reduced Cross-section Method - J König, J Schmid

43 - 16 - 2

Fire Exposed Cross-Laminated Timber - Modelling and Tests - J Schmid, J
König, J Köhler

43 - 16 - 3

Timber-Concrete Composite Floors in Fire - J O'Neill, D Carradine, R
Dhakal, P J Moss, A H Buchanan, M Fragiacomo

43 - 18 - 1

Comparison of API, RF and MUF Adhesives Using a Draft Australian/New
Zealand Standard - B Walford

43 - 20 - 1

The Long Term Instrumentation of a Timber Building in Nelson NZ - the
Need for Standardisation - H W Morris, S R Uma, K Gledhill, P
Omenzetter, M Worth

43 - 21 - 1

Estimation of Load-Bearing Capacity of Timber Connections - J MunchAndersen, J D Sørensen, F Sørensen

43 - 21 - 2

A New Method to Determine Suitable Spacings and Distances for
Self-tapping Screws - T Uibel, H J Blaß

43 - 101- 1 Dependant Versus Independent Loads in Structural Design - T Poutanen
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LIMIT STATE DESIGN
1-1-1

Limit State Design - H J Larsen

1-1-2

The Use of Partial Safety Factors in the New Norwegian Design Code for Timber
Structures - O Brynildsen

1-1-3

Swedish Code Revision Concerning Timber Structures - B Noren

1-1-4

Working Stresses Report to British Standards Institution Committee BLCP/17/2

6-1-1

On the Application of the Uncertainty Theoretical Methods for the Definition of the
Fundamental Concepts of Structural Safety - K Skov and O Ditlevsen

11-1-1

Safety Design of Timber Structures - H J Larsen

18-1-1

Notes on the Development of a UK Limit States Design Code for Timber A R Fewell and C B Pierce

18-1-2

Eurocode 5, Timber Structures - H J Larsen

19-1-1

Duration of Load Effects and Reliability Based Design (Single Member) R O Foschi and Z C Yao

21-102-1

Research Activities Towards a New GDR Timber Design Code Based on Limit States
Design - W Rug and M Badstube

22-1-1

Reliability-Theoretical Investigation into Timber Components Proposal for a Supplement
of the Design Concept - M Badstube, W Rug and R Plessow

23-1-1

Some Remarks about the Safety of Timber Structures - J Kuipers

23-1-2

Reliability of Wood Structural Elements: A Probabilistic Method to Eurocode 5
Calibration - F Rouger, N Lheritier, P Racher and M Fogli

31-1-1

A Limit States Design Approach to Timber Framed Walls - C J Mettem, R Bainbridge
and J A Gordon

32 -1-1

Determination of Partial Coefficients and Modification Factors- H J Larsen, S Svensson
and S Thelandersson

32 -1-2

Design by Testing of Structural Timber Components - V Enjily and L Whale

33-1-1

Aspects on Reliability Calibration of Safety Factors for Timber Structures – S Svensson
and S Thelandersson

33-1-2

Sensitivity studies on the reliability of timber structures – A Ranta-Maunus, M Fonselius,
J Kurkela and T Toratti

41-1–1

On the Role of Stiffness Properties for Ultimate Limit State Design of Slender Columns–
J Köhler, A Frangi, R Steiger

TIMBER COLUMNS
2-2-1

The Design of Solid Timber Columns - H J Larsen

3-2-1

The Design of Built-Up Timber Columns - H J Larsen

4-2-1

Tests with Centrally Loaded Timber Columns - H J Larsen and S S Pedersen

4-2-2

Lateral-Torsional Buckling of Eccentrically Loaded Timber Columns- B Johansson

5-9-1

Strength of a Wood Column in Combined Compression and Bending with Respect to
Creep - B Källsner and B Norén

5-100-1

Design of Solid Timber Columns (First Draft) - H J Larsen

6-100-1

Comments on Document 5-100-1, Design of Solid Timber Columns - H J Larsen and E
Theilgaard

6-2-1

Lattice Columns - H J Larsen

6-2-2

A Mathematical Basis for Design Aids for Timber Columns - H J Burgess
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6-2-3

Comparison of Larsen and Perry Formulas for Solid Timber ColumnsH J Burgess

7-2-1

Lateral Bracing of Timber Struts - J A Simon

8-15-1

Laterally Loaded Timber Columns: Tests and Theory - H J Larsen

17-2-1

Model for Timber Strength under Axial Load and Moment - T Poutanen

18-2-1

Column Design Methods for Timber Engineering - A H Buchanan, K C Johns,
B Madsen

19-2-1

Creep Buckling Strength of Timber Beams and Columns - R H Leicester

19-12-2

Strength Model for Glulam Columns - H J Blaß

20-2-1

Lateral Buckling Theory for Rectangular Section Deep Beam-ColumnsH J Burgess

20-2-2

Design of Timber Columns - H J Blaß

21-2-1

Format for Buckling Strength - R H Leicester

21-2-2

Beam-Column Formulae for Design Codes - R H Leicester

21-15-1

Rectangular Section Deep Beam - Columns with Continuous Lateral Restraint H J Burgess

21-15-2

Buckling Modes and Permissible Axial Loads for Continuously Braced Columns - H J
Burgess

21-15-3

Simple Approaches for Column Bracing Calculations - H J Burgess

21-15-4

Calculations for Discrete Column Restraints - H J Burgess

22-2-1

Buckling and Reliability Checking of Timber Columns - S Huang, P M Yu and
J Y Hong

22-2-2

Proposal for the Design of Compressed Timber Members by Adopting the Second-Order
Stress Theory - P Kaiser

30-2-1

Beam-Column Formula for Specific Truss Applications - W Lau, F Lam and J D Barrett

31-2-1

Deformation and Stability of Columns of Viscoelastic Material Wood - P Becker and K
Rautenstrauch

34-2-1

Long-Term Experiments with Columns: Results and Possible Consequences on Column
Design – W Moorkamp, W Schelling, P Becker, K Rautenstrauch

34-2-2

Proposal for Compressive Member Design Based on Long-Term Simulation Studies – P
Becker, K Rautenstrauch

35-2-1

Computer Simulations on the Reliability of Timber Columns Regarding Hygrothermal
Effects- R Hartnack, K-U Schober, K Rautenstrauch

36-2-1

The Reliability of Timber Columns Based on Stochastical Principles - K Rautenstrauch,
R Hartnack

38-2-1

Long-term Load Bearing of Wooden Columns Influenced by Climate – View on Code - R
Hartnack, K Rautenstrauch

SYMBOLS
3-3-1

Symbols for Structural Timber Design - J Kuipers and B Norén

4-3-1

Symbols for Timber Structure Design - J Kuipers and B Norén

28-3-1

Symbols for Timber and Wood-Based Materials - J Kuipers and B Noren
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Symbols for Use in Structural Timber Design
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PLYWOOD
2-4-1

The Presentation of Structural Design Data for Plywood - L G Booth

3-4-1

Standard Methods of Testing for the Determination of Mechanical Properties of Plywood
- J Kuipers

3-4-2

Bending Strength and Stiffness of Multiple Species Plywood - C K A Stieda

4-4-4

Standard Methods of Testing for the Determination of Mechanical Properties of Plywood
- Council of Forest Industries, B.C.

5-4-1

The Determination of Design Stresses for Plywood in the Revision of CP 112 L G Booth

5-4-2

Veneer Plywood for Construction - Quality Specifications - ISO/TC 139. Plywood,
Working Group 6

6-4-1

The Determination of the Mechanical Properties of Plywood Containing Defects - L G
Booth

6-4-2

Comparsion of the Size and Type of Specimen and Type of Test on Plywood Bending
Strength and Stiffness - C R Wilson and P Eng

6-4-3

Buckling Strength of Plywood: Results of Tests and Recommendations for Calculations J Kuipers and H Ploos van Amstel

7-4-1

Methods of Test for the Determination of Mechanical Properties of Plywood L G Booth, J Kuipers, B Norén, C R Wilson

7-4-2

Comments Received on Paper 7-4-1

7-4-3

The Effect of Rate of Testing Speed on the Ultimate Tensile Stress of Plywood C R Wilson and A V Parasin

7-4-4

Comparison of the Effect of Specimen Size on the Flexural Properties of Plywood Using
the Pure Moment Test - C R Wilson and A V Parasin

8-4-1

Sampling Plywood and the Evaluation of Test Results - B Norén

9-4-1

Shear and Torsional Rigidity of Plywood - H J Larsen

9-4-2

The Evaluation of Test Data on the Strength Properties of Plywood - L G Booth

9-4-3

The Sampling of Plywood and the Derivation of Strength Values (Second Draft) - B
Norén

9-4-4

On the Use of the CIB/RILEM Plywood Plate Twisting Test: a progress report L G Booth

10-4-1

Buckling Strength of Plywood - J Dekker, J Kuipers and H Ploos van Amstel

11-4-1

Analysis of Plywood Stressed Skin Panels with Rigid or Semi-Rigid Connections- I
Smith

11-4-2

A Comparison of Plywood Modulus of Rigidity Determined by the ASTM and RILEM
CIB/3-TT Test Methods - C R Wilson and A V Parasin

11-4-3

Sampling of Plywood for Testing Strength - B Norén

12-4-1

Procedures for Analysis of Plywood Test Data and Determination of Characteristic
Values Suitable for Code Presentation - C R Wilson

14-4-1

An Introduction to Performance Standards for Wood-base Panel Products D H Brown

14-4-2

Proposal for Presenting Data on the Properties of Structural Panels - T Schmidt

16-4-1

Planar Shear Capacity of Plywood in Bending - C K A Stieda

17-4-1

Determination of Panel Shear Strength and Panel Shear Modulus of Beech-Plywood in
Structural Sizes - J Ehlbeck and F Colling

17-4-2

Ultimate Strength of Plywood Webs - R H Leicester and L Pham
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20-4-1

Considerations of Reliability - Based Design for Structural Composite Products - M R
O'Halloran, J A Johnson, E G Elias and T P Cunningham

21-4-1

Modelling for Prediction of Strength of Veneer Having Knots - Y Hirashima

22-4-1

Scientific Research into Plywood and Plywood Building Constructions the Results and
Findings of which are Incorporated into Construction Standard Specifications of the
USSR - I M Guskov

22-4-2

Evaluation of Characteristic values for Wood-Based Sheet Materials - E G Elias

24-4-1

APA Structural-Use Design Values: An Update to Panel Design Capacities A L Kuchar, E G Elias, B Yeh and M R O'Halloran

STRESS GRADING
1-5-1

Quality Specifications for Sawn Timber and Precision Timber - Norwegian Standard NS
3080

1-5-2

Specification for Timber Grades for Structural Use - British Standard BS 4978

4-5-1

Draft Proposal for an International Standard for Stress Grading Coniferous Sawn
Softwood - ECE Timber Committee

16-5-1

Grading Errors in Practice - B Thunell

16-5-2

On the Effect of Measurement Errors when Grading Structural TimberL Nordberg and B Thunell

19-5-1

Stress-Grading by ECE Standards of Italian-Grown Douglas-Fir Dimension Lumber from
Young Thinnings - L Uzielli

19-5-2

Structural Softwood from Afforestation Regions in Western Norway - R Lackner

21-5-1

Non-Destructive Test by Frequency of Full Size Timber for Grading - T Nakai

22-5-1

Fundamental Vibration Frequency as a Parameter for Grading Sawn Timber T Nakai, T Tanaka and H Nagao

24-5-1

Influence of Stress Grading System on Length Effect Factors for Lumber Loaded in
Compression - A Campos and I Smith

26-5-1

Structural Properties of French Grown Timber According to Various Grading Methods F Rouger, C De Lafond and A El Quadrani

28-5-1

Grading Methods for Structural Timber - Principles for Approval - S Ohlsson

28-5-2

Relationship of Moduli of Elasticity in Tension and in Bending of Solid Timber - N
Burger and P Glos

29-5-1

The Effect of Edge Knots on the Strength of SPF MSR Lumber - T Courchene,
F Lam and J D Barrett

29-5-2

Determination of Moment Configuration Factors using Grading Machine Readings - T D
G Canisius and T Isaksson

31-5-1

Influence of Varying Growth Characteristics on Stiffness Grading of Structural Timber S Ormarsson, H Petersson, O Dahlblom and K Persson

31-5-2

A Comparison of In-Grade Test Procedures - R H Leicester, H Breitinger and H Fordham

32-5-1

Actual Possibilities of the Machine Grading of Timber - K Frühwald and A Bernasconi

32-5-2

Detection of Severe Timber Defects by Machine Grading - A Bernasconi, L Boström and
B Schacht

34-5-1

Influence of Proof Loading on the Reliability of Members – F Lam, S Abayakoon, S
Svensson, C Gyamfi

36-5-1

Settings for Strength Grading Machines – Evaluation of the Procedure according to prEN
14081, part 2 - C Bengtsson, M Fonselius
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36-5-2

A Probabilistic Approach to Cost Optimal Timber Grading - J Köhler, M H Faber

36-7-11

Reliability of Timber Structures, Theory and Dowel-Type Connection Failures - A RantaMaunus, A Kevarinmäki

38-5-1

Are Wind-Induced Compression Failures Grading Relevant - M Arnold, R Steiger

39-5-1

A Discussion on the Control of Grading Machine Settings – Current Approach, Potential
and Outlook - J Köhler, R Steiger

39-5-2

Tensile Proof Loading to Assure Quality of Finger-Jointed Structural timber R Katzengruber, G Jeitler, G Schickhofer

40-5-1

Development of Grading Rules for Re-Cycled Timber Used in Structural Applications K Crews

40-5-2

The Efficient Control of Grading Machine Settings - M Sandomeer, J Köhler,
P Linsenmann

41-5-1

Probabilistic Output Control for Structural Timber - Fundamental Model Approach –
M K Sandomeer, J Köhler, M H Faber

42-5-1

Machine Strength Grading – a New Method for Derivation of Settings - R Ziethén, C
Bengtsson

43-5-1

Quality Control Methods - Application to Acceptance Criteria for a Batch of Timber - F
Rouger

43-5-2

Influence of Origin and Grading Principles on the Engineering Properties of European
Timber - P Stapel, J W v. d. Kuilen, A Rais

STRESSES FOR SOLID TIMBER
4-6-1

Derivation of Grade Stresses for Timber in the UK - W T Curry

5-6-1

Standard Methods of Test for Determining some Physical and Mechanical Properties of
Timber in Structural Sizes - W T Curry

5-6-2

The Description of Timber Strength Data - J R Tory

5-6-3

Stresses for EC1 and EC2 Stress Grades - J R Tory

6-6-1

Standard Methods of Test for the Determination of some Physical and Mechanical
Properties of Timber in Structural Sizes (third draft) - W T Curry

7-6-1

Strength and Long-term Behaviour of Lumber and Glued Laminated Timber under
Torsion Loads - K Möhler

9-6-1

Classification of Structural Timber - H J Larsen

9-6-2

Code Rules for Tension Perpendicular to Grain - H J Larsen

9-6-3

Tension at an Angle to the Grain - K Möhler

9-6-4

Consideration of Combined Stresses for Lumber and Glued Laminated Timber K Möhler

11-6-1

Evaluation of Lumber Properties in the United States - W L Galligan and
J H Haskell

11-6-2

Stresses Perpendicular to Grain - K Möhler

11-6-3

Consideration of Combined Stresses for Lumber and Glued Laminated Timber (addition
to Paper CIB-W18/9-6-4) - K Möhler

12-6-1

Strength Classifications for Timber Engineering Codes - R H Leicester and
W G Keating

12-6-2

Strength Classes for British Standard BS 5268 - J R Tory

13-6-1

Strength Classes for the CIB Code - J R Tory

13-6-2

Consideration of Size Effects and Longitudinal Shear Strength for Uncracked Beams - R
O Foschi and J D Barrett
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13-6-3

Consideration of Shear Strength on End-Cracked Beams - J D Barrett and
R O Foschi

15-6-1

Characteristic Strength Values for the ECE Standard for Timber - J G Sunley

16-6-1

Size Factors for Timber Bending and Tension Stresses - A R Fewell

16-6-2

Strength Classes for International Codes - A R Fewell and J G Sunley

17-6-1

The Determination of Grade Stresses from Characteristic Stresses for BS 5268: Part 2 - A
R Fewell

17-6-2

The Determination of Softwood Strength Properties for Grades, Strength Classes and
Laminated Timber for BS 5268: Part 2 - A R Fewell

18-6-1

Comment on Papers: 18-6-2 and 18-6-3 - R H Leicester

18-6-2

Configuration Factors for the Bending Strength of Timber - R H Leicester

18-6-3

Notes on Sampling Factors for Characteristic Values - R H Leicester

18-6-4

Size Effects in Timber Explained by a Modified Weakest Link Theory- B Madsen and A
H Buchanan

18-6-5

Placement and Selection of Growth Defects in Test Specimens - H Riberholt

18-6-6

Partial Safety-Coefficients for the Load-Carrying Capacity of Timber Structures - B
Norén and J-0 Nylander

19-6-1

Effect of Age and/or Load on Timber Strength - J Kuipers

19-6-2

Confidence in Estimates of Characteristic Values - R H Leicester

19-6-3

Fracture Toughness of Wood - Mode I - K Wright and M Fonselius

19-6-4

Fracture Toughness of Pine - Mode II - K Wright

19-6-5

Drying Stresses in Round Timber - A Ranta-Maunus

19-6-6

A Dynamic Method for Determining Elastic Properties of Wood - R Görlacher

20-6-1

A Comparative Investigation of the Engineering Properties of "Whitewoods" Imported to
Israel from Various Origins - U Korin

20-6-2

Effects of Yield Class, Tree Section, Forest and Size on Strength of Home Grown Sitka
Spruce - V Picardo

20-6-3

Determination of Shear Strength and Strength Perpendicular to Grain - H J Larsen

21-6-1

Draft Australian Standard: Methods for Evaluation of Strength and Stiffness of Graded
Timber - R H Leicester

21-6-2

The Determination of Characteristic Strength Values for Stress Grades of Structural
Timber. Part 1 - A R Fewell and P Glos

21-6-3

Shear Strength in Bending of Timber - U Korin

22-6-1

Size Effects and Property Relationships for Canadian 2-inch Dimension Lumber - J D
Barrett and H Griffin

22-6-2

Moisture Content Adjustements for In-Grade Data - J D Barrett and W Lau

22-6-3

A Discussion of Lumber Property Relationships in Eurocode 5 - D W Green and D E
Kretschmann

22-6-4

Effect of Wood Preservatives on the Strength Properties of Wood - F Ronai

23-6-1

Timber in Compression Perpendicular to Grain - U Korin

24-6-1

Discussion of the Failure Criterion for Combined Bending and Compression
- T A C M van der Put

24-6-3

Effect of Within Member Variability on Bending Strength of Structural Timber I Czmoch, S Thelandersson and H J Larsen
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24-6-4
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Presented by F Rouger
H Larsen: why do we have acceptance criteria on timber acceptance? The situation described
does not exist. F Rouger: I do not agree. In glulam industry in France, each lamination must
be checked. In EN 384, the acceptance criterion was a rule-of-thumb.
J Munch-Andersen: This new rule must comply with Eurocode 0. F Rouger: The method in
itself is not new for engineering but new for timber.

Quality control methods:
Application to acceptance criteria for a batch of
timber
ROUGER Frédéric
FCBA, France

1 Abstract
In the ratified version EN 384, a method was stated in section 9, regarding quality
verification of a batch of timber. This paper aims at showing that the current approach is
not correct, and proposes a new approach that is in line with existing theories. This new
method is based on quality control concepts. For stiffness control, average quality criterion
has to be used, whereas for strength control, fraction defective criterion shall be applied.
Both criteria use a risk concept:
•

The risk for the producer, denoted α, is the risk that a batch is rejected by the
consumer whereas it is correct
• The risk for the consumer, denoted β, is the risk that the consumer accepts the batch
whereas it is not correct
This paper firstly describes the theory, and illustrates the efficiency of the method on
simulated and real experimental data sets. It also demonstrates the inefficiency of
standardized approach. As a conclusion, the proposal based on this investigation, and
which has been incorporated in the new version of EN 384 is briefly described.

2 Introduction
EN 384 mainly aims at deriving characteristic values for timber samples. But an interesting
section, namely section 9, is dedicated to “acceptance criteria for a batch”.
This section can be used for instance by a consumer that receives a batch of timber, and
wishes to check whether or not this batch meets the declared characteristic values.
The current standardized approach was established more or less as a “rule of thumb”. It is
therefore necessary to come back to the theory, and establish rules which are technically
correct and practically useable.
This procedure is related to quality control concepts. Two kinds of quality control
approaches are available:
•

Sampling by variables: we wish to check a numerical value against a declared one.

•

Sampling by attributes: we wish to check a label attached on the product.
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Since the checking is done on strength and stiffness values, we talk about quality control
based on sampling by variables. Sampling by attributes is not dealt with in this paper, but
could also be used for checking for example that a visual grading is made correctly.
Since the control is applied on both mean MOE and characteristic strength values, two
approaches have to be used:
•

For the mean MOE, we talk about average quality criterion

•

For characteristic strengths, we talk about fraction defective criterion

Both approaches use a risk concept:
•

The risk for the producer, denoted α, is the risk that a population is rejected by the
consumer whereas it is correct

•

The risk for the consumer, denoted β, is the risk that the consumer accepts the
population whereas it is not correct

In ISO 12491, it is recommended that:
•

α= 0,15; 0,25; 0,40; 0,65; l,0; 1,5; 2,5; 4,0

•

β= 0,65; 1,0; 1,5; 2,5; 4,0; 6,5; 10,0; 15,0

Usually, we take α= 0, 05 and β= 0, 10, but the method can be used for other sets of values

3 Check of mean MOE: Control by variables
From the population, a sample of size n is tested. The purpose of the control is, based on
the sample result, to guess if the population (or lot) is correct.
Let us define some variables:
The sample mean is denoted as X . The standard deviation is denoted σ . The coefficient of
variation is denoted CV .
Let us define the mean of a “good” quality lot as µ a . For example, if we want to check a
C24 strength class, µ a = 11 MPa
The mean of a sample from this lot can be demonstrated as Gaussian, given by:

(

X = N µa ,σ / n

)

(1)

Let us define the mean of a “bad” quality lot as µt . This value can be expressed as a shift
from the good population:

µt = δµ a

(2)

For example, we can take δ = 0.9 , which means that a drop of more than 10% is not
acceptable.
The purpose is now to fix a limit to the sample mean, in such a way that the producer’s risk
and the consumer’s risk are met.
Let us call this limit L . It can be also expressed as ratio of the target mean of the lot:
L = kq µ a
2

(3)

Let us assume that the distribution is Gaussian.
The producer’s risk, α , is defined as the probability that the sample mean X is less that the
limit (which means that the lot will be rejected), knowing that the population mean is
correct ( = µ a ) .
The consumer’s risk, β , is defined as the probability that the sample mean X is larger that
the limit (which means that the lot will be accepted), knowing that the population mean is
not correct ( = µt ) .
These two statements can be expressed in a mathematical form:


 L − µa 
 P X < L µa = Φ 
 =α

σ / n 

 P X > L µ = 1 − Φ  L − µt  = β
t



σ / n 

(4)

 µ a ( kq − δ )

= Φ −1 (α )
 σ/ n

 µ a (1 − δ )
−1
 σ / n = Φ (1 − β )


(5)

(

)

(

)

or

Solving the system of equations in (5), and using substitutions of equations (2) and (3)
leads to the expressions for kq and n :

kq =

Φ −1 (1 − β ) − Φ −1 (α ) δ

(6)

Φ −1 (1 − β ) − Φ −1 (α )

(

 CV Φ −1 (1 − β ) − Φ −1 (α )
n=
1− δ


) 

2



It is very important to note that kq only depends on α , β and δ . It does not depend on n,
neither on CV. If we fix δ = 0.9 , we have the following values for kq :
alpha
beta

0,050

0,100

0,150

0,050

0,950

0,956

0,961

0,100

0,944

0,950

0,955

0,150

0,939

0,945

0,950

Table 1 : kq values for δ = 0.9

3

(7)

The bolded value, kq = 0.944 , corresponds to target producer’s and consumer’s risks of
5% and 10%.
When looking at EN 384, kq ranges from 0.8 to 0.9, which is totally unacceptable for two
reasons:

•

kq should not depend on n,

•

Such values would lead to unacceptable risks :
o A value of 0.9 means a consumer’s risk of 50%, regardless of the producer’s
risk
o A value of 0.8 means a consumer’s risk of 55% and a producer’s risk of
40%

These conclusions would lead to even stronger conclusion: please do not make any test,
since a simple lottery guess is even safer.
The values of n, as seen in equation(7), also depend on the coefficient of variation. The
following tables give results for different figures of the coefficient of variation.
CV = 0.4

alpha

CV = 0.3

alpha

Beta

0,050

0,100

0,150

beta

0,050

0,100

0,150

0,050

173

137

115

0,050

97

77

65

0,100

137

105

86

0,100

77

59

48

0,150

115

86

69

0,150

65

48

39

CV= 0.2

alpha

beta

0,050

0,100

0,150

0,050

43

34

29

0,100

34

26

21

0,150

29

21

17

Table 2 : n values for different values of CV
The proposal to be inserted in EN 384 could be the following:
•
•
•
•
•
•

Take 34 pieces, and evaluate the mean MOE and its CV
If CV ≤ 0.2 , OK
If 0.2 ≤ CV ≤ 0.25 , increase the sample size to 54, and evaluate again the mean
MOE
Etc.
If 0.35 ≤ CV , an alternative approach is to increase the consumer’s risk, in order
to minimize the sample size.
The mean MOE should verify MOE ≥ kq MOEtarget
with kq = 0.944
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4 Check of characteristic strengths: Control by proportion
By assuming a normal distribution, the general equation for a proportion of the random
variable X is given by:

x −X 
P ( X < xk ) = Φ  k

 σ 

(8)

Where:

X is the random variable
xk is the characteristic value
X is the mean value of X

σ is the standard variation of X
Let us define a “correct” proportion for X as pa . Typically, we can choose pa = 0.05 . In
that case, the mean value of the correct lot, according to equation(8), is given by:

µ a = xk − σ .Φ −1 ( pa )

(9)

The target proportion for the check is denoted as M.
The producer’s risk is defined as:

 x −X 

−1
P ( p > M ) = P Φ  k
 > M  = P  X < xk − σ .Φ ( M )  = α
  σ 

The sample mean is Gaussian (see equation (1)), and given by:

(

)

(

X = N µ a , σ / n = N xk − σ .Φ −1 ( pa ) , σ / n
 ξ − µa 
P X <ξ = Φ

σ / n 
Therefore, y combining equations (10) and (12), we obtain:

(

)

{

(11)
(12)

}

Φ  n Φ −1 ( pa ) − Φ −1 ( M )  = α
Similarly, regarding the consumer’s risk, we get:
1 − Φ  n Φ −1 ( pt ) − Φ −1 ( M )  = β

{

)

(10)

}

(13)

(14)

Equations (13) and (14) can be solved to get n and M:

 Φ −1 (1 − β ) − Φ −1 (α ) 
n =  −1

−1
 Φ ( pt ) − Φ ( pa ) 
 −1
Φ −1 (α ) 
M = Φ  Φ ( pa ) −

n 

2
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(15)
(16)

To get pt (proportion for a bad quality lot), let us assume a shift on the mean of δ (For EN
384, we propose δ = 0.2). The value of pt is given by:
 x −δ X 
pt = Φ  k

 CV .δ X 

(17)

where

X=

xk
1 + Φ (0.05).CV

(18)

−1

This is illustrated in Figure 1.
If we take α = 0.05 and β = 0.10 , we can calculate the values of n and M. They are
reported in Table 3, which constitutes the basis for EN 384.
Cumulat ive dist ri but ion of MOR

Initial distr ibution
Shif teddistribution

1
0,9
0,8
0,7
0,6
0,5
0,4
0,3
0,2
0,1
0, 05
0
15

20

24 25

30

35

40

45

50

55

MOR (MPa)

Figure 1 : Shift on the MOR distribution; effect on pt
M
CV

n

(plim in EN 384)

0,25

25

9.44%

0,30

48

7.96%

0,35

93

7%

Table 3 : Values for n and M (plim in EN 384)
If CV > 0.35 , the sample size becomes prohibitive at a customer’s risk of 10% (the sample
size reaches 187 pieces for CV = 0.4 ). An option can be to increase the consumer’s and
producer’s risks.
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5 Numerical example
5.1 Database and methodology
A database was constituted by grouping Spruce, Scots Pine and Fir in order to have a large
sample size within each grade. The total size is 3623 pieces. The calculations have been
made on three visual grades (STIC30; STIIC24; STIII C18). The strength and
stiffness distributions are given in the following table.
MOE (Gpa)
n
ST1 733

MOR (Mpa)

Mean

COV

Mean

COV

5%

13,69

22%

60,6

25%

34,9

ST2 1782 12,79 24,7%

49

32,3% 24,67

ST3 1108

41

31,7%

11,9

25,2%

22,2

Table 4 : strength and stiffness distributions of the database
The calculations have been made according to the following methodology for each grade:

o 500 samples have been iteratively taken from the parent sample
o For each sample, the sample size has been adjusted according to the principles
stated in the proposal:
o An initial guess for the COV (20% for MOE, 25% for MOR)
o A first calculation for the characteristic value (mean value for MOE, 5% for
MOR)
o An adjustment of the sample size according to the actual COV, by using
equations (7) and (15)
o The characteristic values have been re-calculated
o The check of acceptance has been made according to the proposal ( kq ratio
for MOE, plim for MOR)
o The proportion of acceptance has been calculated.

5.2 Results for the old method
In this context, figure 2 of EN 384 has been used to evaluate kq . Since this factor depends
on the sample size in the current text, the sample sizes in calculations described above have
been used to derive kq .
The first check is made on the population without any shift: the proportion of acceptance
should correspond to the producer’s risk.
The results are summarized in Table 5
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Rejection Rate on
MOE

Rejection rate on
MOR

ST1

0,0%

2,4%

ST2

0,0%

0,2%

ST3

0,0%

0,0%

Mean

0,0%

0,9%

Grade

Table 5 : Verification on parent population
The percentage of acceptance is 100% for MOEs and 99% for MORs. This verification
cannot be correct, since the producer’s risk cannot be zero.
To look at the consumer’s risks, we applied successive shifts to the parent population:
•

For the MOE, two shifts were applied: 10% and 20%

•

For the MOR, two shifts were applied: 20% and 30%

The results are summarized in Table 6.
MOE shift
10%

MOR shift
20%

20%

30%

ST1

99,8%

41,2%

64,6%

31,8%

ST2

99,8%

31,8%

43,8%

12,8%

ST3

100,0%

31,6%

49,4%

9,0%

Mean

99,9%

34,9%

52,6%

17,9%

Table 6 : Acceptance rates for various shifts on MOEs and MORs
Some remarks can be made:

o
o
o
o

A shift of 10% on the MOE is not detected (100% of acceptance).
A shift of 20% on the MOE (e.g. from C30 to C18) is accepted in 1/3 of the cases.
A shift of 20% on the MOR is accepted in more than ½ of the cases
A shift of 30% on the MOR is still accepted in 1/5 of the cases

Clearly, these proportions of acceptance are not correct, and justify that the current
approach of the standard should be left out.

5.3 Results for the new proposal
The initial check on the parent population has similarly been carried out with the new
approach.
The results are summarized in Table 7.
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It can be clearly seen that the percentage of non acceptance (4.7% and 7.8%) are very close
to the producer’s risk (5%), which is in line with the basic assumptions of the method.

Rejection Rate on
MOE

Rejection rate on
MOR

ST1

4,4%

9,4%

ST2

5,6%

7,4%

ST3

4,2%

6,6%

Mean

4,7%

7,8%

Grade

Table 7 : Verification on parent population
To look at the consumer’s risks, we applied successive shifts to the parent population:
•

For the MOE, two shifts were applied: 10% and 15%

•

For the MOR, three shifts were applied: 20%, 25% and 30%

The results are summarized in Table 8.
MOR shift

MOE shift
10%

15%

20%

25%

30%

ST1

3,2%

0,0%

29,8%

12,0%

1,0%

ST2

7,0%

0,2%

13,6%

3,6%

1,6%

ST3

6,8%

0,0%

5,8%

1,2%

0,0%

Mean

5,7%

0,1%

16,4%

5,6%

0,9%

Table 8 : Acceptance rates for various shifts on MOEs and MORs
Several remarks can be made:

o When the shifts correspond to the limits, the percentage of acceptance is in average
(11.4%) close to the target consumer’s risk of 10% (slightly non conservative for
MOR, and slightly conservative for MOE)
o If the shifts are 5% further than the limits, the percentage of acceptance is well
below the target risk.
This section concludes that the proposal has a very good behaviour, corresponding to the
expectations of the theory.
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6 Conclusions
Theoretical concepts of quality control have been successfully applied on the acceptance
criteria for a batch of timber. Numerical investigations on “real data” clearly show that the
existing approach of the standard is not correct, and that the new approach gives very good
results. This justifies the revision which has been incorporated in the new version of the
standard which is going to be ratified in a close future.
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Introduction

Due to increasing effort of grading machine manufacturers the amount of timber which can
be used for approvals according to European standard EN 14081 increases. The available
data can be used to obtain uniform settings that cover large parts of Europe. The European
standard for machine approval EN 14081-Part 2/3 was developed when much less data was
available. Alternative methods for machine grading in Europe have recently been proposed
by SANDOMEER ET. AL (2008), ZIETHÉN AND BENGTSSON (2009) and RANTA-MAUNUS AND
TURK (2010). This paper deals with the current system. The improved experience in
deriving machine settings of today, allows a critical analysis of the rules and methods
decided upon at the time. This can be tested today, as a dataset of almost 5000 boards is
available. The approval procedure requires the use of modification factors from a number
of standards, of which EN 408 and EN 384 are the most important.
Timber quality (in terms of bending strength, modulus of elasticity and density) influences
the settings for the machine. Low quality timber usually leads to higher settings and vice
versa. However, the settings are not defined on the basis of the weakest sample only, but
on a mean value of all sub-samples used in the approval procedure. The origin of the trees
has an important influence on the mechanical properties of the sawn timber. If the user of a
grading machine uses timber from the same sources and in a similar proportion as used for
the derivation of settings, the output material can be safe. On the contrary, if a sawmill
only uses timber from a limited radius around the production site, the results can be far
from safe when the original approval testing covered a much larger area. If the incoming
material is of low quality only, the graded material will not meet the required characteristic
values on a regular basis.
Factors used in the derivation of settings include a depth factor kh and a kv - factor, which
will be discussed in more detail. According to Eurocode 5, the depth effect may be applied
on beams with a depth less than 150 mm. For depths above 150 mm, no correction for
strength is required. However, during the derivation of characteristic values according to
EN 384, the characteristic 5th-percentile value of sub-samples with a depth of more than
150 mm, shall be increased with the depth factor kh given as:

 150 
kh  

 h 

0.2

(1)

1

It means that characteristic values in accordance with the dotted line in Figure 1, will be
used by designers as being in accordance with the continuous line. A discrepancy of
around 10% can be observed for beam depths typically used for floors (> 200 mm).
1.5
1.4

depth factor [-]

1.3
1.2
1.1
1

discrepancy

0.9

EN 384
Eurocode 5

0.8
0.7
0.6
0

50

100

150

200

250

300

depth [mm]

Figure 1: Discrepancy in the depth effect between EC 5 and EN 384.

In addition to the depth effect, EN 384 allows a kv-factor to be applied on the characteristic
value of the samples graded by a machine for strength classes up to C30 according to
EN 338. The value of kv is set fixed at 1.12, independent of the quality of the machine or
strength class combination. The idea behind this factor is that the variation of the
characteristic values of sub-samples is smaller for machine graded timber as compared to
visually graded timber.
Other factors that influence the quality of visual and machine grading are the length of the
pieces that were used in the analysis [ISAKSSON AND THELANDERSSON (1995), ØVRUM ET
AL (2008), RAIS ET AL (2010)] as compared to the lengths used in practice. Other than the
influence of the length of the pieces during the bending tests according to
EN 408 / EN 384, length effects have not been taken into account here.
As no pan-European rules are used for visual grading of timber, EN 1912 regulates the
application area of national grading rules. These grading areas are usually interpreted very
wide. If visual grading is not sensible to the timber origin, this can be justified. The
objectives and the analysis given in this paper can be summarized as:
I)

What is the influence of the origin and the grading principle on the characteristic value
of the bending strength using the European standards EN 14081 and EN 384, after
testing in accordance with EN 408?
II) Does visual grading allow large growth areas like indicated in EN 1912?
III) EN 384 and EN 14081 allow the use of some adjustment factors as mentioned
previously:
i.
To what extend do these factors influence the grading output?
ii.
Is the kv-factor (kv =1.12) justified by a lower variation of machine graded timber
compared to visual graded timber?
iii.
Is the variation in 5th-percentile values of sub-samples such, that different safety
factors can be justified depending on the type of grading?
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Material and method

2.1

Material

The dataset comprises a total of 4893 specimens. The analysis is based on Norway spruce
(Picea abies) from Europe. As it is shown in Table 1, spruce data covers many parts of
Central, North and Eastern Europe. 10 sub-samples were formed according to geographical
aspects. The sampling was carried out in different regions within 11 different countries. It
is assumed that the sampling is representative for the timber source from the according
region. The cross section also covers a broad range: the thickness varies from 20 to 167
mm and the width (depth) from 63 to 284 mm.
The amount of boards of each sub-sample is sufficient to derive settings according to the
current European standard EN 14081. The standard requires a minimum number of
100 pieces in a sub-sample. The numbers of pieces in each sub-sample vary from 204 to
1337. This was done in order to follow the origin of the boards.
One part of the complete dataset originates from the database of Holzforschung München.
These 2617 boards are mostly data of recent projects. The other part of the dataset contains
2276 boards of the European “Gradewood”-Project. Common aim of the European jointproject “Gradewood – Grading of timber for engineered wood products” is to improve
strength grading.
All destructive tests were performed according to EN 408. The factors given in EN 384
(kh-factor, kl-factor) were applied. Due to the kh-factor the edgewise bending strength
values (MoR) were adjusted to a depth of 150 mm. At 1091 boards the bending strength
values were adjusted to the normal test arrangement (kl-factor): a symmetrical two point
loading over a span of 18 times the depth is used for the determination of bending strength.
If possible the weakest section along the beam axis was tested. The orientation of the board
in edgewise bending tests was chosen randomly. The static bending modulus of elasticity
(MoE) is adjusted to a moisture content of 12 % by 2 % change for every percentage point
difference in moisture content.
Moisture content measurements were carried out on small samples, free of defects and cut
out close to failure, by oven dry method according EN 13183-1. Density (ρ) measurements
were performed on the same samples. Table 1 summarizes mean values and coefficients of
variation of the grade determining properties (bending strength - MoR, bending static
modulus of elasticity - MoE, and density - ρ) as well as of the machine data (dynamic
modulus of elasticity - MoE dynamic, tKAR).
The non-destructive data used in the analysis were not recorded by a grading machine.
Rather, the machine data such as density, eigenfrequency or the knot value are detected
under laboratory conditions. These data are recorded at eight different European research
institutes. To achieve comparable results between the institutes, round robin tests were
carried out before the laboratory measurements to ensure comparable destructive and nondestructive test data.
The tKAR is defined as the knot area within 150 mm projected on the end grain divided by
the area of the cross section. Overlapping areas are only counted once. The tKAR-value
shows a slightly better coefficient of determination to strength in comparison to the usually
used knot parameters in visual grading. In return, visual grading rules also contain other
parameters for predicting the strength class: slope of grain, pith, rate of growth, fissures,
wane, warp or compression wood. All in all, the prediction accuracy of the chosen visual
approach is comparable to the visual grading in practise.
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cov in %

mean

cov in %

tKAR

MoE,
dynamic
mean in
kN/mm²

ρ
cov in %

D

mean in
kg/m³

C

Western
Germany
North
Germany
Austria
Czech Rep.

cov in %

B

MoE

1126

mean in
kN/mm²

n

Slovenia

cov in %

region

A

mean in
N/mm²

sub-sample

MoR

Table 1: The dataset comprises timber from 10 geographical regions.

43.4

30.7

11.2

20.5

445

9.9

12.8

19.4

0.25

39.9

1337

42.2

32.2

11.5

20.3

435

10.5

12.3

17.9

0.24

42.5

511

36.6

36.0

10.6

22.8

447

12.6

11.2

21.3

0.26

45.3

298

36.7

35.5

10.5

25.3

440

13.2

12.3

23.7

0.31

44.3

E

Belgium

262

41.4

25.4

11.0

15.6

437

9.3

12.1

15.4

0.26

38.2

F

Luxembourg

209

40.0

27.1

10.7

16.1

434

9.1

11.9

16.2

0.26

38.8

G

Poland

433

38.5

31.4

10.8

20.6

440

10.8

11.7

20.4

0.32

31.9

H

Romania
Slovakia

303

37.0

30.6

9.7

18.1

397

9.2

10.6

18.4

0.29

34.0

I

Sweden

210

42.5

35.2

10.7

21.8

435

11.9

12.0

20.9

0.22

44.3

J

Ukraine

204

36.2

29.4

9.6

18.7

389

9.5

10.5

18.8

0.28

36.4

Total sample

4893

40.6

32.4

10.9

21.0

435

11.2

12.0

20.1

0.26

41.4

2.2

Method

Model
Based on the total sample two different models are calculated by means of (multiple) linear
regression analysis. The first model contains only the tKAR-value and simulates a visual
grading. This is similar to most visual grading rules that predict the strength on the basis of
knot size and knot location. The second model contains the tKAR-value and additionally
the dynamic modulus of elasticity (MoE, dynamic). The dynamic modulus of elasticity is
calculated using the eigenfrequency, the density, and the length. Equation (2) and (3) show
the regression coefficients used in the regression model.
visual model

IP1 = 58.2 - 67.4 * tKAR

(2)

machine model

IP2 = 9.4 + 0.00334 * MoEdyn - 34.4 * tKAR

(3)

The relationship between indicating property and bending strength is shown for both
models in Figure 2.
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Figure 2: The indicating property of the two models plotted against the bending strength.
Table 2: Required characteristic values of European C-classes according to EN 338.

grade
C40
C35
C30
C24
C18

MoR
N/mm²
40.0
35.0
30.0
24.0
18.0

MoR / kv
N/mm²
40.0
35.0
26.8
21.4
16.1

MoE,mean
N/mm²
14 000
13 000
12 000
11 000
9 000

0.95 * MoE,mean
N/mm²
13 300
12 350
11 400
10 450
8 550

ρ12
kg/m³
420
400
380
350
320

Settings
The required characteristic values for the European C-classes are shown in Table 2, taking
into account the 95% factor on mean bending modulus of elasticity given in EN 338 and
the kv-factor on the characteristic bending strength given in EN 384. Characteristic density
is determined by ranking method. The kv-factor used for reducing the strength
requirements on the 5th-percentile level for strength classes C30 and below, needs to be
kept in mind, as the graded material will not reach the strength values given in EN 338.
The settings were derived for a so called "machine controlled system" in compliance with
the current standard EN 14081. This method is denoted the "cost matrix method" which
was presented by Rouger (1997). The settings are derived maximising the yield of the
highest grades and not minimising the reject. For each sub-sample the setting is determined
from a sample comprising the remaining sub-samples ("excluded sub-sample" method).
Optimum grading provides the optimum assignment of strength class to the tested boards.
These are assignments that would be made by a fictitious perfect grading machine. The
calculation is not such a trivial task because all three properties (MoR, MoE, and ρ) should
be optimized simultaneously according to algorithms from EN 14081-2. Currently there
are two possible calculation routines for optimum grades. The method applied here for the
optimum grade is given in clause 6.2.4.5 of EN 14081, note 2.
Material safety factors
In order to find out whether the given safety factor for sawn timber in Eurocode 5 is
appropriate (advised γM value = 1.3, but may be specified on a national basis), the variation
of the characteristic bending strength value of the sub-sample is studied. This is done using
5

an equation taken from ISO 2394, a standard partly influenced by the work of the JCSS
[VROUWENVELDER]. A similar description can be found in EN 1990 – Eurocode - Basis of
design. The required safety factor γM is specified as follows:
1  kVR
R
M  k 
Rd 1   R VR

(4)

Where:
Rk = characteristic value from the test data;
Rd = required design value;
k = 1.64 for samples with a large number of specimens (n >> 30);
αR = 3.8 for normal structures with a reference period of 50 years;
β = 0.8 for the governing load.
Equation 4 is sensitive for high coefficients of variation (VR) in combination with
reliability index values (αR) larger than 3.5. In most cases the coefficient of variation of
graded timber is larger than 0.25. The derived value of γM according to Equation (4)
includes the in Annex D of EN 1990 mentioned factor η, taking into account specific
material effects, such as the modification factor kmod. As a consequence the derived safety
factors are no proposals for safety factors to be included in EC5, but are merely used to
analyse any safety differences in batches of timber graded either visually or by machine.

3

Results

While all three grade determining properties were considered when deriving settings, the
results focus on bending strength, as it proofed to be the crucial property in most cases.
The effect of kv will be considered throughout the results part. In order to limit the amount
of variables used, kh will be taken into account in the first part only.

Figure 3: Bending strength not corrected by kh as required by EN 384.

For the tested 4893 specimens nothing like a depth effect on the bending strength can be
recognized. Figure 3 shows the pure test values corrected by the length (kl) where
necessary. The 4893 specimens from all over Europe cover all depths normally applied in
6

practice. The coefficient of determination (r2=0.0004) does not indicate any correlation
between depth and bending strength. The effect was also checked within different grades.
There were no effects obvious which would conflict this general statement.

bending strength [N/mm²]

As described before, large depths lead to increased strength values if kh is applied - also
during deriving settings and grading. Combined with the kv - factor used in machine
grading, strength values could become more than 20 % below required values for depths
exceeding 250 mm.
Figure 4 illustrates target values for timber graded using both factors. For strength class
C35 and up to a depth of 150 mm the target values are as high as the according bending
strength values given in EN 338. For larger depths the strength is reduced by kh.
However, there is a jump for strength values independent of the depths when grading
strength classes equal or below C30 caused by kv for machine graded timber. Independent
from the strength class the expected 5th-percentile bending strength value decreases with
increasing depth.
40
35
kh

30
25

kh, kv

20
15
50

100

150

200

250

300

depth [mm]
C35

C30

C24

Figure 4: Expected 5th-percentile bending strength dependent on the depth of the member if
kv (EN 14081) and kh(EN 384) are used, compared to strength values given EN 338.

Table 3 shows the 5th-percentile strength values for the grades C30 and C24, respectively.
For C24 the yield reaches a maximum of 99 % for the undivided dataset in the optimum
grade if the kv - factor is used for the derivation of settings. A grading machine would
assign almost the same amount of timber into C24 (98 %). The yield for visual grading
drops to 79%, but the scatter in strength values for the single sub-samples is comparable to
that graded by machine. The minimum strength value can be found for visual graded
timber for sub-sample J (20.9 N/mm²). Only 18.9 N/mm² is reached in subsample D if kv is
applied when the machine settings are derived for C24.
For C30 the difference in yield between machine grading with and without kv and visual
grading increases. The assignment to C30 drops from 74 % (using kv) to 56 % (without kv),
reaching a minimum of 6 % for visual grading. For visual grading no 5th-percentile values
are given in table for six sub-samples, as less than 10 specimens were available in these
cases. The lowest values for machine graded timber can again be found in sub-sample D
(25.8 N/mm² and 23.3 N/mm²).
For C24 and C30 comparing the optimum grade (OG) considering kv to the optimum grade
neglecting kv, shows an offset of exactly 12 % (kv =1.12) for the undivided sample.
However, when single sub-samples are compared this offset increases.
7

Table 3: Characteristic strength values. For the single sub-samples divided by grades, grading
principles and the use of the kv factor. Characteristic strength (N/mm2) and yield for the undivided
sample.

principle / grade
kv

Characteristic
strength
[N/mm²]

yield

sub-sample
A
B
C
D
E
F
G
H
I
J
all
all

OG
no

grade - C30
OG
yes

30.2
30.3
28.2
30.1
30.5
29.4
30.5
29.6
28.8
30.4
30.0
78%

27.4
27.4
25.4
25.9
28.0
27.0
26.9
26.3
26.6
26.6
26.8
85%

OG
no

grade - C24
OG
yes

25.3
24.5
23.3
23.0
26.4
24.0
23.2
22.5
24.6
23.7
24.0
94%

23.1
22.3
20.0
20.4
24.5
24.8
21.4
20.9
21.3
20.0
21.4
99%

machine
no

machine
yes

visual
no

29.4
31.2
28.5
25.8
31.9
32.6
31.6
34.4
27.7
30.5
30.0
56%

26.0
27.8
26.5
23.3
27.8
28.0
27.8
24.5
25.3
26.2
27.0
74%

36.9
33.3
30.9
-*
-*
-*
-*
-*
20.4
-*
31.9
6%

machine
no

machine
yes

visual
no

24.5
24.0
22.3
22.6
27.5
26.6
23.9
23.4
22.2
23.9
24.0
89%

22.6
21.8
18.9
19.3
24.9
23.0
21.2
21.2
21.7
19.5
21.4
98%

25.1
25.0
22.0
21.6
27.7
27.4
23.9
22.8
21.9
20.9
24.0
79%

* too few data available

principle / grade
kv

Characteristic
strength
[N/mm²]

yield

sub-sample
A
B
C
D
E
F
G
H
I
J
all
all

Table 4: γM,mean as the mean γM - value for the sub-samples. For different grades resulting from
different grade class combinations using different grading principles and partly the kv - factor.

grade

grade class
combination
C24-rej

C24
C35-C24-rej
C30

C30-rej

C35
C40

C35-rej
C40-rej

kv

principle / grade

yield

no
no
no
yes
no
yes
no
yes
no
no

OG
machine
visual
machine
machine
machine
machine
machine
machine
machine

4611
4338
3858
4773
2339
2377
2720
3622
1391
492

8

γM,avg.
(ISO-2394)
2.60
2.61
2.74
3.96
1.70
1.71
1.76
2.36
1.50
1.38

γM,Std.
(ISO-2394)
0.63
1.00
1.15
1.77
0.18
0.18
0.37
1.23
0.22
0.15

Where 30 N/mm2 is required, sub-sample C has the lowest characteristic value of all,
namely 28.2 N/mm2. This drops to a value of only 25.4 N/mm2 when the kv-factor is
applied. For C24 similar effects can be observed.
In Table 4 the required γM values are given on the basis of equation 4. The given value is
the average of the values of the individual sub-samples for each strength class. The scatter
in terms of the standard deviation is also given.

4

Discussion

One major problem of machine strength grading in accordance with EN 14081 and
underlying standards is visualized in Figure 4. The target strength value for machine
graded timber lies clearly below the value an engineer is going to use for his design. The
grading according to the current version of EN 14081 allows strength values which can
additionally vary from this target value as the method does not require that each individual
sub-sample meets the minimum strength requirements.
Even without considering the kh-factor, which could additionally lower the strength values
(depth > 150 mm), the strength values for individual sub-samples can still become as low
as 23.3 N/mm² where C30 is the target, and 18.9 N/mm² for C24.
If kv is not applied for machine grading, the characteristic values obviously increase. In
almost all cases the sub-sample strength values are even above the strength values for the
optimum grade with kv-factor included. Only for sub-sample D the value reaches 86 % of
the required value for C30. In all other cases the values are at least 90 % of the required
strength. While it is obvious that eliminating kv leads to more reliable values, the aim of
the paper is also to compare the reliability of machine grading with visual grading at the
5th-percentile strength level. This comparison can only be made for strength class C24, for
which visual grading gives a yield of 79 %. The strength of visually graded C24 material is
clearly above the values for machine graded timber if kv is used. This proves at least that
the kv value is too high. Compared to machine grading without kv differences are becoming
small when looking at the 5th-percentile values of the individual subsamples; the yield in
visual grading is 10 % lower.
From the results of γM for strength class C24, it can be clearly seen that a positive effect of
machine grading can only be obtained if C24 is graded in a grade combination with C35 or
higher. Otherwise, the characteristic strength of samples graded by a machine is not much
better than when graded visually. The kv-factor has a rather surprising effect on the
characteristic values of the subsamples. The required safety factor for machine graded
timber where settings are derived including the kv-factor is higher. The reason for this is
that with lowering the required value from 24 to 24/1.12 = 21.6, a large number of test
results with low strength are included in the sample, increasing the coefficient of variation
of the sub-sample. As a consequence, the kv-factor as currently applied cannot be justified.
The results indicate further that visual grading of C30 is very difficult if not impossible.
For several sub-samples it is not possible to calculate reliable 5th-percentile strength values
due to the number of pieces in the grades per sub-sample. With a yield of only 6 % it
seems as if visual grading in higher strength classes is not realistic.
For higher strength classes, machine grading shows a clear benefit in terms of lower
required γM values. Also the scatter on sub-samples is smaller. If graded in a combination
with class C35 or higher, a lower γM value can also be justified for C24 timber.
The extreme low strength results could further decrease, if the kh-factor is considered.
Although values visualized in Figure 4 only appear if the worst comes to the worst, this
factor can increase the risk for very low strength values of graded timber. As no correlation
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can be shown based on the material used in this study, it is proposed to delete the depth
factor from both EN 384 as well as EC5. DENZLER AND GLOS (2008) already gave the
same suggestion using a different dataset.

5

Conclusions

Visual grading of wood into strength class C30 seems not to be justifiable, certainly not for
the application range (growth areas) given in EN 1912. The coefficient of variation of the
5th-percentile strength values is such that higher safety factors need to be applied than
currently specified in Eurocode 5. In addition, in some sub-samples the yield is so low that
no characteristic values can be determined.
Visual grading into strength class C24 is possible on its own, leads however to a large
scatter in 5th-percentile strength values for the different sub-samples. This in return would
require high γM values, much higher than currently specified.
When only C24 is graded, also machine grading leads to a large variation in characteristic
strength values within the grade (sub-sample level). When grading C24 by machine, a
higher strength grade should be produced at the same time, increasing the threshold value
for C24 and decreasing the variation within the grade. Grading of only one strength class
by a machine should not be permitted, unless higher safety factors are prescribed for such
material.
Adjustment factors given in EN 384 and EN 14081 intensify the problems caused by
deriving settings for large areas according the current standard. Therefore it is proposed to
delete the kv-factor from EN 384/14081-2. The kv - factor allows more test results from the
low strength range to become part of the sub-sample, having a higher scatter and
consequently requires higher safety factors. The kh-factor from EN 384/EC 5 should also
be deleted. Apart from the fact that no evidence of its existence is found in the test results,
there is a clear inconsistency in the standards. When deriving settings according to
EN 14081 the weakest sub-sample should be taken into account and limits on the allowable
deviation from the target value should be specified.
The advantage of machine grading (i.e. more reliable material with smaller scatter in
strength properties) should lead to the specification of different safety factors for visual
and machine graded timber. For grades C30, C35 and C40 produced by a machine, there is
clearly a much lower scatter at characteristic strength level, justifying a difference in safety
factor between visual grading and machine grading. This could be done by specifying
different γM values, but another option is the specification of a modification factor, taking
into account the difference in variability between visual and machine grading.
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Abstract

The bearing strength capacity at discrete intermediate or/and end supports or areas of load
introduction are the focus of this paper. Experimental research backed up by FEM and optical
techniques have been used to assess and quantify the strength affecting parameters. It is
demonstrated that the stress dispersion model by Van der Put is very well suited for strength
predicting associated with 10% deformation.

2

Introduction

Many authors have tested and reported compressive
perpendicular to grain tests, which is an issue as old as a
beam on two supports. With the introduction of the railway
ties many tests in the 19e century have most probably focused
on the bearing resistance although the authors are unaware of
any publications. In the early 20th century the engineered
wood structures, like the platform method, developed where
timber beams are continuous supported and loaded by studs
as shown in Figure 2. The permissible strength design
method, based on the proportional strength limit, Kolmann et
al.[1], was used. An historic overview of some late 19e
century, early 20e century efforts in search for the parameters
of influence is given by H. Kühne [2]. Gehri [3], in his
overview, focuses on the relation of compressive strength and
density. He argues that differences in the determination
methods and strength definition of test standards around the
globe, lead to a confusing situation due to differences in
specimen geometry and load configuration. For this reason
test data is incompatible. Since engineered wood structures
demand design rules, many have tried to develop models for
strength and stiffness prediction. The complexity of the
problem resulted in empirical models.
Recently, a successful attempt was made to apply an elasticfull plastic stress dispersion model by Van der Put [4].
Initially the model was only applied to solve the bearing
1

Figure 1: Continuous
supported timber beams as

Figure 2: Vertical studs transfer
the load from top the bottom rail.

strength capacity of dowel type fasteners in particle board; it was later used for continuous
loaded timber beams loaded perpendicular to grain. Evaluation of additional tests added more
credibility to this model, Leijten et al. [6]. It was concluded that the model is a potential
candidate for future structural design codes adoption. The model reads according to equation (1).

(1)
with:
Fd
l
b
lef
fc,90

is the load for a given deformation, in N
is the contact length of the applied load in grain direction, in mm
the width of the beam, in mm
is the effective length at the bearing or support, in mm
is the standard compressive strength perpendicular to the grain, in N/mm2.

lef

Fig. 3: Fully supported and opposite loaded semi-supported beams

kc ,90 =

lef
ls

The depth to width ratio should be limited to 4 in order to prevent other type of premature failure
mechanism such as rolling shear, Basta [7].
A second category of beams were the compressive or bearing strength capacity is important are
beams loaded at discrete locations, Figure 4. This paper concentrates on application of the stress
dispersion model for these particular situations.

3

Beams loaded at discrete locations

Some examples of beams loaded at discrete locations are shown in Figure 4 and 5. In fact there is
no difference between the load situation of a beam running over a (intermediate) support and a
load introduce between two end supports of a single supported beam. In both cases a force is

Figure 4: Load transfer by
perpendicular to grain stresses

Figure 5: Plastic failure mode

2

transmitted to one side (top) of the beam not finding direct support on the other side (bottom) of
the beam, Figure 6.
Van der Put [5] indicates an option to apply his stress dispersion theory to a case with opposite
loads, Figure 3. However, it is questioned if this approach is valid for small loaded areas or high
beams despite the empirical limits set to kc,90.

4

Tests on discrete loaded beams

A Master research project was set up and carried out
by De Leier [8] to evaluate the stress dispersion
method for discrete supported beams. Laboratory
experiments, extended with optical measurements
using the ESPI system, were complimented by
numerical theoretical calculations. A summary of the
results are presented below.

4.1

Wood species

4.2

Test program

Figure 6: Discrete support

The wood species used was Spruce with a mean density and modulus of elasticity of 437 kg/m3,
1016 N/mm2 and 447 kg/m3, 12538 N/mm2 for sawn and glued laminated test pieces,
respectively. The modulus of elasticity was determined using the Timber Grader by Brookhuis
Electronics (based on dynamic wave propagation technology). The grade assigned by the Timber
Grader was C24 for the sawn timber and G24h for the glued laminated pieces.

The background for the choice of test specimen dimensions was that neither bending nor shear
failure should govern but only the bearing capacity. This is achieved by taking a mid span loaded
length of 100 mm over the full beam width and beam seizes as given in tables 1 and 2. The
specimens were cut from 3000 mm length pieces taking as much different specimens per Series
per board.
An overview of the different test pieces is given in figures 7 and 8 and tables 1 and 2.

A2

A3

s

B2

h

A4

B3

a

l
ltot

a

s

b

B4

h
b

Figure 7: Overview of test specimen Series of sawn timber
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Table 1: Dimension of Figure 7 test Series (sawn timber)
Specimen
Series
n=4
A2
A3
A4
B2
B3
B4

Width
b
[mm]

Depth
h
[mm]

40

145

40

220

C2

Support
s
a
[mm] [mm]
145
100
290
435
145
100
290
435

Beam length
ltot
[mm]
590
880
1170
590
880
1170

C3

(ltot -s)/depth
ratio
3,4
5,4
6,7
2,2
3,5
4,9

100
100

C4

s

D2

Loaded length
l
[mm]

a

D3

l
ltot

a

s

D4

Figure 8: Overview of test specimen Series of glued laminated timber
Table 2: Dimensions of Figure 8 specimen Series (glued laminated timber)
Specimen
Series
n=4
C2
C3
C4
D2
D3
D4

5

Width
b
[mm]

Depth
h
[mm]

80

400

80

600

Support
s
a
[mm] [mm]
145
290
100
435
145
290
100
435

Beam length
ltot
[mm]
590
880
1170
590
880
1170

Loaded length
l
[mm]
100
100

(ltot -s)/depth
ratio
1,2
2,0
2,7
0,8
1,3
1,8

Numerical modeling, optical verification and laboratory tests

To examine stress dispersion perpendicular to grain numerically for continuously supported
beams is not new. Madsen et al [9] performed numerical simulations and concluded that the
bearing stresses dispersed not beyond 1,5 times the beam depth, which exactly corresponds to
what Van der Put derived theoretically, Figure 3. The same was concluded by Riberholt [10].
4

The question is if the same applies for not continuous supported beams. To investigate this, De
Leier [8] build a model using the FEM program Abaqus. This choice was made based on its user
friendliness and the available expertise in our research group. After initial tests where the load
displacement curve of the standard compressive tests perpendicular to grain according to EN 408
(cube tests with fully loaded surface) is simulated and compared to test results, the simulation
considered the test series A to D. Hill's yield criterion was applied and despite its shortcomings
to represent the timber behavior in detail, the final results corresponded well with previous
reported simulations, Lum and Karacebeyli [11].
The analyses by De Leier [9] aimed at answering the question to what extend the bearing stresses
disperse in discrete supported beams. Limits were set by the maximum bending stress (C24) or
by 10% beam depth indentation. To determine the stress dispersion phenomenon in both parallel
to grain and perpendicular to grain direction the deformation patterns were examined.
To investigate the indentation depth of the bearing stresses, the deformations at regular spaced
cross-sections along the span were studied. In Figure 9 the vertical axis represent the indentation
with respect to the top edge of the beam while horizontally the distance to the top edge of the
beam is set of respective cross-section spaced along the beam.

distance to top beam edge [mm]

1
h

indentation [mm]

n

A: 40*145

A2
1

n

beam height h

Figure 9: Penetration depth of bearing stresses in respective cross-sections for Series A2
The bottom line (1) in Figure 9 shows how the timber fibres of the mid span cross-section are
affected by the bearing stress. As the figure reads the 8,4 mm indentation at the surface (distance
to top edge 0 mm) drops to 2 mm at 50 mm depth from the top. Fibres situated closer to the
lower beam edge are apparently hardly affected by the bearing stress at the top. The other lines
of the graph represent the behaviour for cross-sections spaced at increments of 10 mm for the
mid span cross-section. The line that represents a cross-section at 120 mm distance from mid
span does not show any indentation where only bending deformation remains.
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h

Indentation [mm]

deflection [mm]

For verification of the FEM deformations the optical ESPI laser technique was used during the
laboratory tests. After data processing graphs like Figure 10 are found. This graph is specific for
the third specimen of Series A2 but all others are similar. On the vertical axis the deflection by
bending is added compared to
beam height
Figure 9. It is concluded that
Figures 9 and 10 are in good
n
agreement. Both show that at a
certain depth the indentation by
“line”
bearing stresses perpendicular
to the grain is vanished and all
A: 40*145
≈ 50 mm
that remains are bending
deflection deformations. In
1
Figure 10 this is given by the
“line”.
A2
1

n

Figure 10: ESPI data of Series A2

The same numerical procedure is followed and backed up by the optical detection method, for
the specimen Series A, B, C and D, which results in Figure 11 only showing the mid span crosssections indentation. Although the indentations at the surface increase up to 35 mm for Series D,
the indentation depth does not increase but attains a maximum of 140 mm.

distance from top beam edge [mm]

mean indentation depth, all series

Maximum indentation
maximum indentation
Depth [mm] depth [mm] (series D)
A

B

C

A: 40*145
B: 40*220
C: 80*400
D: 80*600

D

Figure 11: Summary of penetration depth at mid span cross-section.
In the same way as for Series A, horizontal sections spaced over the depth of the beam show how
far the bearing stresses reach outside the loaded area, Figure 12. The top line is the indentation at
6

the top edge of the beam, which obviously is straight for 50 mm being half the bearing length.
The bottom line shows clearly bending deflection only. Again at a certain depth added to the
bending deflections the indentation by bearing stresses appears. The boundary is 50 mm from
the top edge while the indentation length in grain direction is 120 mm from mid span, dotted
vertical line in Figure 12. Both values are observed for a load level when the bending strength
governed.
The results of the optical ESPI test method for a Series A2 specimen 3 is shown in Figure 13,
which shows the indentation on left and right side of the loaded area. Evaluation shows both
Figure 12 and 13 to be in close agreement.

1: high indentation

1
A2

indentation [mm]

n

A: 40*145

n: only “bending”

half “indentation length”
half “beam” length

Figure 12:

Indentation length of bearing stresses along the grain for series A2.
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1
deformation (indentation + “bending”

A2

n

1: high indentation

A: 40*145

n: only “bending”
beam length

Figure 13: ESPI data of vertical deformation along the grain, Series A2
The same procedure was followed for the other test Series, B, C and D and an overview is given
in Figure 14. The distance of the indentation affected areas is indicated by dotted lines for
respective test Series. In the same way as for the indentation depth the indentation length reached
a limit despite the increasing specimen dimensions indicated by the vertical dotted lines.

indentation length of bearing stresses; all series

1

indentation of top edge [mm]

A2

A
1

C/D
A: 40*145
B: 40*220
C: 80*400
D: 80*600

B

Distance to mid span cross-section
distance to mid span cross section [mm]

Fig. 14: Overview of edge fiber indentation versus mid span distance of all test Series
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The numerically predicted indentation area expressed in depth and distance along the grain was
confirmed optically, Table 3. The dispersion angle of bearing stress is derived based on these
results. The mean compares very well with the theoretical value of 1,5 by Van der Put [5]. When
the bending deflection become smaller it becomes more difficult to determine where the bending
deformations are taken over by indentation. In other words the interpretation of the ESPI test
results is less successful for the Series C and D. Figure 15 shows the indentation depth versus
beam depth.

he = 0,35 h ≤ 140 mm

Figure 15: Indentation depth versus beam depth
Table 3: Overview of mean indentation depth and mean indentation length and kc,90
Specimen Width Depth
Series
b
h
&
[mm] [mm]
Number
of tests n
A2 n=9
40
144
A3 n=7
A4 n=8
B2 n=9
B3 n=9
40
220
B4 n=8
C2 n=8
80
400
C3 n=8
C4 n=8
D2 n=4
D3 n=4
80
600
D4 n=4

Indentation
depth
[mm]
FEM Test
50
50
40
100
90
80
140
140
140
140
140
140

53
67
46
100
113
87
140
126
100
133
132
140

Tot. Indent.
Length= lef
[mm]
FEM
Test
240
240
240
400
320
320
320
480
560
560
480
540

*) reduced number of data available
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233
211
200
250*
320*
450*
560*
560*
454*
540*
560*
mean

Dispersion
angle
[tan α]
FEM
1.4
1.4
1.75
1.5
1.22
1.38
1.36
1.64
1.64
1.36
1.57
1.64
1,49

Because the FEM results correspond well for the Series A and B more credibility is given to the
FEM results were the tests become doubtful as for Series C and D. The following relations for
the maximum indentation depth, he and length, lef are derived:

he = 0,35 h ≤140 mm

he

l

l ef = l + 2 * 1,5he = l + 3he

lef

This model can be applied for the prediction of the load, according to equation (2), which results
in 10% deformation of the indentation depth, being 5,8 mm, 8,8 mm for Series A and B and 14
mm for Series C and D.
F=

l ef
l

f c ,90 * b l ≤ 4 f c ,90 * b l

With b
fc,90

(2)

= beam with [mm]
= compression perpendicular to the grain strength determined according to
EN 408.

Finally, the experimental results are plotted in figure 16 together with the results according to the
presented model and according to the present Eurocode 5, amendment A1, equations.
Compression strength at 10% deformation determined for each test specimen; average values

A/B (sawn specimen)

C/D (glulam specimen)

v/d Put extended model
Eurocode 5

Figure 16: Experimental results compared to the model predictions according to the model
presented in this paper (v/d Put extended model) and according to Eurocode 5
10

6

Conclusion

Using both numerical and optical techniques, it has been shown that for non-continuous
supported beams loaded perpendicular to grain the dispersion of bearing stresses are limited to a
certain area. For coniferous wood (Spruce) the bearing area is restricted to 35% of the beam
depth with a maximum of 140 mm.
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H Blass: Did you consider failure in header for dovetail joint? T Tannert: we avoided it in our
testing program to verify the method.
H Larsen: Anisotropic materials are nasty materials. Anisotropy introduces secondary
stresses. One must start and evaluate material parameters every time. T Tannert: Yes, FE
analyses are very complex but material parameters do not have to be evaluated every time.
Material parameters can be taken from tables.
H Larsen: why calling it probabilistic? T Tannert: It is more stochastic and certainly not
deterministic.
S Aicher: What is sensitivity to volume? T Tannert: not sensitive if one changes volume and
scales material parameters accordingly
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Introduction

To connect load bearing timber structures, practitioners have at their disposal a series of
methods; a first fraction of them rely on mechanical fasteners, a second type of connections
achieves load transmission by means of direct contact between timber members, and a third
increasingly considered option is adhesively bonding, including welding of wood as a
subcategory. All these connection methods have in common that their geometries generate
stress singularities, for which ”traditional” timber engineering design, based on stress or
strain criteria, has proven to be of no use [1]. Additional complexity arises from the
anisotropic nature of the material, its brittle failure modes under tension and shear loading,
the complex multi-axial stress distribution, and the uncertainties regarding the associated
material strength.
The capacity determination of joints exhibiting brittle failure has, for a long time, been
solved using empirical methods. Mechanical problems involving stress singularities can be
better solved using fracture mechanics. Most commonly used are linear elastic fracture
mechanics (LEFM), which require a pre-existing crack. The failure criterion is either
expressed in terms of energy release during crack propagation or a stress intensity factor.
Dimensioning methods based on LEFM require the constitutive material behaviour, often
idealized by a linear-elastic stress-strain curve up to the maximum stress followed by a
strain softening relation from which the fracture energy is derived. This formulation has
been extended to include more complex and realistic strain softening models; this
generalised LEFM, e.g. [2] allows lifting the restrictions of the pre-existing cracks, and
enables its application to arbitrary geometries, making it potentially interesting for practical
cases. However, all methods derived from LEFM usually require an extensive and often
tricky mechanical characterisation of material behaviour; furthermore, the implementation
of LEFM-based methods into actionable design routines is by far not straightforward.
For materials that can be clearly defined as brittle, thus subject to significant size effects,
besides LEFM based methods, Weibull weakest link theory [3] can potentially be used to
overcome most of the difficulties encountered when implementing LEFM. Already forty
years ago, Weibull theory has been successfully applied to characterize the magnitude of
size effects on the brittle failure of timber in bending [4], tension perpendicular to grain [5]
and shear [6]. It used to be difficult to analyse components with stress concentrations using
Weibull theory [7] and capacity predictions were usually made for only one stress
component at a time, and for stress states that exhibit elastic-brittle characteristics.
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It has been shown on several occurrences that any attempt to predict the capacity of joints
failing in a brittle manner and exhibiting stress peaks using a stress-based metric is deemed
to fail, i.e. for adhesively bonded FRP joints [8]. To overcome the problematic associated
to the sharp stress peaks of a combination of stresses, the concept of stress volume integrals
was proposed [9]. A more elegant approach using a probabilistic dimensioning method was
successfully developed and tested against experimental data for adhesively bonded FRP
joints [10] and subsequently validated on timber joints [11-14].
Although no conclusive evidence has yet arisen for the accuracy of probabilistic strength
theories to describe the size in the strength of timber, the existence of significant size
effects is largely accepted. It is the purpose of this article to show that previously stated
limitations “Weibull theory suffers from similar limitations as stress or strain criteria” [1]
can be lifted. This paper describes a probabilistic method and its implementation in an
actionable routine; the results are benchmarked by a direct comparison with the
experimental results on three different types of joints: (i) adhesively bonded double lap
joints; (ii) CNC fabricated rounded dovetail joints; and (iii) welded wood joints.
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Probabilistic capacity prediction of timber joints

The following issues have to be addressed in the framework of a probabilistic approach to
predict the capacity of timber joints under brittle failure: (2.1) determining the stress state;
(2.2) identifying the failure mechanism and the associated failure criterion; (2.3) addressing
the brittle nature of timber by in terms of size effects and its relation to material strength;
and lastly, (2.4), implementing (2.1)–(2.3) into an actionable routine.

2.1

Stress state inside the joint

The determination of stresses inside bonded joints has been first considered on a purely
analytical basis [15-16]. Analytical formulæ however are tributary to idealizations, i.e.
isotropic material properties. It is thus almost impossible to achieve an accurate stress
estimate, when deviating from the latter, as it is the case with timber. To overcome the
limitations of analytical models, FEA has proven to be particularly effective [17].

2.2

Failure criterion of the involved materials

In the context of timber joints, the stress state is characterized by a superposition of
multiple stress components acting simultaneously, making it critical to consider their
combined effect on material strength. A number of failure criteria applicable to timber have
been developed, and various in depth reviews were published, e.g. [18]. A commonly
applied criterion was proposed by Norris [19], see Equation (1):
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where σX, σY, σZ and τXY, τYZ, τZX are the normal and shear stresses, respectively and fX, fY,
fZ fXY, fYZ, fZX are the material strength parameters.
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2.3

Size effects and its relation to material strength

Failure of timber, when submitted to tensile or shear stresses, can be characterized as being
extremely brittle. Such failure is conceptually considered to be triggered by a single weak
element, i.e. a defect, randomly distributed in the material; thus the probability that such a
defect is encountered in a structural element increases with its size. This is in essence the
definition of size effects, which has been formalized by Weibull [3], by offering a
straightforward quantifiable relationship between the size of material samples and their
respective failure strength. The cumulative survival probability PS of a volume V subjected
to a non-uniform stress distribution is given by Equation (2):
k


σ 
PS = exp  −   dV 


m
 V 


∫

(2)

where, σ is the stress acting over a volume V, m is the characteristic stress or scale
parameter and k is the shape parameter that gives a measure of the strength variability, with
low values of k corresponding to a high variability in material properties and large size
effects. One consequence of Equation (2) is that for two volumes V1 and V2 submitted to
constant stresses σ1 and σ2 at failure, assuming equal PS, a relationship is obtained that
1
allows implementing size effects in numerical procedures: σ 1 / σ 2 = (V 2 / V1 ) k
...

2.4

Capacity prediction algorithm

As timber joints fail under a combination of the stresses, σ1, σ2, and τ12, it is necessary to
extend the concept of the Weibull distribution towards stresses acting conjunctly. For this
purpose, it was rationally decided to consider the Norris criterion from Equation (1)
modified in such a way, that only those stresses that cause brittle failure are considered; the
stress operator can be replaced by a failure criterion, defined as follows:
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In the latter definition, φF2 = 1 defines failure, for which the subscript F stands, at the
investigated scale. Idealizing the joint member under consideration as being constituted by
n elements, which for practical reasons corresponds with the finite elements used in the
FEA, its survival depends on the simultaneous non-failure of all elements i ≤ n. As a result,
for a given applied load, F, the probability of survival can be calculated by Equation (4):
PS ( F ) =

n

∏P

(4)

S,i ( F )

i =1

Where PS,i(F) is the probability of survival of the constituent element i associated with the
applied load F, which can be calculated using Equation (2). Consequently, if each element
i, with a volume Vi is subjected to a constant value of the failure function φF2i, the
probability of survival of the whole joint member is given by Equation (5):
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To compare predictions with mean values of experimental results, a standard probability of
survival of PS = 0.5 has to be considered [20]; the corresponding value of FPRED thus is the
predicted capacity. As the approach is probabilistic, deterministic failure predictions cannot
be given. To determine a strength value used by practitioners for design purposes, the
strength value corresponding to a probability of failure of 5% and labelled herein FPRED,k.
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Adhesively bonded timber joints

Adhesive bonding can provide an efficient and durable method, both in repair and in newbuild applications, provided that the joints are correctly designed using an appropriate
structural approach, that suitable materials and specifications are adopted, that the work is
done by experienced operatives; and that strict quality control is exercised [21]. Adhesively
bonded joints exhibit higher strengths and stiffnesses than mechanical connectors, the latter
being of particular importance when the governing factor is serviceability limit state.

3.1

Investigations

The joints consisted of two outer (t = 38mm) and two inner boards (t = 19 mm each)
bonded with a stiff and brittle 2C epoxy adhesive, see Figure 1 left. The specimen width
and the adhesive layer thickness were kept constant with 50 mm and 1.0 mm, respectively.
The overlap length L was varied (40 to 280 mm in steps of 40 mm). The timber species
was Spruce (Picea abies) cut from high quality defect-free boards, conditioned to 12%
moisture content. The mechanical properties required were determined on off-axis small
clear specimens (Figure 2) cut from the same boards used to produce the joints.

Figure 1: Adhesively bonded double lap joint: test specimen (left) and close-up at the locus
of failure initiation after testing (right)
All experiments were performed as quasi-static axial tensile tests. To allow for the tensile
forces to be introduced, the specimens had to be cut in dog-bones shapes, for all specimens,
the maximum load (FEXP) was recorded. All joints collapsed in a brittle manner and almost
always failed by splitting just below the end of the overlap. In all cases failure was
triggered by a crack developing from the surface, illustrated by Figure 1 right.
To determine the material strength parameters needed (fX, fY, fXY,) to formulate the failure
criterion, axial tension tests were performed on dog-bone shaped specimens exhibiting
different orientations, α, relatively to the grain, see Figure 2. Four series were performed:
0°, 10°; 45° and 90°. Previous studies [22] showed that 2D modelling of adhesively bonded
joints is accurate enough, thus 2D 8-node elements and symmetry conditions were used.
4

3.2

Results

A stress transformation on the results from the off-axis tests delivered the following
strength: fX = 98.21 MPa, fY = 4.46 MPa and fXY = 13.66 MPa, and a regression procedure
on the probability distribution yielded the Weibull parameters: k = 3.717 and m = 1.124.

Capacity: adhesively bonded joints [kN]

Figure 3 displays the average and characteristic values of the experiments: joint capacity is
positively correlated with the overlap length, however it can also be seen that the increase
is not linear but seems to asymptotically approach a maximum value. The capacity
prediction procedure was performed; the results for FPRED which correspond to the 50%quantile, and the lower 5%-quantile values FPRED,k are also displayed in Figure 3 and
exhibit very good agreement with the experimentally determined values.
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Figure 2: Determination of
material parameters
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Figure 3: Experimental vs. predicted joint capacities for
adhesively bonded joints

Rounded dovetail wood-to-wood joints

The Rounded Dovetail Joint (RDJ), named after the rounded shape similar to a dovetail
(Figure 4 left) is adapted to be produced with a CNC-timber processor. A number of
experimental studies on RDJ provided valuable insight, revealing that failure under shear
loading was typically brittle, and occurred in the elastic range of the load deformation
curve, e.g. [23-24]. Although RDJ were shown to be able to undergo large rotations before
failing, the brittle nature of failure was independent of loading for similar joint geometries.

4.1

Investigations

The brittle material strength properties were determined according to ASTM-D143. A total
of 480 individual tests were carried out, 160 for each of the material properties. These test
series were performed on samples exhibiting different shapes and volumes (Figure 5).
RDJ geometries with varied dovetail flange angle and dovetail height were investigated
resulting in different dovetail areas; subsequently used as a measure of joint size. Kilndried Western hemlock (Tsuga heterophylla) was used with average values of moisture
content and apparent density of 12.6% and 495 kg/m³, respectively. The capacity at rupture
of the joint (FEXP) was determined.
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The detailed specimen description, experimental set up and subsequent 3D FEA have been
described previously [11]. The good agreement between experimentally and numerically
obtained load deformation curves allowed the results to be used to obtain input data for the
capacity predictions.

Figure 4: Rounded dovetail joint: specimen (left) and typical failure (right)

4.2

Results

The experimentally determined mean values of the material strengths were fX = 77.4 MPa,
fY = 2.92 MPa and fXY = 7.80 MPa, respectively. As the specimens exhibited different sizes
for the different tests, the corresponding failure stresses could not be used in one single
series. To overcome this formal issue, all values were first related to a reference volume.
This procedure resulted in a homogeneous set of data, with k = 4.55 and m = 1.122.
Within the range of geometric parameters, loading and support conditions investigated,
failure was always brittle, occurred in the elastic range, and initiated at the bottom of the
dovetail of the joist member (Figure 4 right). Figure 6 illustrates the results of the recorded
capacities, FEXP, in function of the dovetail area and indicates that capacity does not
increase proportionally with joint size. Also the predicted capacities, FPRED, and the lower
5%-quantile values, FEXP,k and FPRED,k are displayed, exhibiting sufficient accuracy.
Capacity: rounded dovetail joints [kN]
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Figure 6: Experimental vs. predicted joint capacities for
rounded dovetail joints
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Welded wood joints

Wood joints by means of welding are an innovative connection, holding high potential for
development. To achieve welded joints, the adherends are pressed against each other;
rapidly vibrating melts the material at the interface within few seconds. Once the motion
stops, after cooling down, a solid bond is formed [25]. The question to which extent
welded joints can be considered for load bearing in structural timber engineering, and if,
how such joints can be dimensioned, remains open and research has just begun to
investigate all aspects governing strength and durability.

5.1

Investigations

A series of single-lap welded joints was manufactured in which the sole varied parameter
was the overlap length. The timber species used was spruce (Picea abies) cut from high
quality almost defect-free boards. The joints, shown in Figure 7 left, were manufactured by
welding together two timber boards (700 mm x 60 mm x 15 mm) by means of a Branson
M-DT24L linear vibration machine. Subsequently, a grove up to the wood weld was cut in
each of the connected boards; the distance between the two groves defined the overlap
length (varied from 100 mm to 400 mm in steps of 100 mm). Each overlap length was
manufactured, and subsequently tested, five times.
The determination of the stresses along the welded overlap line was achieved by using 2D
8-node elements; the timber was modelled using the same properties as used for the
adhesively bonded joints, as the specimens were produced from the same batch of material.
Following the experimental observations, the wood weld was modelled as being fully rigid.
Regarding failure criteria for interfaces of wood welded surfaces, no generalized theories
exist, and preliminary investigations were carried out. The mechanical resistance of the
interface with regard to simultaneously acting stresses (tension parallel to the weld line, σX,
perpendicular to the weld line, σY, and shear acting on the interface, τXY) was determined.
To experimentally handle the determination of the corresponding strength data in one
consistent test-setup, it was decided to perform off-axis tests. Five different sets of off-axis
angles were considered, ranging from α = 0° to α = 60° in steps of 15°. A subset of the
resulting specimens is depicted in Figure 8.

Figure 7: Welded wood joint: specimen (left) and typical failure (right)

5.2

Results

The off-axis samples on the welded interface exhibited almost linear load-displacement
behaviour, and failure occurred in a brittle manner. Following a similar failure criteria
formulation as for timber, the influence of the longitudinal stress, σX, was found to be
negligible. By means of a subsequent statistical analysis, it was found that the off-axis data
is best modelled by Equation (6):
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The strength parameters were found equal to fW,Y = 0.61 MPa and fW,XY = 1.07 MPa and the

corresponding statistical parameters were estimated as k = 3.68, resp. m = 1.15.
All wood welded single lap joints exhibited almost perfectly linear-elastic loaddisplacement behaviour, and failed in a brittle manner. A closer post-failure observation
indicates that the welding process did not always yield in perfectly welded surfaces, see
Figure 7 right. The experimental results are displayed in Figure 9, were test results are
plotted against the overlap length showing that the capacity of the welded joints increases
with overlap length, but that the increase is limited, indicating a critical overlap length. The
predictions of the mean values FPRED and the lower 5%-quantile values FPRED,k are also
plotted in Figure 9. Sufficiently accurate agreement with the experiments was obtained.
Capacity: wood welded joints [kN]
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Figure 9: Experimental vs. predicted joint capacities
for welded joints

Discussion and Conclusions

The capacity prediction of timber joints is difficult due to the anisotropic nature of the
material, its brittle failure under tension and shear loading, the complex stress distribution
as well as the uncertainties regarding the associated material resistance. This paper
describes a probabilistic method to predict the capacity of timber joints under brittle failure
modes. The method considers the statistical variation and the size effect in the strength of
timber using a Weibull statistical function. The approach presents an explanation for the
increased resistance of local zones subjected to high stress peaks as it takes into account
not only the magnitude of the stress distributions, but also the volume over which they act.
The method, besides yielding accurate predictions, has the additional benefit of relying
solely on objective geometrical and mechanical parameters, excluding empirical input.
The method was applied to three different types of joints: (i) adhesively bonded double lap
joints; (ii) CNC fabricated rounded dovetail wood-to-wood joints; and (iii) linear friction
welded joints. The paper briefly summarizes the experimental and numerical investigations
to determine the failure modes and capacities of these joints.
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The relevant material strengths and their statistical distributions were obtained with small
scale specimens. This can be achieved using standardized test specimens that exhibit
different shapes and material volumes, and subsequently have to be brought into a coherent
mechanical form, i.e. volume. An increase of accuracy can be expected by using a less
disparate set of tests; with samples that are equal in their geometry and volume, e.g. a set of
off-axis tension tests that allow formulating the failure criterion more straightforwardly.
The experiments for the adhesively bonded and the welded joints were carried out on high
quality almost defect free timber which considers an idealized situation, since such a
selection is unlikely to occur in practical applications. However, using less strictly selected
timber will in a first instance only increase the scattering of the material strength, without
altering the principles behind the dimensioning method as shown for the dovetail joints.
Finite element analyses were applied to determine the stress distribution and provide input
data for the capacity prediction. The subsequent application of the probabilistic approach
proved to be sufficiently accurate for all investigated joints. The paper also shows how
characteristic values of joint capacity can be predicted in the framework of current
standards. Since brittle failure tends to be well described by extreme value probability
density functions distributions, e.g. Weibull, such statistics also lead to good agreement
between experimentally and numerically determined characteristic values.
This paper summarizes a new approach by implementing probabilistic concepts in an
engineering context. Firstly the method overcomes the difficulties raised by the timber’s
inherent brittleness and strength variability; secondly, it offers an alternative to much more
complex fracture mechanics methods, for which the correct input data is complicated to
generate. Furthermore, the probabilistic method allows predicting characteristic values of
joint capacities. Its implementation is straightforward, and results are sufficiently accurate
for the investigated joints under brittle failure over a large set of parameters. The proposed
method has immediate application for the design improvement of the investigated joints
and can be extended to other joints; e.g. dowel type connections.
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General notes on ductility

At ultimate limit state, timber structural elements generally fail in a brittle manner. Such
behaviour is due to the elastic-brittle stress-strain relationship of the material in both
tension and shear. Non-linear load-deformation relationships characterized by some
plasticization can only be achieved in timber engineering by elements loaded in
compression, both parallel and perpendicular to the grain, and through connections. In
bending, the load-deformation relationship is generally close to linear due to the elasticbrittle stress-strain relationship in tension, which hinders extensive plasticization in
compression.
Within COST Action E55, modelling of the performance of timber structures
(http://www.cost-e55.ethz.ch/), research has been undertaken into three main subjects: (1)
System indentification and exposures; (2) Vulnerability of components; and (3)
Robustness of systems. From probabilistic analyses it was demonstrated that ductile
structural behaviour positively influences structural robustness [2]. It is therefore of
importance to investigate possible ductile behaviour of structural components for
implementation into the probabilistic structural robustness analyses. This task has been
undertaken by the members of COST Action E55 Working Group 2.
Ductility is an important requirement in structural design. Traditional literature references
quote three main reasons for achievening ductile behaviour:
1. to ensure the failure will occur with large deformations, so as to warn the occupants
in the case of an unexpected load (e.g. exceptional snow load, etc.);
2. to allow stress redistribution within a cross-section and force redistribution among
different cross-sections in statically indeterminate structures (plastic analysis), so
as to increase the load-bearing capacity of the structure with respect to the value
calculated in elastic analysis. Plastic analysis can only be carried out for structures
which exhibit a minimum amount of ductility;
3. to allow energy dissipation under seismic loading. Energy dissipation reduces the
effect of the earthquake on a structure, leading to an overall better behaviour.
Roughly speaking, the larger the ductility, the lower the seismic action that has to
be considered in design. The seismic actions considered in design are therefore
related to the ductility of the structure.
In addition, there is another important reason for ductility requirements:
1

4. to ensure the fulfilment of structural robustness, where the members must be able
to accommodate large displacement and rotation demand caused by sudden failure
of a single member within the whole structural system. According to analyses
carried out in [2], only a little ductility is needed for a significant robustness
increase.
It should be noted that stress redistribution in members subjected to bending is
traditionally related to ductility. However, this can hardly ever be achieved for timber
since it has to be ensured that plasticization in compression occurs before brittle failure in
tension; consequently a tensile strength markedly higher than the compression strength is
required. For clear wood this is certainly the case. For structural timber containing defects,
however, this is only the case when the defects are mainly located in the compression zone.
This is also the case for beams strenghtened in the tensile area through ductile
reinforcement for which some examples are shown in Figure 1.

Figure 1: Reinforcement of beams (bending) for stress redistribution purposes
Under static load conditions, design for ductile failure in the connections is desirable
because this allows redistribution of forces between components and subassemblies. This
is one of the means of avoiding progressive and disproportionate collapse in structural
systems. In seismic design, ductile failure in the connections is desireable because
mechanical connections are the only significant sources of ductility and energy absorption
during cyclic loading [1].
Timber structures are mostly designed as a set of individual statically determinate elements
connected to each other. However, most structures end up being highly statically
indeterminate due to the (semi) rigidity of most connections modelled as perfectly pinned
in the design phase. Consequently, it can be expected that failures in systems initiate and
develop in ways that are inconsistent with the design practice or intent. This can be more
problematic than, for example, in steel or reinforced concrete systems because mechanical
responses of components in timber structures may be completely different from the
expectations, as illustrated in Figure 2 [3]. The large differences in component response do
not affect the system response at serviceability level. However, the system response at
ultimate limit state can be completely different than intended during the design causing
unexpected failures at unexpected load levels.
The relevance of understanding the real structural response at ultimate limit states become
an important issue when designing “extrapolated structures” (large span structures with
several load paths, high rise buildings) for which standard experience is not available.
Load paths can “exactly” be predicted for statically determinate structures. This is much
more complex for statically indeterminate structures, varying loads and system (material)
properties. Due to the varying properties, it is even not certain, although pretty certain, that
the intended concept of the connection being the governing parameter (capacity based
design), shown in Figure 3, is achieved.
2

Figure 2: Typical range of responses for
components in structural timber systems [3]

Figure 3: Capacity Based Design

Furthermore, the connections should be regarded as multiple fastener connections in
strength, stiffness and ductility analyses and not as a set of single fastener connections.
Depending on the connection geometry, the failure mode may change from ductile to
brittle as shown in Figure 4 for dowel-type fasteners loaded perpendicular to the grain.

Figure 4: Changing failure mode Figure 5: Requirement for a plastic-plastic
depending on the connection geometry and design
on the number of fasteners for dowel-type
fasteners loaded perpendicular to the grain
Something simular happens for dowelled connections loaded parallel to the grain, where
the failure mode may change from ductile for single dowelled connections to brittle for
multiple dowelled connections due to stress perpendicular to the grain accumulation and/or
row shear failure. In Eurocode 5, EN 1995-1-1 [4], this is taken into account by
introducing an effective number of fasteners (nef).

2

Elastic versus plastic analysis

Timber elements are usually analysed assuming fully-elastic behaviour: this is the normal
case. The plastic-plastic design (PP), where the effects (forces, bending moments) as well
as the resistances of cross-sections are calculated with a plastic analysis is usually not
applicable for timber structures since the deformations to be achieved in the mechanism
are, in most cases, not realistic for timber. The plastic-plastic design is only applicable for
timber structures when the rotational capacity of the connections, see Figure 5, is
sufficient. Clearly, the members between the connections have to show sufficient
deformation capacity if they are part of the mechanism. However, this is not necessary
when a capacity based design, as shown in Figure 3, is applied.
Another possibility, more suitable for timber structures, is the so-called elastic-plastic (EP)
design, where the calculation of load effects (forces, bending moments) is based on elastic
analysis, but the strength capacity is evaluated by accounting for the plastic resistance of
3

the cross-section. Redistribution of the internal stresses can only be considered in design if
the material exhibits a ductile behaviour, i.e. the material can accommodate a large strain
demand without significant loss of strength capacity. This reduction in strength capacity is
estimated as no more than 20% of the peak strength by the Swiss Timber Code [5], by EN
12512 for timber joints made from mechanical fasteners [6], and by the Italian Regulation
for masonry walls [7]. It should be noted, however, that contrary to e.g. metal (steel)
elements loaded in tension and/or bending, unreinforced timber elements fail brittle with
hardly any redistribution of internal stresses. In these cases plastic behaviour can be
exhibited only by cross-sections loaded in compression or subjected to coupled bending
and compression with strict limitations on slenderness and M/N ratios, as discussed at by
Buchanan [8], Steiger and Fontana [9], and Blass [10].
The plastic capacity of e.g. steel or reinforced concrete structures is incorporated into
design codes, with provisions to ensure the achievement of a minimum strain and
deformation capacity, so as to make structures more economic, not necessarily more
robust. Ductile timber structures can be achieved only if a capacity based design procedure
is followed and ductile connections are used as the timber material is inherently brittle.
Until now, the ductility of connections (e.g. dowels) is taken into account by determination
of the characteristic strength values at a certain displacement level. The ductility
limitations yet to define aims at a more robust structure, not necessarily at a more
economic structure.

3

Ductility design for statically loaded structures

As discussed above, ductility in timber structures is possible in the connections and in
members subjected to compression. For statically determinate structures, ductility may
give the possibility to the occupant to see deformations (e.g. due to compression
perpendicular to the grain at supports or large deformations in the connection) before
failure. Consequently, the ductile regions must govern the design instead of the bending or
tensile resistance of the member. In other words, the design strength of the ductile element
must be less than the design strength of the brittle elements (basis for capacity based
design). Since in a correct design the strength of a support is always larger than the
bending strength of a timber beam, ductility cannot be achieved for simply-supported
timber beams. The only way to achieve ductile behaviour would be to include a ductile
connection within the span of the beam, which would make little sense as it would reduce
the load-bearing capacity and increase the cost.
For statically indeterminate systems, “semi-rigid connections” must be designed so as
ductile failure for plasticization of the connections can be achieved. An example is given
in Figure 6. The timber elements must be overdesigned in order to ensure they will not fail
before the plasticization of the connections. This relates to the so-called Capacity Based
Design concept, described e.g. by Aziz and Smith [1]. The semi-rigid connections must be
designed such that they are able to accommodate the rotation demand due to the
redistribution of bending moments.
Looking at the system shown in figure 6, it should be noted that the formation of a
complete mechanism is prevented by the brittle failure in bending of the timber member.
Once all semi-rigid connections have plasticized, the bending moment will increase within
the member until the flexural capacity of the timber member is reached. Since, however,
the flexural failure of a timber member is brittle, the full mechanism will not form and,
consequently, a plastic-plastic design is not possible. An incremental non-linear analysis
4

has therefore to be carried out in timber structures with semi-rigid joints in order to exploit
the ductility of the connection. This is a significant difference with reinforced concrete and
steel structures where, with a proper choice of details, a full failure mechanism can be
reached and the plastic-plastic design can be used. A significant consequence of this
remark is that in timber structures with semi-rigid joints like the one depicted in Figure 6, a
redistribution of forces is possible (#2 in Section 1), but large deformations to warn the
occupants in the case of unexpected excessive load may not occur (#1 in Section 1).

Figure 6: Statically indeterminate beam with semi-rigid connections
The occurrence of a full mechanism is, however, possible for the timber frame shown in
Figure 7 if the connections govern the design, which is usually the case. However, the
connection shown in Figure 7 only fails ductile when reinforced in order to avoid splitting,
otherwise the connection is inherent brittle. Connection A is reinforced with densified
veneer wood (DVW), glued on each member, which reinforces the timber elements. The
connection is realized with tube fasteners, which behave in an extremely plastic manner.
Consequently, connection A shows sufficient deformation capacity at failure and a full
mechanism is possible when using this type of connection. However, the efficienty of this
connection with respect to the load-carrying capacity is high: the load carrying capacity
equals (almost) the load carrying capacity of the timber elements and a capacity based
design approach is important to avoid brittle failure in the timber elements. This is not the
case for connection B, which has to be reinforced to avoid splitting in the connection area.

Figure 7: Portal frame; a full mechanism is only possible when the rotational deformation
capacity of the connection is sufficient

4

Ductility design for dynamically loaded structures

With respect to dynamically loaded structures, a distinction has to be made between
structures subjected to vibrations and fatigue, e.g. bridges, and structures subjected to
seismic loading, explosions or other impact loads.

4.1

Ductility design of bridges

Plastic design is generally not allowed for bridges by current design codes due to
vibrations and fatigue, for which high stiffness is required. The internal forces are
therefore evaluated through an elastic analysis for ultimate limit states of fatigue and
strength (flexural, shear, etc.). Ductile analyses are only allowed for exceptional loading
5

(e.g. unintended collision, earthquake, etc.). Connections must be designed in the elastic
range under “normal load conditions” due to progressive damage under cyclic load caused
by pinching, but they will be required to be ductile in order to warn users in the case of an
unexpected exceptional load (#1 in Section 1). The timber members, on the other hand,
will be overdesigned in order to ensure they will fail only after the connection has
plasticized. To avoid pinching, some codes such as the Dutch code NEN 6760 [11]
prescribe a design load overestimating the actual design load according to equation (1),
and require the members to be governing:

1
Fd = Fd ,max + Fd ,min
3
(1)
where:

Fd,max = the absolute value of the maximum connection load
Fd,min = the absolute value of the minimum connection load

Consequently, ductility analyses cannot be applied for bridges under “normal load
conditions”, whereas they are allowed at the design load level Fd according to equation (1).

4.2

Ductility design in relation to earthquakes, explosions or other
impact loads

Loads like earthquakes, explosions or impact may decrease the internal force demand due
to energy dissipation. Structural details must ensure energy dissipation. A behaviour factor
which reduces the elastic forces due to the earthquake for seismic design can be evaluated
based on the possibility of the structure to dissipate energy and is generally tabled by
current codes of practice such as the Eurocode 8 [12].
It must be acknowledged, however, that recently developed design methods such as the
Displacement-Based Design, proposed by Priestley et al. [13], and the N2 method
proposed by Fajfar [14] mainly focuses on the maximum displacement a structure must be
able to undergo during a seismic event. Therefore, it seems that in seismic design emphasis
should be placed more on the total displacement than on the ductility ratio. Sway limits
such as the ‘drift’ or ‘interstorey drift’ have been therefore implemented in many design
codes such as the FEMA [15] and the Eurocode 8 [12].
It should be also pointed out that since seismic actions usually cause the structure to
vibrate, the amount of energy dissipated during the seismic cycles will be of great
importance as it will significantly affect the dynamic performance of the system. While for
static action the most representative quantity to measure the ductility seems to be the
strain/rotation/curvature/displacement for material/connection/beam/structure respectively,
for dynamic (seismic) loading the most important quantity seems to be the dissipated
energy, which can be related to the equivalent viscous damping according to equation (2),
and affect the dynamic response of the structure under sesmic excitation:

υ eq =

Ed
4πE p
(2)

with: Ed = energy dissipated in a half hysteresis cycle, see Figure 8;
1
E p = Fmax u f = potential energy to failure, with Fmax=Fuf, as shown in Figure 8.
2
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The quantities Ed and Ep must be determined based on experimental testing [6]. This is a
“curve fitting problem” for which a possible approach, shown in Figure 9, is described in
[16]. The piecewise-linear (black line) must approximate the experimental hysteretic curve
(red line) such that the corresponding dissipated energies are equivalent.

Figure 8: Definition of Ed and Ep for the Figure 9: “Curve fitting” problem
determination of the equivalent viscous described in [16], possibly useful for the
damping ratio for one cycle [6]
determination of Ed and Ep
In seismic engineering, the capacity based design approach requires the use of the socalled overstrength factor γRd, which is defined as the ratio between the 95th percentile f0.95
and the design value fd of the strength of a structure/member/joint/material:

γ Rd =

f 0.95
f
f
f
= 0.95 ⋅ 0.05 ⋅ k = γ Rd ,m ⋅ γ Rd ,an ⋅ γ m
fd
f 0.05 f k f d
(3)

With simple manipulation it can be seen that the overstrength factor is given by the
product of three factors, where f0.05 is the actual 5th percentile of the
structure/member/joint/ material strength, fk is the analytical value of the
structure/member/joint/material characteristic strength as predicted using analytical
formulas, and fd is the design value of the same property. The factors γRd,m, γRd,an and γm
represent, therefore, the experimental scatter of the strength property (see Figure 10), the
accuracy of the analytical formula/mode used to calculate that property, and the material
safety factor, respectively. The γRd,m factor should be determined with experimental tests
on a sufficient number of specimens to adequately represent the scatter of results (ten
specimens at least).

Figure 10: Definition of the coefficient γRd,m (F is Figure 11: Ductility definitions Df
a strength property of a structure/member/joint/ and Du suggested by EN 12512 [6]
material)

As an example, for a timber connection f0.95 and f0.05 represent the 5th and 95th percentiles
of the shear strength evaluated in experimental tests, fk represents the characteristic shear
strength predicted using the European Yielding Model. The coefficient γRd,an measures the
7

degree of accuracy achievable using a formula/analytical model (e.g. the European
Yielding Model). For the flexural strength of a timber beam, γRd,an would be equal to one
as the model used to predict the flexural strength does not contain any approximation or, in
other words, is fully consistent with the way of measuring the bending capacity.
The overstrength factor is important for ductile design as it ensures that the brittle member
will fail after plasticization of the ductile member with a high probability of occurrence,
since reference to the 95th percentile of the ductile member strength is made. Brittle
members will therefore have to resist the design load Fd multiplied by the overstrength
factor γRd of the ductile member. For example, in a timber beam with semi-rigid joints such
as that displayed in Figure 5, the timber member will be designed for the design load of the
timber joint multiplied by the overstrength factor of the timber joint. In this way it is
possible to create a hierarchy of strengths and ensure the ductile behaviour with the
selected ductile failure modes.

5

Ductility definitions

load F

An important point of discussion is which parameter can best reflect the ductility of a
structure/member/joint/material. On this regard, several suggestions have been done in the
past. In EN 12512 [6] the suggestion displayed in Figure 11 is given. Stehn and Björnfot
[17] proposed ten different ductility definitions, illustrated in Figure 12.
Du =

uu
uy

(6)

Df

=

K1
uu
F1

(8)

Ds f =

K1
uf
F1

(9)

Duy = uu − u y

(10)

D fy = u f − u y

(11)

Fmax = Fu f

Cd =

K1

Fy
F0

uf

(4)

Df =

uy
u f − uy

Ds u =

uf

u

(5)
uf
uu

(7)

u =u f

D fu = u f − uu

(12)

Ed =

∫ f (F , u)du

(13)

u =0

K0
uy

uu

uf

slip

Figure 12: Ductility definitions by Stehn and Björnfot [17]

Ductility definitions (4) to (9) are relative definitions, while definitions (10) to (13) are
absolute definitions. Definitions (4) and (5) are similar to those provided in EN 12512 [6]
and shown in Figure 11. Definition (4) is incorporated in the Swiss Timber Code, SIA 265
[5], which explicitly allows for a reduction in the material safety factor γm for a ductile
structure. Such a reduction in material safety factor is not considered in the Eurocode 5,
EN 1995-1-1 [4]. The evaluation with respect to ductility of the load-slip curve shown in
Figure 12 can be carried out on the experimental curve, or alternatively on an
approximated curve, e.g. equation (14) which is applicable for (single) dowelled, bolted
and (multiple) nailed connections:
K1
u 


F = (F0 + K 1u ) 1 − e F0  ≤ Fmax





(14)
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with K 1 ≈ 0 for parallel to the grain loading. The relative definitions (4) to (6) shown in
Figure 12 are in need of the so-called yield slip uy. A procedure for the evaluation of this
quantity is suggested in EN 12512 [6], see Figure 11, and discussed in Muñoz et al. [18],
where six different methods commonly used all around the world for the determination of
uy are presented (see Figure 13).

load

ß

tan(β ) =

0,5*Fmax

Karacabeyli
& Ceccotti

0,4*Fmax
0,1*Fmax
slip

uy

Fmax
0,9*Fmax

tan (α)
6

CEN
EN12512

a
uy

umax

γ

γ

load

Fmax

load

Fmax

0,4*Fmax
0,1*Fmax
slip

Yashumura
& Kawai
a
slip
umax

uy

umax

load

0,4*Fmax

CSIRO
Australia

Fmax
Fy
0,8*Fmax
Canada
5% offset
d = diameter

0,4*Fmax

load

Fmax

load

W fail = surface area
Fmax

EEEP

0,4*Fmax

Fy = u fail − u 2f ail -

a
slip

u0 ,4 Fmax

a

a

umax

slip
uy

u y = 1,25* u0,4 Fmax

umax

uy

2W fail

K = arctan (α )
umax

K

K

slip
ufail

0,05d

Figure 13: Methods commonly used for estimation of the yield point [18], with umax = uu
(displacement at maximum load; not necessarily the slip at failure)
With reference to equation (14) and Figure 12, a further method for the determination of uy
can be added according to equation (15):
uy =

F0
K 0 − K1

and

uu =

Fu − F0
K1

(15)

where the variables F0,, K0 and K1, derived on the basis of regression analysis, are
explained in Figure 12. The values obtained with equation (15) are similar to the values
obtained according to EN 12512 [6] as shown in Figure 13.
Muñoz et al. [18] concluded that the values of the “yield displacement“ vary up to 80%
depending on the methods displayed in Figure 13 used for their evaluation. In particular,
the authors pointed out that the EEEP (Equivalent Energy Elastic-Plastic) method results
quite often in unrealistic values. Furthermore, the EEEP method is hardly applicable for
bolted connections since these, in particular multiple bolted connections, show little
plasticization. When using a relative Ductility Definition, hence, only ONE well-defined
criterion for the evaluation of the yield displacement uy should be chosen to avoid the high
variability of such a quantity highlighted above.
Regarding earthquake design, energy dissipation related ductility definition is most
probably the most appropriate. The equivalent viscous damping provided by equation (2),
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which results in an absolute value, is a possibility. However, a relative definition, e.g.
according to equation (16), might be appropriate as well:
DE =

Ed
E py

(16)

1
with: E py = Fy u y , where uy is derived from tests according to one of the methods
2
described in Figure 13 or according to equation (15) based on the first cycle, and Ed is
defined in Figure 8.

6

Discussion

load

An important point under discussion in this paper is which quantity should be used to
describe the ductility of a timber material/joint/member/structure. An issue designers have
to confront with is the possibility of using many ductility definitions, each of which
leading to rather different results. The relative definitions, e.g. definitions (4) to (9) shown
in Figure 12 (definitions (4) and (5) are suggested by the European standard EN 12512
[6]), are the most commonly used. However, looking at the four main reasons why a
structure should be ductile, i.e. deformations to provide sufficient warning due to
unexpected excessive load, force and stress redistributions, energy dissipation, and
structural robustness, it can be inferred that an absolute definition better represents the
ductility concept. In all cases, in fact, what counts is the slip/rotation/displacement at
failure uf or the difference with the yield value uf - uy, not the ratio uf/uy or uu/uy.
Furthermore, in the plastic analysis of statically indeterminate structures, the load-bearing
capacity due to the attainment of a plastic failure mechanism depends upon the ultimate
rotation of the plastic hinge as an absolute value rather than on the ratio between the same
quantity and the yield rotation.
uy =

Fmax=Fuf

F

F

(A)

Fy = k 0u y

load

a3

d

a3

arctan(k1)
Fy
d = 12 mm F0
b = 72 mm
tz = 12 mm
tm = 24 mm
a3 = 84 mm

ts

tm

ts

F0
k 0 − k1

uu =

Fu − F0
k1

u f = failure slip

arctan(k0)

slip
(B)

Fmax=Fy=Fuf

uy =
F

F/2

F/2
arctan(k0)
uy

uf

slip

Figure 14: Single bolted (M12), loaded parallel to the grain, connections analysed
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Fy
k0

As a first investigation for identifying the most appropriate definition for “connection ductility”, at
least for statically loaded structures, a data of parallel to the grain loaded single M12 bolted
connections, shown in Figure 14, were analysed using equation (15) as an approximation of the
experimental load-slip curve. Furthermore, equation (16) was used for determining the “yield” slip
uy and the “ultimate” slip uu. All the data can be found in Jorissen [19]. Remark: equation (15) for
uu is, obviously, not valid for those connections showing load-slip behaviour type B (Figure 14).

Table 1:

Evaluation of the load-slip curves for the single bolted connections shown in figure 14

D1110701
D1110702
D1110703
D1110704
D1110705
D1110707
D1110708
D1110709
D1110710
D1110713
D1110714
D1110715
D1110716
D1110717
D1110718
D1110719
D1110720
D1110722
D1110727
D1110728
D1110729
D1110732
D1110733
D1110734
D1110735

Ko [N/mm] K1 [Nmm]
56215
626
46742
1227
31008
382
54235
982
32134
943
45326
1041
37922
576
44709
747
77619
945
46938
441
68423
647
45869
880
40068
644
39447
802
72626
957
56339
571
41395
871
41325
65629
2445
65629
2445
42283
1660
14073
14623
10951
11790

Fo [N] u-y [mm]
5837
0,105
4283
0,094
5419
0,177
3948
0,074
4045
0,130
3991
0,090
4121
0,110
3886
0,088
4088
0,053
5564
0,120
4559
0,067
4578
0,102
4137
0,105
5165
0,134
4960
0,069
5068
0,091
4464
0,110
0,166
4492
0,071
4492
0,071
5121
0,126
0,511
6960
0,476
9230
0,843
7660
0,650

F-y [N]
5902
4399
5487
4021
4168
4085
4185
3952
4138
5617
4603
4668
4205
5272
5026
5120
4560
6850
4666
4666
5330
7190
6960
9230
7660

F-u [N]
8610
8560
7290
8580
8120
7550
7200
7180
7380
7440
6740
7070
6700
7470
7470
6500
7520
7570
7570
7240

u-u [mm] u-f [mm]
4,433
12
3,485
6,747
4,896
6,251
4,719
12
4,320
12
3,418
8,118
5,346
7,705
4,412
6,516
3,485
4,966
4,251
6,242
3,370
4,718
2,832
3,682
3,983
5,392
2,876
5,200
2,622
5,178
2,507
3,010
3,508
5,18
10,2
1,259
3,932
1,259
3,932
1,276
3,81
4,181
3,868
7,885
6,591

F-f [N]
8610
8560
7290
8580
8120
7550
7200
7180
7380
7440
6740
7070
6700
7470
7470
6500
7520
6850
7570
7570
7240
7190
6960
9230
7660

figure 14
(case)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(B)
(A)
(A)
(A)
(B)
(B)
(B)
(B)

The evaluation of the load-slip curves is shown in Table 1. The calculation of the ductility
parameters according to equations (4) to (13) in Figure 12 is displayed in Table 2. The
ductility definition according to equations (2) and (16) can only be considered for cyclic
loading tests, and is consequently not relevant for the monotonic test results shown in
Tables 1 and 2. It can be noted that only ductility definitions according to equations (4),
(11) and (13) provide consistent results for all specimens tested

7

Conclusions

The purpose of this paper on ductility is to provide acceptable input for probabilistic
robustness analyses. Therefore, the results must be consistent: the ductility parameter of
obviously brittle connections (with low deformation capacity) should differ significantly
from the ductility parameter of connections showing large deformations. From Table 2 it
can be concluded that this is not the case for most ductility definitions. However, this
conclusion might be premature since Tables 1 and 2 only refer to tests on single bolted
connections loaded parallel to the grain. Many more test results should be analysed with
respect to the ductility definitions before final conclusions can be drawn.
It is also pointed out that absolute ductility definitios rather than relative definitions such
as the ductility ratio should be used in timber structures and connections.
Table 2: Evaluation of the ductility parameters (equations (4) to (14)) listed in Figure 12
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(n.r. signifies not realistic)
ductility definition (figure 12)
Def. (4) Def. (5) Def. (6) Def. (7) Def. (8)
Df [-]
Du [-] C d [-] D f/u [-]
Ds/u [-]
D1110701
D1110702
D1110703
D1110704
D1110705
D1110707
D1110708
D1110709
D1110710
D1110713
D1110714
D1110715
D1110716
D1110717
D1110718
D1110719
D1110720
D1110722
D1110727
D1110728
D1110729
D1110732
D1110733
D1110734
D1110735
acceptable
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114,3
71,7
35,3
161,9
92,5
90,1
69,8
73,7
93,1
52,2
70,1
36,2
51,4
38,9
74,8
33,1
47,0
61,5
55,3
55,3
30,2
8,2
8,1
9,4
10,1
yes

42
37
28
64
33
38
48
50
65
36
50
28
38
22
38
28
32
n.r.
18
18
10
n.r.
n.r.
n.r.
n.r.
no

0,991
0,986
0,972
0,994
0,989
0,989
0,986
0,986
0,989
0,981
0,986
0,972
0,981
0,974
0,987
0,970
0,979
0,984
0,982
0,982
0,967
0,878
0,877
0,893
0,901
no

2,707
1,936
1,277
2,543
2,778
2,375
1,441
1,477
1,425
1,468
1,400
1,300
1,354
1,808
1,975
1,201
1,477
n.r.
3,123
3,123
2,985
n.r.
n.r.
n.r.
n.r.
no

0,470
0,972
0,341
1,152
0,978
0,871
0,736
0,834
0,795
0,334
0,474
0,534
0,610
0,437
0,499
0,280
0,670
n.r.
0,660
0,660
0,398
n.r.
n.r.
n.r.
n.r.
no

Def. (9)
Ds/f [-]
1,272
1,882
0,435
2,930
2,716
2,069
1,060
1,231
1,134
0,490
0,663
0,694
0,825
0,791
0,986
0,336
0,990
n.r.
2,060
2,060
1,187
n.r.
n.r.
n.r.
n.r.
no

Def. (10) Def. (11) Def. (12) Def. (13)
Duy [mm] D fy [mm] Dfu [mm] Ed [Nmm]
4,328
11,895
7,6
96866
3,391
6,653
3,3
50100
4,719
6,074
1,4
40511
4,645
11,926
7,3
91884
4,190
11,870
7,7
88376
3,328
8,028
4,7
55029
5,235
7,595
2,4
47020
4,324
6,428
2,1
39345
3,431
4,913
1,5
30804
4,132
6,122
2,0
42119
3,303
4,651
1,3
27972
2,730
3,580
0,9
22271
3,878
5,287
1,4
30806
2,742
5,066
2,3
35184
2,553
5,109
2,6
35217
2,416
2,919
0,5
17540
3,398
5,070
1,7
33347
n.r.
10,034
n.r.
69302
1,188
3,861
2,7
27668
1,188
3,861
2,7
27668
1,150
3,684
2,5
25909
n.r.
3,670
n.r.
28225
n.r.
3,392
n.r.
25265
n.r.
7,042
n.r.
68889
n.r.
5,941
n.r.
47999
no
yes
no
yes

Figure
14
(case)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(A)
(B)
(A)
(A)
(A)
(B)
(B)
(B)
(B)

Relevance for future code development

It should be noted that quantities related to deformation capacity are needed when, for
example, plastic design is carried out, as well as for seismic design. Therefore it seems
important, for future development in timber engineering, to provide criteria for
classification of timber connections depending on their stiffness (rigid, semi-rigid, and
pinned), strength (full- and partial-strength) and ductility (ductile and brittle).
A possible parameter to classify connections is the ratio between connection strength and
strength of the connected member, as suggested in Eurocode 3 Part 1-8 [20] for steel
connections. In fact, ductility can be fully exploited only if the connection is partialstrength, i.e. it can transmit a force (e.g. bending moment) smaller than the strength of the
members connected. If this condition is not satisfied, then failure will occur on the member
side rather than in the connection and will be inherently brittle. It should be also noted that
timber connections are usually regarded as pinned connections in design. However, many
are semi-rigid. Only a few connection types, e.g. the connections realised with expanded
tubes, are rigid (and ductile), see Figure 7.
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1

Introduction

Mechanically jointed built-up members were used to some extent until about 1950 but
were then completely replaced by glued members, e.g. glulam and light I-beams with webs
of panel materials. Mechaniaclly jointed beams with traditional nail and screw connections
have the disadvantage that the slip between the lamellas shall be rather big in order to
achieve a composite effect and this typically results in large deflections.
The reason why there is still interest in the topic in CIB W18 is that the same theory applies to composite T-members with wooden web and concrete flange, both in new structures (e.g. bridges) and especially in old buildings where a new concrete slab on top of
existing beams can ensure an upgrading of strength, vibration characteristics and sound
insulation.
The calculation of the internal forces and moments is generally made assuming elastic behaviour either by the method laid down in Eurocode 5 (beam theory) or by more advanced
design methods, e.g. Finite element methods. When the internal forces and moments are
determined it is tacitly assumed that the load-carrting may be found by using the usual
elastic failure criteria for the individual members. It is shown in this paper that this assumption is in most cases very much on the safe side for the calculation of the shear loadcarrying capacity and that a much better estimate may be found by taking into account the
plastic properties of most fasteners. A further advantage by the proposed design method is
that it can be used to optimise the fastener pattern
This paper will describe the theory and verify it by comparing reported test results to the
results from calculations. The requirements for using the method, e.g. fastener stiffness and
deformation capacity will be determined.
1

At the end a proposal for changes in Eurocode 5 is given.

2

Theory

The theory is based on the assumptions that the lamellas are linear-elastic and the fasteners
linear-elastic/ideal-plastic. The expressions are derived in Annex A.

3

Tests

3.1

Reported tests

The tests reported in [2], [3], [4], [5], [8], [9] and [10] are briefly described and evaluated.
All tests to failure were made on simply supported beams loaded in the third or quarter
points. The verifications have been made with mean materiel properties. Where these are
not reported they are assumed to correspond to characteristic values multiplied by 1,4. In
many cases, the basic parameters e.g. timber strength and stiffness, and slip moduli are not
well documented, and it has been necessary to estimate them from the general information
in the papers. Luckily, the estimates of the shear load-carrying capacity of the composite
members, that is the topic of this paper, are rather insensitive to variations in the parameters. Comparisons of the calculated and measured deflections show that the assumed wood
and fastener stiffnesses are reasonable.
3.2

Test results

The test results are summarised in Table 1.
3.3
Ceccotti et al, [1]
The test beam is shown in Figure 1 where also the fastener load-slip curve is shown.

Figure 1. Test beam.
2

Collapse (failure) occurred under a load of Fult,test = 125 kN due to bending/tensile failure
in the outermost lamination corresponding to a calculated elastic stress of 23,6 N/mm2
which is a “surprisingly low value closer to the characteristic bending strength of GL 24
than to the expected mean strength of 29,9 N/mm2. This may be explained by a weak section caused by a knot or a finger joint”.
The theoretical elastic failure mode was, however shear caused by failure in the fasteners
for a load of only 34 kN. Assuming plastic behaviour of the 8 closely spaced fasteners between the support and the load, the theoretical shear failure load is 133 kN, a much better
estimate.
The calculated slip at the 8 fasteners at failure is in the range 3,6 mm to 4,9 mm to be
compared to a slip of less than 3 mm to ensure yield
3.4

Grantham et al, [3]

An existing floor area (A1) was converted to a timber-concrete composite floor that was
tested to failure. The connectors were SFS 75x100 mm connectors (see Figure 8) with
spacing and inclinations as shown in Figure 2.

Figure 2. Test beams.
The observed failure mode is bending failure in the web, and the elastic theory correctly
predicts the strength: 18 kN. The problem is however that the same theory predicts a shear
failure for a much smaller load: 6 kN. The plastic theory predicts a value of 21 kN.
3.5

Godycki et al, [4]

The Test beams are shown in Figure 3. Two types of fasteners were investigated. Type A:
Smooth 4,5 or 5,5 mm nails together with concrete cast into cut-outs in the beam. Type B:
Nails alone .

3

Figure 3. Test beams.
The fastener type A is so stiff that only an elastic analysis is appropriate. Theoretically the
bending load-carrying capacity in bending is 38 kN and 30 kN in shear. The test value is
33 kN. The failure mode is not reported.
For beams with type B fasteners the general trend is that the theoretical elastic load carrying capacity in bending is about 30 % higher than the test values, but the predicted elastic
shear capacity is only about 25 % of the test values. The theoretical load-carrying capacity
assuming plastic behaviour behaviour is between 3 % and 30 %, on average 16 %, higher
than the test values. The calculated slip of the fasteners is just sufficient to ensure plasticity.
3.6

Kenel and Meierhofer, [5]

The cross-section of the beams is shown in Figure 4.

Figure 4. Cross-section. Mesurements in mm. The beam is composed of timber beams
(Holzbalken) and a concrete slab (Beton) with a reinforcement net (Bewehrungsnetz) .
The fasteners were SFS VB-48-7,5x100 mm, see figure 7. Three configurations were investigated, see Figure 5. The strength and stiffness of the fasteners were determined by
shear tests. An example of the fasteners used in beams B5 is also shown in Figure 5. The
load is for 2 x 4 sets of fasteners.

Figure 5: Left: Fastener configuration. Right: Typical load-deflection curve.
Balken = beams. Anordnung = configuration. Bruchlast = failure load. Kraft = load. Durchbiehung = deflection-

4

In the main test series six beams denoted B1-B6 were short-term tested. The test results for
three typical beams (B3, B4 and B5) are shown in Table 1.
The theoretical strength values in bending are 40-90 % higher than found by testing while
the theoretical elastic shear strength values are only 65-75 % of the test values. The ratioes
between the theoretical plastic shear values and the test values are: 1,26 – 0,93 – 1,00.
.
3.7
Van der Linden, [8]
The test beams are shown in Figure 6. The wood is glulam spruce GL36 with a measured
mean bending strength of about fm,mean = 45 N/mm2 and a mean modulus of elasticity of E =
14.000 N/mm2

Figure 6 Test beams. Measurements in mm.

SFS-screw Type VB-48-7,5x100

Load-slip curves. Note that there are 4 screws in the test specimens. The fasteners used had final slip abovet 5mm.

Figure 7. Fasteners type 1, inclined SFS-screws.
Three types of fasteners were investigated, see Figure 7 - 9. Type 1 is inclined (45º) SFS
Timber-concrete screws VB-48-7,5x100. Type 2 is punched metal plates bent at an angle
of 90º, where one part is pressed into the timber member, the other part embedded in con-

5

crete. Type 3 is a combination of a concrete notch with diameter 70 mm and a 20 mm reinforcement bar pressed into tight-fitting holes.

Figure 8. Fasteners type 2, bent punched metal plates.

Load-slip curves
Figure 9. Fasteners type 3, reinforcement bar in concrete notch.
SFS screws: The theoretical bending failure load corresponding to the timber bending
strength is 33 kN. This load was, however not reached. At 14-15 kN, a gap occurred between the beam and the concrete plate. With increasing load, this gap moved midspan and
widened near the support. Some of the fasteners became plastic. The beam failed in shear
at 23 kN. The theoretical shear failure loads are 16 kN (elastic) and 27 kN (3 effective
plastic fasteners). The calculated slip was about 2 mm which is sufficient to cause yield.
Nailplate fastener: The calculated bending failure load was 26 kN. Failure took place at
13-31 kN. The lowest value was caused by a badly glued finger joint. Plastic behaviour of
the fasteners was observed in the strongest beams at 30-35 kN. The theoretical shear failure loads were 20 kN (elastic) and 31 kN (3 effective plastic fasteners). The calculated slip
was about 4 mm which is sufficient to cause yield.
Reinforcement bar with concrete notches: The calculated bending failure load was 39 kN,
which was never reached. Shear failure took place at 27-37 kN. Plastic behaviour of the
fasteners was observed at 30-35 kN. The theoretical shear failure loads were 20 kN (elastic) and 31 kN (3 effective plastic fasteners). The calculated slip was about 6 mm which is
sufficient to cause yield. It is surprising that this fastener type had so good ductile properties. The explanation may be that the system acts as a reinforced concrete cantilever.
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3.8

Luciano Nunes Magalhaes, [9]

The test beams are shown in Figure 10.
F
F

80

160

80

Figure 10. Cross-section and test configuration. Measurements in cm.
The wood is a tropical hardwood Paraju-Masaranduba with density greater than 1000
kg/m3 and correspondingly high strength and stiffness, tensile strength ft,mean = 183 N/mm2,
fc,mean = 85 N/mm2 and Emean = 21500 N/mm2. The following estimated bending strength is
used fm,mean = 100 N/mm2The fasteners are 3.6 mm round nails. They are so stiff that only an elastic analysis is appropriate. The calculated load-carrying capacity in bending is 150 kN and 20 kN in shear.
The test value is 15 kN. The failure of beams happened in two steps. First the connectors
broke – as predicted – then the timber failed in shear.
3.9

Yeoh et al, [10]

Figure 11. Fasteners.
Four types of fasteners were used, see Figure 11. Type R150, R300 and T are coach screws
combined with concrete notches, and they are så stiff that they are not relevant for an plasitc analysis. Type P are nail-plates pressed between two LVL beams. The cross-section is
shown to the left in Figure 12.
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Cross-section

Load-deflection curve
Figure 12. Cross-section and load-deflection curve.
The load-deflection curves are shown to the right in Figure 13. Note the initial failure of
F1 followed by a recovery. The test was not continued to complete destruction, and the
load at initial failure is taken as the failure load.
The estimated elastic bending strength was 115 kN. The estimated elastic shear strength
was 29 kN. The load at initial failure was 87 kN. The estimated plastic shear failure load
was 72 kN assuming that 4 of the 5 fasteners are effective. There is not sufficient information to estimate whether the fasteners have sufficient plastic slip capacity,
3.10

Conclusions

There is good agreement between the measured and the elastic deformations calculated
according to the linear-elastic method given in Eurocode 5, Annex B.
For stiff, brittle fasteners, there is good agreement between the load-carrying capacity
found by testing and the smaller of the bending strength and the fastene shear capacity calculated according to Eurocode 5, Annex B.
For fasteners with plastic properties the predicted load-carrying capacity
- is smaller than the load found by an elastic calculation according to Eurocode 5, Annex
B assuming that failure takes place when the stress in the bottom of the web exceeds the
bending strength;
- is greater (normally much greater) than found by an elastic calculation according to
Eurocode 5 assuming that failure takes place when the shearing force per fastener between the timber web and the concrete web exceeds the fastener shear strength;
- corresponds to the load-carrying capacity calculated by the method described in section
4 assuming that the behaviour of the fasteners is elasto-plastic. The slip at the fasteners
shall be checked and shall correspond to the plastic part of the load-slip curve.
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4

Eurocode 5-proposal

(1) The cross-section is shown in Figure 13.
concrete
timber

σw,max

Figure 13. Composite concrete-wood T-cross-section.
(2) For sufficiently ductile fasteners (i.e. fasteners fulfilling (1)) the load-carrying capacity shall be taken as the smaller of
- The load-carrying capacity found by an elastic calculation according to Eurocode 5,
Annex B assuming that failure takes place when the stress in the bottom of the web exceeds the bending strength
- The load-carrying capacity found by assuming plastic behaviour in the fasteners assuming that failure takes place when the shearing force per fastener between the timber
web and the concrete flange exceeds the fastener shear strength
Only the fasteners for which the slip us fulfils the conditions
u y ≤ us ≤ uu

(1)

shall be taken into account. uy is the slip at yielding and uu is the slip at failure.
(3) If (1) is not fullfilled the load-carrying capacity should be taken as the smaller of
-

The load-carrying capacity found by an elastic calculation according to Eurocode 5,
Annex B assuming that failure takes place when the stress in the bottom of the web
exceeds the tensile strength:

-

The load carrying capacity found by an elastic calculation according to Eurocode 5
assuming that failure takes place when the shearing force per fastener between the
timber web and the concrete flange exceeds the fastener shear strength.

(4) The concrete grad shall as a minimum have a cube strength of fck = 16 N/mm2 with at
least 0,2 % reinforcement.
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Table 1. Summary of tested beams and test results
1
Paper

2

3

4
Fastener

5

E2

Rult

Kin,yield

N/mm2
33
10.000

kN
34.000

N/mm
20.000

41)

51)

22

8.000

13.000

10.000

2

B-4,5/6/4
B-4,5/4/2
B -4,5/2/2
B -5,5/6/4P
B-5,5/4/2
B-5,5/2/2P

34
34
34
34
34
34

12.500
12.500
12.500
12.500
12.500
12.500

2.050
2.050
2.050
2.750
2.750
2.750

8000
5300
2700
12000
8000
4000

A-4,5/6/4
B3
B4
B5
Screws
Nail plate
Bars

34
31
31
31
45
42
45
100
40

12.500
13.400
13.400
13.400
14.040
12.320
13.430
21.500
11.300

59.000
9.000
5.100
9.000
15.000
47.000
33.000
45.000
85.000

320.000
6.500
3.000
6.500
9.300
7.600
10.300
12.000
116.000

Wood
f

2
3
4

Ceccotti
et al
Grantham
et al
Godycki et
al

5

Kenel &
Meierhofer

8

Van der
Linden

9
10

Magalhães
Yeoh et al

Nail plate

11

6
7
Deflection u for 10
kN
calc
test

8

9
10
Calculated Rult,calc

bending

11

plastic
shear

124

elastic.
shear
kN
34

133

kN
125

2

18

6

21

18

9
10
15
9
10
13

10
12
22
11
12
14

38
37
33
39
38
34

9
7
6
12
6
5

37
31
29
39
31
29

30
30
25
30
28
25

9
7
7
6
20
15
12
3
5

10
10
10
6
21
10-20
10-20
3
5

38
59
57
67
33
26
39
147
115

30
22
27
32
16
20
20
20
29

30
39
38
43
27
31
31
72

33
31
41
43
23
32
33
15
87

mm

test

Annex A
Theory
A.1 General theory
The theory is described for a symmetric, simply supported beam with T-cross-section, see
Figure A.1 and A.2. Expressions for general cross-sections may be found in [6]. The expressions may also be found in [8].
Fastener

Figure A.1. Simply supported composite (built-up) beam).

Figure A.2. T-cross-section.
It is assumed that the lamellas are linear elastic. The lamination areas are A1 and A2. The
second moments of area (moments of inertia) about there own centres of gravity are I1 and
I2. If the moduli of elasticity are different, the theory applies if E1 is taken as reference and
the following geometrical values are used:
A1 ,

E2
E
A2 , I1 and 2 I 2 .
E1
E1

To transfer load between the lamellas there must be a slip in the joint, increasing from zero
in the middle (due to symmetry) to a maximum value at the ends.The theory will be set up
both for fasteners having a linear-elastic load-slip curve and for fasteners having an linearelastic/ideal-plastic behaviour.
The centre of gravity is placed at
12

zcg = hcg

A2
A1 + A2

(A.1)

The total geometrical moment of inertia is
I = I1 + I 2 + A1 zcg2 + A2 ( hcg − zcg ) = I 0 + hcg2 Ar
2

(A.2)

where
I 0 = I1 + I 2 = B 2 I

(A.3)

A1 A2
A1 + A2

(A.4)

Ar =

The deformation of the beam is described by the three translations u1, u2 and w where
u1

translation in the beam direction of the centre of gravity of lamella number 1

u2

translation in the beam direction of the centre of gravity of lamella number 2

w

translation perpendicular to the beam axis (the same for both lamellas).

The strains are ( ' = differentiation with regard to x):
ε 1 = u1 ' and ε 2 = u2 '

(A.5)

The curvature is
κ = − w ''

(A.6)

For small values of w ''
us = u2 − u1 + hcg w '

(A.7)

or by differentiation
us ' = u2 '− u1 '+ hcg w ''

(A.8)

us is the slip in the joint between lamella 1 and 2 taken positive as shown in Figure A.3.
For elastic materials
N1 = EA1u1 '

and

N 2 = EA2u2 '

(A.9)

M 1 = − EI1w ''

and

M 2 = − EI 2 w ''

(A.10)

hcg

Figure A.3. Forces and moments in the deformed situation.
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Since there is no external axial force, equilibrium leads to:
0 = N = N1 + N 2 = EA1u1 '+ EA2 u2 '
u2 ' = −

A1
u1 '
A2

(A.11)

Moment equilibrium for the total cross-section:
M = M 1 + M 2 − hcg N1 = − E ( I1 + I 2 ) w ''− hcg EA1u1 ' = EI 0 w ''− hcg EA1u1 '

(A.12)

Equilibrium for Lamella 1:
Hdx + N1 + dN1 − N1 = 0

H = − N1 '

(A.13)

H is the shearing force per unit length.
Elastic behaviour of fasteners
With a fastener spacing of a, the load on one fastener is Ha and with a fastener stiffness
K: Ha = Kus

H=

K
us
a

(A.14)

Inserting (14) and (10) differentiated in (13) gives
u1 '' = −

K
us
aEA1

(A.15)

The following equation is found.
2

1
⎛γ ⎞
w ''''− ⎜ ⎟ w ''−
(q + M γ 2 ) = 0
EI 0
⎝B⎠

(A.16)

with
γ2 =

K
EAr a

(A.17)

For a simply supported beam with sinusoidal load
2

⎛π ⎞
2 1+ ⎜
⎟
M ⎛l ⎞
⎝ lγ ⎠ cos π x = 1 + μ w x
w( x) = 0 ⎜ ⎟
0( )
2
EI ⎝ π ⎠
l
1 + B2 μ
2⎛ π ⎞
1+ B ⎜ ⎟
⎝ lγ ⎠

(A.18)

where
2

⎛ π ⎞ π 2 EA a
μ =⎜ ⎟ = 2 r
l K
⎝ lγ ⎠

(A.20)

w
w'
w ''
w '''
1+ μ
=
=
=
=
w0 w '0 w0 '' w0 ''' 1 + B 2 μ

(A.21)

The effective moment of inertia is defined as

14

I ef = I

1 + B2 μ
1
= I0 + ( I − I0 )
1+ μ
1+ μ

(22)

By using the effective moment of inertia, the deflections may be found by the usual methods from the theory of elasticity.
Plastic behaviour of fasteners
It is assumed that that the load-slip curve is stiff-elastic/plastic. For structural reasons fasteners are in practice placed over the full beam length, however with a concentration at the
length βl near the ends where the slip is biggest. The fasteners over the rest of the beam
length are on the safe side disregarded. The derivation is given in [7].
It is assumed that the fastener spacing over the length βl is constant and that the slip at
least corresponds to the yield slip uy, i.e the load per fastener is Ry. The shearing force per
unit length is Hy = Ry /a where a
is the spacing.
Examples
fasteners

fasteners

βl

Figure A.4. Simply supported beam with constant uniformly distributed load and plastic
fastener over the length βl (left) or (δl + βl) (right).
A simply supported beams with uniformly distributed load built up of two members jointed
by elastic-plastic fasteners with spacing a and yield load Ry is regarded.
No cantilever, δl = 0
See Figure A.4 left.
0 ≤ x ≤ βl

x
N1 = − Ry
a

(A.23)
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β l ≤ x ≤ 0,5l N1 = −

βl
a

Ry
M1

H

(A.24)

M
M2

Figure A.5 Forces and moments in lamellas.
The normal stresses in the laminations are, see Figure A.5, found from the external moment M and the axial forces N1 = − H and N 2 = H . The moments in the laminations are
M1 =

I1
I2
M + Hhcg ) and M 2 =
(
( M − Hhcg )
I1 + I 2
I1 + I 2

σ 2,max =

H 6M 2
+
A2 b2 h22

(A.25)
(A.26)

The slip is found by (A.8):
⎛ 1
hcg2 ⎞ M
1
us ' = u2 '− u1 '+ hcg w '' = N1 ⎜
+
+
−
h
⎜ EA EA EI ⎟⎟ EI cg
2
0 ⎠
0
⎝ 1

(A.27)

Integrating and using
us = 0

for x = 0,5l and us+ = us− for x = δul

A: us =

Ry / a
⎞
l 2 ⎛ hcg
1− β )β ⎟
ql − 12
⎜
2 (
24 E ⎝ I 0
Ar B
⎠

(A.28)

B: us =

Ry / a
⎞
l 2 ⎛ hcg
ql (1 − 6 β 2 + 4 β 3 ) − 12
1 − 2β ) β ⎟
⎜
2 (
24 E ⎝ I 0
Ar B
⎠

(A.29)

It shall be verified that
u y ≤ us ≤ u failure

(A.30)

where
(A31)

u failure ∼ 4u y

If the beam has a cantilever δl, it is a good approximation just to replace βl by (δl + βl), i.e.
to substitute β by (β+δ.
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Introduction on design of timber-concrete composite beam

Timber-concrete composite (TCC) structures must be designed so as to satisfy both
serviceability (SLS) and ultimate limit states (ULS) in the short- and long-term (the end of
the service life). The ULS is checked by comparing the maximum shear force in the
connection, the maximum stress in concrete, and the combination of axial force and
bending moment in timber with the corresponding resisting design values. The most
important serviceability verification is the control of maximum deflection, which is used
also for an indirect verification of the susceptibility of the floor to vibration, as suggested
by Australian/New Zealand Standard 1170 Part 0 [1].
Two problems have to be addressed when evaluating stress and deflection of a TCC beam:
(1) the flexibility of connection, which leads to partial composite action and, in general,
does not allow the use of the transformed section method in design; and (2) the timedependent behaviour of all component materials, i.e. creep, mechano-sorption,
shrinkage/swelling, thermal and moisture strains of timber and concrete, and creep and
mechano-sorption of the connection system.
To account for the first problem, two approaches have been proposed: the linear-elastic
method [2] and the elasto-plastic method [3]. The linear-elastic method is based on the
assumption that all materials (concrete, timber and connection) remain within the linear
elastic range until the first componenent (generally, either the timber beam or the
connection) fails. This is appropriate in many cases of technical interest, particularly for
TCC with very strong and stiff connectors such as notches cut in the timber and filled with
concrete. A linear-elastic analysis is generally carried out for the short-term
(instantaneous) verifications according to the approach suggested by Ceccotti [2], which is
based on the use of the gamma method reccommended in the Annex B of the Eurocode 5
[4]. According to the gamma method, an effective bending stiffness, (EI)ef, given by Eq.
(1), is used to account for the flexibility of the timber-concrete shear connection. A
reduction factor γ, which ranges from 0 for no composite action between the timber and
concrete interlayers to 1 for fully composite action (and rigid connection), is used to
evaluate the effective bending stiffness:

(EI )ef

= E1 I1 + E2 I 2 + γ 1 E1 A1a12 + γ 2 E2 A2 a22

1

(1)

where subscripts 1 and 2 refer to concrete and timber elements, respectively; E is the
Young’s modulus of the material; A and I are the area and the second moment of area of
the element cross-section; a is the distance from the centroid of the element to the neutral
axis of the composite section; and γ is the shear connection reduction factor. Using the
effective bending stiffness, the maximum stresses in bending, tension and compression for
both the timber and concrete elements, and the shear force in the connection can then be
calculated [2]. In Eq. (1), γ1 is calculated from Eq. (2) and γ2 is taken as one:

γ1 =

γ2 =1

1
π E1 A1sef

(2) (3)

2

1+

Kl 2

where sef is the effective spacing of the connectors assumed as smeared along the span of
the floor beam; l is the span of the TCC floor beam; and K is the slip modulus of the
connector. For verifications at ULS and SLS, different values of slip moduli, Ku and Ks, are
used, defined by Eqs. (4) and (5), respectively. Such a difference between Ku and Ks arise
from the shear force-relative slip relationship of the connection, which is generally nonlinear [2,5]. These stiffness properties of connector are evaluated through experimental
push-out shear test (Figure 1) carried out as recommended in EN 26891 [6]:

Ku =

0.6 Fm

Ks =

ν 0.6

0.4 Fm

(4) (5)

ν 0.4

100

where Fm is the mean shear strength obtained from a push-out test, ν 0.4 and ν 0.6 are the
slips at the concrete-timber interface under a load of 40% and 60% of the mean shear
strength Fm , respectively. Figure 1 displays a typical experimental set-up of a push-out
test, carried out at the University of Canterbury, New Zealand, to investigate the
mechanical properties of notched connectors between LVL joists and concrete slabs [7].

Figure 1: Symmetrical push-out test set-up (dimensions in mm)
The elasto-plastic solution [3] has been proposed specifically for cases where the failure of
the TCC is attained after extensive plasticization of the connection system, so as to allow
for redistribution of the shear force from the most stressed to the less stressed connectors
along the beam. This is fairly common where the connectors are low strength, low stiffness
and high ductility, such as for mechanical fasteners. The failure load is evaluated by
assuming a rigid-perfectly plastic behaviour of the connection.

2

For verifications in the long-term, the ‘Effective Modulus Method’ recommended by
Ceccotti [2] is used to account for the effect of creep of the different materials. The
effective moduli of concrete, E1, and timber, E2; and slip modulus of connector, K in Eq.
(1) are replaced with their respective effective moduli E1,eff , E 2 ,eff and K eff given by:

E1,eff =

E1
1 +φ 1 (t ,t 0 )

E 2 ,eff =

E2
1 + φ2 ( t − t0 )

K eff =

K
1 + φ f ( t − t0 )

(6) (7) (8)

where φ1 (t , t0 ) , φ2 (t − t0 ) and φ f (t − t0 ) are, respectively, the creep coefficient of concrete,
timber, and connector, t and t0 are, respectively, the final time of analysis (the end of the
service life, usually 50 years) and the initial time of analysis (the time of application of the
imposed load). A detailed description of the design of TCC at ultimate and serviceability
limit states, with emphasis on the influence of creep in the long-term, including two
worked examples, is provided in [8].
The approach discussed above neglects the effect of environmental strains caused by the
different thermal expansion and shrinkage of concrete and timber on the internal forces and
the deflection of TCC, resulting in an underestimation of the deflection at the end of
service life. To resolve this issue, rigorous [9] and approximated [10] closed form solutions
were derived to account for the effects of environmental strains and drying shrinkage of
concrete on TCC. Such formulas were compared to each other [11] showing good
accuracy, and then used to estimate the influence of different environmental conditions,
type of exposure, and size of the timber cross-section on the design of TCC beams [12,13].
A significant influence on the design was found, particularly for TCC systems with solid
timber decks and rigid connections, and for TCC floors with narrow timber joists exposed
to outdoor, sheltered environmental conditions [13].

2

The notched connection

A wide range of connection systems have been developed in different parts of the world
and throughout the century. The connectors can be metal or timber fasteners, or notches
cut in the timber and filled by concrete. Based on their arrangement along the beam, the
connectors can be categorized in discrete/continuous, and vertical/inclined. They can also
be categorized in glued/non-glued, and prestressed/non-prestressed, based on the way they
are inserted in the timber.
Notches cut in the timber beam and reinforced with a steel screw or dowel, as illustrated in
Figure 2, is by far one of the best connection for TCC with respect to strength and stiffness
performance although it may not be altogether economical if the notches had to be cut
manually [14,15]. The relative slip between the concrete slab and the timber beam can be
prevented by direct bearing of the concrete within the notch on the timber of the beam,
leading to a strong and stiff connection. Different notch geometries (rectangular,
triangular, inverted trapezoidal) have been used with different timber materials (sawn
timber, glulam, and LVL), with or without reinforcement.
Inveretd trapezoidal notches cut in a timber deck made from sawn timber were tested at
Colorado State University, US [16]. The notches were reinforced with a metal anchor
which can be tightened after 28 days from the concrete placement to eliminate any gap
within the notch due to drying shrinkage of concrete and restore the tight fit at the
concrete-timber interface. Rectangular notches, with or without a reinforcement made from
3

lag screws, were tested at the University of Stuttgart, Germany, on a composite system
made from board stacks [14]. Rectangular, triangular and trapezoidal notches cut in LVL
joists, with and without a lag screw reinforcement, were tested at the University of
Canterbury, New Zealand [15,17,18]. The length of the notch, the presence of a lag screw
and its depth of penetration into the timber, were found to be the most important factors
affecting the performance of the connection. It was found that the notch length affects the
strength and stiffness of the connection while the lag screw improves the post-peak
behaviour.

3

Experimental evaluation of mechanical properties of
notched connections

33
50

LVL
400x63

Lag screw
Ø 16

60

200

30°

60°

90

100

50

Plywood
Lag screw
Ø 16

Concrete
Plywood
200

Concrete

150

33

The shear strength of a notched connection is an important mechanical property for the
design of TCC floors at ULS. Such a quantity can be evaluated by testing to failure small
TCC blocks (push-out tests, see for example Figure 1). The outcomes of an extensive
experimental programme carried out at the University of Canterbury on several LVLconcrete push-out specimens (9 per connection type) is summarized in Table 1. The tests
were carried out on rectangular and triangular notched connections reinforced with a lag
screw (see connection details in Figure 2). The concrete slab was 600 mm wide and 65 mm
deep, and the concrete had an average compressive strength of 45 N/mm2. The LVL joist
was 63 mm wide and 400 mm deep, and had a bending strength of 48 N/mm2.

LVL
400x63

68.5

300

137

Figure 2: Details of the rectangular (left) and triangular (right) notched connections
tested at the University of Canterbury (dimensions in mm) [7,18]

The outcomes of the tests as shear strength (mean value Fm and characteristic value Fk) and
mean slip moduli for SLS and ULS verifications, Ks and Ku respectively, are listed in Table
1. More details on the experimental programme can be found in [7,18]. The quantity Fk is
used for ULS control of the connection, whilst the quantities Ks and Ku are used in Eqs. (2)
and (1) for evaluation of the effective flexural stiffness of the composite beam at SLS and
ULS, respectively. From Table 1 it is fairly clear that there is no significant difference
between Ks and Ku, hence only one value of the slip modulus could be used for both SLS
and ULS verifications.
Table 1: Experimental values of the slip moduli and shear strength of rectangular and
triangular notched connections, and analytical predictions of the mean shear strength.

Ku
Fk
Fm
Type
of Ks
Fm
[kN]
[kN]
connection [kN/mm] [kN/mm] [kN]
Experim. Experim. Experim. Experim. Analytic
NZS
241.4
115.3
138.9
186.4
Rectangular 247.2
145.8
138.8
70.4
84.8
94.0
Triangular
4

Fm
[kN]
Analytic
EC

Fm
[kN]
Analytic
EC*

99.1
70.7

140.3
83.4

4

Analytical evaluation of the shear strength of notched
connections

A simplified analytical model for strength evaluation of notch connections reinforced with
lag screws is proposed in Eqs. (9) to (12). The formulas were compared with the
experimental results and were found to predict the failure load with acceptable accuracy in
most cases. The connection is regarded as a concrete corbel protruding into the laminated
veneer lumber (LVL) joist subjected to the shear at the concrete-timber interface. The lag
screw acts as reinforcement for the concrete corbel, and contributes to the shear transfer
from timber to the concrete. The model is based on the control of all possible failure
mechanisms that may occur in the connection region (see Figure 3) [19]: (1) failure of
concrete in shear in the notch; (2) crushing of concrete in compression in the notch; (3)
failure of LVL in longitudinal shear between two consecutive notches or between the last
notch and the end of the LVL beam; and (4) failure of LVL in crushing parallel to the grain
at the interface with the concrete corbel. Analytical design formulas in accordance with
New Zealand Standards and Eurocodes were derived. By comparing the outcomes from the
different standards, it was found that the New Zealand Standards method overestimates the
maximum shear strength, while the Eurocode method is quite conservative with the actual
experimental results in between (see Table 1). An alternative approach based on the
introduction of a reduction factor β * to be used in the Eurocodes formulas was then
derived and compared with the experimental results, showing the best accuracy.
Force direction

Shear plane along
length of notch

Possible LVL
longitudinal
(1)
shear
Compression zone Possible LVL crushing

Concrete
Plywood
LVL

Force direction

Concrete sheared
off at Fmax

Lag screw in shear
and tension

Concrete
crushed

FORCE

(2)

Figure 3: Experimental failure mechanisms and behaviour of a rectangular notch
connection reinforced with a lag screw

4.1

Strength evaluation model according to New Zealand Standards
(NZS method)

The corresponding formulas, reported herein after, were derived in accordance with
provisions from New Zealand Standards for both timber [20] and concrete structures [21]
based on the aforementioned four possible failure mechanisms of the notched connection:
Fconc, shear = 0.2f c' bl + nk1 pQ
FLVL, shear = k1 k 4 k 5 f s Lb

Fconc, crush = f c' Ac

(9) (10)

FLVL, crush = k1 f c bd

(11) (12)

where Fconc, shear is the nominal shear strength of concrete for a notched connection
reinforced with a lag screw, Fconc, crush is the nominal compressive strength of concrete in
the crushing zone, FLVL, shear is the nominal longitudinal shear strength of LVL between
two consecutive notches or between the last notch and the end of the timber beam, and
5

FLVL, crush is the compressive strength of LVL in the crushing zone. f c' is the compressive
strength of concrete, b and l are the breadth of the LVL joist and the length of notch,
respectively, n is the number of lag screws in the notch, k1 is the modification factor for
duration of loading for timber, p is the depth of penetration of lag screw in the timber, and
Q is the withdrawal strength of the lag screw in Eq. (9). Ac is the crushing zone effective
area, i.e. b × d in Eq. (10) where d is the depth of the notch. k4 and k5 are the modification
factors for load sharing (taken as 1.0 for material with properties of low variability such as
LVL), fs is the LVL strength for longitudinal shear, and L is the shear effective length, i.e.
the distance between two consecutive notches or between the last notch and the end of the
timber beam in Eq. (11). fc is the compressive strength of LVL parallel to the grain in Eq.
(12). The design value of the shear strength is obtained by using the characteristic values
of material strengths f c' , Q, fs and fc in Eqs. (9) to (12), and by multiplying the minimum

among the four values of strength by the strength reduction factor φ.

4.2

Strength evaluation model according to Eurocodes (EC method)

Based on the Eurocodes for both timber [4] and concrete structures [22], the shear strength
of concrete for a notched connection reinforced with a lag screw when modelled as a
corbel can be calculated using the following equation:
Fconc .shear = β 0.5bn ln vf c + nef ( φcs d ef π )0.8 f w

(13)

where β is the reduction factor of the shear force for load applied in proximity of the
support of the notch regarded as a corbel, which should be assumed as 0.25 in accordance
with Eurocode 2 [22] for the case under study; bn and ln are the breadth of the joist and the
length of the notch, respectively; v is a strength reduction factor for concrete cracked in
shear, assumed as 0.516; fc is the compressive strength of concrete; nef is the effective
number of lag screws, assumed equal to the actual number of screws in the notch if they
are spaced enough; φcs is the diameter of the lag screw, def is the pointside penetration
depth less one screw diameter; and fw is the withdrawal strength of the screw perpendicular
to the grain. The other three failure mechanisms are governed by design equations similar
to Eqs. (10) to (12), the only difference being that the coefficients k4 and k5 are replaced by
the modification factor for system effect ksys, assumed 1.0 for LVL, and the coefficient k1 is
replaced by kmod which denotes the modification factor for duration of load and moisture
content. The design value of the shear strength is then obtained by using the design values
of the material strengths fcd, fwd, etc., which are obtained by dividing the characteristic
values by the material strength coefficients, γm, in the design equations, and by taking the
minimum of the so obtained four values of design strengths.

4.3

Modified reduction factor method (EC* method)

A new reduction factor, β * , given in Eq. (14), was introduced to replace the existing
reduction factor, β, in Eq. (13) in order to account not only for the loading distance but also
for the length of the notch, ln, which was found to have a significant effect in the
experimental tests, and the diameter of the lag screw, φcs.

β∗ =

ln − 2φcs
2ln
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(14)

4.4

Experimental-analytical comparisons

Table 1 provides a comparison of the experimental mean shear strength for the rectangular
and triangular notched connections with the three analytical strength evaluation methods
discussed above. For all connector types, the governing design formula was found to be
Eq. (9) and Eq. (13) for concrete shear, which agrees well with the failure mechanism
detected in the experimental tests. The EC method was found to be the more conservative
than the NZS method while the EC* method shows a prediction very close to the
experimental outcomes in all of the cases.

5

Collapse tests of TCC beams with notched connections

The formulas discussed above allow a reasonably accurate prediction of the shear strength
of a notched connection, which can then be used in ULS verifications. More complex is to
derive analytical formulas for the mean slip modulus of a notched connection. Such a
quantity is needed in Eqs. (1) and (2) to calculate the effective flexural stiffness of the
composite beam and, then, all other quantities such as deflections, stresses, etc. needed for
ULS and SLS verifications. So far, no accurate formula was proposed for the prediction of
the slip modulus, therefore experimental testing is currently the only possible way to
evaluate this quantity. For the rectangular and triangular notched connections tested in
New Zealand, the values are reported in Table 1.
On the other hand, notched connections were found to be fairly stiff and, therefore, it may
be interesting to investigate the possibility to use the transformed section method, which
assume fully rigid connection between concrete and timber and, therefore, does not require
the slip modulus, in the design of TCC beams with notched connections. To this aim,
reference to an extensive experimental programme carried out on full-scale composite
beams is made in this paper.
A semi-prefabricated LVL-concrete composite system was developed at the University of
Canterbury, New Zealand, comprising of 2400 mm wide M-section panels built with
laminated veneer lumber (LVL) beams acting as floor joists and a plywood interlayer as
permanent formwork (Figure 4a) [7]. For the purpose of experimental tests to collapse, the
M-section was reduced in width from 2400 mm to a T-section of 1200 mm and 600 mm
(Figure 4b). Nine beam specimens of 8 and 10 m span were designed, built and tested to
failure under four-point bending, with the purposes of measuring the flexural stiffness,
identifying the failure mechanisms, and assess the load-carrying capacity. Three types of
notched connectors were used to construct the composite beam specimens: (1) Rectangular
notches 150 mm long and 25 mm deep reinforced with a lag screw (R150); (2) Rectangular
notches 300 mm long and 50 mm deep reinforced with a lag screw (R300) – see Figure 2;
(3) Triangular notches reinforced with a lag screw (T) – see Figure 2. All beams had one
LVL joist and a 600 mm wide concrete slab, except beam G1 which had two LVL joists
and a 1200 mm wide concrete slab.
The beams were designed at ULS and SLS using the gamma method for two design levels:
well-designed and under-designed, depending on whether all design inequalities at ULS
and SLS were satisfied or not. The most critical design criterion for the well-designed
beams was deflection at SLS in the long-term, followed by shear strength of connection at
ULS in the short- and long-term. In the under-designed beams, the demand of shear force
in the most stressed connector was about 30% more than the design resistance at ULS in
the short- and long-term. An imposed load Q of 3 kN/m2 for office buildings and a total
7

permanent load G = G1 + G2 of 3 kN/m2, with G1 and G2 signifying the self-weight and the
superimposed permanent load, assumed as 2 and 1 kN/m2, respectively, were considered in
the design. The purpose for the variations in the design level was to investigate the actual
strength and composite action achievable by the beam specimens, to verify the accuracy of
the analytical gamma method used in design, and to explore the possibility to disregard the
connection flexibility and use the transformed section method. The details of the beam
tested are summarized in Table 2. More information can be found in [7].
200
Cast in-situ concrete
65 mm thick
with reinforcement
D10-200 c/c both ways

1200
1200
Reinforced concrete 65 mm thick
Plywood
17 mm

1200
Plywood interlayer
17 mm thick

LVL
400 × 63
Concrete
Plywood
2-LVL beam
400×63

Notched coach screw connection
Ø16 mm diameter
Double LVL 400x63

600

Concrete
Plywood
1-LVL beam
400×63

(b)
(a)
Figure 4: (a) Semi-prefabricated panels; (b) Reduced T-section (dimensions in mm)

Table 2: Details of the beam specimens, failure loads, and experimental (Exp), analytical
(gamma method - Anal) and fully rigid (FuC) mid-span deflection at SLS load level (No.
conn.=Number of connectors, R150=rectangular notch 150 mm long and 25 mm deep,
R300=rectangular notch 300 mm long and 50 mm deep, T=triangular notch)

Beam

A1
A2
B1
B2
C1
C2
D1
E1
G1

Span No.
length conn.
[m]

Conn.
type

8
8
8
8
8
8
8
10
8

R150
R150
R150
R150
T
T
R300
R300
R150

6
6
10
10
10
10
6
6
10

Design
level

Under
Under
Well
Well
Well
Well
Well
Under
Well

Failure
load
2Pmax
[kN]
87.3
75.3
105.0
97.5
89.7
110.0
80.8
79.6
201.0

FuC
15.6
13.5
24.3
24.3
20.7
25.4
18.7
27.8
23.2

Deflection ∆ at SLS
load level [mm]
Exp. Anal Exp/
FuC
22.7 17.5 1.45
18.0 15.1 1.34
26.5 26.1 1.09
27.1 26.1 1.12
23.9 22.1 1.15
28.8 27.1 1.13
21.1 19.7 1.13
27.8 28.9 1.00
25.9 25.5 1.12

Exp/
Anal
1.30
1.19
1.02
1.04
1.08
1.06
1.07
0.96
1.02

Two types of failure mechanisms were observed: (1) fracture in tension of LVL under
loading points at one-third of the span (Figure a) with no apparent sign of failure in
connections, for well-designed beams; and (2) for under-designed beams, failure of
connection in shear and/or crushing of concrete with plasticization of the lag screw in the
case of notched connections (Figure b). The failure pattern of notched connectors was
similar to that detected in push-out tests [7] where concrete strength was found to
significantly influence the shear strength of the connection and, therefore, the loadcarrying capacity of the composite beam. In most cases, the first crack sound was heard at
approximately 60% of the collapse load Fmax indicating the start of connection yielding
which was followed by further plasticization as the screeching sound became louder. The
failure hierarchy observed for under-designed beams was as follows: (1) crack sound in
8

one or multiple connections as an early warning; (2) failure of the first connector, usually
near the support; (3) consecutive failures of the other connectors moving towards the
middle of the beam due to redistribution of the shear force; (4) when all connectors have
failed, the load is resisted only by the LVL beams and final fracture of LVL in tension.

(a)

(b)

Figure 5: Different types of failure mechanisms detected in the composite beams: (a)
fracture in tension of LVL; (b) failure for concrete shear and crushing in 300 mm
rectangular notched connection

6

Results and discussion

Analytical-experimental comparisons of load-carrying capacity at ULS and SLS in the
short-term in terms of imposed load for tested TCC beams and fully composite beams were
performed. The analytical design imposed load in kN/m2 was predicted such that all the
ULS and SLS short-term inequalities were satisfied using the gamma method with
connection slip moduli Ku and Ks, respectively, where concrete, LVL and connection
strength design values were used. For under-designed beams, the connection strength
inequality was governing followed by deflection in the short- or the long-term. The design
of well-designed beams was governed by either deflection in the short- or long-term [7].
In the ULS comparison, it was found that all well-designed beams exhibited an
experimental load-carrying capacity very close to that of a fully composite beam with rigid
connection (approximately 0.9 times). This can be clearly appreciated from Figure 6,
which displays a typical load-deflection curve of a well-design beam (in this case,
specimen B2) and compare such a curve with the cases of fully composite (rigid
connection) and non-composite (no connection) beam. In the SLS comparison, the
analytical prediction underestimated the experimental imposed load by about 10%. This
indicated that the gamma method provided an accurate and conservative prediction of the
imposed load at SLS. Furthermore, the experimental load-carrying capacities of welldesigned beams were only 10% less than that of fully composite beams implying that these
beams have relatively high degree of composite action (87 to 100%) which was quantified
according to Eq. (15):

∆ − ∆F
DCA = N
× 100
∆N − ∆R

(15)

where ∆N, calculated theoretically, signifies the deflection of the composite beam with no
connection (lower limit); ∆R, calculated theoretically, signifies the deflection of the
composite beam with fully rigid connection (upper limit); and ∆F, measured
experimentally, signifies the deflection of the composite beam with the actual flexible
9

connection. This further indicates that the transformed section method can be used with
some correction factors to design composite beams with notched connections such as those
investigated in this study characterized by a high degree of composite action.
120

Analytical
composite

Load 2Pc (kN)

100

fully

80

Recovery
of strength

60

Analytical
40

no composite

20

LVL only

0
0

10

20

30
40
50
Mid Span Deflection (mm)

60

70

80

Figure 6: Typical experimental load 2Pc vs. midspan deflection curve for well-designed
beams (specimen B2)

In an attempt to quantify this correction factor for design, the fully composite beam
deflections (FuC) at SLS load level were compared, as presented in Table 2, with the
experimental (Exp.) deflections, and with the analytical (Anal) deflections determined
using the gamma method with the connection slip modulus Ks experimentally measured in
push-out tests on connections. For the well-designed beams, the experimental deflection
was 1.09 to 1.15 times the fully composite deflection, and 1.02 to 1.08 times the analytical
deflection. Taking a conservative approach, this finding is indicative of a 15% increment
correction factor to the deflection or, equivalently, a 13% reduction to the flexural stiffness
(EI) calculated using the transformed section method (Eq. (1) with γ1=1).
The method of the transformed section can therefore be used in design of TCC beams with
notched connections. For evaluation of deflection at SLS, the flexural stiffness (EI) should
be conservatively reduced by 13%. For connection design at ULS, it is suggested that no
reduction in the flexural stiffness calculated with the transformed section be made, so as to
overestimate the demand of shear force in the connection and carry out a conservative
design. The connection strength capacity can then be calculated using the analytical
formulas proposed in this paper. For timber and concrete design at ULS, the use of the
flexural stiffness calculated with the transformed section method may be non conservative,
therefore the use of the 13% reduction factor is recommended. It should be noted,
however, that these ULS verifications are usually less critical than the ULS of connection
and SLS of deflection. Hence, any possible approximation on the correction factor is less
critical for such ULS verifications.

7

Conclusions and implications for future code developments

This paper discusses the design of timber-concrete composite beams with notched
connections. Analytical formulas for the prediction of the shear resistance of notched
connectors were derived, based on four possible failure mechanisms: (i) shearing of the
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concrete within the notch, (ii) compression of the concrete within the notch, (iii) shearing
of the timber parallel to grain between two consecutive notches or from the first notch to
the end of the beam, and (iv) crushing of the timber parallel to the grain at the interface
with the concrete. The formulas, derived according to the New Zealand Standards and the
Eurocodes, were validated against the results of an extensive experimental programme
which involved several push-out specimens to failure carried out on small LVL-concrete
composite blocks at the University of Canterbury, New Zealand. Such formulas can
therefore be proposed in the new versions of the aforementioned regulations.
Based on an extensive experimental programme carried out at the University of Canterbury
which involved tests to failure of full-scale LVL-concrete composite beams with notched
connections, it was found only a minor difference between the experimental deflection at
serviceability limit state and the analytical value calculated using the transformed section
method, i.e. by neglecting the flexibility of the connection. This suggests a possible
simplified procedure for design of timber-concrete composite beams with notched
connections, i.e.: (1) calculation of the flexural stiffness (EI) of the composite section
using the transformed section method; (2) calculation of the shear strength demand of the
notched connection at ultimate limit using the flexural stiffness (EI); (3) comparison of the
shear strength demand with the strength capacity of the notched connection evaluated
using the proposed analytical formulas; (4) evaluation of the deflection at serviceability
limit state by reducing the flexural stiffness (EI) by 13%; (5) calculation of the stresses in
concrete and timber at ultimate limit state by reducing the flexural stiffness (EI) by 13%.
Although the aforementioned procedure was derived and validated on a particular type of
composite floor made from LVL joists with rectangular and triangular notched
connections, the procedure is general and can be applied to any type of composite structure
with notched connection. Further analytical-experimental comparisons are however
warranted, in particular to check the accuracy of the 13% reduction factor of the flexural
stiffness used together with the method of the transformed section for different types of
composite floors (for example, with solid deck).
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1

Introduction

Timber concrete composite (TCC) floor systems are relatively new to Australia and New
Zealand and satisfactory performance requires a rigorous design procedure addressing both
ultimate and serviceability limit states. TCC structures have a degree of complexity since they
combine two materials that have very different mechanical properties and respond in different
ways to their environment. Furthermore, most TCC structures exhibit partial (not full)
composite action and this adds to the complexity of the system.
Several design procedures are discussed in the literature. Amongst these, the Eurocode 5
(EC5) procedure is relatively straightforward and has been successfully implemented in
Europe. It utilises a simplification for modelling the complex timber - concrete interaction
known as the “Gamma coefficients” method, which manipulates properties of the concrete
member in order to predict the cross-section characteristics of the structure.
The details of this research are presented in two papers. Part 1 deals with design procedures,
whilst Part 2 discusses and extensive R&D program of connection testing and the derivation
of characteristic properties.

2

Scope

The EC5 approach has been adopted as the underlying basis for the design procedures
presented in this document; modified to comply with current design codes and practices in
Australia1. It comprises normative parameters for the strength and safety (ultimate limit state)
and informative guidelines for appearance, deflection limits and comfort of users
(serviceability limit states). Whilst the latter must be defined by designers to meet the specific
functional requirements of the floor under consideration, it is recommended that the
Guidelines in this document should be adopted as a minimum standard for TCC floors.
At the time of publication, there is still considerable uncertainty about some aspects of long
term deflection of TCC floors and as such the design procedures contained in this document
are limited to floors not exceeding 8m in span and utilising the notched connections
prescribed in Table 1.

3

Design requirements

Load type and intensity, load combinations and modification factors for both the ultimate and
the serviceability limit states have been defined in accordance with the AS/NZS 1170 series
(AS/NZS 2002a; 2002b).
1

With minor modifications the same approach is relevant for New Zealand.

1

The limit states that require checking can be summarised as follows:
1. the short-term ultimate limit state; where the structure response to the maximum
load is analysed. It generally corresponds to short-term exertion of the structure.
2. the long-term ultimate limit state. This analysis focuses on the structure response to
a quasi permanent loading and aims at avoiding failure due to creep of the timber
member in particular*.
3. the short-term serviceability limit state. This corresponds to the instantaneous
response of the structure to an imposed load.
4. the long-term serviceability limit state. This analysis aims to identify the service life
behaviour of structure considering the time-dependent variations of the material
properties; in particular creep.
5. the 1.0-kN serviceability limit state. This corresponds to the instantaneous response
of the structure to an imposed point load of 1.0 kN at mid-span.
*Checking the end-of-life ultimate limit states corresponds to an attempt to analyse and assess the durability and
reliability of the structure.

3.1

Connection behaviour

The structural behaviour of the connection is a significant parameter in the design of a TCC
floor. The elastic properties of the connection are used for both limit states and accounted for
in the identification of the Gamma coefficients in the design procedure.

4

Design procedure

The design procedure has three fundamental stages:
1. The initial stage of the design procedure focuses on identifying of the characteristics
of the TCC cross-section.
2. Assessment of the strength capacity of the structure is completed in the second stage
of the procedure; whilst
3. The final stage deals with the serviceability limit state.

4.1

Cross-section characteristics

The effective (apparent) stiffness of the composite cross-section is:
( EI )ef = Ec I c + Et I t + γ c Ec Ac ac2 + γ t Et At at2

(1a)

Note: The subscripts c and t refer to concrete and timber respectively, unless otherwise specified. The
contribution of the formwork (if present) is neglected in the design.

where the section properties in (1a) are given by:
bc hc3
Ic =
;
12

γc =

1
;
π Ec Ac sef
2

1+

Ac = bc hc ;

bt ht3
It =
12

(2a); (2b)

γt =1

(3a); (3b)

At = bt ht

(4a); (4b)

K i L2

2

ac =

γ t Et At H
;
γ c Ec Ac + γ t Et At

at =

γ c Ec Ac H
γ c Ec Ac + γ t Et At

(5a); (5b)

The height factor “H” is defined by:

H=

hc
h
+ af + t
2
2

(6)

where:


the tributary width of the concrete member is assessed with (AS 2001, p. 93):
bc = bt + 0.2a ;



bc = bt + 0.1a

(7a); (7b)

the effective spacing (refer to Figure 1) of the connections is given by:

sef = 0.75smin + 0.25smax

(8)

- where all connectors are evenly spaced within the end quarter spans

s min

s min

s max

L/2
Figure 1: Connection-related distances.


and the stiffness of the connection corresponds to (refer to TABLE 1):
K ser =

0.4 Rm

ν 0.4

;

K eff =

K ser
;
j2,long

Ku =

0.6 Rm

ν 0.6

(9a); (9b); (9c)

Note: Whilst it is understood that the creep behaviour of TCC floors is quite complex, the
“creep component” for long term defections is modelled using the j2 factor. This is consistent
with AS 1720.1 (2010), which uses a simplified multiplier to the initial short term deflection.
A value of j2,long between 3.0 and 4.0 is currently recommended for indoor applications.

4.2

Strength of the composite cross-section – concrete & timber members

The load combinations and factors for the ultimate limit state (ULS) must comply with the
relevant provisions of AS / NZS1170 series (AS/NZS 2002a; 2002b). The checks imposed on
a structure under flexural action or flexural and axial actions are described in Sections 3.2 and
3.6 of AS 1720.1 (AS 1997) respectively. These requirements apply to TCC floor structures
as follows:
• bending strength – the concrete and timber members resist a combination of bending
moment and/or axial force.
•

flexural shear strength – the timber member resists the flexural shear force.

•

bearing strength – the timber member resists the support action/reactions.
3

4.2.1

Strength requirements for Bending strength

At the extreme fibres – upper and lower – the concrete and timber members experience
compression and tension stresses which result in combined bending and axial stresses as
defined in Equation (10). The check is completed for the upper and lower fibres of the
concrete member and for the lower fibre of the timber member2.
N*
M*
+
≤ 1.0 (expressed as stress ratios)
(φ N ) (φ M )

(10)

The general expression for bending stress is defined in Equation (11):

σ b ,i = ±

1 Ei hi M *
2 ( EI )ef

(11)

Specifically, the stresses in the concrete and timber member respectively are:

σ b ,c = ±

1 Ec hc M *
;
2 ( EI )ef

σ b ,t = ±

1 Et ht M *
2 ( EI )ef

(11a); (11b)

Equations (11a) and (11b) respectively identify the bending moment capacity:

φ M u = φ f c'

2( EI )ef

;

γ c Ec hc

(φ M ) = φ k1k4 k6 k9 k11k12 fb'

2( EI )ef

γ t Et ht

(12a); (12b)

These capacities must be greater than the design moment M* , which is derived from loading
requirements and boundary conditions of the TCC structure. The axial (in-plane) stress is
predicted using Equation (13):

σ c / t ,i = ±

γ i Ei ai M *

(13)

( EI )ef

Specifically, the stresses in the concrete and timber member respectively are:

σ c ,c = −

γ c Ec ac M *
( EI )ef

;

σ t ,t =

γ t Et at M *
( EI )ef

(13a); (13b)

Assessment of the axial stress is derived from the flexural action. However, (13a) and (13b)
can be manipulated to identify the (corresponding) design axial force:
N c* = σ c ,c Ac ;

N t* = σ t ,t At

(14a); (14b)

where the allowable axial forces are defined as:

φ Nu = φ f c' Ac ;

(φ N ) = φ k1k4 k6 k11 ft ' At

2

(15a); (15b)

An efficient design of a TCC cross-section occurs when the concrete member is fully under compressive stress
and the timber member is mainly subjected to tensile stress. It is possible for the timber beam to experience
compression, but this is not critical because the timber material exhibits adequate compression capacity.
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4.2.2

Strength requirements for Flexural shear strength

In the absence of structural reinforcement in the concrete member, the flexural shear strength
is provided by the timber member, therefore,

(φV ) ≥ V *

(16)

Where for rectangular sections:

(φV ) = φ k1k4 k6 k11 f s'

2 At
3

(17)

Note: Some conditions, (for example use of a deep notch), may require reducing the shear plane area by using
the net area of the (beam) cross-section.

4.2.3

Strength requirements for Bearing strength

The bearing strength is provided by the timber member, therefore,

(φ N ) ≥ N
p

*
p

(18)

in which:

(φ N ) = φ k k k k
p

4.3

1 4 6 7

f p' Ap

(19)

Strength of the composite cross-section – connection capacity

The connection (or notch) transfers the shear force occurring between the members under
flexure. The actual mechanics of this force transfer are relatively complex. However a
prescriptive approach that defines connection capacities (based on empirical test data - refer
TABLE 1) that ensures the design procedure remains user-friendly, has been adopted for this
document.
TABLE 1: CHARACTERISTIC PROPERTIES OF THE CONNECTION

30

Connection type

16 x 200

60

25°
50 50
150
16 x 200
30° 60°
50 50
139

Beam width*^† Strength
bt
Qk
mm
kN

SLS stiffness
Kser
kN/mm

ULS stiffness
Ku
kN/mm

48

46

81

58

63

78

105

76

48

55

35

34

63

66

96

69

*

connection properties for beams 48 mm < bt < 63 mm, are derived by linear interpolation.
1.42

^

for beam, bt > 63 mm, a reduction coefficient is applied: ku , red

⎛b ⎞
=⎜ t ⎟
⎝ 63 ⎠

for other connection types, empirical values must be established.

†

5

& ks , red

⎛b ⎞
=⎜ t ⎟
⎝ 63 ⎠

0.42

.

4.3.1

Shear strength of the connection

A global assessment of the connection strength is performed. It includes the assessment of the
*
, and the connection located at the quarter-span area,
strength of the first connection, Vmax
*
VL / 4 .

(φ N ) ≥ Q

*

(20)

j

NOTE: Refer to TABLE 1, for empirical strengths of the specified connections.

where:

(φ N ) = φ k k k Q
j

1 4 6

(21)

k

and the effective shear force in the connection located near the support equals:
Q*V *

(

max

)

=−

γ c Ec Ac ac smin
( EI )ef

*
Vmax

(22)

(where x = 0 – refer to Fehler! Verweisquelle konnte nicht gefunden werden., in Appendix Section Fehler!
Verweisquelle konnte nicht gefunden werden.):

and the effective shear force in the connection located at the ‘quarter’ span:
Q*V *

(

L/4

)

=−

γ c Ec Ac ac smax
( EI )ef

VL*/ 4

(23)

(where x = L/4 – refer to Fehler! Verweisquelle konnte nicht gefunden werden., in Appendix Section Fehler!
Verweisquelle konnte nicht gefunden werden.):

4.3.2

Shear strength of the timber

The shear strength of the timber – tangential shear action in the area located between the
support and the first connection is assessed and checked as follows:

(φ NV ) ≥ V *

(24)

where:

(φ NV ) = φ k1k4 k6 f s' ( bt ls )
4.4

(25)

Serviceability verification / assessment of the composite cross-section

The load combinations and factors for the serviceability limit states (SLS) are defined in the
AS/NZS 1170 series (AS/NZS 2002a; 2002b). Serviceability of the TCC structure is
undertaken by checking the deflections against the limits defined to suit the functional
requirements of the building being designed. In the absence of any specific limits the
following are recommended:

•

Short term Live load only, limited to span / 300

•

Short term Point load deflection, limited to 2.0mm
6

The mid-span deflection under uniformly distributed load is assessed as follows:

Δ=

(

)

5 G * + ϕ w*imp L4
384(EI )ef

(26)

For which the value of ϕ and ( EI )ef are defined to suit the loading condition and duration.
4.4.1

Instantaneous short-term deflection:

The shrinkage and creep effect of the concrete member and the creep of the timber is
neglected. Thus, ϕ = 1.0 and ( EI )ef is approximated as defined in Equations (1a) to (9).
a)

imposed load deflection check under uniformly distributed load, from Eqn (26),

b)

deflection under 1.0 kN (vibration check):

Δ=

P* L3
48(EI )ef

(27)

Where P* = 1.0 kN (point load applied at mid-span).
4.4.2

Long-term end-of-life deflection

The shrinkage and creep of the concrete member and the creep of the timber are accounted
for.
Thus, ϕ = 4.0 and ( EI )ef is approximated as per Equations below.
a)
b)

permanent and imposed load (deflection check under uniformly distributed load),
permanent load only (deflection check under uniformly distributed load) Δ,
is calculated using Equation: (26)

Where, the effective (apparent) stiffness of the composite cross-section is given by (1b) :
1

( EI )ef = Ec ,lts I c + Et ,lts I t + γ c ,lts Ec ,lts Ac ac2 + γ t ,lts Et ,lts At at2

I c and I t refer to Equations 2a and 2b and the gamma functions are given by Equations 3c
and 3d

γ c ,lts =

1
;
π Ec ,lts Ac sef
2

1+

γ t ,lts = 1

K eff L2

Ac and At are obtained from Equations (4a) and (4b) and the “distance” factors are given by
Equations 5c and 5d.

ac =

γ t ,lts Et ,lts At H
γ c ,lts Ec ,lts Ac H
; at =
γ c ,lts Ec ,lts Ac + γ t ,lts Et ,lts At
γ c ,lts Ec ,lts Ac + γ t ,lts Et ,lts At
7

Where:
Ec ,lts =

Ec
(1 + ε cs )(1 + φcc )

Et ,lts =

Et
j2

(28a); (28b)

Note: The recommended creep coefficient for TCC, j2 = 3.0 to 4.0.

And:

ε cs = k1ε cs.b

(29)

φcc = k2 k3φcc.b

(30)

for H refer to Equation (6)
for bc refer to Equations (7a); (7b).

5

Concluding Comments

The design procedure presented in this paper is adapted from the design procedure of EC5
and modified to suit local practices and reflect research and development recently undertaken
in Australia and New Zealand.
The design methodology adequately addresses the complexity of TCC structures, including
the partial composite action provided by the connection and imposes a comprehensive series
of strength checks on the cross-section components and serviceability checks with
consideration to the long term performance of the structure.
Adapting the design procedure to suit Australian practices has been a challenging exercise
and where assumptions have had to be made due to uncertainties, these have erred on being
conservative. These assumptions are also areas for further research in order to address the
uncertainties associated with them.
It is anticipated that further research will include:


shear strength of the connection – size effect on the connection strength and stiffness,



shear strength of the concrete notch – effect of the coach screw,



shear strength wood portions between the notches,



flexural shear strength of the beam – effect of deep notch and use of the net area of the
shear plane,



short-term serviceability – initial deflection and effect of concrete curing,



long-term deflection



influence of wood portions between the notches

Further work will also focus on making the design procedure more user-friendly wherever
possible whilst preserving the safety and functionality of the design.
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APPENDIX
Notation
The symbols and letters used in the design procedure are listed below:
Ac

cross-sectional area of the concrete member

At

cross-sectional area of the timber member

Al

bearing area for loading parallel to the grain (timber)

Ap

bearing area for loading perpendicular to the grain (timber)

Asl

shear plane area for shear action parallel to the grain (timber)

Ast

cross-sectional area of the coach screw (TCC only)

a

distance between points of zero bending moment

ac

distance for the concrete member

af

thickness of the formwork

at

distance for the timber member

bc

tributary width of the concrete member

bt

width (thickness) of the timber member

bv

width of the notch (concrete)

do

length of the notch (concrete)

Ec

value of the modulus of elasticity of the concrete member

Ec,lts

value of the modulus of elasticity of the concrete member for longterm serviceability

Et

value of the modulus of elasticity of the timber member

Et,lts

value of the modulus of elasticity of the timber member for long-term
serviceability

( EI )ef

effective (apparent) stiffness of the TCC cross-section

fb'

characteristic strength in bending

f c'

characteristic strength in compression

fl '

characteristic strength in bearing parallel to the grain
10

f p'

characteristic strength in bearing perpendicular to the grain

f s'

characteristic strength in shear

ft '

characteristic strength in tension

G*

design self-weight

H

factor for the height of the TCC cross-section

hc

thickness of the concrete member

ht

depth (height) of the timber member

Ic

second moment of area (moment of inertia) of the concrete member

It

second moment of area (moment of inertia) of the timber member

j2

stiffness modification factor – load duration

Keff

connection (shear key) stiffness for design of the Service Limit State –
long-term deflection

Ki

connection (shear key) stiffness

Kser

connection (shear key) stiffness for design of the Service Limit State –
short-term deflection

Ku

connection (shear key) stiffness for design of the Ultimate Limit State

k1

shrinkage strain coefficient (concrete)

k1

duration of load (timber)

k2

creep factor coefficient (concrete)

k3

maturity coefficient (concrete)

k4

moisture condition (timber)

k6

temperature (timber)

k7

length and position of bearing (timber)

k9

strength sharing between parallel members (timber)

k11

size factor (timber)

k12

stability factor (timber)

L

span of the structure

11

ls

length of the horizontal shear plane (timber)

M*

design action effect in bending

φMu

design capacity in bending (concrete)

(φ M )

design capacity in bending (timber)

N*

design action effect produced by axial force

N *p

design action effect in bearing produced by reaction at a support

φ Nu

design capacity in axial stress (concrete)

(φ N )

design capacity in axial stress (timber)

(φ N )

design capacity of the connection in shear

(φ N l )

design capacity in bearing parallel to the grain (timber)

(φ N )

design capacity in bearing perpendicular to the grain (timber)

(φ N v )

design capacity in shear parallel to the grain (timber)

(φ Nθ )

design capacity in bearing at an angle to the grain (timber)

P*

design action for point load action (Service Limit State)

Q*

design action effect in shear in the connection

Q

design action effect in shear in the connection (at L / 4)

j

p

*
VL* / 4

QV* *

design action effect in shear in the connection (at a support)

Q*

design action for shear in the connection

Qk

characteristic strength of the connection in shear

Rm

mean characteristic strength of the connection in shear (test data)

sef

factor for the connection spacing

smax

distance of the first connector from mid-span

smin

distance between the connectors (inside the external quarter-spans)

V*

design action effect in flexural shear (also tangential shear)

VL*/ 4

design action effect in flexural shear (also tangential shear) at L / 4

*
Vmax

design action effect in flexural shear (also tangential shear) at a support

(φV )

design capacity in flexural shear (timber)

max

12

φVuc

design capacity in shear (concrete)

*
wimp

imposed design load(s)

β1,2,3

coefficients (concrete)

Δ

deflection at mid-span

γc

partial factor for material properties of the concrete member

γc,lts

partial factor for material properties of the concrete member – longterm serviceability

γt

partial factor for material properties of the timber member

γt,lts

partial factor for material properties of the timber member – long-term
serviceability

ε cs

design shrinkage strain (concrete)

ε cs.b

basic shrinkage strain (concrete)

ν0.4

mean slip of the connection measured at 0.4 Rm (test data)

ν0.6

mean slip of the connection measured at 0.6 Rm (test data)

φ

capacity factor

φcc

design creep factor (concrete)

φcc.b

basic creep factor (concrete)

ϕ

creep coefficient (timber)

θ

angle of the notch facet under compression,

σb

effective bending stress

σc

effective compression stress

σt

effective tension stress
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DEVELOPMENT OF DESIGN PROCEDURES
FOR TIMBER CONCRETE COMPOSITE
FLOORS IN AUSTRALIA AND NEW ZEALAND
PART 2 – CONNECTION CHARACTERISATION
Prof Keith Crews, Dr Christophe Gerber & Dr Rijun Shestha
Centre for Built Infrastructure Research, University of Technology Sydney, Australia

1

Introduction

The approach adopted for design of timber concrete composite (TCC) floor systems in
Australia and New Zealand is based upon extensive testing of the permitted connection types
that are specified in the design procedures, identifying strength, serviceability stiffness and so
called ultimate stiffness characteristic properties that are required for utilisation of the
“Gamma coefficients” method, which manipulates properties of the concrete member in order
to predict the cross-section characteristics of the structure. This paper presents an overview of
testing undertaken to date and the derivation of characteristic properties (5th percentile for
strength and 50th percentile or average for stiffness).

2

Background

An extensive (literature) review of shear connectors used in timber concrete composite
structures, covering the period from 1985 to 2004, has been undertaken by Dias (2005).
Elsewhere, Ceccotti (2002) also presents an overview of the timber-concrete connectors
which are most commonly used to achieve composite action between the concrete and the
timber members (Figure 1).

Figure 1 - Examples of TCC connections (Ceccotti 2002)

1

Notes on Figure 1:

(a1) nails; (a2) glued reinforced concrete steel bars; (a3, a4) screws; (b1, b2) connectors
(split rings and toothed plates); (b3) steel tubes; (b4) steel punched metal plates; (c1) round
indentations in timber, with fasteners preventing uplift; (c2) square indentations, with
fasteners preventing uplift; (c3) cup indentation and prestressed steel bars; (c4) nailed timber
planks deck and steel shear plates slotted through the deeper timber planks; (d1) steel lattice
glued to timber; (d2) steel plate glued to timber.
The stiffness characteristics of some the shear connectors presented in Figure 1 are plotted in
Figure 2. The load-slip plot in Figure 2 indicates that for this group of connector types, the
stiffest connections are those in group (d), while the least stiff are in group (a). Connections in
groups (a), (b) and (c) allow relative slip between the timber element and the concrete
member, that is, the cross-sections do not remain planar under load – and the strain
distribution is not continuously linear in the composite cross-section. Only connections in
group (d) exhibit a planar behaviour, corresponding thus to fully composite action between
timber member and the concrete slab. It can be assumed that TCC structures assembled with
connectors from group (a) achieve 50% of the effective bending stiffness of TTC systems
constructed with connectors from group (d) Ceccotti (1995).

Figure 2 - Schematic of load-slip behaviour of types of connection (Ceccotti 2002)

3

Scope of Testing Program

An extensive experimental investigation has been carried out on shear connections for TCC
floors using small scale specimens. The tested connections have been developed over a period
of time between 2007 and 2010 and therefore the experimental investigations involved a
number series of tests and have been divided more appropriately into different test phases.
Experimental study in each phase looked at different connection type which was either an
improvement over a preceding test series or investigation on completely new connection type.
Details and results for each of the phase are presented elsewhere (Shestha et al 2010).
A number of different types of shear connections were fabricated and tested, including:
1. Nail plates
2. Nail plates with wood screws
3. Nail plates with notch
4. Square notch (with and without coach bolts)
5. Trapezoidal notch (with and without coach bolts)
2

6. Bird mouth notch (with and without coach bolts)
7. Batten
8. Tri-angled notch (with and without coach bolts)
Typical details for the bird’s mouth notched connection are shown in Figure 3.
300

150

100

65

100

concrete slab
ply wood formwork

LVL joist

coach screw

Figure 3- Typical geometry and components of a bird’s-mouth shear connection

Analysis of the results from these tests led to the conclusion that the most promising
connection types were the trapezoidal and bird’s mouth notched connections, with coach
bolts. Subsequently, a further study of 100 connections was undertaken in 2010, details of
which are summarised graphically in Figure 4.

Figure 4- Overview of 2010 research plan for notched connections

Analysis of the test results for this final series of tests has led to the development of the
characteristic design properties presented in Part 1 of this paper.
3

4

Testing Protocol

There are two types of tests that are normally used to study the properties of shear connection
and to verify analytical and/or numerical models excluding the consideration of withdrawal
test for a dowel-type connection – the shear test and the bending test. The shear test (also
called slip test or push out test) can have two types of configurations – either symmetrical or
asymmetrical. The asymmetrical configuration has the merits of saving time and cost as
concrete is cast on one side of timber beam only. However, there can be an overestimation of
strength and stiffness of the connection tested due to the reaction that tends to close any gap
that is caused by an eccentric loading force (van der Linden 1999). This can be minimised by
appropriate restraint of the specimen to ensure that any eccentric effects are negligible.
The tests on all shear connections in the current study were carried out using an asymmetrical
push out test and details of the test rig and setup are presented in Figure 5.

Figure 5 - Setup of a test specimen in the test rig
Notes
1. Spherical seating for loading – top edges were aligned to negate any eccentricity
2. Two LVDTs were screwed onto both sides of the LVL.
3. Steel test rig
4. Several ply boards were placed underneath the LVL to prevent it from causing any damage during the
collapse of the specimen.
5. Timber blocks were used to secure the specimen in position during loading.
6. Screw column
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Presented by P Quenneville
A Jorissen: Is there still splitting at a/h =07? P Quenneville: there could be. Model gives
proper load-slip curve and failure criterion is used (first occurrence of splitting or 5% offset).
R Crocetti: Laboratory results may be simulated, but in practice this type of connection
should be avoided. P Quenneville: Reinforcement will be avoided due to cost.
T Tannert: Numerical study is 2D. What would be the influence of 3D? P Quenneville: 3D
would be more favourable to a ductile behaviour.
R Görlacher: Have you compared results to the C1B- paper of 1989? B Franke: No,
comparison was to code equations.
M Yasumura: What is the failure criterion? B Franke: failure (in splitting) is maximum load
when crack becomes unstable.
L Daziel: here Steel-Wood-Steel connection is shown, in practice Steel-Wood is often used.
What will be the influence? P Quenneville: Possible embedment and 3D model would be
needed.
A Palermo: How did you verify the model for the cohesive part? B Franke: No calibration
was carried out, average values for Canadian glulam code were used.
A Manoorchehr: What was the thickness of the cohesive elements? B Franke: no thickness at
all.
P Schädle: which element type was used? B Franke: Element no.174 in ANSYS.

Failure behaviour and resistance of dowel-type
connections loaded perpendicular to grain

Bettina Franke, Pierre Quenneville
University of Auckland, New Zealand

1

Introduction

The load capacity of mechanical connections loaded perpendicular to grain is limited by
either a brittle failure, such as splitting of the wood, or ductile failure behaviour, such as
the bending of the fasteners and/or the embedding or bearing failure of the wood under the
fastener. Most international design standards predict the ductile failure using the accepted
European Yield Model (EYM) with good accuracy. However, different design equations
are used for the prediction of the splitting failure of the wood. These are, on the one hand,
the design equations in the EN 1995-1-1:2004 based on the fracture mechanics and on the
other hand, the German design equations in the DIN 1052:2008 based on a strength
criterion.
Experimental test series are traditionally used to investigate the load capacities and to
develop design concepts. A further option is to use numerical simulations of the failure
behaviour of connections. A numerical model developed was used to investigate the nonlinear behaviour including the ductile and brittle failure of dowelled connections loaded
perpendicular-to-grain with different geometry layouts. The numerical results reached
show that important parameters change the load capacities, the stress-strain distribution
and the failure behaviour of the connection. The comparison of the numerical load
capacities with the EN 1995-1-1:2004 shows that connection parameters such as number of
rows and columns or the connection width are not considered. The investigation of these
different parameters presented in this paper shows at this stage potential to improve the
design methods.

2

Numerical test series

2.1

Numerical model

A 2-dimensional numerical model for the prediction of the load capacity for steel wood
steel dowel type connections was developed. The objective was the simulation of a
realistic failure behaviour which includes the ductile and splitting failure of the wood
member. Therefore the important material definitions used will be explained, where further
details of the modelling process are described in [7]. In the numerical simulations, the
1

4.1 Loading procedure
The loading procedure in European Standard EN26891 described by Dias (2005) and shown
in Figure 6 was closely adopted for all tests. The load is applied in following steps.
1.
2.
3.
4.
5.

The load is applied until about 40% of the estimated failure load. This stage is normally
completed in about two minutes.
The load is maintained at this intensity (about 40% of the estimated failure load) for
about 30 seconds.
The load is released until about 10% of the estimated failure load. This stage aims to last
about one and a half minute.
The load is maintained at about 10% of the estimated failure load for some 30 seconds.
The load is (re-)applied until failure of the specimen. The loading rate should be close to
the initial loading rate.

The reason for loading in this way was to eliminate any internal friction in the connections.
This is essential to ensure that when the specimen is tested to failure, it does not fail due to
initial slip or slack in the connection. A typical test would take approximately 10-15 minutes
(600-900 seconds) to complete.

Figure 6 - Loading regime as per EN 26891 (BSI - 1991)

4.2

Test criteria

The behaviour and effectiveness of the tested shear connections were assessed based on their
strength (failure load or maximum load), stiffness and failure mode. The strength of the
connection specimens was defined as the maximum load that can be applied in the push-out
tests before failure. Depending upon the failure mode, the connection specimens may have
some load carrying capacity following the maximum load resulting in a ductile behaviour.
The failure modes were therefore carefully documented in all tests. The connection stiffness
or slip modulus, which represents the resistance to the relative displacement between the
timber joist and the concrete slab, is one of the key parameters that define the efficiency of a
shear connection. Stiffness for the serviceability limit state (SLS) and ultimate limit state
5

(ULS) are essential to characterise a shear connection. The stiffness for SLS (Kser)
corresponds to the inclination of the load-slip curve between the loading start point (generally
taken as 10% of failure load to overcome “settling in”) and the 40% of the failure load. The
stiffness for ULS (Ku) corresponds to the inclination of the load-slip curve between the
loading start point and the 60% of the failure load. As a general rule, it can be assumed that
Ku = (2/3) Kser.

5

Test Results

The main results for both connection types (which are described schematically in Figure 7),
are presented in Table 1.

Figure 7 - Connections T3 (left) & B3 (right) – 63mm thick LVL with 16mm coach screw

TABLE 1 – Characteristic Properties of Connectors
Connection Description
T1 – 48mm LVL, 16mm bolt
T2 – 48mm LVL, 12mm bolt
T3 – 63mm LVL, 16mm bolt
T4 – 96mm LVL, 12mm bolt
T5 – 126mm LVL, 16mm bolt
B1 – 48mm LVL, 16mm bolt
B2 – 48mm LVL, 12mm bolt
B3 – 63mm LVL, 16mm bolt
B4 – 96mm LVL, 12mm bolt
B5 – 126mm LVL, 16mm bolt

Strength Qk (kN)
46 – 8.7%
46 – 6.6%
78 – 6.4%
89 – 10.0%
134 – 4.8%
55 – 8.1%
51 – 8.4%
66 – 7.7%
91 – 5.5%
120 – 11.6%

Kserv (kN/mm)
87 – 20.5%
106 – 15.0%
109 – 19.3%
110 – 34.8%
124 – 41.3%
37 – 12.4%
115 – 48.4%
98 – 12.9%
156 – 19.8%
213 – 34.2%

Ku (kN/mm)
60 – 13.0%
87 – 17.9%
81 – 24.7%
93 – 39.3%
103 – 30.2%
36 – 15.2%
46 – 54.0%
74 – 27.7%
119 – 20.8%
150 – 22.7%

NOTES:
a) integer = capacity; % = CoV
b) Strength – 5th percentile based on a log normal distribution
c) Stiffness – 50th percentile

6

Conclusions

A number of shear connections have been tested using push-out tests on full scale specimens
and load-deflection plots and stiffness for these connections have been determined.
Parameters such as the type of connector, shape of notches, use of mechanical anchors and
concrete properties have been investigated and analysis of this data has led to number of
conclusions.

6

•
•

•

•

•
•

•

•

Early research showed that use of nail plates alone as shear connectors did not prove
to be effective, whilst a combination of nail plates with either screws or concrete
notches was more effective - especially incorporation of concrete notches.
A number of concrete notch type shear connections were then tested such as
trapezoidal, bird-mouth type and tri-angled notch and parameters such as slant angle,
use of either coach screw or normal wood screw as mechanical fastener, inclination of
the mechanical fastener, inclination of the slanting face and use of low shrinkage
concrete were studied.
Use of coach screws has the advantage of deeper penetration depth inside the concrete
slab in comparison to normal wood screws due to their longer length. This resulted in
a single coach screw providing higher shear capacity than a combination of four wood
screws.
Interesting results were obtained from the bird-mouth type connections as these
connections generally exhibited higher strength and stiffness than the trapezoidal
notch connections and especially so for bird-mouth connections using 70-20 and 6030 angle combinations.
Tri-angled notch connections were also found to be superior to the trapezoidal notch
connections, however, the complex angle sequence makes such connections difficult
to fabricate.
On the other hand, bird-mouth type connections are much easier to fabricate with a
simple cutting sequence and do not need special tools for fabrication. Use of a slanted
coach screw configuration in the bird-mouth notch connections provided higher
stiffness; however, the effect on characteristic strength was not significant, while steel
plate placed on top of the coach screw did not provide any additional strength or
stiffness. It should however be noted that the coach screws in the bird-mouth notch
provided only limited post peak plastic behaviour when compared to trapezoidal notch
connections.
The depth of the notch has a significant effect on both the stiffness and strength of the
connections. Connections with 60 mm deep notch had superior strength and stiffness
compared to the connections with 90 mm deep notch. Test results also showed that
widening the slot dimension had a positive effect on strength and stiffness of the
connections.
The effect of the ratio of coach screw diameter to LVL thickness is one of the
parameters that needs to be further investigated. Table 1 highlights the effect of the
ratio of coach screw diameter to LVL thickness and suggests that there is no
advantage to using 16mm diameter screws in 48mm thick LVL beams

Whilst the variability of maximum load (strength) is considered to be acceptable, the
variability of the characteristic stiffness properties highlights some of the uncertainty that is
inherent in the performance of notched connections for TCC constructions. It is proposed to
use the data generated to date, to refine connection performance and attempt to reduce that
stiffness variability to lower levels that could lead to more efficient design of these type of
floor structures.
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material behaviour of the wood is assumed as orthogonal anisotropic. Nine independent
elastic constants define the element stiffness matrix of wood in the numerical solution. The
description of the orthotropic material used does not include a strain or displacement
interconnection and considers no influence of the temperature.
For the numerical simulation of the ductile failure behaviour under compression
perpendicular to grain, a bilinear elastic plastic material behaviour with hardening after
yielding is used. The material law goes back to the generalized anisotropic Hill potential
theory and a modified von Mises yield criterion, [1]. The material behaviour is described
by the tensile and compressive stress-strain curves in the three orthogonal directions and
the shear stress-strain curves in the corresponding planes.
For the brittle failure including the crack initiation and crack propagation, the contact
technology corresponding to a defined cohesive zone material was used. This technique
directly uses fracture mechanism methods by adopting softening relationships for tension
stress perpendicular to grain and shear stress depending on the critical fracture energy, [1].
The cohesive zone material used, considers the single fracture modes I or II as well as the
mixed mode using a quadratic fracture criteria. It is characterised by the tensile strength
perpendicular to grain ft,90, the shear strength fs, the contact stiffness K and the critical
fracture energies GcI or GcII.

2.2

Reference solutions for the numerical model

The results for a dowel type connection with 2 rows and 3 columns are presented in this
section. According to the experimental test series by Reshke [11], the specimen sizes are
b = 80 mm, h = 190 mm and l = 620 mm. The connection is located at midspan of the
beam with a loaded edge distance of he = 133 mm, a connection height of ac = 57 mm and
width of ar = 175 mm. The variables are defined as shown in Figure 1.
The material axes are orientated according to the Canadian spruce glulam material used in
the test series, so that the model describes a RL-crack system. The contact element pairs
are predefined in layers in the assumed crack directions of the numerical model. With
regards to the cellular structure of the wood, the crack growth direction of dowel-type
connections loaded perpendicular to grain is in parallel direction and at the height of the
dowel centre. The dowels and support plates were modelled explicitly as steel components
using a linear elastic material description. The contact between the wood and the steel
parts is considered by friction. To respect the natural character of the material wood in the
simulation, the parameters are probabilistically uniformly distributed. The range of the
probabilistic values is assumed at about ± 30 % of the mean values from Table 1.
The comparison of the numerical solution with the mean value describes the main failure
behaviour of these connections, as shown in Figure 1: Defined variables of a 3 by 2 doweltype connection loaded perpendicular to grain and Figure 3. A statistical analysis of the
results shows, that after 30 probabilistic loops, the average value of the load capacities
Table 1: Material properties for Canadian Spruce Glulam, mean values [8], [10], [13]
Modulus of Elasticity

EL = 10000 N/mm2

ER = 350 N/mm2

Rigid modulus

GLR = 410 N/mm2

GLT = 410 N/mm2

Strength

fc,90 = 4.5 N/mm2

ft,90 = 2.0 N/mm2

Fracture Energy

GcI = 0.225 Nmm/mm2

GcII = 0.650 Nm/mm2

2

ET = 350 N/mm2
fs = 4.0 N/mm2

90

b

75
Load F [kN]

l
ar

m
ac
he
h

n

60
45
30
numerical solution
experimental tests

15

F

F/2 F/2

0
0

Figure 1: Defined variables of a 3 by 2 dowel-type
connection loaded perpendicular to grain

4

6
8
10
Deflection δ [mm]

12

14

Figure 2: Comparison of experimental test series
observed with the numerical solution, mean values
150
Numerical solution F [kN]

90
75
Load F [kN]

2

60
45
30
single curves
average curve

15
0

125
100
75
50
25
0

0

2

4

6
8
10
Deflection δ [mm]

12

14

Average load of experimental test F [kN]

Figure 3: Numerical results for the probabilistic
distributed material parameters and the mean values

Figure 4: Correlation between numerical loads
obtained and experimental test series

reaches a constant level. A further increase of the number of loops of the probabilistic
distributed numerical solution does not change the results.
In further numerical solutions, 21 other different connections identical to the ones tested by
Reshke [11] and Kasim [9] were modelled in the same way and compared, as shown in
Figure 4. The steel-wood-steel dowel type connections vary in the number of rows and
columns of dowels as well as the loaded edge distance and the connection width. The
correlation between the numerical load capacity reached and the experimental tests
observed confirms a good accuracy of the numerical predictions of the failure loads.

2.3

Numerical test series

The numerical model presented allows the extension of experimental test series easily or to
investigate important geometry parameters of connections. Based on experimental tests,
[9], [11] the loaded edge distances he, the connection width ar, the number of rows n and
columns m as well as the position of the dowel along the span were investigated. The
parameters of the numerical test series are summarized in Table 2. For all numerical test
series, the dowel diameter was constant at 19 mm. The mechanical parameters are based
on Canadian glulam, Table 1. For each numerical test series were solved 30 different
numerical solutions with uniform probabilistic distributed material parameters to respect
the natural distribution of the material wood. The same range of the probabilistic
distribution was assumed at about ± 30 % of each average values from Table 1.

3

Table 2: Geometry parameters of the numerical test series
Test
Description
group

Specimen size
b/h/l
[mm]

mxn

A

loaded edge distance

80/190/610

1x1
2x1

B

connection width

80/190/(ar+8h)

2x1

C
D
E

position of dowel
80/190/610
lr = (0, 10, 50, 100, 150, 200) mm
increasing number of rows
80/304/1320
increasing number of columns
80/304/1320

Connection layout
he/h
ar
[mm]
[mm]
0.2, 0.4, 0.5,
0.6, 0.7, 0.8
4d
0.2, 0.4,
3d, 4d, 6d, 8d,
0.6, 0.7, 0.8 10d, 15d, 20d,

1x1

0.4

-

1, 2, 3, 4 x 1, 2, 3
2, 3, 4 x 1, 2, 3

0.44, 0.7
0.44, 0.7

19d
19d

3

Analyses of the load capacities and the failure behaviour

3.1

Load capacities

For each load deflection curve of the 30 numerical solution loops of one test series, the
crack initial load, the splitting load and the ductile load were evaluated. The crack initial
load corresponds to the crack initiation at the dowels. The splitting load capacity is
associated with the maximum load before the first main unstable failure occurs together
with a load drop. The ductile load is calculated with the commonly used 5 % offset
method, [2]. The ultimate load capacity of the connection is determined depending on
which failure occurs at first, the splitting or the ductile failure. The splitting load capacity
of a dowel-type connection in wood loaded perpendicular to grain depends mainly on the
loaded edge distance he, the connection width ar and the number of rows n or columns m of
dowels parallel or perpendicular to grain. The numerical investigation shows, that the load
capacity is independent of the position of the connection along the span of the beam, [7].
The diagrams in section 5 show the effect of different parameters using relative load
capacities, i.e. for each test group the relative load capacity is determined with the average
value of the splitting load capacity for the smallest dependent parameter of this series.

3.2

Investigation of the shear and tension stress perpendicular to grain

For the numerical test series where the position of the connection changes within the span
of the member, the stress perpendicular to grain and the shear stress were investigated.
Moving the connection in the direction of the support results in a change of the internal
structural forces, i.e. a change of the ratio between the shear force and moment. This
change of the structural forces has no effect on the splitting load capacity of the
connection. The same could be observed for the stress distributions beside the dowel as
shown in Figure 5 to Figure 8. For each movement of the connection, the transverse
tension stress and the shear stress were plotted onto paths over the complete beam depth at
a constant load of F = 15 kN. The paths are located on each side of the dowel with a
distance of 10 mm and 50 mm to the dowel edge. It shows almost the same stress
distribution for each connection before reaching the maximum load capacity.
Each of the following figures includes the investigated positions of the connection between
mid position lr = 0 mm and a total moved distance of lr = 200 mm. The stress
perpendicular to grain and the shear stress distribution are in a very close range. The stress
distribution for a distance of 10 mm beside the dowel show the influence of the dowel to
the transverse stress and shear stress distributions over the beam depth. The effect of
4
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Figure 5: Transverse stress distribution over the
beam depth at a distance of 10 mm
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Figure 6: Shear stress distribution over the beam
depth at a distance of 10 mm
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Figure 7: Transverse stress distribution over the
beam depth at a distance of 50 mm

Shear stress τyy [N/mm2]

Figure 8: Shear stress distribution over the beam
depth at a distance of 50 mm

disturbance is symmetric to each sides of the dowel. At a distance of 50 mm, the curves
show nearly the typical distribution over the beam depth. The influence of the disturbance
of the dowel is nearly abated. The curves for the stress perpendicular to grain in a distance
of 50 mm on the right side of the dowel show more differences for the greater distance lr.
This includes the influence of the prevailing bearing compression stress above the support
area.

3.3

Failure behaviour of multiple dowel connections

Multiple dowel connections are one of the standard connections with mechanical fasteners
in timber constructions. What happens in the connection when the number of rows or the
number of dowels increases per row? These effects were investigated for two different
loaded edge distances in the test group D and E (Table 2). At first, the distribution of the
load per row was determined at failure of the connection with a first load drop. At this
situation, the splitting load capacity of the connection was determined as well. Figure 9
shows the distribution over the displacement of the relative load capacities for the first and
second row of different connection layouts, which all have 2 rows in total and a loaded
edge distance of he/h = 0.44. At failure, each row carries the same load proportion of the
total load capacity. The summary of all investigated connection layouts shows that at
failure, each row always carries the same load proportion of the total load capacity, as
shown in Figure 10.
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Figure 9: Load capacity of the 1st and 2nd row over
the displacement for the test series with a loaded
edge distance of he/h = 0.44
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Figure 12: Proportions of the load capacities per
column for all test series with 2 to 4 columns and
different loaded edge distances

In a further step, the effect of the increase of the number of columns on the failure load of
connections was investigated. Figure 11 shows the transverse stress distribution for a
connection with 2 and 4 columns. The increase of the number of columns per connections
reduces the main tension stress perpendicular to grain besides the outer columns of the
connections as well as the crack propagation. The proportions of the load capacities of the
number of columns are summarized in Figure 12. The results show that the connection
load distribution over the number of columns is not equal. The inner columns carry a lower
proportion of the total load capacity.

4

Comparison with design standards

For the comparison of the numerical predictions with the design standards, the two main
concepts were used. These are on the one hand, the concept of the European design
standard EN 1995-1-1:2004 which is based on fracture mechanics methods and was
introduced by v. d. Put and Leijten [12], and on the other hand, the concept of the German
design standard DIN 1052:2008 which is based on a strength criterion and was introduced
by Ehlbeck, Görlacher and Werner [5]. Figure 13 and Figure 14 show the comparison of
the numerical splitting load capacities obtained with the capacities determined using the
6
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Figure 14: Comparison with the German design
standard DIN1052:2008

design equations. The 5-percentile values of the numerical splitting load capacities were
calculated and used to compare with the characteristic design values obtained using the
equation in the European standard. For the German standard, the characteristic strength
ft,90,c = 0.51 MPa was used as valid for Canadian spruce glulam, [3]. The connection was
assumed as a double shear connection with thick outer steel plates.
As shown in Figure 13 the distribution of the European design standard shows clearly
visible constant levels of the design load against the increase of the numerical results.
These are caused by the inability of the equation to consider the effect of the connection
width, the number of rows parallel to grain and the number of columns perpendicular to
grain. In some cases, the designed load capacity increase more than the numerical load and
lies on the unsafe side (above the diagonal). As shown in Figure 14 the more
comprehensive German design standard reflects the numerical splitting load capacities
with a good accuracy and a better correlation. This design equation considers the
connection width and the number of rows in addition to the loaded edge distance.

5

Discussion

Detailed investigations of the different effects on the load capacities and the design
equations lead to the following relation between the failure behaviour and the design
standards, as shown in Figure 15 to Figure 18. For the comparison, the relative load
capacity, which is defined as the ratio between the current value and the reference value
(the smallest parameter of the test group investigated), is used.
The trend of the effect of the loaded edge distance is respected in both design concepts,
whereas the German method predicts the results in average very well, as shown in Figure
15.
As mentioned before, only the German design standard considers the number of rows and
the connection width using separate multiplication factors. The factor ks in equation (1)
considers the connection width ar, but also kg in equation (2) respects the connection
width, which is in this case specifically valid for a 2 dowel connection. The variable lg is in
general the distance between the centres of the connection groups, but for a connection
with 2 dowels, lg = ar. Depending on the current connection width, the factor ks or kg is to
be used for the design load, which is represented by the two curves in Figure 16 for
connections with 2 dowels. The two curves cover mostly the main behaviour of the
numerical test results observed for the test group B with 2 dowels. For the cases presented,
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the constant load level seems to occur already at a distance of ar = 15d ≈ 1.5h and reaches
a level of 1.8.
⎧1
⎪
k s = max ⎨
1.4 ⋅ ar
⎪0.7 + h
⎩

⎧1
⎪
⎞
⎪ ⎛ lg
k g = ⎨2 ⎜
+ 0.5 ⎟
4
h
⎠
⎪ ⎝
⎪2
⎩

(1)

lg < 0.5h
0.5h ≤ lg ≤ 2h

for

(2)

l g > 2h

The factor kr in equation (3) increase the load capacity with increasing number of rows. It
depends on the loaded edge distance as well as on the distance between the rows. For the
investigation in the test group D, a second and third row with a constant spacing were
added below the first row, thus the loaded edge distance is kept constant. Furthermore two
loaded edge distances and different number of dowels per row were considered. The
comparison of the row effect shows that the increase of the factor kr is higher than the
increase of the numerical test results, as shown in Figure 17. In a first step, two adjusted
curves are added to the diagrams. The two curves, valid for the two cases presented, reflect
the numerical results and depend linearly on the number of rows.
kr =

n
n

∑ ( h1 hi )

(3)
2

i =1
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Figure 18 shows the effect of the number of columns in a connection on the load capacity.
In test group E (Table 2), the connection width was always constant, but the number of
columns was increased. A lesser influence on the load capacity could be observed. It seems
that the effect also depends on the loaded edge distance, but before introducing an
additional factor to the design equation, further investigation is needed.
In a first step, the proposed factors for the row effect are used for the prediction of the load
capacities for all test groups. The comparison shows that predictions of the overestimated
configurations could be decreased and the final correlation improved, as shown in Figure
19. To further increase the adequacy of the predictions of the trend, a calibration factor
(k = 1.5) is proposed. The effect of this factor is simply to displace the trend and not the
variability of the predictions, as shown in Figure 20.

6

Conclusion

The results show that the German design standard DIN 1052:2008 respect the most
important parameters and shows a good agreement with the load capacities reached in the
numerical test series and experimental test results. The use of the European design
standard EN 1995-1-1:2004 for the prediction of the load capacity of dowel type
connections loaded perpendicular to grain should be used very carefully because the effect
of important parameters are not taken into account and in some case the load capacities
were over predicted.
The German design standard can be improved through calibration of the factors ks, kg and
kr which respect the connection width or the number of rows or by introducing a factor
taking into account the number of columns. In further research, an extended numerical
parameter study with additional geometry parameters as well as experimental test series
can complete the results obtained. Further studies are being undertaken to develop
analytical solutions considering these parameters.
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B Yeh: What about moisture effects? A Palermo: Some experimental work is being done
where moisture is being monitored but this is taken care in kdef.
A Jorissen: You are introducing aging effect. Why? A Palermo: The procedure is borrowed
from concrete technology. Integration of pre-stress and losses is taken into account with time
and this allows one not to do experimental tests.
T Gibney: What strands are being used? A Palermo: 7-wire strands
S Aicher: any monitoring of pool post-tensioned beams? A Palermo: No. Not allowed.
S Winter: What about corrosion prevention in pool building? A Palermo: Grease and plastic
membrane were used.
T Poutanen: Is there economical benefit analysis to this technology? A Palermo: Done for a
bridge deck. Same costs. Some reduction in timber section size.
R Crocetti: Should look at what has been done in timber bridge decks to minimize pre-stress
losses. A Palermo: Agree. Several stressing cycles may be required and this may be difficult
for frames. To be considered.
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Introduction

Development of engineered timber products such as Laminated Veneer Lumber (LVL)
have caused a renewal in the development of heavy timber construction. A research
programme on the application of unbonded post-tensioned construction techniques similar
to concrete have been successfully proven with LVL at the University of Canterbury. This
technology has been applied firstly to earthquake resistant frames and then, given the
advantages that this solution offers, extended to long span beams for gravity loading.
Extensive numerical and experimental research is continuing at the University of
Canterbury supported by the Structural Timber Innovation Company (STIC).
Rocking connections in post-tensioned frames and walls allow discrete dissipative devices
to be placed in specific locations in the structure, providing energy absorption during
seismic loading, with no damage to structural members. This system has been developed
throughout the last two decades for precast concrete structures, known as “PRESSS”
(Precast Seismic Structural Systems) (Priestley 1991 [1], 1996 [2], Priestley et al., 1999
[3], Pampanin, 2005 [4]), and it has been successfully transferred to timber frames
(Palermo et al., 2005 [5], 2006 [6]) and walls (Smith et al., 2007 [7]), known as “PresLam”. Because the moment capacity of post-tensioned timber connections depends on the
level of post-tensioning force applied by tendon, losses must be accurately assessed to
ensure the structure maintains seismic integrity throughout its life. Generally the largest
components of the loss are the effects of creep in the wood and relaxation of the steel
tendon. The problem is also complicated by the particular column-to-beam connection
where post-tensioning tendons pass through the column, loading it perpendicular to the
grain, where the stiffness of the wood is much lower than parallel to the grain, so this effect
can lead to considerable losses. This issue has been investigated by Davies (2007, [8])
through experimental tests.
While the Pres-Lam system developed for multi-storey timber buildings (Fig. 1a,b) uses
straight tendons in the centroid of the section, the use of post-tensioning with draped or
eccentric profiles becomes a suitable solution for long span timber beams, either in posttensioned frames or as stand-alone beams. Enhanced performance of this solution have
been confirmed through experimental investigations [10][11] on two static schemes
evaluating different tendon profiles (Fig. 1c)). The major benefit was a displacement only
1

60% of that for the non-post-tensioned beam. In addition to this, a significant nonlinear
stiffening effect due to tendon elongation has been identified. In order to properly quantify
the benefits of this technology, long-term issues have to be evaluated. Recent preliminary
studies [8][12] have confirmed that post-tensioning losses can be estimated around 25% in
the worst environmental scenario. In order to validate the analytical approach, long term
tests are ongoing at the University of Canterbury [12].

a)

b)

c)

Fig. 1: Unbonded post-tensioned timber frames and beams: a) Pres-Lam timber building tested for
earthquake loads [9]; b) Rocking connection; c) Post-tensioned timber beam tested for vertical
serviceability loads [11]

The scope of this paper is to propose design procedures and simplified expressions in order
to accurately quantify post-tensioning losses in long span beams and timber frames (PresLam system). Both instantaneous elastic and long-term losses are investigated. By applying
typical creep formulations [13] to post-tensioned timber members with an eccentric force,
some simplified expressions have been developed for beams in a form suitable for
standardisation. The analytical formulation is carried out for a simply supported beam in
the elastic and long-term ranges. The formulation uses a single dimensionless coefficient
Θp in order to encompass all the involved geometric and mechanical parameters (material
properties, beam geometry, steel area and the type of cable profile).
For frame systems, a simplified expression for straight concentric post-tensioning,
validated through monitoring of a Pres-Lam timber building [9], is proposed as a viable
tool for predicting post-tensioning losses taking into account column joint reinforcement.
Simplified design charts are presented in order to facilitate the use of the proposed formula
in a design procedure.
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Long span beams

Simplified analytical expressions for the calculation of elastic and time-dependent (due to
creep) losses are herein presented; the latter have been derived using the Age Adjusted
Effective Modulus (AAEM) approach, currently used for concrete and suggested by several
international codes [14][15][16][17]. In fact, similarly to concrete, the exact solution would
be provided by a Volterra’s integral equation, too complex for common design practice.
Since long term effects due to creep cause shortening of the section and hence losses, the
basic approach for the calculation of such losses is the same as for instantaneous elastic
losses but including time as a variable. For this reason the proposed expressions are herein
shown firstly in the elastic range and then extended over time.
Because the post-tensioning is unbonded, beam analysis is complicated by the possibility of
tendon elongation resulting from flexural deformations of the beam, or from gap opening at
the beam-column joint of a frame due to lateral loading. Both of these will increase the
tendon force. Two alternative ways are presented to take this effect into account, one
2

involving an iterative procedure and the other one using bond reduction coefficients. Both
of them have been already developed for concrete and herein transferred and adapted to
timber.

2.1

Elastic losses

The application of a compressive axial force induces a shortening of the beam, depending
on the elastic modulus of the material considered. As the first tendon is being stressed, the
beam shortens causing elastic loss. Then, the post-tensioning of the second tendon causes
further loss on the already post-tensioned first tendon and so on, so that the maximum loss
is in the first tendon and the minimum loss is in the last one tensioned.
Since there is no bond between steel and timber, the sectional compatibility of the
displacements at the end of the beam relative to the cable gives the amount of the loss
caused by the elastic shortening. Two factors contribute to the displacement of the timber
section; the axial contribution (pure shortening) and the bending contribution (rotation and
thus shortening or elongation depending on the cable position at the end of the beam).
Eq. 1 gives the elastic loss due to post-tensioning of one tendon in a simply supported
beam for different profiles (Table 1):
∆ PP0 = PP0 ( 1 − Θ P )

Eq. 1

With Θp defined as a mechanical ratio involving all geometrical and mechanical features of
the beam (Eq. 2):
 v

v
1
1
1
Θ P = LP  LP + + 2
⋅ ⋅ k1 ⋅ k2 2 

n ⋅ ω P  n ⋅ ωP r f η ⋅ r f 8



−1

Eq. 2

Where n is the ratio between the elastic modulus of the post-tensioning steel and the
timber, k1 is a coefficient that takes into account the influence of the tendon profile on the
slope of the section at the end, k2 is a ratio between the eccentricity at the end of the beam
and half height section, vLp is the ratio between the length of the tendon and the length of
the beam, ωP is the mechanical steel ratio, η is the ratio between the radius of inertia of the
section and half the height of the section and rf is the ratio between the strength of steel and
timber.
A similar expression of Θp has been defined for a statically indeterminate beam with three
supports [12] but for sake of brevity is not presented here.
Coefficients k1 are defined in Table 1, where e1 and em are respectively the eccentricities at
the end of the beam and at mid-span (positive if downwards), L is the total length of the
beam, L2 is the length of the central segment of the tendon in the draped configuration.
Table 1: Definition of the coefficient k1 that takes into account the tendon profile
Tendon profile

k1
1

1  em L2 L2 em
−
+
⋅
+ 1 

2  e1
L
L e1
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The coefficients reported in Table 1 are valid if the end eccentricity e1 is greater than zero,
otherwise in both static schemes the coefficient simplifies as follows (Eq. 3):
ΘP =

vLP
n ⋅ ωP

 vLP
1
+ 

 n ⋅ ωP r f 



−1

Eq. 3

The factor Θp depend on several parameters; its range of variation has been assessed in
[12] in order to quantify elastic and long term losses. It varies between 0.85 and 0.99,
where minimum and maximum values depend on the steel area and the ratio between
elastic moduli; if the steel area increases and the timber elastic modulus decreases the
factors decrease and the losses increase. With such a range of values, elastic losses in one
cable/tendon range from 1% to 15%.
Eq. 4 shows the formula from Eurocode 2 [16] used to calculate elastic post-tensioning
losses for concrete as an average loss in each cable; this expression can be also applied to
post-tensioned timber members.
∆ N P0 = AP ⋅ EP ⋅

 n − 1 ∆σ t 
⋅

Et 

∑  2n

Eq. 4

Where ∆σt is the stress variation in the post-tensioning steel, Et and EP are the elastic
moduli of timber and post-tensioning steel respectively, AP is the post-tensioning steel area
and n is the number of equal tendons post-tensioned in succession. Therefore, starting from
a value calculated for one tendon as previously explained, the average elastic loss in each
tendon can be calculated.

2.2

Steel relaxation due to creep

In a prestressed concrete member, subjected to constant stresses over time, strain increases
because of creep and shortening of the member causing stress reduction in the posttensioned steel. This phenomenon similarly happens to timber even if it is more
complicated by moisture and temperature variation within the lifetime of the structure [18].
The same compatibility equation used for calculating elastic losses can be extended over
time; an algebraic method named AAEM, i.e Age Adjusted Effective Modulus, is herein
proposed in order to drastically simplify the solution of the problem. Eq. 5 shows the
simplified expression.


∆ P ( t ) = PP0 1 −



Θ P 1 − ( 1 − Θ P ) ⋅ ϕ ( t,t0 ) ( 1 − χ ( t,t0 ) )  
1 + χ ( t,t0 ) ⋅ ϕ ( t ,t0 ) ⋅ ( 1 − Θ P )





Eq. 5

Where ϕ(t,t0) is the timber creep coefficient and χ(t,t0) is the adjusted factor which has
been introduced for concrete to take into account the aging effect (assessed at time t for a
tension applied at time t0). There are many models available in literature
[19][20][21][22]which can be adopted for the definition of creep coefficients, however for
design purposes ϕ(t,t0) can be substituted by values at infinite time suggested by codes (for
example kdef referring to Eurocode 5 [23]) and χ(t,t0), which for concrete is usually
assumed to be 0.8, needs to be calibrated for timber.
Considering Θp ranging as previously defined, with the χ(t,t0) factor equal to 0.8 and a
creep coefficient at infinite time in class 2 (average conditions) as defined in Eurocode 5
[23], long term post-tensioning losses vary from 1% to 10%.
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2.3

Geometric non-linearity due to tendon elongation

Geometric non-linearity can complicate the analysis of post-tensioned timber beams. If the
deformed configuration of a beam subjected to vertical loads is not negligible, this can
cause an additional elongation effect which can affect the internal tendon forces. This
elongation depends on beam deflection, and, since there is no bond between steel and
timber, the stress variation in each tendon is member-dependent rather than sectiondependent.
Moreover, since the elastic modulus of timber is smaller than that of concrete, this
contribution is amplified. This affects the final deformed configuration of the beam and
hence the final tensile force in the tendons. In addition, the shear contribution in timber is
not negligible and this amplifies the above mentioned non-linear effects, starting from the
serviceability limit state level. Typically these tendon elongation rates are an additional
positive contribution in terms of deformation but a check has to be done in order to avoid
possible premature yielding of tendons.
This paper focuses on the serviceability limit state only. Two different approaches can be
envisaged, one based on an iterative procedure and one on a coefficient method; the latter
is suitable for standardization. Both methods have already been developed for unbonded
post-tensioned concrete members [24][25].
Iterative procedure
As Balanguru, 1981 [24], has done in order to determinate the increase of stress in
prestressed concrete for various cases, an iterative procedure is herein shown for unbonded
post-tensioned timber beams. Since the tendon elongation increases the stresses in the
tendons, a new transversal displacement profile v(x) and rotations ϕ(x) of the beam ends
can be calculated considering the increment of tendon elongation ∆Li. This procedure
requires several iterative steps and is repeated several times until convergence within the
tendon force is reached. Fig. 2 briefly summarizes this concept.

Fig. 2: Non-linear unbonded post-tensioned tendons concept

At step (0) the initial post-tensioning load N0 is applied; after the application of the forces
F, step (1), the beam changes its configuration and the tendon length LP0 increases to reach
a value LP1; the additional tendon strain produces an increase of the post-tensioning load to
N1. Since the beam initial configuration depends on the pre-camber due to the posttensioning, if the post-tensioning load changes the deformed configuration changes too.
Dividing the tendon profile into finite segments, the length of the single elements lP0,i can
be calculated with Pitagora’s theorem. Calculating the length variation ∆Ln at each step, it
is possible to find the increase of strain ∆εn and thus the new force in the tendons Nn*.
However, since this force increase is subjected to instantaneous losses, the force calculated
has to be reduced by that amount (∆N∆Nn*(inst)), obtaining the real force at that step (Nn). At
this stage it is possible to determine a new slope ϕ(x) and a new displacement profile v(x)
of the beam, and repeat the step-by-step procedure until convergence is reached (Nn ≅ Nn-1),
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typically after a few iterations. Fig. 3 illustrates the iterative procedure at step n.
⇒ ε n = ε n −1 +

∆ Ln = LPn − LPn −1
∆ N*n = N*n − N n −1

⇒

⇐

∆ Ln
Ln −1

N*n = ε n ⋅ AP ⋅ EP

⇓
⇐

( inst )

N n = N*n − ∆ N *
∆N
n

Fig. 3: Iterative procedure at step n

Eq. 6 shows the recurrent formula:

∆ Ln 
( inst )
N n = AP ⋅ EP ⋅  ε n −1 +
 − ∆ N ∆ N*
n
L
n −1 


Eq. 6

Strain reduction coefficient approach
Naaman, 1990 [25], proposed a simplified method which simplifies the analysis of
prestressed unbonded post-tensioned concrete beams to that of beams prestressed with
bonded tendons through the use of a strain reduction coefficient Ω. He defined the
coefficient Ω as the ratio between the average strain increase in the external tendons over
the length of the member, calculated at the section of maximum moment ((∆εps)m unbonded)
and the strain change in the same section with the hypothesis of bond ((∆εps)m bonded). This
factor depends only on the bending function and on the tendon profile. Naaman calculated
values of Ω for several loading cases and profiles in order to properly calculate the increase
of stress in the tendon.
The same approach has been applied to timber; factors Ω are reported for common static
schemes suitable for unbonded post-tensioned timber beams. Eq. 7 shows the expression
used for the calculation, where Mmax is the bending moment in the critical section, e is the
corresponding eccentricity, L is the length of the beam, M(x), and e(x) are respectively the
bending moment, and the eccentricity function along the beam.
L

Ω=

1
M ( x ) ⋅ e ( x ) dx
M max ⋅ ( e )max ⋅ L

∫

Eq. 7

0

The factor Ω apparently depends only on the bending function and on the tendon profile.
This approach is able to significantly simplify the problem because no step-by-step
procedure is needed.
Table 2 reports values obtained for most common statical schemes.
Table 2: Expressions for the Bond Reduction Coefficients Ω

Ω

Scheme

2
3

3
 8  L 2  1 e1
 1  L 3  L

L2 ⋅ L2
 L   1 e1
2  1  
− 1  +  1   −
+ 1  +  2   3
− 1  + 4 1 3 2
L
 L   3 em
 3  L   2 em
 3  L   L2


1
4

6

 L
1
1 
⋅ 
−
−

L
⋅
L
L
2L
2
1
 1 2

For a statically determinate beam, the increase of stress ∆fps in the cable is (Eq. 8):
∆ f ps =

Ω ⋅ ∆M ⋅ e

(

Et E ps ⋅ r ⋅ At + Ω ⋅ Ap r 2 + e2
2

)

Eq. 8

Where ∆M is the bending moment increase in the critical section, e is the corresponding
eccentricity, Et and Eps are the elastic moduli of timber and post-tensioning steel, Ap is the
post-tensioning area, r is the radius of inertia along the vertical axis.
Therefore, considering the tendon elongation due to dead load and self weight only, the
long term loss ∆P(t) is reduced down to ∆P*(t) as defined in Eq. 9:
∆ P* ( t ) = ∆ P ( t ) − ∆ f ps ⋅ AP

3

Eq. 9

Frames

The same approach used for the calculation of long term losses in beams can be extended
to Pres-Lam frames; however, the analytical problem is slightly different: the tendons are
straight and typically coaxial, while timber is loaded perpendicular to grain in the column
and parallel to grain in the beam; thus, there is an additional complexity due to the
perpendicular to grain contribution in the compatibility equation [8].
Moreover, since timber loaded perpendicular to the grain has low stiffness, steel
components (hollow sections, screws or rods) or wood reinforcing have to be introduced in
order to help to bear the load. Armoured columns are the recommended solution and have
been successfully proved in early testing although they are expensive to manufacture. After
a brief explanation of the analytical approach, simplified design charts are proposed to
calculate long-term post-tensioning losses considering the steel reinforcement.

3.2

Analytical approach

An algebraic expression based on the AAEM method for the calculation of long term
losses due to the combined effect of creep and steel intrinsic relaxation has been proposed
by Davies and Fragiacomo (2008 [26]) for post-tensioned frames without reinforcing in the
columns. The Davies and Fragiacomo formula has been re-written in the same form
proposed for beams (Eq. 5), also including the effect of the reinforcement and neglecting
steel intrinsic relaxation, which can be easily quantified ranging from 2% to 5%. The effect
of the reinforcement has been modelled as a spring in parallel with the column
displacement [27]. The factor Θp previously defined for beams in Eq. 2 becomes for
reinforced frames Θp,F (Eq. 10):
Θ P ,F

 v
v
1 
= LP  LP + * 
n ⋅ ωP  n ⋅ ω P r f 



−1
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Where the term 1/rf* involves the perpendicular to grain and the reinforcement effects. Eq.
11 shows its expression:
1
r*f

=

1
rf

(1 + α )

β ⊥  E⊥ E s
L 
with α =
+
ρs ⊥ 

(1 − β ⊥ )  E E Ls 

−1

and

β⊥ =

( n sp +1) ⋅ Lc
( n sp +1) ⋅ Lc + nsp ⋅ Lb

Eq. 11

Where the area loaded perpendicular to grain is considered equal to the area loaded parallel
to grain (A//=A┴=A), E// and E┴ are respectively the elastic moduli parallel and
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perpendicular to the grain, L┴ is the length loaded perpendicular to the grain, Ls is the
length of the reinforcement, ρs is the steel geometric ratio of the reinforcement and β┴ is
defined in function of the number of spans nsp, the beam span Lb and the column width Lc.
While elastic losses can be obtained substituting Θp with Θp,F in Eq. 1, the calculation of
long term losses is more complicated because of the different behaviour of timber in
different directions. For frames, Eq. 5 becomes (Eq. 12):

(

(

)

)

 Θ α − ( 1 − Θ ⋅ α ) ⋅ ϕ ( t,t ) 1 − χ ( t,t ) + α EM − α AD  
P,F  Θ
P,F
Θ

0

0
⊥
⊥

∆ P ( t ) = PP0 1 −

AD
1 + χ  ( t,t0 ) ⋅ ϕ  ( t,t0 ) + α ⊥ ⋅ ( 1 − Θ P,F ⋅ αΘ )



(

)

Eq. 12

Where coefficients αθ, α┴EM, α┴AD are defined as follows (Eq. 13, 14 and 15):
 v
1   v
1 
αΘ =  LP + *  ⋅  LP + 
 n ⋅ ωP r f   n ⋅ ωP r f 

 


α ⊥EM

α ⊥AD

−1

Eq. 13

E
E
β⊥
L 
=
⋅ ( 1 + ϕ⊥ ( t,t0 ) )  ⊥ + s ρ s ( 1 + ϕ ⊥ ( t,t0 ) ) ⊥ 
Ls 
(1 − β⊥ )
 E E

−1

Eq. 14

E
E
β⊥
L 
=
⋅ ( 1 + χ ⊥ ( t,t0 ) ⋅ ϕ ⊥ ( t,t0 ) )  ⊥ + s ρ s ( 1 + χ ⊥ ( t,t0 ) ⋅ ϕ ⊥ ( t,t0 ) ) ⊥ 
Ls 
(1 − β⊥ )
 E E

−1

Eq. 15

Eq. 12, including intrinsic relaxation as in [26], has been verified using the Pres-Lam
building [9]. Measurements of deflections, loads and environment were measured over
approximately 11 weeks on the two storey, three dimensional post tensioned structure. The
tendon force was shown to decrease over time and the loss was less across the steelarmoured connections (compared with the screw-reinforced connections). The expression
appeared to give a reasonable correlation to the recorded behaviour.

3.1

Design procedure

The expression developed earlier for long term losses has been implemented in a series of
design charts to simplify its application. The presence of timber loaded perpendicular to the
grain (β┴) drastically affects the post-tensioning losses; techniques like screw
reinforcement and steel armouring can reduce these losses. For sake of brevity design
tables are reported for the unreinforced columns (Table 3). Values have been calculated at
infinite time (Service class 1 of Eurocode 5 [22]) for E//=14400 MPa, E┴=280 MPa,
Ep=200000 MPa, kdef//=0.6, kdef┴=4 [8]. E┴ and kdef┴ values have been conservatively used
for the weaker direction; considering the other direction losses would be lower.
Table 3: Loss Percentage for Unreinforced Column

ρP
β┴

0%
1%
2.5%
5%
100%

0.003
6.5%
21.2%
31%
43.3%
55.6%

0.006
8.3%
31.3%
43.2%
55.3%
65.1%

Unreinforced (ρs=0)
0.009
9.9%
38%
50.1%
61.1%
69.1%
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0.012
11.4%
42.8%
54.6%
64.5%
71.3%

0.015
12.7%
46.4%
57.7%
66.7%
72.7%

0.018
13.9%
49.3%
60%
68.3%
73.7%

The correct estimation of post-tensioning losses will also allow prediction of the ultimate
moment capacity of Pres-Lam connections (Fig. 4).
In fact, the amount of total losses defines the initial post-tensioning force needed; however
since at the beginning of the structure’s life the tendon force will be higher than the
expected design value (long term losses not yet occurred), a proper check of the hierarchy
of strength has to be maintained to ensure the expected and desired collapse modes. In
order to avoid the seismic displacement demands being accommodated in less favourable
locations (e.g. hinging in the columns and the formation of a soft storey mechanism), it is
important, as part of the design procedure to check this early stage overstrength.
Note that the Pres-Lam connections rely on the elastic re-centering provided by the tendons
to guarantee negligible residual displacements after an earthquake event. To achieve this, it
is necessary in the design process to check that the tendon remains elastic during all lateral
loading. This is done in the codes by placing restrictions on the extent of both initial and
total tendon stress. Eurocode 2 requires the initial stress at jacking to remain under 75% of
the characteristic strength of the tendon. The maximum allowable tendon stress during
seismic gap opening is required to remain below 90% of the yield strength.
Column detail

β┴
Architectural and/or gravity requirements

Armoured / Reinforced / Unreinforced

Short term losses, ∆Nst

Long term loss - Design charts
∆Nlt = f (β┴ , ρp , column detail )

Total losses, ∆Nt =∆Nst +∆Nlt

Early stage - overstrength

End life – total losses

σp,initial < 0.9fy (1-∆Nst/N)
Maximum allowable initial tendon stress

σp,design = σp,initial (1-∆Nlt/N)
Maximum allowable initial tendon stress

ULTIMATE LIMIT STATE DESIGN
(refer to Multistorey Timber Buildings Seismic Design Guide, Newcombe 2009)

Njacking & ρp

Fig. 4: Ultimate Limit State Design Flow Chart

Conclusions
For design of post-tensioned timber beams, proper assessment of the post-tensioning losses
is crucial for establishing the initial post-tensioning force and to maintain the long-term
structural performance.
In this paper post-tensioning losses have been expressed for beams and frames in a
common analytical formulation, expressed as function of a global mechanical parameter.
Solutions based on this method have been proposed, to simplify the calculation of such
complicated phenomena by practitioners.
In addition, for frames, the effect of the column reinforcement is taken into account and
design charts have been created in order to further simplify the calculations.
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Introduction

A high performance solid timber frame system has been developed at the University of
Canterbury, in collaboration with the Structural Timber Innovation Company (STIC Ltd).
The structural system uses post-tensioning tendons or bars to connect large timber sections
(see Figure 1). The sections are constructed from engineered wood product, such as
Glulam, Laminated Veneer Lumber (LVL) or Cross Laminated Timber (CLT), forming
beams, columns, walls or floors. Post-tensioned timber is suitable for a wide range of
building types, including commercial structures, and has the potential to compete with
existing forms of construction in terms of cost, versatility and structural performance
[Newcombe et al., 2010a].
The connection technique [Palermo et al., 2005] was adapted from post-tensioned pre-cast
concrete systems [Priestley et al., 1999; Pampanin, 2005]. For seismic design, the
combination of timber and post-tensioning is particularly efficient since it avoids potential
brittle failure modes that can occur in traditional timber connections [Buchanan and
Fairweather, 1993] and prevents excessive frame elongation, avoiding damage to the floor
system [Newcombe et al., 2010b]. Hence, the system fits well into recent PerformanceBased Seismic Engineering (PBSE) design approaches [Christopoulos and Pampanin,
2004] because structural damage is minimized and, due to restoring action provided by the
post-tensioning, residual deformations are insignificant.
Previous research has shown that simply designed post-tensioned timber frames respond
essentially elastically to even severe earthquake loading [Newcombe et al., 2010b]. In such
cases, for code-based seismic design, the ultimate limit state lateral forces cannot be
significantly reduced due to structural ductility or hysteretic damping, in contrast to well
designed concrete and steel structures. Even so, the serviceability limit state lateral load
design usually governs the size of the members and the amount of post-tensioning,
especially if stringent displacement limitations, according to current code provisions, are
imposed to protect non-structural partitions inside a building. For an elastic design, for
service or ultimate conditions, either force-based [NZS1170.5:2004] or displacementbased [Priestley et al., 2007] design can be used to determine the lateral seismic forces for
post-tensioned timber frames. However, for force-based design it is essential that the
allowable displacements are used to determine the natural period of the frame [Deam,
2005].
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The lateral resistance of post-tensioned timber frames is highly dependent on the behaviour
of the beam-column connections [Newcombe et al., 2008b]. Analytical models have been
proposed to predict the moment-rotation response of precast concrete beam-column
connections with unbonded post-tensioning tendons [Pampanin et al., 2001]. These models
have been adapted to timber [Pampanin et al., 2006; Newcombe et al., 2008a] but require
further validation as more experimental data is obtained [Iqbal et al., 2010; Newcombe et
al., 2010b]. Recent research has demonstrated that the shear deformation of the timber
columns in the joint panel region, between the beams, significantly contributes to the
overall frame flexibility [Newcombe et al., 2008b]. Such considerations are not required
for equivalent precast concrete connections. To enable accurate design of post-tensioned
timber frames, to meet specified displacement limitations, all deformation components
must be quantified and accounted for.
In some situations additional non-prestressed reinforcement may be added to the beamcolumn connections (see Figure 1) creating what is termed a ‘Hybrid’ connection [Stanton
et al., 1997; NZS3101, 2006]. With careful detailing, this reinforcement can improve the
strength of the connections and the energy dissipation capability of the frame at large
displacements.

Figure 1. Post-tensioned timber frame concept

While lateral load design methodologies for post-tensioned concrete and steel frames exist
[Christopoulos et al., 2002; fib, 2004; NZS3101, 2006], these procedures are not directly
applicable to timber frames. This paper describes a simplified design procedure for posttensioned timber frames (see Figure 2) which builds on previous publications by Pampanin
et al [2006] and Newcombe et al [2008a]. The focus is given to characterisation of frame
deformation. For simplicity, hybrid connections are not considered here.
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Lateral force design

A simplified lateral force design is performed to determine the actions on the frame due to
wind or earthquake. The seismic design can be either an equivalent static force-based
design [NZS1170.5:2004] or a displacement-based design [Priestley et al., 2007]. For both
procedures, the elastic period should be determined considering a secant-stiffness to an
allowable design displacement for a given earthquake intensity. Based on recent shaketable experimentation [Pino et al., 2010], the elastic damping of the frame system may be
taken as 5% of critical damping. Once the design base shear is determined, the frame
actions can be calculated according to an equilibrium-based approach [Priestley et al.,
2007].

2

a)

b)

Figure 2. a) Simplified design procedure for post-tensioned timber frames b) Idealization of frame
deflection to an internal beam-column subassemblage
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Member deformation

The deformation of a frame system is often quantified by considering an internal beamcolumn sub-assemblage that is representative for the rest of the frame system [Buchanan
and Fairweather, 1993; Priestley et al., 2007]. If the lateral force design follows the
proposed displacement-based design methodologies [Newcombe et al., 2008b], the goal is
to achieve uniform risk structures. Hence, the enveloped seismic demand, in terms of interstorey drift, is expected to be uniform up the height of the structure. When the frame
response is dominated by the 1st mode, for low-rise structures or wind loading, the interstorey drift of the bottom floor is critical. Therefore, a first floor internal beam-column
joint is considered appropriate for maximum deflection calculations (see Figure 2).
The main contributions to the interstorey drift (θD) are rotations due to the flexure and
shear deformation of the beam (θb) and column (θc), the joint panel shear deformation (θj)
and connection rotation at the face of the column (θcon), as expressed in Eq. 1.

θ D = θ b + θ c + θ j + θ con

3.1

(1)

Beam and column deformation

From simple beam theory the deformation of the beams and columns can be determined
accurately:

θb =

φb ⎛⎜ (Lb − hc )2
Lb ⎜⎝

6

+

2
Et hb ⎞
φ ⎛ (H − hb )2 Et hc 2 ⎞⎟
⎟ And θ c = c ⎜
+
G 4 ⎟⎠
H ⎜⎝
G 4 ⎟⎠
6

3

(2) (3)

Where Et and G are the bending and shear elastic modulus respectively, Lb is the length of
the bay, H is interstorey height, hb is the depth of the beam and hc the depth of the column.
The curvature in the beam and column is also a function of the applied moment in the
connection (Mcon) and the frame geometry (see Figure 2):

φb =

M con
M L (H − hb )
And φc = con b
Et I b
Et I c H (Lb − hc )

(4) (5)

Where Ib and Ic are the section moments of area of the beam and column respectively.

3.2

Joint panel deformation

Due to the low shear modulus of timber, the joint panel deformation can significantly
contribute to the flexibility of a timber frame. This deformation is predominately caused by
shear forces induced by the applied stresses at the rocking interface; hence the joint panel
and connection response are implicitly related. In addition, the low shear modulus and low
aspect ratio of the joint allow flexural deformations within the joint to be neglected.
The deformation of the column due to joint distortion, γ, is given below:
⎛

h

h ⎞

θ j = γ ⎜⎜1 − c − b ⎟⎟
⎝ Lb H ⎠

(6)

Where γ = γ h + γ v , γ h and γ v are shown in Figure 3.

Figure 3. Applied actions and stress resultants for an internal beam-column joint

According to standard beam theory, the total shear deformation of the joint is:

γh =

hb
hc
V jh
V jv
1
1
And
=
γ
=
V
dy
V jv dx =
jh
v
∫
∫
GAsh hb 0
GAsh
GAsv hc 0
GAsv

(7) (8)

Where V jh , V jv , Ash and Asv are the horizontal and vertical average shear force, and shear
area within the joint panel respectively.
Assuming there is no mild steel reinforcement and the beam and column are solid
rectangular sections the following analytical expressions apply:
V jh =

2 M con
2 M con Lb (H − hb )
− Vcol And V jv =
− Vb
hc H (Lb − hc )
hb

(9) (10)

For cases where the beam section is not rectangular, numerical integration is required to
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find the average horizontal shear force and the joint distortion γ (as shown in Eq. 7 and 8).
Although the horizontal and vertical joint shear forces may be similar in magnitude, the
vertical shear area continues up the entire height of the column indicating that overall
building deformation due to vertical joint shear deformation will be minimal. This has
been verified with 2-dimensioninal finite element analysis (FEM) and experimental results
for beam-column sub-assemblages. More information can be found in Newcombe [2011].

4

Allowable connection rotation

The moment capacity of a connection gradually increases as the connection rotation
increases. Furthermore, at a certain connection rotation, the moment capacity increases as
the force from the post-tensioning increases. Hence, to minimize the required posttensioning reinforcement the maximum allowable connection rotation should be used for
design of the post-tensioning.

θ con = θ D − (θ b + θ c + θ j )

(11)

According to NZS1170.5, the interstorey drift θD is limited to 2.5% for the ultimate limit
state and ranges from 0.3% to 1% drift for the serviceability limit state. The design
moment demand must be achieved without exceeding the allowable connection rotation
θcon. If a negative (or near zero) allowable connection rotation is obtained, the beam and
column sizes must be increased to reduce the member deformation.
Furthermore, at the column face the allowable imposed connection rotation, θimp is:

θ imp =

5

θ con
⎛
h ⎞
⎜⎜1 − c ⎟⎟
⎝ Lb ⎠

(12)

Evaluation of the connection moment capacity

The connection moment capacity is calculated at the allowable imposed connection
rotation. This can be done using existing procedures, or a modified procedure, presented
below.

5.1

Existing procedures

As introduced, analytical procedures have been proposed in literature to determine the
moment-rotation response of timber rocking connections [Pampanin et al., 2006;
Newcombe et al., 2008a]. Because strain compatibility assumptions do not apply, these
procedures rely on a Monolithic Beam Analogy (MBA) [Pampanin et al., 2001; Palermo,
2004] to determine the strain at the extreme fiber of the rocking sections, εt. Applying the
MBA to rocking timber connections, to following expression is derived:
⎛ 3θ imp
⎞
+ φ dec , para ⎟⎟c
ε t = ⎜⎜
⎝ Lcant
⎠

(13)

Where Lcant is the shear span, φ dec , para is the decompression curvature of the parallel-tograin timber in the beam and c is the neutral axis depth. Newcombe et al [2008] suggested
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the use of a calibrated ‘effective connection elastic modulus’ to determine the stress at the
extreme fiber:
f t = E con ε t

(14)

Where E con = 0.55E para and E para is the parallel-to-grain elastic modulus.

More recently is has noted that, while the MBA may be appropriate for concrete or steel
structures, where the initial stiffness of the rocking connections is effectively infinite, they
can lead to inaccurate predictions of the initial strength of softer (perpendicular-to-grain)
timber connections at small rotations [Newcombe, 2010]. Furthermore, the use of a
calibrated effective connection modulus leads to under estimation of the stresses in the
timber.

5.2

Modified procedure

Modifications to the existing theory have been made by Newcombe [2008] that more
accurately account for the stresses in the timber at the interface between the beam and
column. The following steps, similar to the aforementioned existing procedures can be
followed to determine the moment capacity of the connection within its elastic range:
Step 1: Impose connection rotation
The allowable connection rotation θimp is applied to the connection.

Figure 4. Gap opening mechanism

Step 2: Estimate the neutral axis position
An empirical relationship for the neutral axis depth as a function of the imposed
connection rotation has been calibrated within sufficient accuracy. This relationship was
verified through parametric analysis, using finite element models with varying frame
geometries, initial post-tensioning force and material properties. Again, more information
can be found in Newcombe [2011]. The neutral axis position, within the beam depth, is
given by:

⎛ 0.054
⎞
c = αβ hb ⎜
− 0.12 ⎟
⎜ θ
⎟
⎝ imp
⎠

(15)

Where α is a correction factor for the columns transverse elastic modulus, Eperp, and is
empirically expressed in MPa as:
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α=

390
+ 0.42
E perp

(16)

While β is a correction factor for the initial axial stress in beams, fi, and is empirically
expressed in MPa as:
f
β= i
(17)
4 .5
Step 3: Choose the post-tensioning
The area, position, applied initial prestressing and number of post-tensioning tendons (or
bar) must be chosen. To avoid excessive creep deformation of the frame, it is suggested
that the sum of the initial post-tensioning forces in each tendon, Tpti,i, should be less than
40% of the compressive strength of the timber [Davies and Fragiacomo, 2008]:

fi
≤ 0.4
fc

(18)

Where f c is the compressive strength of the column in the transverse direction and the
initial axial stress in the beams is defined as:
n

fi =

∑T
i =1

pti ,i

Ab

(19)

Where Ab is the area of the beam and n is the number of tendons.
Step 4: Determine the force in the post-tensioning tendons
The post-tensioning force will increase during seismic loading, due to opening of the gap
at the beam-column interface. Considering Figure 4, the elongation of the tendon due to a
gap opening is given below. Only elongation (or positive deformations) should be
considered, as indicated by experimental testing [Newcombe et al., 2010c].
Δ pt ,i = θ imp ( y pt ,i − c ) ≥ 0

(20)

Where Δ pt ,i is the displacement of the ith tendon and y pt ,i is the distance from the extreme
compression fibre to the ith tendon.
If multiple tendons are positioned symmetrically about the longitudinal axis of the beam,
the additional strain in each tendon due to the gap opening on both sides of the column is:
Δε pt ,i =

ncon (Δ pt ,i + Δ pt ,n +1−i )
2lub

(21)

Where ncon is the number of connections and lub is the unbonded length of the tendons in
the frame.
To ensure the tendons remain elastic, the maximum stress should not exceed 90% of yield.

ε pt ,i + Δε pt ,i ≤ 0.9ε y

(22)

Where ε pt ,i = T pti ,i A pt ,i E pt is the strain due to the initial post-tensioning force; A pt ,i is the
cross sectional area of the ith tendon, E pt is the elastic modulus of the tendons and ε y is
the tendon yield strain. The total tendon force, Tpt, can be determined:
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n

n

i =1

i =1

T pt = ∑ T pti ,i + E pt ∑ Δε pt ,i A pt ,i

(23)

Step 5: Calculate peak timber stress
The peak timber stress can be determined as follows:

ft = χ

2T pt
cbb

≤ fy

(24)

Where bb is width of beam at the connection interface and χ is a factor to account for
non-linear stress distributions (see Figure 4). A χ -value of 2, matches well with results
from numerical modelling [Newcombe, 2010].
If the yield stress of the timber is exceeded, to ensure prediction accuracy the inelastic
stress distribution must be integrated to determine the compression centroid. A similar
approach is necessary if the beam width is not uniform. More detail can be found in
Newcombe [2010].
Step 6: Determine moment capacity
The moment capacity is calculated taking moments from the compression centroid to the
centre of each tendon. The centroid of the compressive stress distribution, see Figure 4, is
at approximately one-fourth the height of the neutral axis [Newcombe, 2010].
⎛
⎝

n

c⎞
4⎠

φM n = φ ∑ T pt ,i ⎜ y pt ,i − ⎟
i =1

(25)

Where φ is the flexural strength reduction factor. A φ -value of 0.85 is suggested, as used
for precast concrete construction [NZS3101, 2006].
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Connection capacity versus demand

The reduced connection moment capacity, at the imposed connection rotation, must be
greater than the demand.
M con ≤ φM n

(26)

If the above inequality is not satisfied then the initial post-tensioning force must be
increased. Alternatively, if the allowable initial stress is exceeded (see Eqn. 18) the beam
and column sizes may be increased or connection reinforcement may be modified.
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Detailed design

The flexural and shear capacity of the beam and column must be checked for ultimate limit
state loading. For column design, the inclusion of overstrength and dynamic amplification
factors is necessary. In addition, a shear key must provide support to the beams when
subjected to gravity loading as specified in NZS3101:2006 for precast concrete. Further
details can be found in Newcombe [2010] and Newcombe et al [2008b].
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Conclusions

A simplified design procedure has been proposed for the lateral force design of simple
post-tensioned timber frames, responding within the elastic range.
The procedure allows the determination of the required section sizes and post-tensioning
forces to achieve the lateral strength demand of the frame, without exceeding the total
allowable displacements for either serviceability or ultimate limit states. All significant
deformation components are accounted for using analytical expressions.
For predicting the moment-capacity of the beam-column connections, a refined
methodology is proposed that, when compared to previously published procedures for
post-tensioned timber connections, more accurately predicts the peak timber stresses
within the connection and can avoid iteration. Empirical relationships have been proposed
which were calibrated from detailed finite element modelling and experimental data.

References
Buchanan, A. H., and Fairweather, R. H. 1993. Seismic Design of Glulam Structures.
Bulletin of the New Zealand Society of Earthquake Engineering, Vol. 26: 4, pp
415-436.
Christopoulos, C., Filiatrault, A., Uang, C. M., and Folz, B. 2002. Post-tensioned Energy
Dissipating Connections for Moment Resisting Steel Frames. ASCE Journal of
Structural Engineering, Vol. 128 9, pp. 1111-1120.
Christopoulos, C., and Pampanin, S. 2004. Towards performance-based design of MDOF
structures with explicit consideration on residual deformations, Special Issue on
"Performance-Based Seismic Design". ISET Journal of Structural Engineering,
Vol. 41: 1, pp 53-73.
Davies, M., and Fragiacomo, M. 2008. Long-Term Behaviour of Laminated Veneer
Lumber Members Prestressed with Unbonded Tendons New Zealand Timber
Design Journal, Vol. 16: 3, pp. 13-20.
Deam, B. 2005. A Displacement-Focused, Force-Based Structural Design Procedure. New
Zealand Society of Earthquake Engineering Conference Rotorua, New Zealand, pp.
8.
fib. 2004. Seismic Design of Precast Concrete Building Structures. fib bulliten 27, ISBN
978-2-88394-067-3, International Federation for Structural Concrete, Fib
Commission 7, Federal Institute of Technology, Lausanne.
Iqbal, A., Pampanin, S., and Buchanan, A. H. 2010. Seismic Performance of Prestressed
Timber Beam-Column Sub-Assemblies. New Zealand Society of Earthquake
Engineering Conference, Wellington, New Zealand.
Newcombe, M. P. 2008. "Seismic Design of Multistorey Post-Tensioned Timber
Buildings," Masters Thesis, University of Pavia, Pavia.
Newcombe, M. P. 2010. "Seismic Design of New Generation Multistorey Timber
Buildings (in print)," Doctorate Thesis, University of Canterbury, Christchurch.
Newcombe, M. P. 2011. "Seismic Design of New Generation Multistorey Timber
Buildings (under preparation)," Doctorate Thesis, University of Canterbury,
Christchurch.
Newcombe, M. P., Pampanin, S., Buchanan, A., and Palermo, A. 2008a. Section Analysis
and Cyclic Behavior of Post-Tensioned Jointed Ductile Connections for MultiStorey Timber Buildings. Journal of Earthquake Engineering, Vol. 12: Special
Issue, pp. 83-110.
9

Newcombe, M. P., Pampanin, S., Buchanan, A., and Palermo, A. 2008b. Seismic design of
post-tensioned timber frames. 14th World Conference in Earthquake Engineering,
Beijing, China, pp. 8, Paper No. S12-008.
Newcombe, M. P., Pampanin, S., and Buchanan, A. H. 2010a. Design, Fabrication and
Assembly of a Two-Storey Post-Tensioned Timber Building. 11th World
Conference on Timber Engineering, Trentino, Italy, pp. 9.
Newcombe, M. P., Pampanin, S., and Buchanan, A. H. 2010b. Experimental Testing of a
Two-Storey Post-Tensioned Timber Building. 9th US National and 10th Canadian
Conference on Earthquake Engineering, Toronto, Canada, pp. 8.
Newcombe, M. P., Pampanin, S., and Buchanan, A. H. 2010c. Numerical Modelling and
Analysis of a Two-Storey Post-Tensioned Timber Frame with Floor Diaphragms.
14th European Conference on Earthquake Engineering, Ohrid, Macedonia, pp. 8.
NZS1170.5:2004. Structural Design Actions - Part 5 - Earthquake Actions, New Zealand
Standards, Wellington.
NZS3101. 2006. Concrete Structures Standard: Appendix B: Special Provisions for
Seismic Design of Ductile Jointed Precast Concrete Structural Systems, New
Zealand Standards, Wellington.
Palermo, A. 2004. "Use of Controlled Rocking in the Seismic Design of Bridges," Doctate
Thesis, Technical Institute of Milan, Milan.
Palermo, A., Pampanin, S., Buchanan, A., and Newcombe, M. 2005. Seismic Design of
Multi-Storey Buildings using Laminated Veneer Lumber (LVL). 2005 New
Zealand Society of Earthquake Engineering Conference, Wairaki, New Zealand,
pp. 8.
Pampanin, S. 2005. Emerging solutions for High Seismic Performance of
Precast/Prestressed Concrete Buildings Journal of Advanced Concrete Technology,
"High Performance Systems" Vol. 3: 2, pp. 202-223.
Pampanin, S., Palermo, A., Buchanan, A., Fragiacomo, M., and Deam, B. 2006. Code
Provisions for Seismic Design of Multi-Storey Post-Tensioned Timber Buildings.
CIB W18 Workshop on Timber Structures, Florence, Italy.pp. 12.
Pampanin, S., Priestley, M. J. N., and Sritharan, S. 2001. Analytical Modelling of the
Seismic Behavior of Precast Concrete Frames Designed with Ductile Connections.
Journal of Earthquake Engineering, Vol. 5: 3, pp. 329-367.
Pino, D., Pampanin, S., Carradine, D., Deam, B., and Buchanan, A. H. 2010. Dynamic
Response of a Multi-Storey Post-Tensioned Timber Building. 14th World
Conference on Timber Engineering, Trento, Italy.
Priestley, M. J. N., Calvi, G. M., and Kowalsky, M. J. 2007. Displacement-Based Seismic
Design of Structures, IUSS PRESS, Pavia, Italy.
Priestley, M. J. N., Sritharan, S., Conley, J. R., and Pampanin, S. 1999. Preliminary Results
and Conclusions from the PRESSS Five-story Precast Concrete Test-Building. PCI
Journal, Vol. 44: 6, pp. 42-67.
Stanton, J. F., Stone, W. C., and Cheok, G. S. 1997. A Hybrid Reinforced Precast Frame
for Seismic Regions. PCI Journal, Vol. 42: 2, pp. 20-32.

10

CIB-W18/43-12-1

INTERNATIONAL COUNCIL FOR RESEARCH AND INNOVATION
IN BUILDING AND CONSTRUCTION
WORKING COMMISSION W18 - TIMBER STRUCTURES

FATIGUE BEHAVIOUR OF FINGER JOINTED LUMBER

S Aicher
G Stapf
MPA University Stuttgart
GERMANY

MEETING FORTY THREE
NELSON
NEW ZEALAND
AUGUST 2010

Presented by S Aicher
R Crocetti: were failures in joints or in lumber? S Aicher: Mostly (about 90%) in joints. Some
were in lumber at knots.
R Crocetti: The ratio is closer to 0 for lumber. Why use 0.5? S Aicher: Design offices for
roller coaster asked for testing at this value. Testing currently being done is at 0.1
T Poutanen: for other glues, would results be different? S Aicher: 1 comp. Polyurethane
performs better.
J Schmid: for joint failures, are they due to glue? S Aicher: no, always in the fingers.
T Tannert: do you have indication that moisture factor proposed is dependant on moisture
cycling? S Aicher: hard to say but moisture content factor is based on average moisture
content.
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1 Introduction
Solid lumber is increasingly replaced in engineered timber structures by finger jointed
lumber used as studs and beams. There are several reasons for this, being i) the significantly increased yield of higher quality/strength lumber by cutting out the knots and
other strength reducing timber defects, ii) a highly increased production flexibility (drying, storage, sizes, delivery) and iii) a considerably higher dimensional stability of sticks
of longer length, being a prerequisite of today's wood machining technology.
At present, finger jointed lumber is almost exclusively used in constructions designed
for static loads. However, there is a demand for finger jointed lumber to be used as well
in dynamically loaded constructions, e.g. bridges, wind mills, roller coasters, etc. The
limited existing research data on tension fatigue strength of finger joints in small clear
wood and in structural sized lumber indicate a fatigue limit in a very wide range of
about 0,30 to 0,55 of static strength. The rather limited knowledge on fatigue loaded
finger-jointed lumber contributed to the fact that no difference is made today in Eurocode 5, Part 2, Design of Timber Structures – Bridges, with regard to fatigue of solid
lumber without finger joints and with finger joints. As there are no explicit hints on the
eventual differences in the fatigue behaviour between both timber materials a design
engineer might use them in an alternative manner such as in design of exclusively statically loaded constructions.
In order to get more insight into the fatigue behaviour of finger jointed solid lumber a
research project is presently being conducted at the MPA University Stuttgart on fatigue
of finger jointed structural sized pine lumber. Hereby, the effects of moisture and preservation treatment are considered, too. The paper presents some results of the research
project including the effect of preservation treatment and gives a comparison with the
fatigue reduction values kfat of Eurocode 5, Part 2.

2 Literature review
Literature provides only a limited number of papers on the fatigue behaviour of glued
(finger) joints. Relevant contributions were especially given by Lewis (1951), Egner
und Jagfeld (1964), Bohannan and Kanvik (1968) and von Roth and Noack (1983).
Lewis performed a comprehensive investigation with repeated tension fatigue loading at
a stress ration of R = 0,1 on glued scarf joints, being very similar to finger joints in
many respects, in small clear specimens of Douglas Fir and White Oak. At 2 · 106 stress
cycles a mean fatigue tension strength of about 60 % of the ramp load strength was obtained almost equally for both species. The well matched solid wood specimens forwarded similar fatigue results for oak and slightly higher values for fir.
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The work of Bohannan and Kanvik is closely related to the investigations of Lewis. In
this first, and up to today most extensive investigation on fatigue of finger joints, small
clear finger jointed Douglas Fir specimens with rather similar dimensions, as those used
by Lewis, were tested in repeated tension fatigue (R = 0,1) at 15 Hz up to 107 load cycles. Two different finger joint geometries were investigated. At 2 · 106 load cycles the
fatigue bound strength reduction vs. the matched static ramp load reference results was
about 0,48 for both profiles. The fatigue limit of about 40 % of static strength is in the
range of ⁄ 3 · 107 cycles according to this investigation. Thus, the fatigue reduction of
the finger joints was more pronounced as in case of clear solid wood and scarf joints in
solid wood.
The only known literature on finger joint fatigue of structural sized specimens stems
from Egner and Jagfeld and from von Roth and Noack. Egner and Jagfeld performed
repeated tension fatigue tests with finger joints in boards which previously had served
for many years at moist/dry climate conditions as parts of flanges in bridge I-beams.
The R-ratios of the tests varied from 0,2 to 0,3; the test frequency was 2,7 Hz. At a
stress level of 55 % of the ramp load reference tests all (7) specimens survived at 106
load cycles. The investigations of von Roth and Noack were performed with finger
jointed frame corners made of laminated Sipo Mahagoni subjected to repeated bending
with 1 Hz at either positive or negative bending moment to a limit cycle number of
2 · 106. The fatigue bending strength values of the finger joints at 2 · 106 cycles were in
average 51 % of the ramp load values. For higher load cycle numbers a further, however
undefined strength decrease below 50 % of static strength was predicted, being qualitatively in line with the results of Bohannan and Kanvik.
The effect of moisture on wood in general has been studied by Tsai and Ansell (1990),
revealing that moisture is even more detrimental in fatigue as in static loading.

3 Fatigue design according to Eurocode 5 – Part 2
In the following the fatigue design concept of EN 1995-2:2005, Eurocode 5 – Part 2,
here termed EC 5-2, for timber components and mechanical connections in timber, is
briefly outlined. In this context is has to be stated that EC 5-2 does not specify any hint
how glued joints and especially finger joints in solid lumber should be considered. As
no design rules are given, finger jointed lumber and glulam with large finger joints
could be regarded as excluded from applications subject to fatigue. An engineer who is
less rigorous in his approach might adopt, for finger jointed lumber sticks, subject e. g.
to bending, the fatigue design rules for the bending of solid lumber.
According to EC 5-2 a simplified fatigue verification can be performed which is based
on an equivalent constant amplitude fatigue loading, representing the fatigue effects of
the full spectrum of loading events. More advanced fatigue verifications for varying
stress amplitudes can be based on a cumulative linear damage theory, i. e. the PalmgrenMiner hypothesis. The stresses/forces due to fatigue relevant actions should be determined by an elastic analysis taking into consideration the (semi-)rigidity of the connections.
The necessity of a fatigue verification is given (EC 5-2), whenever the fatigue ratio
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σ d,max − σ d,min
fk
γ M, fat

K=

=

Δσ d
fk

(1)

exceeds the values given in Table 1.
In Eq. (1) the following notations are used:
σd,max

numerically largest design stress from the fatigue loading
(Note: for determination of R acc. to Eq. (5), σd,max and σd,min have to be
employed with signs)

σd,min

numerically smallest design stress from the fatigue loading

fk

characteristic strength

γM,fat

partial safety factor for the material subjected to fatigue loading (shall be
taken as γM,fat = 1,0)

Δσd

fatigue design stress range

component
timber or wood
based member
mechanical fasteners

Table 1:

loading or fastener type

fatigue ratio К

compression parallel or perpendicular to grain
bending, tension, tension-compression
shear
dowel-type fasteners
nails
other joints

0,6
0,2
0,15
0,4
0,1
0,5

Fatigue ratios К acc. to EC 5-2, Annex A

The fatigue verification criterion for a (quasi-) constant amplitude loading is
σd,max < ffat,d

(2)

where
f fat , d = k fat

fk
γ M , fat

= k fat ⋅ f k

design value of the fatigue strength

(3)

The fatigue reduction factor kfat representing the reduction of strength at cyclically repeated or reversed loading (compression, tension, shear) dependant on the number of
stress cycles N at a given stress ratio R is specified as
k fat = 1 −

1− R
log(β N obs t L ) ≥ 0
a (b − R )

(4a)

where
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R=

σ d , min
σ d , max

=

σ k , min
σ k , max

with

-1 ≤ R ≤ 1

stress or R-ratio

(5)

and
a, b

coefficients as specified in Tab. 2, defining the type of fatigue action
imposed on timber members or connections

Nobs

number of constant amplitude stress cycles per year

tL

design service life of the structure

β

factor (=indirect safety factor) considering the consequences of a fatigue
failure (β = 1: no substantial consequences; β = 3: substantial consequences)

a

b

Timber members in
- compression, perpendicular or parallel to grain
- bending and tension, tension-compression
- shear

2,0
9,5
6,7

9,0
1,1
1,3

Connections with
1)
- dowels with d < 12 mm
- nails

6,0
6,9

2,0
1,2

1)

details see EN 1995-2:2004

Table 2:

Values of fatigue coefficients a and b according to EC 5-2, Table A. 1

Eq. (4a) can be rewritten for reason of comparison with other known approaches (e.g.
Mohr (2001) in the format
k fat = 1 + α lg N

(4b)

where

α=

1− R
.
a (b − R )

(6)

Equations (4a, b) specify a linear relationship between the fatigue reduction factor kfat
and the logarithm of the number of stress cycles at the end of service life, what represents the most simple assumption / approximation for the fatigue degradation of a material.
Figures 1a-f show an evaluation of Eqs. (4a,b), i. e. the linear kfat – lgN relationships,
for different discrete R-ratios stretching from -1 to 0,8. Table 3 specifies the kfat values
for two distinct numbers of stress cycles, N = 2 ⋅106 and 107, at six R-ratios between -1
and 0,8. Figures 2a and b show the nonlinear relationship between kfat and the stress
ratio R for the different types of fatigue loadings and fasteners. All graphs in Figs. 1a-f
and Figs. 2a, b reveal a considerable difference in the evolution of kfat for the different
types of fatigue loading as well as between dowel type fasteners and nails. Repeated
4

compression fatigue loading delivers the smallest reduction of the short term ramp load
strength. On the contrary, shear loading delivers the lowest kfat values in the whole reversed loading range -1 < R ≤ 0 of all loading types and in most of the repeated fatigue
stress range 0 ≤ R ≤ 0,6. (Note: mechanical fasteners, forwarded still somewhat more
pronounced fatigue degradations are not discussed here.) In between repeated compression and shear loading (reversed/repeated up to R = 0,6) the fatigue reduction factor for
repeated tension, bending or reversed tension-compression and reversed bending, is
found.
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Figure 1a-f: Graphs of fatigue reduction factor kfat(N, R = const.) depending on stress
cycles N at discrete stress ratios R for different loading modes of timber members and timber fastener types.
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Figure 2a, b: Graphs of fatigue reduction factor kfat(N = const., R) acc. to EC 5-2 depending on stress ratio R at discrete stress cycle numbers N for different loading modes
and timber fastener types.
materials /
fasteners

stress ratio R and stress cycles N

loading mode or
fastener type
0,8

0,5

0,1

0

-0,5

-1

2·106 10 7 2·106 10 7 2·106 10 7 2·106 10 7 2·106 10 7 2·106 10 7

timber
members

mechanical
fasteners
in timber
components

Table 3:

compression, (parallel or
perpendicular to grain)

0,92 0,91 0,81 0,79 0,68 0,65 0,65 0,61 0,50 0,45 0,37 0,30

bending, tension,
tension-compression

0,56 0,51 0,45 0,39 0,40 0,34 0,40 0,33 0,38 0,31 0,37 0,30

shear

0,62 0,58 0,41 0,35 0,29 0,22 0,28 0,20 0,22 0,13 0,18 0,09

dowel type fastenes

0,82 0,81 0,65 0,61 0,50 0,45 0,47 0,42 0,37 0,30 0,30 0,22

nails

0,54 0,49 0,35 0,28 0,25 0,17 0,24 0,15 0,19 0,10 0,17 0,08

Compilation of fatigue reduction factors kfat acc. to EC 5-2 for discrete stress
cycle numbers and R-ratios

It is evident from Figs. 2a and b that the fatigue bound strength reduction in bending
and at tension – compression loading according to EC 5-2 takes place almost entirely in
the repeated stress range 0 ≤ R< 1 and hereby predominantly in the range of 0,5 < R< 1.
This is contrary to shear loading where EC 5-2 specifies a rather continuous fatigue degradation over the whole stress ratio range of -1 ≤ R< 1. A thorough literature review has
not forwarded any fundamental publication substantiating the described R-ratio effects.
Significantly different R-ratio influences are for instance given by Mohr (2001).

4 Experimental program, specimens
The conducted test program aiming at the determination of the kfat-values in bending of
finger jointed structural lumber consisted of three test series B1, B2 and C, all comprising ramp load reference tests, fatigue tests and residual strength tests. The employed
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lumber was visually graded European pine (pinus sylvestris) of strength class C 24. The
visual grading was performed with regard to grade S 10 acc. to DIN 4074-1, which conforms to EN 14081. The cross-sectional dimensions of the lumber were very similar,
being 90 mm x 190 mm in test series B1 and B2 and 100 mm x 200 mm in case of test
series C. The density of the timber was closely matching in all test series and conformed
on average to about 510–540 kg/m³ (see below). The specimens of test series B2 were
preservative treated. Table 4 gives a compilation of the test program and specifies the
numbers of specimens per test series.

test series

cross-section
bxd

preservative
treatment

B1

mm x mm
90 x 190

B2
B=B1+B2
C
B+C
Table 4:

number of specimens
fatigue
tests

no

ramp load
reference
tests
6

8

residual
strength
tests
1

90 x 190
90 x 190

yes
yes/no

7
13

8
16

1
2

100 x 200
rd. 100 x 200

no
yes/no

10
23

24
40

11
15

Compilation of test program and number of specimens per test series; all
tests were performed in flatwise 4point bending with a finger joint at
mid-span (finger profile visible on the wide cross-sectional side)

All bending specimens contained a finger joint at mid-length. The finger profile dimensions conformed to EN 385; the length of the finger was 20 mm, pitch and tip width
were 6,2 mm and 1,0 mm, respectively. The finger joints were glued by means of a onecomponent moisture curing Polyurethane adhesive (HB 530, Purbond AG) approved for
structural gluing by a German Technical Building Approval, Z-9.1-616, issued by DIBt,
Berlin.
The treated timber sticks were impregnated by means of a salt-based, water-soluble
timber preservative “Wolmanit CX-8”, company Dr. Wolman GmbH, conforming to
German Technical Building Approval Z-58.1-1510. The amount of salt impregnation,
being > 7,5 kg/m³ of wood was oriented on the demands of hazard class 4 of DIN
68800-3, necessitating a pressure vacuum preservative treatment.

5 Test setup and procedure
All tests being static ramp load reference tests, the fatigue tests and the tests for residual
strength of the survivors, were performed as 4-point bending tests acc. to EN 408 in
flatwise bending. Figures 3a, b give a schematic view of the test set-up and of the
specimen dimensions being equal in ramp, fatigue and residual strength tests.
All specimens had a finger joint at mid-span, i.e. in the constant moment range. The
orientation/manufacture of the fingers was such that the zig-zag finger profile was visible on the wide sides of the cross-section, also termed “standing fingers”. This finger
orientation results in general, in static loading, at higher strengths as compared to so
termed “lying fingers” where the zig-zag finger profile is visible along specimen depth.
In the latter finger joint configuration, depending on the quality of joint manufacture, a
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small groove/notch along full width at the bending tension edge can occur. This groove
then acts as a stress raiser what can be considered especially unfavourable in case of
fatigue loading.
The ramp load reference tests were performed quasi-force controlled in a test stand with
hydraulic pistons. Apart from the applied forces, mid-span deflection was measured at
mid-width of the bending compression edge. Moisture content was measured for all
untreated specimens (used for ramp load, fatigue and residual strength testing) in three
different cross-sectional depths of 1, 2,5 and 4 cm. The moisture content of the treated
specimens was obtained by oven dry method. Density of both adherents was throughout
determined by weighing cross-sectional slabs.
The fatigue tests were performed in force control, whereby the loads at the 3rd point of
the span were applied by a servo-hydraulic actuator acting at mid-span on a steel bar,
distributing the loads via steel rollers to the beam. At both supports (rollers) the bearing
areas were covered with teflon layers to minimize friction. The failure recognition was
programmed as a trespass of a deflection limit of about three times of the initial elastic
deformation.
The most important fatigue test parameters were chosen as following:
-

the stress ratio of the repeated bending tests was set constant to R = 0,5. The reason for the rather high R-ratio emanated from the demands of an industrial application of the reported research project results

-

the load/stress cycle frequency varied from 1,5 to 3,3 Hz, being 2 Hz for most of
the tests (the frequency variation resulted from some test equipment restriction)

-

the limit load cycle number (ideally intended to verify the fatigue limit strength)
when tests were stopped in case the specimen had not failed (= survivor) was set
to the lowest scientifically justifiable number of
Nlimit = 2 ⋅ 106 load/stress cycles.

The most crucial part in the conception of fatigue tests consists in the determination of
the fatigue stress levels. This task heavily depends on the financial limitations/time
frame of the project and is inherently bound to the scatter of the material/specimen
properties, the latter being very high in case of visually graded, finger jointed lumber.
Literature provides several procedures to derive a consistent S-N curve from ramp load
strength to the fatigue limit strength. In all approaches one or several specimens are
tested in fatigue loading (repeated or reversed loading) at a distinct stress level (SL) of
the ramp load reference strength, which in cases of timber in structural dimensions is
subject to a rather crude estimate. This is even truer, in case the moisture content of the
specimens to be compared varies.
In the three reported test series of the project, all with very or rather small specimen
numbers, two different strategies were followed. In test series B1 and B2 the applied
stress levels were chosen quite high in order to assess, if possible, the slope of the S –
N curve in short time. In the case of test series C an effort was made to assess the fatigue limit strength by testing a high number of specimens at stress levels closer to the
estimated fatigue limit strength. The individually chosen nominal and moisture normalized (see below) fatigue stress levels SL are given in Tables 6 and 7 for test series B1,
B2 and C, respectively.
All survivors in the fatigue tests (no failure below 2 ⋅ 106 stress cycles) were tested in
quasi-force controlled ramp load tests for determination of residual bending strength
and stiffness.
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All tests i. e. ramp load reference tests, fatigue tests and residual strength test were performed at ambient climate in non-climate controlled test rooms at a temperature of
about 20 °C to 24 °C and relative humidities of about 40 % to 53 %.
6h

a)

5,4 h

b)
Figure 3a, b: Depiction of the test set-up and the specimen dimensions (in mm)
a)
test series B1 and B2
b)
test series C

6 Test results
6.1 Results of ramp load reference tests
Table 5 comprises the results (mean values, standard deviation (STD), C.O.V., minimum value) of the ramp load reference tests. Apart from bending strength nominal and
moisture normalized (u = 12 %), moisture content, density and modulus of elasticity of
each test (sub-)series is given.
The results given in Tab. 5 reveal a close agreement of the ramp load bending strength
values of all test series. This is especially true for the moisture normalized (MC = 12 %)
results. Closely related hereto, and mechanically compliant, the densities of all test series were very similar.
In order to compare all strength results and also the stress levels of the fatigue tests on
the basis of a unique moisture content (MC = 12 %), the relation between ramp load
bending strength as well as fatigue stress level (specimen with u ≠ 12 %) and moisture
content of the samples of all test series of the research project was determined as a
fourth order bending strength vs. moisture content u equation. In linearized manner, the
employed bending strength-moisture relation can be written as (u dimensionless in %)
fm = 0,0189 · u + 23,86 [N/mm²].

6.2 Results of fatigue tests
The results of the fatigue tests, being in essence the number of load/stress cycles to failure, if occurred, are given in Tables 6 and 7 for test series B1, B2 and C, respectively.
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Additionally, the tables give the nominal and moisture normalized stress levels SLnom
and SL12 of each fatigued specimen and the type of the respective fatigue fracture.
The fracture modes were, in general, finger joint failures, sometimes in combination
with a crack emanating from a knot at admissible distance from the joint. A few failures
in test series B1 and B2 were exclusively initiated by a knot; these results were not excluded from the evaluation. Figures 4a and b, and Figure 5 depict the obtained fatigue
results of test series B1, B2 and C in semi-logarithmic representation of the nominal
stress level SLnom vs. the logarithm of load/stress cycles N to failure (if occurred). The
figures also contain the ramp load and residual strength test results, the latter not discussed in this paper.

test
series

-

B1

B2

treat- Number statistical
bending strength fm
ment
of
parameter
at moisture (MC) normalized
speciof test
to 12% MC
mens
fm,u
fm,12
-

-

no

6

yes

7

B=
no/yes
B1+B2

C

Table 5:

no

13

10

Modulus
of
elasticity

u

density
(mean of
both
adherents)
ρ12

Em = Em,u

moisture
content
(MC)

-

N/mm2

N/mm2

%

kg/m3

N/mm2

xmean

42,5

39,7

10,3

539

11950

STD

7,6

7,1

0,7

53

1140

COV %

17,9

17,9

7,1

9,9

9,6

xmin

34,4

32,8

9,3

487

9820

xmean

42,2

41,3

11,4

546

11290

STD

7

6,9

0,7

36

1300

COV %

16,7

16,8

6,2

6,6

11,5

xmin

31,7

31,7

10

489

9090

xmean

42,3

40,6

10,9

543

11600

STD

7

6,8

0,9

43

1230

COV %

16,5

16,7

8,4

7,9

10,6

xmin

31,7

31,7

9,3

4,87

9090

xmean

38,5

43,2

15,3

522

9830

STD

5,8

6,3

1,1

34

648

COV %

15

14,5

7,5

6,5

6,6

xmin

29,1

34,5

13,3

475

8710

Compilation of results from ramp load reference bending tests
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With regard to an approximation of the fatigue data and a comparison with the EC 5-2
fatigue curves, all test series were comprised in one sample. Figures 6a, b show the
stress levels SL, now termed kfat, of all data vs. lgN together with the ramp load and
residual strength values. In detail, Fig. 6a presents the fatigue reduction factor based on
the nominal stress level kfat = SLnom and Fig. 6b gives the S-N curve on the basis of the
moisture normalized stress levels kfat = SL12. Both figures also show the kfat – lgN relationship of EC 5-2 derived from Eqs. (4b) and (6) for the two loading types bending and
shear with R = 0,5 what results in
kfat = 1 – 0,088 lgN

EC 5-2, bending

(7a)

kfat = 1 – 0,093 lgN

EC 5-2, shear

(7b)

In order to obtain a median S-N (or kfat-N) curve from the kfat = SLnom test results a regression line was computed by a weighted least square fit based on the median times to
failure at the different nominal load/stress levels. As usual, the median of the ramp load
strengths was included. In a rather crude conservative assumption the median time to
failure of stress level SLnom = 0,39, which revealed seven survivors out of eight specimens, was set to 2 ⋅ 106 cycles. Further, in order to enable a linear regression function
(incorrect according to Physics) which incorporates the ramp load median (kfat = 1) as
closely as possible (correct according to Physics), the results of the very high stress
level SLnom = 0,94 were excluded (see Fig. 6a)
The data fit was performed twofold as N = f (SLnom) being correct according to Physics
and by SLnom = f (N) as predominantly given in the literature. In the specific case both
approximations yielded the same linear median Wöhler curve
kfat = 1 – 0,080 lgN

(8)

which, irrespective of the stated deliberate assumptions is in very good agreement with
the S-N curves (7a, b) resulting from EC 5-2. Note: The approximation of the moisture
normalized stress lefels SL12 forwarded an almost similar result as eq. (8), when excluding the SL12 = 0,93 and 0,94 specimens.
For a stress cycle number of N = 2 ⋅ 106 the EC 5-2 values for kfat are 0,45 and 0,41 in
case of bending and shear loading, respectively, whereas Eq. (8) delivers a slightly or
moderately higher value of kfat = 0,47. In contrary hereto, the hi-linear relationship III
specified by Mohr (2001) for fatigue of finger jointed lumber subject to repeated tension
(and also proposed for shear of solid wood) results in a kfat-value of 0,60 being considerably higher as the EC-5 predictions and the experimentally derived fatigue reduction
factor.
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test series

spefre- moisture nominal moisture
max. normalized
cimen quency content
stress max. stress
No.

stress level

nominal

-

B1
(untreated)

B2
(treated)

Table 6:

σmax,nom

σmax,12

2

2

SLnom

moist.
norm.
SL12

fatigue type of failure
FJ=finger
failure
joint
cycles
K=knot
S=survivor

-

Hz

%

N/mm

N/mm

-

-

-

-

1

1,5

10,4

40

37,7

0,94

0,93

589

FJ

2

1,5

10,4

40

37,7

0,94

0,93

104288

FJ

3

2

9,3

35

31,5

0,82

0,78

0

FJ

9

2

9,9

35

32,3

0,82

0,8

0

K

4

2

11,1

30

29

0,71

0,71

0

K

6

2

10,7

30

28,5

0,71

0,7

302152

FJ

12

2

9,2

25

22,4

0,59

0,55

2000000

S

15

2

9,4

25

22,6

0,59

0,56

107070

FJ

1b

1,5

10,4

40

37,7

0,94

0,93

22000

FJ

2b

1,5

10,4

40

38

0,94

0,94

173

FJ

3b

2

12

35

35

0,82

0,86

42729

FJ

9b

2

9,7

35

32

0,82

0,79

18210

FJ/K

4b

2

11,1

30

28,9

0,71

0,71

0

FJ/K

6b

2

10,3

30

28,2

0,71

0,69

97920

K

12b

2

9,4

25

22,7

0,59

0,56

2000000

S

15b

3

10,1

25

23,2

0,59

0,57

749297

FK/K

Compilation of fatigue stress levels and fatigue results of test series B1 and B2
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test series

spefre- moisture nominal moisture
cimen quency content
max. normalized
No.
stress max. stress

stress level

nominal

-

SLnom

-

-

Hz

%

N/mm2

N/mm2

-

-

1

1,5

18,7

30

37,4

0,78

0,87

5023

FJ/K

2

2

17

30

35,6

0,78

0,82

691

FJ

3

2

17,5

30

36,2

0,78

0,84

0

FJ

4

2

16

30

34,5

0,78

0,8

286

FJ

5

2

18,5

25

31

0,65

0,72

82700

FJ

6

2

16,8

25

29,5

0,65

0,68

33900

FJ

7

2

16,3

25

29,1

0,65

0,67

2059318

FJ

8

3

14,7

20

22

0,52

0,51

782920

FJ

9

3

16

20

23

0,52

0,53

1117227

FJ

0,53

6

S

6

3

15,7

20

22,7

0,52

> 2·10

11

3

12,8

20

20,6

0,52

0,48

> 2·10

S

12

3

14

20

21,5

0,52

0,5

129388

FJ/K

6

13

3

13,7

20

21,2

0,52

0,49

> 2·10

S

14

3

14,2

20

21,6

0,52

0,5

> 2·106

S

15

3

15

20

22,2

0,52

0,51

814000

FJ

16

3

13,7

20

21,2

0,52

0,49

1957470

FJ

17

3,3

15

15

16,7

0,39

0,39

> 2·106

S

18

3,3

15,2

15

16,8

0,39

0,39

831424

FJ

19

3,3

13,8

15

16

0,39

0,37

> 2·106

S

0,33

6

S

6

20

Table 7:

σmax,12

type of failure
FJ=finger joint
K=knot
S=survivor

-

10

C
(untreated)

σmax,nom

moist.
norm.
SL12

fatigue
failure
cycles

3,3

11

15

14,4

0,39

> 2·10

21

3,3

14,5

15

16,4

0,39

0,38

> 2·10

S

22

3,3

13,7

15

15,9

0,39

0,37

> 2·106

S

6

23

3,3

13,8

15

16

0,39

0,37

> 2·10

S

24

3,3

13,8

15

16

0,39

0,37

> 2·106

S

Compilation of fatigue stress levels and fatigue results of test series C
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a)

b)
Fig. 4 a, b:

Fatigue results of test series B1 and B2, given as SLnom vs. lg N relationship; additionally ramp and residual strengths are included
a) series B1 (untreated)
b) series B2 (treated)

14

Figure 5:

Fatigue results of test series C, given as SLnom vs. lg N relationship; additionally ramp and residual strengths are included

15

a)

b)
Fig. 6 a, b:

Fatigue reduction factor kfat vs. lg N results (plus ramp load and residual
strengths of survivors) of the combined test series B1 and B2 and C. Additionally the EC 5-2 curves (lines) for fatigue in bending and shear and the aproximations of the test results are given for the median level
a) kfat = SL12
b) kfat = SLnom, (note: SLnom = 0,94 excluded from linear regression
analysis)
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7 Conclusions
Fatigue bending tests with finger jointed pine lumber were performed with a stress ratio
of 0,5. The nominal cross-section was 100 mm x 200 mm. The tests were conducted up
to a maximum (limit) stress cycle number of 2 ⋅ 106, beyond which unbroken specimens
were considered as survivors and tested in ramp load for determination of residual
strength.
The fatigue results were approximated for derivation of a median S-N curve in crude
engineering manner by a linear regression including the ramp load results. The obtained
linear median Wöhler curve has a slightly less steep slope as resulting from Eurocode 5
– Part 2 for bending and shear loading. Whether these findings hold true for small positive and especially for negative R-ratios is not evident especially as the effect of R ratio
is assessed quite different in literature. It has also to be checked whether the more unfavourable finger joint configuration with “lying fingers” elicits similar fatigue results.
According to all of the test results (ramp load, fatigue, residual strength data) the median fatigue bending strength limit (for R ≈ 0,5) should be in the range of 35 % to 45 %
of the ramp load strength, to be verified in further investigations.
The limited numbers of results in each of the test series B1 and B2 do not enable a reliable answer as to whether the specific preservative treatment has an impact on the fatigue behaviour or not. On the other hand, the data do not give any indication of a significant difference in the fatigue of treated and untreated finger jointed pine lumber.
This statement however, is necessarily related to the very dry moisture state of about
10 % of both test series.
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Introduction

According to EC5, the shear resistance of a structural timber element should be determined
on the basis of the characteristic shear strength of the material, along with classical beam
theory. For glulam, the characteristic strength values are given by the European standard EN
1194 [3], which assumes a direct relationship between tensile strength and shear strength of
the lamination
0.8
f v ,k = 0.32 ⋅ ( f t , 0,k )
As an example, the characteristic shear strength of glulam class GL28c, consisting of inner
laminations with characteristic tensile strength ft,0,k = 14.5 MPa, would
be
0.8
fv,k = 0.32·(14.5) = 2.9 MPa.
However, recent investigations both on glulam members [4] and on timber members [5]
have shown that the shear strength of spruce is higher than the shear strength obtained by
means of the model proposed by EN1194. Moreover, the studies show that the shear
strength is nearly constant, regardless the strength class of the timber material.

1.1 Objective
The general objective of this study is to gain a better knowledge on the shear strength of
glulam subjected to predominant shear loading and with different boundary conditions.
Specific objectives include the following:
- Propose a practical setup for testing glulam in shear which does not generate too
large secondary stresses in the specimen, e.g. perpendicular to the grain stresses.
-

Investigate the shear strength of glulam specimens both with I-cross section and with
rectangular cross section.

-

Investigate the influence of growth ring orientation on the shear strength of glulam

1.2 Background
The European standard EN 408 [6] gives indications for the determination of shear strength
of timber. The loading arrangement according to EN 408 involves gluing of steel plates to
the timber specimens. This method is rather unpractical and it often leads to failure in the
glued area at the interface between the steel plate and the timber specimen, due to high
perpendicular-to-grain stresses in the vicinity of the point of application of the load,
resulting in invalid shear strength values [5]. There are also indications that the the shear
strength obtained by testing according to EN 408 is lower than the shear strength obtained
by means of ordinary beam test methods [10].
Several authors have investigated on the shear strength of timber.
H. Granholm [7] conducted shear tests on I-beams in four-point bending. Totally 19 beams
were tested, divided in four main groups. The first three groups consisted of I-beams with
nominally identical flanges with cross section 152x 25mm2. The results showed that I1

beams with webs consisting of boards placed edgewise (i.e. primarily subjected to shear in
radial plane) had considerably greater strength than the I-beams with webs consisting of
boards flatwise placed (i.e. primarily subjected to shear in tangential plane). In particular,
the I-beams with webs consisting of three edgewise placed boards, showed shear strength
values about 70% larger than the shear strength of I-beams with webs consisting of flatwise
glued boards.
J.K.Denzler et al. [5] presented the results of 382 shear tests carried out according to EN
408, with specimen size 32 x 55 x 300 mm3. The main results of this research are: i) mean
shear strength is significantly lower when failure occurs in tangential direction as compared
to shear failure in radial direction across the growth rings (radial direction); ii) knots do not
have remarkable influence on shear strength; iii) correlation between density and shear
strength; iv) no evidence of an increase of characteristic shear strength for higher strength
classes.
B. Madsen [8] conducted shear tests on hundreds of timber specimens. The specimens were
boards with realistic dimensions (cross section 35x140 mm2, and different lengths up to 560
mm). The specimens were loaded by a direct application of a moment couple created by two
parallel forces applied to the edge of the specimens. The main results obtained by the author
are: i) the stressed volume has influence on the shear strength; ii) shear strength strongly
decreases with increasing moisture content; iii) shear strength of specimens loaded in
tangential direction is similar to shear strength of specimens loaded in radial direction
across the growth rings.
D.R.Rammer [9] investigated the behaviour of glulam beams with rectangular cross section
tested in a five-point beam configuration to determine the shear strength capacity. A total of
200 specimens were tested, 100 loaded edgewise about the strong axis (shear in the
radialplane) and 100 loades flatwise about the weak axis (shear in the tangential plane). The
specimens had all the same width but different depths, in order to investigate the influenve
of volume on the shear strength. The main findings obtained by this research are: i) shear
strength decreases with increasing specimen volume; ii) flatwise loaded specimens showed
higher shear strength than edgewise loaded specimens, due to “system effect”.
M. Poussa et al. [10] performed some 280 shear tests, of which 200 were performed
according to the European standard EN-408, and 80 on beams with I-cross section loaded in
a three-point beam configuration. The main result of this research is that the shear strength
of beam specimens was about two times that of shear specimens.
K. B. Dahl [11] investigated the shear behaviour of some 83 small scale specimens loaded in
different planes: The authors used the so called “Arcan specimen” for their investigations.
Such a specimen is butterfly shaped and has the peculiarity of generating a shear distribution
that is nearly uniform over the critical cross section. The authors found that the shear
strength of specimens loaded in the tangential plane was about 50% higher than the sher
strength of specimens loaded in the radial plane.
G. Schickhofer et al [4] conducted tests on glulam beams with I-cross section loaded in a
three-point beam configuration to determine the shear strength capacity. Totally, 24
specimens were tested. Different glulam classes, from GL24 to GL36 were used for the
manufacture of the specimens. The main findings are: i) no clear evidence of relationship
between glulam strength class and shear strength; ii) a number of failure occurred due to
high perpendicular to grain compression between web and flange at the support.
Sundström et al [12] conducted shear tests on 104 glulam beam in a three-point beam
configuration to determine the shear strength under varying humidity conditions. The main
finding of this research is that variation of humidity does not considerably affect the shear
strength of glulam.

2

2

Test methods and material

Two kinds of specimens were used in the present shear strength tests: specimens similar to
those defined in EN408 (here denoted “modified EN408 tests”) and beams. The test setup
and test results are in greater detail presented in [1] and [2], respectively. All tests were
made as short time ramp loading tests with time to failure in the order of 5 minutes.
The tested specimens were made of glulam “L40”. The raw material used for the
laminations was Norway spruce, with characteristic tensile strength T≥22 MPa and with
nominal thickness t=45 mm . The mean density and moisture content was 471 kg/m3 and
11.1%, respectively, for the material used in EN408-test, and 464 kg/m3 and 10.7%,
respectively, for the material in tested beams. The EN408 specimens were conditioned at
60% RH and the beams indoors under plastic cover. The specimens were randomly cut from
different beams.

2.2

Modified EN408 test method and test specimens

The test setup and specimen geometry of the modified EN408 tests are shown in Figure 1.
These tests comprised 9 test series with 4 nominally equal tests in each series. The test
specimen is attached to the two steel parts by a large number of screws, not by glue as
proposed in the EN-standard. The use of screws was mainly due to practical reasons.
However, the use of screws - instead of glue - may also contribute to a more uniform
distribution of the shear load. The use of knee-shaped steel parts, instead of use of straight
steel plates and inclined application of the load is partly due to practical reasons and partly
to avoid compressive load across the fracture section. The specimens were moreover given a
115 mm long centric cut of width 3 mm in each end. It is believed that this cut is important
for the test results. Initial tests of specimens without the cut showed fracture at low load due
to significant tensile stress perpendicular to grain at two of the corners of the specimen.
Fracture did not develop as a shear failure along the centre line of the specimen, but instead
as a combined tensile and shear failure starting in the vicinity of a corner. This experimental
observation was verified by finite element stress analysis, showing significant perpendicular
to grain tensile stresses in the corner regions. Along the centerline of the specimen is, on the
contrary, a stress state with almost pure shear stress due to symmetry. A drawback of the
end-cuts could be that they may give shear stress concentration and a more non-uniform
shear stress distribution. This is analyzed by non-linear finite element analysis in a following
section.

3

P

h=125 mm
Series 1: b= 56 (half of 115)
Series 2: b=115
Series 3: b=165
Series 4: b=225
Series 7: b=40 (outer part of 115)
Series 8: b=40 (middle part of 115)

115
b
350

55

3
115

115
19

h=125

b=77

115
19

19

Series 5

b=77

b=115
19

Series 6

Series 9

Figure 1. Shear tests by modified EN408 test method: setup and specimens for 9 test series

2.3

Beam test method and test specimens

The beam tests comprised 6 test series with 4 nominally equal tests in each series. Series 1
related to a rectangular beam cross section and series 2-6 to various support and loading
conditions for beams with an I-shaped cross section, manufactured by cutting of beams with
a rectangular section. Cross sections and loading conditions are shown in Figure 2 and 3.
The length of the decisive shear span was in all tests 787 mm, i.e. 2.5 times the beam height,
315 mm. Series 3 related to possible influence of an overhang at support. Series 4 and 5
related to possible influence of increased and decreased perpendicular to grain compressive
stress in the wood in the vicinity of the support. The additional compressive and tensile
loads were created by a steel beam loading arrangement. The tensile load was applied to the
upper surface of the beam by means of a number of screws. Series 6 related to the shear
strength of a continuous beam where the bending moment is large at the support. The beam
in series 6 is statically indeterminate and the ratio between the recorded load P and the shear
force V was calculated by conventional beam theory, giving V=0.815 P. Consideration to
shear deformation by Timoshenko beam theory would indicate a slightly lower shear force
at given recorded load, V=0.794 P.
60

Figure 2 (left). Cross sections of tested beams

30

Section data:
Section
Rectangular
I-shape

135

315

30
60
115 mm

30 55 30

4

A, mm2
36225
26325

I, mm4
299.5⋅106
276.3⋅106

Sh/2, mm3
1.426⋅106
1.220⋅106

300

1.529
V
315

Series 1.
V

1.529 V

0.529 V

V

1.53
V

0.529 V

115

Series 2.

Series 3.
600

V

1487.5

0.353 V

0.529 V

1.410 V

Series 4.

0.315 V

0.410 V

1912.5

1.353 V
1.887 V

Series 5.
0.685 V

887.5

P=1.226 V

0.887 V

P=1.226 V

Series 6.
0.226 V

1312.5

787.5

2V

787.5

1312.5

0.226 V

Figure 3. Beam tests
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Test results

3.1

Modified EN408 test results

Table 1 shows the test results for the modified EN408 tests. The size of the fracture section
is denoted A, i.e. A=350×77 mm2 for series 5 and 6, and 350×115 mm2 for the other series.
This means that the indicated strength value, Pf/A, is the mean shear stress at failure. Also
density and annual ring thickness was measured for the individual specimens, giving
average results as indicated in the table. The results show no consistent influence of glulam
width and no significant difference between rectangular and I-shaped cross sections. The
specimens with a slit similar to a drying crack showed about 10% increase in shear strength.
Comparison between series 2 and 9 shows that flatwise loading with standing orientation of
the annual rings in shear section gives about 15% decrease in shear strength. Series 2, 7 and
8 shows that sawing of a wide section into thinner sections can reduce the strength by about
10%, but no difference between the middle part and the edge parts was found. Correlation
between density and strength was found. Out of the 32 specimens tested, it was found that
the two specimens with lowest strength were the two specimens with lowest density. Figure
5

4 shows strength versus density. Linear regression analysis for all tests considered as one
group gave the upper line shown in the figure, which is: f v = 0.17 + 0.0102 ρ
where f v =Pf/A is the shear strength in MPa and ρ the density in kg/m3 at 11% MC. No
correlation between strength and annual ring thickness was found. Mean strength and
standard deviation for all 32 specimens were 4.96 MPa and 0.73 MPa, respectively, which
gives a coefficient of variation CoV=0.73/4.96=15%. At the assumption of normal
distribution, this gives an estimated 5% fractile characteristic strength
fv,k=4.96-1.64⋅0.73=3.76 MPa.
Table 1. Modified EN408 shear strength test results, density ρ and annual ring width ta
Test
series
1
2
3
4
5
6
7
8
9

Cross section Individual test results
width, mm
Pf /A, MPa
56
5.05 115
5.56 5.47 5.79 3.60
165
5.32 6.23 5.35 5.49
215
4.94 4.19 5.16 5.25
77 (115), slit 6.23 6.12 4.53 5.49
77 (115), I
5.60 4.56 4.82 5.23
40
4.22 5.38 3.83 40
4.91 4.60 4.09 4.19
115,
4.15 4.70 3.45 5.07
Overall average

Pf /A
5.05
5.11
5.60
4.89
5.59
5.05
4.48
4.45
4.34
4.96

Mean results
Std
CoV ρ, kg/m3 ta, mm
496
1.0
1.01 20%
461
2.7
0.43
8%
477
3.0
0.48 10%
459
2.5
0.78 14%
474
3.0
0.46
9%
468
2.3
0.81 18%
478
2.3
0.38
9%
481
2.0
0.70 16%
463
2.7
0.63
13%
471
2.5

7

6

Mean value
Shear strength, MPa

5

4

3

5% fractile

2

Figure 4. Shear strength, Pf/A, versus
density from modified EN408 test
results

1

0
380

3.2

400

420

440
460
Density, kg/m3

480

500

520

Beam test results

The beam shear strength test results are shown in Table 2. The shear strength fv was
calculated according to conventional beam theory from the recorded failure value of the
shear force, Vf . Also the compressive stress σ c perpendicular to grain at the supports is
calculated according to conventional Bernoulli-Euler beam theory. All beams failed in a
sudden manner and most of them due to sudden development of a shear crack along the
beam. Some of the beams did, however, fail in bending or in a combination of shear and
bending. These beams are indicated with * in Table 2. For these cases the true shear strength
would be equal to or greater than the recorded shear stress at failure. These perhaps
somewhat too low recorded shear failure stresses were not excluded when calculating mean
strengths and standard deviations. Series 1 and 2 show significantly higher strength for the
6

I-shaped cross sections than for the rectangular cross section. From series 3 it seems that
increased beam length at support has no or only some small beneficial influence.
Comparison between series 2, 4 and 5 suggest that increased compressive stress
perpendicular to grain may give a slight increase of the shear strength. Comparison between
series 2 and 6 suggests that the shear force capacity at an inner support of a continuous beam
is greater than shear capacity of a support at the end of a beam. Taking the test results of
series 2, 3, 4 and 5 as one group, the mean strength is 6.27 MPa and the estimated 5%
fractile characteristic strength 6.76-1.64⋅0.76=5.51 MPa. The corresponding figures for the
rectangular beams, series 1, are 4.57 MPa and 4.57-1.64⋅0.41=3.90 MPa, respectively. For
the continuous beams, series 6, the corresponding figures are 7.22 MPa and 7.221.64⋅0.44=6.50 MPa.
Table 2. Beam shear strength test results
Mean shear strength
Mean
Test
Test series
Individual test results
series characteristic
fv, MPa
std
cov σ c , MPa
fv
1
Rectan.
4.24 * 4.22 * 4.77
5.06
4.57 0.41 9.0%
1.60
2
I-section
5.86
6.43 * 6.63
5.31
6.06 0.60 9.9%
2.28
3
Overhang
5.42
6.84 * 4.78 * 7.78
6.21 1.36 21.9%
2.33
4
Compression 6.71 * 6.32
6.41
7.06
6.63 0.33 5.0%
4.25
5
Tension
6.30
6.57
5.66
6.18 0.47 7.6%
0.87
6
Cont. beam
7.59
6.58
7.37
7.34 * 7.22 0.44 5.4%
5.42
Overall average
6.14 0.58
9.4%
2.78
* bending failure or combined bending and shear failure

4

Stress and strength analysis

4.1

Stress and strength analysis of modified EN408 specimen

Two dimensional plane stress linear elastic finite element analysis of the modified EN408
test setup in Figure 1 was performed, with glulam specimen geometry according to series 2.
Both the glulam specimen and the knee-shaped steel parts were included in the model,
however ignoring the compliance of the screw connection and instead assigning full
interaction between the glulam and steel parts. Stress components σ||, σ⊥ and τ in the glulam
specimen are illustrated in Figure 5, for specimens with and without centric end-cuts.
Applied external load corresponds to a mean shear stress of 5.0 MPa in the fracture sections.
The results are based on material stiffness parameters E||=13 700 MPa, E⊥=460 MPa,
G||⊥=850 MPa, ν||⊥=0.46 for glulam and E=210 000 MPa, ν=0.3 for steel parts. As indicated
by preliminary tests of specimen without the end-cuts, the modified EN408 test setup results
in significant perpendicular to grain tensile stress σ⊥ in two corner regions of the specimen.
This stress is reduced by introducing the cuts, but instead stress concentrations arise at the
ends of the cuts.

7

Figure 5. Stress σ||, σ⊥ and τ for modified EN408 specimen with and without end-cuts
Nonlinear fracture course analysis of the specimen with centric end-cuts was also performed
using cohesive spring elements in the fracture section with a piecewise linear shear stressdisplacement relationship to represent the strain softening properties. The initial stiffness
was adjusted to represent linear elastic behaviour up to maximum stress, i.e. local material
strength. For increasing displacement, the ability to transfer stress diminishes and the
(negative) stiffness is adjusted to represent the fracture energy of the material. Nonlinear
stress-strain performance outside the fracture process region contributes however to a more
uniform shear stress distribution. The volume of material exposed to the high local stress is
furthermore very small: only about 1% of the volume has reached shear stress greater than
95% of the local material strength at maximum load Pf/A. This means that the test results
Pf/A may be a reasonably relevant measure of for the actual specimen volume. The mean
stress in the fracture area at maximum load Pf/A was by the nonlinear fracture course
analysis found to be 60-70% of the local material strength for fracture energies in the range
0.600-1.200 Nmm/mm2.

4.2

3D stress analysis of beams

To study how shear stresses vary over cross-sections of the studied glulam beams three
dimensional finite element simulations were performed. To illustrate how the simulation
results can be presented, Fig. 6 shows deformed geometry of the beams, mesh pattern, load
distribution (corresponds to 147.7 kN), boundary conditions, annual ring pattern, colour
plots and path plots for the global shear stress τyz. The wood material is assumed to be an
orthotropic material with stiffness parameters: Er = 800, Et = 500, El = 14000, Grt = 60, Grl =
600, Gtl = 700, νrl = 0.02, νtl = 0.02, νtr = 0.3. The pith is assumed to be a straight line along
the centre of the bottom surface of each wood member. The interaction between the steel
plates and the wood material is modelled as a full contact interaction based on penalty
formulation.
The simulation results show clearly how the global shear stress τyz varies over the cross
sections. For the rectangular beam the largest shear stresses occur at the neutral axis, close to
the side surfaces whereas for the I-beam they occur in the inner corners where the web and
the flange are connected. These results have been compared with hand calculations. The
maximum shear stresses became 5% and 9% larger than the hand calculated values for the
rectangular respective I-beams. The main reason for this discrepancy is that the simulation
takes into account the curved annual rings and it generates stress concentrations in the inner
corners of the I-beams.
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Figu
ure 6. Illusttration of bending defo
formations and
a related shear stresss distribution over a
criticcal cross secction (all deeformations are magniffied 8 times)).

5

Discusssion and
d conclu
usions

The proposed
p
teest method,ii.e. the moddified EN 40
08 with twoo 115 mm cuuts at the bo
ottom part
and at the uppeer part has the advanttage, that itt allows forr a state off stress in the
t region
betw
ween the cutt tips characterized by predominaant longituddinal shear (i.e. shear parallel
p
to
the grain).
g
Moreeover, the prresence of the
t cuts sign
nificantly reeduces the ttension perp
pendicular
to grrain at the corners of thhe specimenn. The disad
dvantage off such a test method cou
uld be the
high stress conccentration that
t
occurs at the cut tips, whichh may neggatively influence the
shearr strength of
o the timberr On the othher hand, th
he cuts “obllige” the faiilure surface to occur
at a given planee, which may
m positiveely influencce the shearr strength oof timber. Specimens
S
with width betw
ween 40 mm
m and 215 mm
m were sh
hear tested according to modified
d EN 408.
Similar shear sttrengths weere achievedd for all theese specimeens, indicatiing that thee width of
the sppecimen dooes not havee a remarkabble influencce on shear strength.
In geeneral it cann be stated that testingg according
g to modifieed EN 408 gives sheaar strength
loweer than sheaar strength obtained
o
byy beam testiing. Howevver, if the bbeam specim
mens with
appliied compression at thee top of thee support and
a the beaam specimenns on threee supports
weree excluded, the charaacteristic shhear strengtths obtaineed by the ttwo metho
ods would
become comparrable
For the
t modifiedd EN 408 teests, no rem
markable sheear strengthh differences between specimens
s
with rectangularr cross sectiion and speecimens with
h I-cross seection couldd be observeed. On the
ved for beam
ms with I-ccross section
n than for
otherr hand highher shear strrength couldd be observ
beam
ms with recctangular crross sectionn. The reasson for succh a discreepancy cou
uld be the
possiible beneficcial influencce of higherr perpendicu
ular to grainn compression in the web
w of the
I-beaams. Moreoover, it shouuld be obserrved that 50
0% of the beam specim
mens with reectangular
crosss section failed
fa
in beending. Perrhaps, if beending failuure had beeen preventted, shear
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strength similar to that for I-beams could have been achieved also for beams with
rectangular cross section.
Four specimens were tested according to modified EN 408 method, loading in the radial
direction instead of loading in the tangential direction – as occurred in all other cases. It was
observed that the shear strength in the radial direction was slightly lower than the shear
strength for specimens loaded in the tangential direction. This is in line with the results by
Dahl et al, but not with the results obtained by all the other authors cited in this paper.
However, the number of specimens loaded in the radial direction is too low for drawing any
relevant conclusions.
Overhangs do not seem to have any evident effect on the shear strength for the tested timber
beams. Neither, has the action of a external tension applied on the upper part of the beam at
the support, in the direction perpendicular to grain. On the other hand, external
perpendicular to grain compression stress applied on the upper part of the beam at the
support seem to affect the shear strength positively. However, this conclusions cannot be
extended to cases were the applied external tension or compression are higher than those
used for these experiments.
In the case of beam with three supports higher shear strength than the shear strength for
simply supported beams was observed. This may be due to the fact that at the intermediate
support the transmission of internal forces occurs in a great extent by “strut action” and the
zones with pure shear action are rather small.
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1 Introduction
In 2005, bending tests on full size glulam beams showed that the bending strength values obtained, were far too low compared with the current product standard. For that reason, a new
research on glulam was carried out involving a series of numerical studies on the glulam
bending strength [1]. This research resulted in a new strength model for the bending strength.
The current paper aims at giving a comprehensive overview on recent developments in simulating glulam strength parallel to grain. These developments have arisen from the new research on glulam and a failure analysis on timber hall structures [2] and now cover the tensileto-bending-strength ratio as well as the size effect in members subject to tension [3] and the
load-carrying capacity of simple and continuous beams with up to 5 supports [4]. Therefore,
the current paper is a direct continuation of the author’s CIB-W18 paper in 2008 [5].
In general, the strength hereinafter refers to characteristic glulam bending (fm,g,k) and characteristic glulam tensile strength (ft,0,g,k), respectively. Both values are associated with standardised member sizes: 0.6 m times 10.8 m (h·ℓm) in case of bending tests and 0.6 m times 5.4 m
(h·ℓt) in case of tensile tests (Fig. 1).

Fig. 1 Test configurations in European test standard EN 408 (2003) with the terms of European standard EN 1194 (1999); bending test (top) and tensile test (bottom)

2 Computer model, methods and simulated materials
All the results of the examinations were conducted using a newly developed and validated
finite element based computer model (CM) [6] [7]. Therefore, the following description of the
CM is restricted to its crucial properties and modifications for the current studies. The basic
models to simulate the bending and tensile strength are shown in Fig. 2.
1

Fig. 2 Basic finite element models to simulate glulam bending strength (top) and glulam tensile strength (bottom). The grey zone indicates infinite stiffness of modelled grips
They constitute the test configurations in Fig. 1. The sizes of the simulated members depend
on the numbers (nℓ and nd) of elements (150 mm in length and 30 mm in depth) along the
length (ℓm resp. ℓt) and depth (h) of the beams. The stochastically distributed and autocorrelated mechanical properties of glulam are assigned systematically to the elements of the
models. The lay-up of the simulated members is homogeneous. The material is orthotropic. In
the compressive zone of simple beams under bending, ideal elastoplasticity and in the tension
zone, in principle, linear elasticity until tensile failure is assumed (uniaxial failure criterion).
To simplify matters, linear elasticity in the spatially limited compressive zones above the supports of continuous beams (cf. Fig. 6) is assumed as well, instead of ideal elastoplasticity; in a
preliminary examination, it was shown that the difference between both material models, linear elasticity and ideal elastoplasticity, each assumed in the compressive zone of simple
beams under bending has no major influence on the 5th percentile of the bending strength: The
corresponding 5th percentiles differ from each other only by one percent. The ultimate failure
criterion used is based on the assumption that no further load (F) increase is possible if the
locally calculated tensile stress of any element in the outermost laminations equals the individual element tensile strength. In both finite element models, the load is applied through a
stepwise displacement (∆u) resulting in a particular number of load steps for a simulated test.
During the load steps, element failure in the tension zone outside the outermost laminations is
allowed; corresponding elements are identified after each load step and are deactivated by
multiplying their stiffness by a severe reduction factor. With that a slight non-linear behaviour
in the tension zone is modelled. The bending strength (fm) as a result of a single simulated test
is calculated with the global maximum moment (M1,max, M2,max, M3,max or M4,max, cf. moment
diagrams in Fig. 6) and the section modulus W and, therefore, is denoted as an effective (or
apparent) bending strength. The tensile strength (ft) is calculated with the maximum tensile
force (Fmax) and the cross-section area.
Nine grading methods, leading to various board tensile strength values, were from case to
case employed by the CM to exert a different influence on the glulam strength. The set of
grading methods available in the CM is comprehensively given in [1] or briefly in [5]. Visual
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methods are denoted as VIS I, II, III, density-based ones as DENS I, II and dynamic-MOEbased ones as EDYN I, II, III, IV. Each grading method is associated with a particular board
tensile strength and finger joint tensile strength. Both strength values are adapted to each
other resulting in a balanced as well as realistic relation between board and finger joint quality
[3].

3 Tensile-to-bending-strength ratio
As the tensile strength is usually given as a portion of the bending strength, comparative
simulations of tensile and bending test were performed to determine its relation. In this comparative examination, the nine grading methods were employed. A total of 18,000 simulations
were run which corresponds to 1000 simulations per strength type (fm and ft) and grading
method. Fig. 3 depicts cumulative distributions for the strength values, tensile and bending
strength, as an example, for the grading methods VIS II and EDYN I. The target values to
draw a comparison between the 5th percentiles are highlighted in boxes; they coincide with the
points of intersection between the quasi-empirical cumulative distribution functions and the
horizontal reference lines located at 0.05.

a)

b)
Fig. 3 Cumulative distributions of simulated tensile (ft) and bending strength (fm); simulation
results exemplified for (a) grading method VIS II and (b) EDYN I
3

For the two cases exemplified the ratios are 21.3/24.2=0.88 and 27.4/31.2=0.88. Even considering the results on the basis of the other seven grading methods, the corresponding coefficients hardly deviate from 0.88 (Table 1). Hence, there is non-significant influence of the
grading methods and the material strength, respectively, on the ratio. As a consequence, the
comparative examination brought out the relation (1) between the characteristic tensile and
characteristic bending strength where both strength values are related to standardised member
sizes as depicted in Fig. 1.

f t,0,g,k = 0.88 ⋅ f m,g,k

(1)

Table 1 Statistics of the simulated tensile and bending strength and ratio of 5th percentiles
Tensile strength [MPa]

1

Bending strength [MPa]

Ratio
f t,0,g,k,sim

Grading
method

X

s

ft,0,g,k,sim

X

s

fm,g,k,sim

VIS I
VIS II
VIS III

25.3
26.7
30.8

2.97
3.02
3.33

20.1
21.31
24.6

31.3
33.3
38.1

5.19
5.21
5.50

22.7
24.21
28.7

0.89
0.88
0.86

DENS I
DENS II

33.4
35.5

3.45
3.76

26.9
28.0

41.0
43.7

6.30
6.23

30.6
32.7

0.88
0.86

EDYN I
EDYN II
EDYN III
EDYN IV

34.4
35.8
38.6
40.6

3.63
3.79
3.87
3.67

27.41
28.2
32.0
34.4

41.9
43.5
47.1
49.7

6.23
6.64
6.56
6.74

31.21
32.1
36.3
38.2

0.88
0.88
0.88
0.90

f m,g,k,sim

depicted in Fig. 3

4 Size effect in members subject to tension
As in general, the strength depends on the member size subject to tension, different member
sizes for tensile tests (150 ≤ free member length ℓt ≤ 54,000 mm; 120 ≤ member depth h ≤ 600
mm) were simulated. In total 70,000 simulations were performed for tension. The high number of simulations for tensile tests is due to an independent variation of the member depth.
The member sizes were defined through different numbers of elements along the edges of the
rectangular shape (nℓ and nd according to Fig. 2). The simulated strength data (Fig. 4), obtained from a single grading method (EDYN II), were expressed by appropriate strength ratios
(dots in Fig. 5) to describe the deviation of the effective strength from the reference value
(ft,0,g,k,ref=28.5 MPa). The reference value is related to the standardised member size
ℓt,ref=5,400 mm and h=600 mm (cf. Fig. 1). The deviation from the reference strength is given
by the curve in Fig. 5 brought into line with the simulated strength ratios. This curve represents the size factor kℓ,k described by equations (2) and (3) on the basis of Weibull’s theory.
The corresponding size depending tensile strength, meaning effective strength (ft,0,g,k,ef), can
finally be expressed as product of kℓ,k and the characteristic strength. As expected, kℓ,k is 1.0
for the reference size (cf. points of intersection between the curve in Fig. 5 and the corresponding thick vertical reference line). The variation of depth in Fig. 4 showed that there is no
major influence of the depth on the effective tensile strength.
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kA ,k = ( 5400 A t )

1/10.8

150 mm < A t < 60, 000 mm

kA ,k = 1.40
kA ,k = 0.80

A t ≤ 150 mm

(2)

60, 000 mm ≤ A t

ft ,0,g,k,ef = kA ,k ⋅ f t,0,g,k

(3)

Fig. 4 Simulated characteristic glulam tensile strength and free member length and depth,
respectively; reference values ft,0,g,k,ref and ℓt,ref highlighted (thick lines)

Fig. 5 kℓ,k-factor (curve) and strength ratios (dots), calculated by the reference value 28.5
MPa, in dependence of free member length; reference length (ℓt,ref = 5400 mm) and
corresponding kℓ,k-factor (= 1.0) highlighted (thick lines)

5 Load-carrying capacity, determined by the system
Due to the lower occurrence probability of weak points in the outer tension zone, subject to
comparatively high tensile stress, of continuous beams with 3, 4 or 5 supports in contrast to
corresponding simple beams, a higher load-carrying capacity is given in those continuous
beams, e.g. [8] [9]. In particular, big knots, compression wood and fibre deviation distributed
5

along the timber constitute typical weak points. Considering the moment diagrams in Fig. 6, it
becomes evident that the simple beam depicted, is subject to global maximum stress over a
third of its span (ℓ/3) whereas the continuous beams below are, according to elementary beam
theory, subject to global maximum stresses only at single points above the middle supports.
The higher load-carrying capacity in continuous beams can be expressed by a particular effective bending strength determined by the system.

Fig. 6 Beams simulated and moment diagrams; simple beam (top), 2- and 3-span beam
(middle), 4-span beam (bottom); moment diagrams scaled for F1=F2=F3=F4
To quantify the effective bending strength in 2-, 3- and 4-span beams, those beams were examined numerically and the strength output was compared with the characteristic strength as
reference strength. The nine grading methods were employed to consider a wide range of
strength levels. The models used are shown in Fig. 7. The continuous beam models constitute
multiples of the basic model. Whereas the bending strength of the reference beam is calculated with the maximum moment M1,max the bending strength values of the continuous beams
are calculated with the maximum moments M2,max, M3,max and M4,max, respectively; maximum
moments depend on the maximum load-carrying capacity. 1,000 simulations per grading
method and system were performed, which is a total of 36,000 tests (9 times 4 times 1,000) in
finally 36 samples.
As an example, Fig. 8a exemplifies the simulation results referring to VIS II for the maximum
load-carrying capacity Fmax and Fig. 8b for the effective bending strength. Fig. 9 depicts the
effective strength referring to EDYN I. Only parts of the quasi-empirical cumulative distribution functions of the load-carrying capacity and of the effective bending strength are shown in
the diagrams to better identify the 5th percentiles. The comparative cumulative frequencies are
between 0 and 10% which corresponds to 100 single values per system.
6

Fig. 7 Models for the analysis; the loading equipment (beam and link elements) enables the
load distribution according to Fig. 7
For the grading method VIS II, the connection between Fig. 8a and 8b is explained by the
following calculations. The corresponding load-carrying capacities (see additional vertical
reference lines in Fig. 8a) and effective strength values are related to the 5th percentile level.
In the calculation, the span ℓ is 10.8 m and the section modulus W 0.0066m³.
Simple beam:
Fmax,1 = 44.5kN → M max,1 = 0.333 ⋅ A ⋅ Fmax,1 = 0.160MN → f m,g,k =

M max,1
W

= 24.2MPa

2-span beam:
Fmax,2 = 55.8kN → M max,2 = 0.333 ⋅ A ⋅ Fmax,2 = 0.201MN → f m,g,k,2-span =

M max,2
W

= 30.4MPa

3-span beam:
Fmax,3 = 58.6kN → M max,3 = 0.267 ⋅ A ⋅ Fmax,3 = 0.169MN → f m,g,k,3-span =

M max,3
W

= 25.6MPa

4-span beam:
Fmax,4 = 59.0kN → M max,4 = 0.286 ⋅ A ⋅ Fmax,4 = 0.182MN → f m,g,k,4-span =

7

M max,4
W

= 27.6MPa

a)

b)
Fig. 8 Cumulative distributions of (a) load-carrying capacity and (b) effective bending
strength; grading method VIS II

Fig. 9 Cumulative distributions of effective bending strength; grading method EDYN I
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For each of the 36 samples, the 5th percentiles were determined and compared to each other.
In Fig. 8b and 9 the 5th percentiles coincide with the points of interaction between the quasiempirical cumulative distribution functions and the horizontal reference lines located at 0.05.
A complete comparison is given in Fig. 10. The effective characteristic bending strength of 2span beams is represented by dots, of 3-span beams by circles and of 4-span beams by stars.
The symbols are plotted on top of each other in dependence on the characteristic bending
strength as reference. The relations for the grading methods VIS II and EDYN I are, as an
example, highlighted through thick vertical reference lines. The regression straight lines, approximately coinciding with the equations (4) to (6), show that for 2-span beams the effective
strength (fm,g,k,2-span) is about 25%, for 3-span beams (fm,g,k,3-span) about 8% and for 4-span
beams about 15% higher than the reference strength. There is non-significant influence of the
grading methods on the coefficients in the examined range of 22 MPa to 39 MPa for the reference strength.
f m,g,k,2-span ≈ 1.25 ⋅ f m,g,k

(4)

f m,g,k,3-span ≈ 1.08 ⋅ f m,g,k

(5)

f m,g,k,4-span ≈ 1.15 ⋅ f m,g,k

(6)

Fig. 10 Effective bending strength present in continuous beams and reference strength

6 Conclusions
• Comparative simulations of tensile and bending tests were performed to revise the tensileto-bending-strength ratio. According to the study the tensile-to-bending-strength ratio is
0.88. The ratio applies to characteristic values of homogeneous glulam, is independent of
the material strength and refers to standardised specimen dimensions for tensile and bending tests. The new found ratio is about 25 % higher than the value of about 0.70 in the
European standard EN 1194 (1999). This difference may benefit the glulam industry by increasing the reference value for the characteristic tensile strength.
• A wide range of length-depth-combinations was considered for simulated tension members
to create a database describing the size effect in glulam members subject to tension. In the
study, the length but not the depth was found to be the dominant factor affecting the tensile
strength. The influence of a member depth between 120 and 600 mm on the tensile
strength is negligible. Based on Weibull’s theory, a non-dimensional length factor was ob-
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tained to fit the tensile-to-reference-tensile-strength ratio for characteristic values. The ratio decreases rapidly with increasing length for short members, meaning the tensile
strength shows a strong dependence on the length of short members. For a quasi-infinite
member length the size effect wears off. The effective strength of a tension member 150
mm in length is about 140% of the reference value whereas the remaining tensile strength
for quasi-infinite member length is approximately 80% of the reference value. The consideration of a length-dependent glulam tensile strength may increase economical design of
short tension members and the reliability of very long tension members.
• Comparative simulated bending tests on simple, 2-span, 3-span and 4-span beams show
that the load-carrying capacity of continuous beams is 30 - 40% higher than of comparable
simple beams. In regard to the design of continuous beams the effective (or apparent) characteristic bending strength of 2-span beams is 25%, of 3-span beams 8% and of 4-span
beams 15% higher than the corresponding characteristic bending strength referring to simple beams. The 25% increase in case of 2-span beams is in good agreement with analytical
results based on Weibull’s theory [8][9]. In contrast to the current rule in the German timber design code DIN 1052 (2008) where a 10% increase is allowed on the basis of moment
redistribution, the findings of the present study may allow a more economical and consistent design of continuous beams.
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Context and objective:

Glued Solid timber (GS) beams are structural elements with rectangular cross section formed by bonding
together two, three, four or five laminations having a thickness between 45 and 85 mm. Laminations can be
finger jointed.
GS beams are used in traditional carpentry, timber frame housing, or as bracing elements, etc.
Even if this product is more expensive than solid timber, the use of GS beams is increasing due to the
following advantages: a better dimensional stability, moisture content around 12% due to the manufacturing
2
process, cross section until (260*320) mm , directly compatible with CNC machines.
Because their cross section is close to squared section (maximum cross section is
L × H ≤ 260mm × 340 mm ), GS beams can be loaded in flatwise (load is perpendicular to glue lines) or
edgewise (load is parallel to glue lines) bending (cf. figure1).

H

(a)

(b)

(c)

L

(d)

Figure 1 : GS beams with two (a) and four (b) laminations in edgewise bending, GS with four (c) or five (d)
laminations in flatwise bending, H*L < 260mm*320mm .
In flatwise bending, due to the fact that GS beams are composed of few laminations with large thickness,
their mechanical behaviour is different from glulam. Actually, laminations in GS beams loaded in flatwise
bending are not only stressed in tension but both in tension and bending.
In edgewise bending, the mechanical behaviour involves system effect: laminations with higher stiffness are
more stressed. Since these laminations also have higher strength, this results in a composite product with
higher strength.
In this context, the aim of this paper is to determine mechanical performances of GS beams and to propose
beam lay ups for GS beams based on an experimental study carried on 180 beams in Spruce and Fir and
Douglas Fir (in flatwise and edgewise bending) and on bending tests on finger joints and laminations. This
work is the first part of research project of 2 years. These experimental investigations will be completed by
additional tests on GS beams with 4 and 5 laminations and a probabilistic finite element model taking into
account the variability of the mechanical properties of the laminations (presented in a future paper).

2

Experimental investigations on Douglas fir and Spruce and Fir: Presentation

Tables 2 and 3 present tests performed on laminations, finger joints and GS beams respectively for Douglas
fir and Spruce and Fir.
A sampling has been performed to derive two equivalent sub samples:
• Sample A for laminations and finger joints testing,
• Sample B to produce GS beams.
Each lamination was evaluated by two non destructive methods:
- First one: visual method for structural use according to French standard NF B 52 001. This standard
determines for French species grades STI, STII or STIII from visual criteria. In this study, GS beams
were produced with laminations visually graded because it is representative of the French production.
- Second one: machine method (Goldeneye 702 of Microtec based on X-Ray) to establish two pair
matched samples A and B.
This procedure is illustrated in Figure 2.

1

• flatwise bending
on finger joints

Sample A

• edgewise bending
on laminations

Initial Sample

Each lamination was evaluated by
NDT method (X-Ray Goldeneye
702)
predicted MOR
and with visual grading method
ST1, STII or STIII

Sample B
laminations to produce GST
beams with visual grading

• NDT MOE by vibration and US type
machines on GST beams

• global MOE and MOR in flatwise and
edgewise

Figure 2 : Procedure to establish two pair matched samples A and B.
Mechanical performances and density required for strength classes C18, C24, C30 for solid timber according
EN 338 and correspondance with French visual classes are given in Table 1.
French strength grades based on visual criteria (NF B 52 001)
Strength Classes for solid Timber (EN 338)
Characteristic value of MOR MPa
Mean value of MOE MPa
3
Characteristic value of density kg/m
3
Mean value of density kg/m

STIII
C18
18
9000
320
380

STII
C24
24
11 000
350
420

STI
C30
30
12 000
380
460

Table 1 : strength classes of soild timber Cxx(according EN 338, 2003) and correspondance with Fench
visual structural classes.
Variables
dynamic MOE

Materials (number/beams or lamination/strength
class/cross section)

Test Methods
Ultrason and Vibration method

121 GST beams in flatwise
15 DUO ST2
15 DUO ST2

global MOE and MOR in edgewise or
flatwise for GS beams

EN 408 - 4 points loading bending

130x130mm2
130x130mm2

15 TRIO ST3
15 TRIO ST3

195x195mm2
195x195mm2

edgewise
flatwise

15 TRIO ST2
15 TRIO ST2

195x195mm2
195x195mm2

edgewise
flatwise

11 TRIO ST1
10 TRIO ST1

195x195mm2
195x195mm2

edgewise
flatwise

320x220mm2

10 5-lames ST2

global MOE and MOR in edgewise for
laminations (Sample A)

fm,j,k in flatwise for finger joints (Sample A)

EN 408 - 4 points loading bending
edgewise

edgewise
flatwise

37 ST2
60 ST3
34 ST2
36 ST1
41 ST2

EN 408 - 4 points loading bending
flatwise

flatwise

2

130x66mm
195x65mm2
195x65mm2
195x65mm2
230x65mm2
5 ST2 130x66mm2
9 ST3 195x65mm2
5 ST2 195x65mm2
12 ST1 195x65mm2
0 ST2 230x65mm2

Table 2 : Materials and Methods concerning Douglas fir samples.
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Variables

Materials (number/beams or lamination/strength
class/cross section)

Test Methods

dynamic MOE

60 GST beams in flatwise

Ultrason and Vibration method

global MOE and MOR in edgewise or
flatwise for GS beams

global MOE and MOR in edgewise for
laminations (Sample A)

EN 408 - 4 points loading bending

EN 408 - 4 points loading bending
edgewise

160x160mm2
160x160mm2

edgewise
flatwise

15 duo ST3 160x160mm2
15 duo ST3 160x160mm2

edgewise
flatwise

15 duo ST2
15 duo ST2

37 ST2 160x80mm2
28 ST3 160x80mm2
8 ST2 160x80mm2
9 ST3 160x80mm2

fm,j,k in flatwsie for finger joints (Sample EN 408 - 4 points loading bending
flatwise
A)

Table 3 : Materials and Methods concerning Spruce and Fir samples.
Edgewise bending tests on laminations were performed to determine strength classes of samples A.
As samples A and B were matched, theses results will give a good estimation of mechanical performances of
laminations constituting GS beams.
To analyse experimental results on GS beams, characteristic values of MOR were calculated with a
reference depth value equal to 150 mm (as for solid timber) and with a depth factor equal to 0,1 (as for
glulam).
In order to compare results between edgewise and flatwise for a same configuration (given cross section,
strength class):
- GS beams were evaluated by vibration methods to separate beams into matched samples,
furthermore, cross sections of GS tested beams were squared.

Figure 3 : NDT MOE of Glued Solid timber evaluated by UltraSonic method.
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3.1

Experimental investigations on Douglas fir: Results
Comparison between Samples A and B

The fractile fractile curve presented in Figure 4 shows than NDT MOR of laminations used to produce GS
beams (Samples B) are equivalent to NDT MOR of laminations tested in edgwise (samples A).
A fractile fractile curve is established by associating X-values and Y-values having the same probability of
occurrence.
NDT MOR of laminations used
to produce GS beams (MPa)
Samples B

80

70
y = 0,9745x
R2 = 0,9917

60

50

NDT values
Y=X
Linéaire (NDT values)

40

30

20
20

30

40

50

60

70

80

NDT MOR of laminations tested in edgwise (MPa)
Samples A

Figure 4 : Fractile Fractile curve of NDT MOR of laminations used to produce GS beams in Douglas Fir
with 2, 3 and 5 laminations (sample B) depending on NDT MOR of laminations tested in edgewise (sample
A).
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3.2

Experimental results for laminations tested in edgewise bending (Sample A)

Statistical values of mechanical performances and density of Douglas fir laminations are presented in Table 4.
lamination
cross section
h
b

MOE
global
calculated measured
MOE local

Nb

MOR
Density
h=150 mm

mm

mm

(MPa)

(MPa)

(MPa)

130

65

ST2

37

MEAN
13 900
CV
MIN
MAX
5% (EN 14358 §5)

12 800
19%
8 500
18 600

42,5
25%
22,0
69,9
24,5

487
11%
413
587

195

65

ST1

36

15 000
14%
11 168
18 800

61,7
31%
17,9
94,6
30,1

525
8%
455
630

195

65

ST2

34

13 400
12%
10 400
17 300

42
29%
23,4
70,8
24,6

513
9%
435
630

195

65

ST3

60

MEAN
13 800
CV
MIN
MAX
5% (EN 14358 §5)

12 700
17%
9 200
16 900

40,7
31%
22,9
78,1
23,4

499
11%
392
722

230

65

ST2

41

MEAN
14 700
CV
MIN
MAX
5% (EN 14358 §5)

13 400
12%
9 300
15 900

41
29%
17,9
69,8
23,5

490
9%
407
555

MEAN
16 800
CV
MIN
MAX
5% (EN 14358 §5)
MEAN
14 700
CV
MIN
MAX
5% (EN 14358 §5)

(kg/m3)

Table 4 : statistic values of MOEglobal, MOR and density for Douglas fir laminations tested in edgewise
bending (sample A). Mean value of MOElocal is calculated from mean value of MOEglobal according the
following relation MOELocal= MOEglobal*1,3-2690 (EN 384, August 2004).
The main observations are the following:
- laminations visually graded in STI fulfil C30 requirements: mean value of MOElocal (=16 800 MPa) is
greater by 40% than the required one (12 000 MPa) and experimental characteristic value of MOR (30,1
MPa) is close to required one (30 MPa).
- laminations visually graded in STII, for the 3 different cross sections, fulfil C24 requirements: mean
value of MOElocal is greater by approximately 25% than the required value and experimental values of
MOR (from 23,5 to 24,6 MPa) are close to required one (24MPa).
- laminations visually graded in STIII have higher strength than expected: mean value of MOElocal
equals 13 800 MPa and characteristic strength is close to 24 MPa. This can be explained by the fact
than correlation between visual criteria like size knots, growth ring width and mechanical performances
are not relevant for Douglas fir.

3.3

Experimental results for finger joints tested in flatwise bending (Sample A) for Douglas fir

Table 5 presents experimental results of fm,j,k , characteristic strength of finger joints in flatwise bending for
the four configurations related to GS beams with 2 and 3 laminations. It was not possible to perform test on
laminations corresponding to GS beams with 5 laminations because of lack of them.
2

Cross section of finger joints(mm )

130*65
(used for GS beams
with 2 laminations)

fm,j,k (MPa) pour STIII
fm,j,k (MPa) pour STII
fm,j,k (MPa) pour STI

25,9
(min=29,1)

195*65
(used for GS beams
with 3 laminations)
23,7
(min=27,5)
27,5
(min=33,1)
28,3
(min=28,2)

260*65
(used for GS beams
with 5 laminations)

No data

Table 5 : Characteristic and minimum values bending strength in flatwise for Douglas Fir finger joints.
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According to EN 14 080 draft (discussed in June 10 in CEN TC 124/ WG3), the required performance on
finger joints for GS beams is given by the following relation: f
≥ 1,2 f m,l,k .
m , j ,k

As the number of finger joint tested is low, the statistical evaluation of the characteristic strength is
conservative; therefore an additional check on minimum values has been performed.
Finger joints involving STII or STIII laminations have a characteristic (or minimum) strength close to the
required one (28,8 MPa).
Finger joints involving STI laminations have a characteristic (or minimum) strength much lower than required
one (36 MPa). For this reason, strength of GS beams made with high strength class laminations will be
limited by finger joints.

3.4

Experimental results for GS beams tested in bending

Main statistical values of mechanical properties and density corresponding to the Douglas fir GS beams are
presented in Table 6.
For each geometrical configuration of GS beams, mechanical properties obtained in edgewise bending are
higher than these obtained in flatwise bending. We can notice that, for each geometrical series, dynamic
MOE of matched series (respectively in flatwise and edgewise) are very similar.
MOE
local
calculated
(MPa)

MOE
L
130

H
130 DUO

STII
130

195

130 DUO

196 TRIO

STI
196

195

STII 196

193

195 TRIO

196 TRIO

195 TRIO

193 TRIO

STIII
193

5-Laminations STII 211

193 TRIO

322

vibration
(MPa)
15 MEAN
13 400
CV
12%
5% (EN 14358 §4)

edgewise

15 MEAN
13 800
CV
14%
5% (EN 14358 §4)
0,97

flatwise

13 100

edgewise/flatwise

10 MEAN
14 100
12%
CV
5% (EN 14358 §4)

edgewise

10 MEAN
14 200
CV
13%
5% (EN 14358 §4)
0,99

flatwise

edgewise

15 MEAN
12 900
CV
10%
5% (EN 14358 §4)
0,98

flatwise

15 500

13 200

edgewise

15 MEAN
12 900
CV
8%
5% (EN 14358 §4)
0,98

flatwise

13 600

12 100

12 100
11%

43,4
21%
28,1

42,8

41,0
22%
25,2

40,5

14 000
7%

12 200
12%

12 500
8%

11 400
14%

13 600

12 800

12 500
9%

11 900
10%

13 900

12 800
11%

24,8
1,12
46,6

44,3
34%
21,0

45,4
21,5
1,42
42,9

37,9
28%
22,6

38,9

1,00
522
4%

513
5%
1,02
503
4%

28,5

23,2
1,23

37,3
17%
26,8

38,3

35,1
12%
27,2

36,0

32,1
19%
21,0

500
6%

30,7

41,8
21%
27,8

1,05

499
7%

27,7

45,4
18%
29,8

1,10

edgewise/flatwise
flatwise

12 900
13%

1,15

edgewise/flatwise

15 MEAN
12 700
CV
10%
5% (EN 14358 §4)

global
(MPa)

Density
MOR
h=150 mm
H
k=0,1
(MPa)
(MPa) (kg/m3)
MOR

1,06

edgewise/flatwise

15 MEAN
12 700
CV
11%
5% (EN 14358 §4)

10 MEAN
13 700
CV
11%
5% (EN 14358 §4)

14 100

MOE

505
4%
1,00
514
3%

27,5

27,9
0,99
34,6

517
5%
0,99
505
5%

22,6

Table 6 : statistical values of MOEglobal, MOR and density for Douglas fir GS beams tested in edgewise and
flatwise bending; MOR for Href=150mm is calculated from MOR for actual H with a depth factor equal
to 0.1.
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3.4.1 Edgewise bending
As expected, characteristic strengths for GS beams made with STII or STIII laminations are very similar. The
increase of strength of GS beams in comparison with STII laminations strength is around 15%.
Concerning GS beams made with STI laminations, the increase is lower (around 5%); this can be explained
by the weak performance of finger joints.
3.4.2 Flatwise bending
Characteristic strength for GS beams with STI laminations, obtained from 10 experimental values equals
21,5 MPa ; this calculated value is penalized due to the fact that coefficient of variation is very high (=34%)
in comparison with the other configurations (around 20%).
Characteristic strength for GS beams made with STIII laminations (=27,9 MPa) is higher than the strength
obtained for GS beams made with STII laminations (around 24 MPa). This is unexpected because (as it is
shown in paragraph 3.2), STIII and STII laminations are equivalent. Actually, the increase in strength is due
to a lower coefficient of variation (12%).

4

Experimental investigations on Spruce and Fir: Results

4.1

Comparison between Samples A and B

NDT MOR of laminations used to
produce GST beams, Samples B, ST3
(MPa)

NDT MOR of laminations used to
produce GS beams , Samples B, ST2
(MPa)

Fractile Fractile curves presented in Figures 5 show that:
- NDT MOR of STII laminations used to produce GS beams (Sample B) are equivalent to NDT MOR of
STII laminations tested in edgwise (sample A) (cf. figure 6-1),
- NDT MOR of STIII laminations used to produce GS beams (Sample B) are lower than NDT MOR of
STIII laminations tested in edgwise (sample A) (cf. figure 6-2); a further investigation showed that the
pair matching procedure was not respected.
55
y = 1,0091x
R2 = 0,9861

45

35

''Y=X"
NDT Values
Linéaire (NDT Values)

25

15
15

25

35

45

55

NDT MOR of laminations tested in edgewise
Samples A , ST2 (MPa)

40
35
y = 0,8006x
R2 = 0,9623

30
25

Y=X
NDT values
Linéaire (NDT values)

20
15
15

20

25

30

35

40

NDT MOR of laminations tested in edgewise
Samples A, ST3 (MPa)

5-1
5-2
Figures 5-1 et 5-2: fractile fractile curves of NDT MOR of laminations used to produce DUO in Spruce and
Fir (Sample B) depending on NDT MOR of laminations of Sample A, respectively for STII (6-1) and STIII
(6-3).
4.2

Experimental results for laminations tested in edgewise bending (Sample A)

Statistical values of mechanical properties and density corresponding to sample A of Spruce and Fir
laminations are presented in Table 7.
We can observe than, for both strength classes STII and STIII, mechanical properties are lower by
approximately 10% than the expected values respectively for C24 and C18.
Such properties can be explained by the resource from which the boards are sampled: timber originating
from young trees will have a weaker mechanical behaviour, despite a lower knottiness. This type of relation
cannot be predicted by a visual grading method.
Lamination
cross section
h
b
mm
mm
160
80

160

80

Nb
STII

37

Mean
CV
5%

STIII

38

Mean
CV
5%

MOE
local
calculated
MPa
9700

MOE
global
measured
MPa
9500
18%

MOR
h=150mm

Density

MPa
36
24%
22,1

kg/m
390
7%

7600

7900
14%

28,2
27%
16

360
7%

3

Table 7 : statistical values of MOEglobal, MOR and density for Spruce and Fir laminations tested in edgewise
bending (sample A).
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4.3

Experimental results for finger joints tested in flatwise bending (Sample A) for Spruce anf Fir

Table 8 presents experimental results of fm,j,k , characteristic strength of finger joints in flatwise bending for
both configurations related to GS beams with two laminations.
2
Cross section of finger joints (mm )
155*80
(used for GS beams with 2 laminations)
fm,j,k (MPa) pour fm,l,k =16 MPa
21,7
(min=22,5)
fm,j,k (MPa) pour fm,l,k =22 MPa
24,8
(min=28,8)

Table 8 : Characteristic and minimum values bending strength in flatwise for Spruce and Fir finger joints.
Finger joints involving STII or STIII laminations have a characteristic (or minimum) strength close to the
required ones.

4.4

Experimental results for GS beams tested in bending

Main statistical values of mechanical properties and density corresponding to Spruce and Fir GS beams are
presented in Table 9.
For both configurations of GS beams, MOE obtained in edgewise bending is higher than the one obtained in
flatwise bending by approximately 15%. We can notice that, for each configuration, dynamic MOE of
matched series (respectively in flatwise and edgewise) are similar.

4.4.1 Edgewise bending
The strength increase, in comparison with solid timber is :
- around 10% for GS beams with 2 STII laminations,
- around 30% for GS beams with 2 STIII laminations.

4.4.2 Flatwise bending
Characteristic values for GS beams made with STII or STIII laminations are very similar (respectively 20,5
MPa and 20, 6 MPa).
This unexpected result can be explained by the following reasons:
• for GS beams made with STII laminations, the minimum strength of the series (=22,4 MPa)
corresponds to a failure in a finger joint including a knot; this is not allowed,
• for GS beams made with STIII laminations, the characteristic value (=20,6 MPa) is statistically
increased due to a low coefficient of variation (=11%).
MOE
MOE
Density
MOR
MOR
local
global
Href=15
H
calculated measured
0 mm
(MPa)
(MPa)
(MPa) (MPa) (kg/m3)

MOE
vibration
L

H
(MPa)

156
STII
156

156
STIII
156

156 DUO 15 MEAN
CV
5%

10600
14%

edgewise

156 DUO 15 MEAN
CV
5%

10400
14%

flatwise

1,01

edge/flat

156 DUO 15 MEAN
CV
5%

9200
11%

edgewise

156 DUO 15 MEAN
CV
5%

9000
10%

flatwise

1,02

edge/flat

10900

9500

10400
11%

9400
13%
1,12

9000

7300

9000
10%

7700
10%
1,17

37,0
21%
24,0

37,3

406
6%

24,2

29,7
18%
20,3
1,25

29,9

30,9
19%
20,7

31,1

25,3
11%
20,4
1,01

25,5

404
6%

20,5
1,25

398
5%

20,9
388
5%

20,6
1,01

Table 9 : statistical values of MOEglobal, MOR and density for Spruce and Fir GS beams tested in edgewise
and flatwise bending; MOR for Href=150mm is calculated from MOR for actual H with a depth factor
equal to 0.1.
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5

Proposal for beam lay-ups for Glued Solid Timber

In the aim to determine relations between mechanical properties of GS beams and laminations, the following
fractile fractile curves were established:
- fractile fractile curve of all data concerning MOR GS beams (obtained on Douglas, Spruce and Fir
GS beams with 2, 3 or 5 laminations) depending on actual laminations MOR tested in edgewise
bending (sample A) (cf. figures 6 and 8 for MOR GS beams respectively in edgewise and flatwise
bending).
- fractile fractile curve of all data concerning MOE GS beams (obtained on Douglas, Spruce and Fir
GS beams with 2, 3 or 5 laminations) depending on actual laminations MOE tested in edgewise
bending (sample A) (cf. figures 7 and 9 for MOE GS beams respectively in edgewise and flatwise
bending).
The analysis on the whole data set avoids statistical artefacts which are due to limited sub sample sizes.
Furthermore, proposal for beam lay-ups must be done without distinction of wooden species.
But this approach cannot be used to estimate the influence of the number of laminations.

5.1

GS beams in EDGEwise bending

As illustrated in Figure 6, GS beams produced with laminations with a strength lower than 35 MPa exhibit an
increase in strength as compared to the laminations. This increase is less significant for high strength
classes because the finger joints strength in that case becomes predominant.
Figure 7 also exhibits an increase in stiffness for GS beams as compared to laminations. This increase is
less significant for high strength classes. This can be partly explained by a lower coefficient of variation
which tends to decrease the system effect (cf. table 10).
Spruce and
Fir STII

SAMPLE A
Cross sections

2

Douglas fir
STII
2

Douglas fir
STII
2

Douglas fir
ST2
2

2

(80*160) mm

(65*195) mm

(65*130) mm

(65*195) mm

(65*260) mm

9500
18%

12700
17%

12800
19%

13400
12%

13400
12%

Mean (MPa)
CV%

MOEg

Douglas fir
STIII

Douglas fir
STI
(65*195)
2
mm
15000
14%

Table 10 : mean value and coefficient of variation for sample A.

y = 2,7795x0,7188
R2 = 0,9542
35

25

Y=X
experimental values
Puissance (experimental values)
15
15

20

25

30

35

Actual MOR of Samples A (MPa)

40

45

MOEglobal of GS bemas in EDGEwise
(MPa)

MOR of GS beams in EDGEwise
bending (MPa)

45

13000
12000
11000

y = 0,9501x + 1204,8
R2 = 0,9825

10000
9000
experimental values
Y=X

8000

Linéaire (experimental values)

7000
7000

8000

9000

10000

11000

12000

13000

MOEglobal of Samples A (MPa)

Figure 6
Figure 7
Figure 6 : fractile fractile curve of MOR GS beams tested in edgewise bending depending on actual
laminations MOR tested in edgewise bending (sample A).
Figure 7 : fractile fractile curve of MOE GS beams tested in edgewise bending depending on actual
laminations MOE tested in edgewise bending (sample A).
By using regression functions fitted on fractile fractile curves, mechanical properties of GS beams were
calculated from the laminations for C18, C24, C30. Calculated values are presented in tables 11 and 12
respectively for strength and modulus of elasticity.
MOR of laminations
18 MPa
24 MPa
30 MPa
edgewise MOR of GS beams (test results)
22,2 MPa
27,3 MPa
32 MPa
Experimental ksys
1,23
1,14
1,07

Table 11 : relationship between laminations strength and GS beams strength in edgewise for C18, C24, C30,
obtained on all experimental data (Douglas, Spruce and Fir GS beams with 2 and 3 laminations).
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The system factor (between 1,23 and 1,07) obtained from experiments is larger than the one given by
Eurocode 5, namely ksys=1,03 for beams with 2 laminations and ksys=1,06 for beams with 3 laminations.
MOE of laminations
9 000 MPa
11 000 MPa
12 000 MPa
edgewise MOE of GS beams (test results)
9 700 MPa
11 700 MPa
12 600 MPa

Table 12 : relationship between laminations MOE and GS beams MOE in edgewise for C18, C24, C30,
obtained on all experimental data (Douglas, Spruce and Fir GS beams with 2 and 3 laminations).
5.2

GS beams in flatwise bending

According fractile fractile curve presented in Figure 8, GS beams produced with laminations with strength
lower than 24 MPa have higher strength than laminations one.
According fractile fractile curve presented in Figure 9, MOE of GS beams and laminations are close.
MOR of GS beams in FLATwise (MPa)

40

MOEglobal of GS beams in FLATwise
(MPa)

13000

45

12000

35

11000

y = 0,6307x + 9,063
2
R = 0,9712

30

10000

25

9000

Y=X
20

experimental values

8000

Linéaire (experimental values)
15
15

20

25

30

35

y = 0,8847x + 1072
R2 = 1

40

45

Actual MOR of samples A (MPa)

7000
6000
6000

7000

8000

9000

10000

11000

12000

13000

MOEglobal of samples A (MPa)

Figure 8
Figure 9
Figure 8 : fractile fractile curve of MOR GS beams tested in flatwise bending depending on actual
laminations MOR tested in edgewise bending (samples A).
Figure 9 : fractile fractile curve of MOE GS beams tested in flatwise bending depending on actual
laminations MOE tested in edgewise bending (samples A).
From regression functions fitted on fractile fractile curves, mechanical properties of GS beams in flatwise
were calculated from laminations ones for C18, C24, C30. Calculated values are presented in tables 13 and
14 respectively for strength and modulus of elasticity.
MOR of laminations
18 MPa
24 MPa
30 MPa
flatwise MOR of GS beams (test results)
20,4 MPa
24,2 MPa
28 MPa

Table 13 : relationship between laminations strength and GS beams strength in flatwise for C18, C24, C30,
based on all experimental data (obtained on Douglas, Spruce and Fir GS beams with 2, 3 and 5 laminations).
MOE of laminations
flatwise MOE of GS beams (test results)

9 000 MPa
9 000 MPa

11 000 MPa
10 800 MPa

12 000 MPa
11 700 MPa

Table 14 : relationship between laminations MOE and GS beams MOE in flatwise for C18, C24, C30, based
on all experimental data (obtained on Douglas, Spruce and Fir GS beams with 2, 3 and 5 laminations).
5.3

Proposal for beam lay-ups

According to the results presented in paragraphs 5.1 and 5.2, a proposal for beams lay-ups for GS beams is
given in table 15 for which the corresponding mechanical properties and density are presented in table 16.
Strength class of
laminations
C18
C24
C30

Strength class of Glued Solid timber
GS 20
GS 24
GS 28

Table 15 : Beam lay up of homogeneous glued solid timber beams.
For bending, two values for strength and stiffness properties are given depending if glued solid timber is
stressed respectively flatwise or edgewise.
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For tension parallel to the grain, the characteristic strength is taken as 70% of the characteristic values of the
bending strength in flatwise. This is an intermediate reduction factor between solid timber (60%) and glulam
(80%).
For compression parallel to the grain, the characteristic strength is taken as the characteristic bending
strength of GS beams (as for glulam).
For tension and compression perpendicular to the grain and shear, the characteristic strengths are the same
for the 3 classes GSxx and equal to the characteristic strengths of C24.
Density values for GS beams are the same as for laminations.
GS strength class

Bending strength (1)

Tensile strength

GS 20

GS 24

GS 28

MORgs,flat=fm,gs,k,flat

20,4

24,2

28

MORgs,edge=fm,gs,k,edge

22,2

27,3

32

ft,0,gs,k

14,3

17

19,6

fc,0,gs,k
Compression strength
Shear strength

0,5

ft,90,gs,k
20,4

24,2

fc,90,gs,k

2,5

fv,g,k

2,5

28

MOE0,g,mean,flat

9 000

11 000

12 000

MOE0,g,mean,edge

9 700

11 700

12 600

Density

ρgs,k

320

350

380

Density

ρgs,m

380

420

460

Modulus of elasticity (1)

Table 16 : homogeneous glued solid timber: characteristic strength, stiffness properties in N/mm2 and
densities in kg/m3. (1) For bending, two values for strength and stiffness properties are given depending if
glued solid timber is stressed respectively flatwise or edgewise.
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Conclusions

Based on an experimental study carried on 180 GS beams, strength and stiffness were determined in
flatwise and edgewise bending.
In edgewise bending, system effect induces an increase of strength for GS beams in comparison with
laminations. This increase is less significant for high strength classes due to the weak strength of the finger
joints tested in this study. System factor obtained from experiments is larger than the one given by Eurocode
5, namely ksys=1,03 for GS beams with 2 laminations and ksys=1,06 for GS beams with 3 laminations.
In flatwise, the correspondence between the strength of laminations and the strength of GS beams is given
for a reference depth of 150 mm and a depth factor of 0,1, and it is similar than the correspondence existing
for glulam with a reference depth of 600 mm and a depth factor of 0,1.
The beam lays-up presented in paragraph 5 are actually discussed into working group WG3 of CEN TC124
in charge of the revision EN 14 080 which will integrate Glued Solid timber beams.
This first study will be completed by:
- Additional tests on GS beams with four and five laminations,
- A probabilistic finite element model taking into account the variability of the mechanical properties of
the laminations and finger joints.
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Presented by M Yasumura
L Dalziel: What are consequences of multiple openings? M Yasumura: would be more
complicated. Not being studied.
L Dalziel: Software was developed for multiple openings.
S Franke: does model allow “negative” uplift? M Yasumura: negative uplift is for sheeting
only.
H Blass: springs elements for sheeting connections? M Yasumura: yes, and polygonal.
T Gibney: Where tie-down forces measured and what were they? M Yasumura: No, forces
where not measured.
T Gibney: were lateral displacements measured? M Yasumura: Yes and always good
correlation with model.
S Aicher: Why tension force is approximately constant? M Yasumura: Longer walls can resist
higher lateral forces and tensile forces are more or less constant.

Influence of the boundary conditions on the
racking strength of shear walls with an opening
Motoi YASUMURA
Shizuoka University, Japan

1

Introduction

It is well known that the boundary conditions such as the vertical restraints of wall panel
and the vertical loads due to live and dead loads, snow load, etc. have considerable effects
on the mechanical properties of wooden shear walls1). These effects are to be considered
specially for the design of timber structures and the racking tests on shear walls. In this
context, International Standatd on the static and reversed cyclic lateral loading test
method2) proposes two boundary conditions that is designed to ensure the full shear
capacity of the wall is achieved (Method I), and that to reflect the intended actual
construction details (Method II). This study reviews the experimental results and Finite
Element analysis of wood-framed shear walls with various opening configuration and aims
at clarifying the effects of boundary condition and the vertical loads on the shear capacity
of shear walls with opening to propose its design method.

2

Background

Racking reisitance of panel sheathed shear wall with an opening can be estimated by
introducing a simple model that have panel zones and an opening as shown in Fig.1. The
apparent shear forces per length of each panel zone and the reaction forces at the bottom of
the wall panel are shown in the diagram. The total force of the vertical perimeter of the
wall panel (QVT) is expressed by the equation (1).

QVT  Q 

( h1  h2 )
hw
Q
L
(l1  l2 )

(1)

where, Q: lateral force, L: wall length, h1, h2: heights of shear panel zone above and under
the opening, l1, l2: lengths of side walls, hw: height of opening.
Assuming that the wall panel fails with the nail connection at the end stud of the side
wall3), vertical critical force (QVT) at the end stud is expressed by the equation (2) .
QVT  (n  1)  f crt

(2)

where, fcrt is the yield or ultimate shear resistance of a nail joint connecting sheathing
material to the stud, n: number of nails at the vertical perimeter of the wall panel.
Equation (2) becomes;
Q  ( n  1)  f crt 

L
1
 Q0  r

h

l
H 1 w w  L
H  L l1  l2

1

(3)

where, Q0: racking resistance of a wall
without opening which has the same
size as the opening wall,
r:
Sugiyama’s opening coefficient4)
defined by the equation (4).

Q/L

Q/L

Q/L

Q/(l1+l2)

Q/(l1+l2)

r

1

1  ( )

(4)



Q/L

Q/L

Q/L

  (lw  hw ) ( L  H ) ,   ( L  l w ) L
and lw : length of opening.

3

Experiments

Fig.1 Assumed Shear force distribution in
wood-framed shear wall with an opening.

3.1 Spcimens

817

2450

1021

613

Racking tests on wood-framed shear walls with various opening configuration and vertical
restraints were conducted to investigate the effects of opening and the vertical restraints of
studs beside the opening on the shear resistance of wall panel. Specimen had wood-framed
shear walls of 2.73 and 3.64m lengths and 2.44m height sheathed with 9.5mm thick spruce
plywood on one side of the frame as shown in Fig. 2. Sheathing materials were connected
to frames of nominal two-by-four lumbers of S-P-F Standard with JIS A5508 CN50 nails
(50.8mm length and 2.87mm diameter). Nails were spaced 100mm in the perimeters of a
sheet material and 200mm on the central support. Studs were spaced 455mm and
connected to bottom and double top plates with CN90 nails (88.9mm length and 4.11mm
diameter). End studs were doubled or tripled and connected each other with CN75 nails
(76.2mm length and 3.76mm diameter) spaced 300mm. Specimens had an opening of
window configuration of 910mm or 1820mm length and 900mm height and door type
configuration of 910 or 1810mm length and 1800mm height as shown in Fig.3. The bottom
plates of wall panels were connected to 89mm by 89mm sill and steel foundation with four

(A)

(B)
455

455

455

455

455

2730

455

Full restraints

Partial restraints

Fig.2 Specimens with full vertical restraints (A) and partial vertical restraints (B).
2

Table 1 Outline of specimens
Specimen

Hold-down
connections

Opening size
(lxh)(m)

B4P-FH

Full

----

W4P-FH

Full

W4P-PH

Partial

D 4P-FH

Full

D 4P-PH

Partial

S4P-FH (* )

Full

S4P-PH (* )

Partial

B3P-FH

Full

W3P-FH

Full

W3P-PH

Partial

D 3P-FH

Full

Panel size
(L x H )(m)

1.82 x 0.91

3.64 x 2.44

1.82 x1.82

1.82x2.42

----

0.91 x 0,91

2.73 x 2.44

0.91 x 1.82
D 3P-PH

Partial

S3P-FH (* )

Full

S3P-PH (* )

Partial

0.91 x 2.42

* only numerical analysis conducted

bolts of 16mm diameter. Double top plates were connected to 89mm by 89mm girder with
four bolts of 16mm diameter. Hold-down connection of HDB20 were applied to both ends
of wall connected to the studs with four bolts of 12mm diameter, and one was applied at
the top of end studs to connect to 4–by-4 western hemlock girder located at the top of wall.
For the walls with opening, both specimens with full restraints of the foot of studs and
partial restraints were prepeared for all types of opening configuration. For the walls with
partial restraints, hold-down connections beside the opening were removed. The outline of
specimens is shown in Table 1.

3.2 Test methods
Fv

Monotonic and reversed cyclic loads
were applied at the end of girder by a
computer
controlled
actuator.
Horizontal and vertical displacements
were
measured
by
electronic
transducers. Specimens (4P) subjected
to only the monotonic loadings, and
specimens (3P) were tested under the
monotonic and reversed cyclic loading.
Single shear test of nail joint (CN50)
was also conducted to model the joint
connecting plywood sheathing to
frame members.

Fv

Fv

Fv

Fv

Fv

Fv

Q

Fig.3 Finite Element model for opening wall
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4 Numerical analysis
4.1 Finite Element analysis
Shear walls were modelled with beam, plate and spring elements representing the framing
members, sheathings and fasteners connecting sheathings to framing, respectively. The
framing elements were modelled with isotropic linear 2D beam elements. The sheathings
were modelled with 2D plane stress elements that were elastic and orthotropic. The
fasteners between sheathings and framing beams were modelled with a non-linear spring
system. The force-displacement curves of fasteners followed a tri-linear curve. The nodal
forces were related to the relative nodal displacements. Finite element codes CASTEM
2000 was applied to the modelling and calculation. The joints connecting frame members
were modelled with spring elements that had different stiffenss in compression and
tension. Flexibility of hold-down connections was modelled by replacing the tension
stiffness of the particular framing joints with the hold-down stiffness obtained from single
shear tests of hold-down connectors. At the locations of the hold-down connections, the
bottom plate was assumed to be rigidly connected to the foundation. Bearing between
adjacent sheathings was not considered in this time5).

4.2 Material properties
Poisson’s ratio and modulus of elasticity of the framing members were assumed to be 0.2
and 10,000 N/mm2, respectively. For the panel elements Poisson’s ratio, the modulus of
elasticity and shear modulus were assumed to be 0.5, 5,300 N/mm2 and 700 N/mm2,
respectively. The nail properties used for the fastener elements were determined by single
shear tests of nail joints. Tri-linear approximation was adopted to the analysis. The
embedding stiffness of the framing joints and the tension stiffness of the hold-downs were
determined by tests performed with static compression loading. The embedding and holddown tests were performed with three specimens for each configuration. In the hold-down
test, performed with symmetrically specimens, HDB-20 hold-downs with four lag-screws
of 12mm diameter and 75mm length were used. Two hold-down connections were placed
on a stud package of four 38-by 89 mm studs. Assuming that the displacement is primarily
assigned to the slip of the joints, the joints were tested in compression instead of tension.
The embedding tests were also performed with three different configurations, made up of
one, two or three. The results from the tests were evaluated to find a suitable linear
approximation to be implemented in the finite element model. The approximations of
embedding stiffness were 12.8, 21.2 and 23.7 MN/m for one, two and three studs,
respectively. The stiffness for the three-studs specimen was chosen in the model since the
largest forces arises where three studs are mounted together. The hold-down stiffness was
determined to be 13.1 MN/m.

5

Results and discussions

5.1 Test results and FE analysis
Figs.5 shows the comparison of the calculated yield and maximum loads by FEM with the
experimental results. Calculated maximum loads showed good agreement with the
experimental results. There were some dispersion in relation between calculated yield load
and the experimental results. Considering the dispersion of materials and construction of
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Fig. 5 Comparison of the calculated yield and maximum loads with the experimental
results.
specimen, these dispersions may be within the permissible range. Therefore, this model
was applied to the analysis mentioned later-on.

5.2 Influence of vertical loads
Tables 2 and 3 show the calculated yield and maximum loads of the specimen under
vertical loads (Fv) of 0, 2 and 4 kN per 455mm length (total vertical loads of 14 and 28kN
in 3P specimen and 18 and 36kN in 4P specimen). They were compared also with
specimen with full restraint of studs. There were few differences in yield and maximum
loads in Specimen (W) between the wall with the partial restraints (WPH) and that with
full restraints (WFH) regardless of the vertical loads. This result indicates that the restraints
such as hold-down connections of the studs beside the opening may be removed in some
conditions if the shear wall has only a small opening of window configuration and the end
studs are connected tightly to the foundation. Wall with door opening and partial restraints
(DPH) showed lower lateral resistance than that with full restraints (DFH) if there were no
vertical compressive loads at the top of the wall. However, there were less differences of
the lateral resistance between wall with the vertical restraints and that without restraints
when the sufficient vertical loads were applied. This indicates that the vertical restraints of
studs beside the opening may be removed, but some reduction of lateral resistance shall be
considered if the vertical loads are not sufficiently large. There were large differences in
yield and maximum loads of Wall (S) between the specimen with the partial restraints (SPH) and that with full restraints (S-FH) if there were no vertical compressive loads at the
top of the wall. The shear resistance increased with the increase of the vertical loads and
close to those with full restraints when total vertical loads were 28kN or 36kN. This
indicates that it is not recommended to remove the vertical restraints of studs beside the
opening if there are no small walls above and below the opening and the studs of the both
sides of side walls should be tightly connected to the foundation and horizontal members at
the top and the bottom.
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Table 2 Calculated yield load (value in parenthesis is the ratio of the yield load with
partial restraints to that with full restraints.
Yield
load (kN)

Vertical
load per
stud (kN)

W3P

W4P

D3P

D4P

S3P

S4P

0

14.91
(1.0)

15.51
(0.97)

12.07
(0.93)

12.12
(0.94)

9.16
(0.77)

9.04
(0.76)

2

14.91
(1.0)

15.98
(1.0)

13.19
(1.0)

12.63
(0.98)

10.63
(0.90)

11.02
(0.94)

4

14.80
(1.0)

16.24
(1.0)

13.17
(1.0)

13.02
(0.99)

11.73
(0.99)

11.75
(1.0)

0

14.82
(1.0)

15.96
(1.0)

13.02
(1.0)

12.94
(1.0)

11.82
(1.0)

11.78
(1.0)

Partial
restraints

Full
restraints

Table 3 Calculated maximum load (value in parenthesis is the ratio of the maximum
load with partial restraints to that with full restraints.
Maximum
load (kN)

Vertical
load per
stud (kN)

W3P

W4P

D3P

D4P

S3P

S4P

0

30.83
(0.98)

31.15
(0.94)

23.29
(0.85)

24.68
(0.91)

17.56
(0.71)

18.18
(0.73)

2

31.20
(0.99)

32.59
(0.98)

27.33
(1.0)

25.83
(0.95)

21.02
(0.85)

22.40
(0.90)

4

31.15
(0.99)

33.20
(1.0)

27.27
(1.0)

26.80
(0.99)

23.76
(0.96)

24.10
(0.97)

0

31.36
(1.0)

33.21
(1.0)

27.26
(1.0)

27.15
(1.0)

24.79
(1.0)

24.79
(1.0)

Partial
restraints

Full
restraints

Table 4 Calculated yield and maximum loads (value in parenthesis is the ratio of the
values with partial restraints to that with full restraints.
Yield
load (kN)

Partial
restraints

Full
restraints

Vertical
load per
stud (kN)

0.01*EI

1.0*EI

100*EI

0

8.14
(0.69)

9.04
(0.77)

11.27
(0.96)

2

9.66
(0.82)

11.02
(0.94)

11.50
(0.98)

4

11.10
(0.94)

11.75
(1.0)

11.60
(0.98)

0

---

11.78
(1.0)

---

Maximum
load (kN)

Partial
restraints

Full
restraints

Vertical
load per
stud (kN)

0.01*EI

1.0*EI

100*EI

0

16.37
(0.66)

18.18
(0.73)

23.05
(0.93)

2

19.20
(0.77)

22.40
(0.90)

24.58
(0.99)

4

21.7
(0.88)

24.1
(0.97)

24.75
(1.0)

0

---

24.79
(1.0)

---

5.3 Influence of loading beam stiffness
Influence of the loading beam stiffness was studied on the specimen (S4P) which did not
have any small walls either above or below the opening except for two pieces of 2-by 6
inches lintel above the opening. This wall configuration was chosen as it was supposed that
the loading beam stiffness influence the most on this type of wall. For the standard
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stiffness of loading beam, two pieces of
2-by 6 lumbers, MOE of 10,000N/mm2
was assumed, and the MOE of loading
beam varied 100 times and 1/100 times.
Table 4 shows the yield and maximum
loads with the loading beam stiffness of
1/100 and 100 times of the standard
stiffness. They show that the yield and
maximum loads increased as the
bending stiffenss were higher, and this
trend was more significant when the
vertical loads were small. When the
bending stiffness of loading beam was
very high, the influence of the vertical
loads were very small and showed the Fig. 6 Racking resistance ratio and opening
performace close to wall with full coefficient4,6,8)
restraints. This means that the vertical
restraints of studs are very important for the walls without small walls above and below the
opening if the stiffness of beams above the opening is not rigid enough, and the vertical
loads over the wall is not sufficiently large. These results also indicate the importance to
consider the loading beam stiffness and the vertical compressive load over the wall if the
wall has an opening and the studs beside the opening are not connected to the foundation,
while these incidents do not affect on the mechanical properties of shear walls if the studs
are fully connected to the foundation and horizontal members.

5.4 Application of opening coefficient
5.4.1

Opening coefficient

In 1981, Sugiyama4) presented the opening coefficient and conception of the shear
resistance ratio which represent the ratio of shear resistance of wall panel with openings to
that of the blind wall of the equivalent size. The opening coefficient (r) is expressed by the
formula (4). Yasumura and Sugiyama6) conducted the experiment using one-third models
of the wood framed shear wall which had the opening of the window, door and slitting
configurations and approximated the relation between the opening coefficient and the shear
strength ratio. ASTM E727) which used tie rods to prevent the up-lift of end studs were
applied to the racking test.
Although the rocking of the wall panel was restrained by the steel rods in this test method,
some vertical displacements of studs were produced as there were no connection between
the foot of studs and the foundation. This caused in particular the decrease of the shear
stiffness and strength of the wall panel which had a vertically large opening. Therefore,
Yasumura and Sugiyama obtained the following formula by approximating the relation
between the shear resistance ratio (F) and opening coefficient (r) from the experimental
results with wall panels having a single opening of various configuration6).

F

r
3  2r

(5)

This formula is related to the shear resistance ratio at 1/100rad shear deformation and the
ultimate load. Moreover, Sugiyama continued this research with long walls with multiple
openings and proposed the following formula for the shear deformation of 1/300rad. and
1/100 – 1/60 rad., respectively8).
7

F

3r
（at H/300 displacement）
8  5r

(6)

F

r
2r

(7)

( at H/100 and H/60 displacement)

5.4.2 Varidation

Fig.7 shows the relation between the calculated shear resistance ratio (F) and the opening
coefficient (r) for the opening wall panel with the full vertical restraints of studs. It shows
that the shear resistance ratio has very good correlation with the opening coefficient, and it
is possible to design the shear strength of wall panel with an opening from the shear
strength of shear wall without opening which has the same length and height as the
opening wall panel multiplied by the opening coefficient (r) obtained from the formula (4).
Fig. 7 also shows the relation between the calculated shear resistance ratio (F) and the
opening coefficient (r) for the opening wall panel with the partial vertical restraints of
studs. It shows that the shear resistance ratio of opening wall panel whose studs beside the

Fig. 7 Relation between Shear resistance ratio and Opening coefficient and in FH(left)
PH(right).
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opening are not connected to the foundation or horizontal members shows slightly inferior
values than the opening coefficient, and superior to the curves defined by Sugiyama's
approximation. This result indicates that it is possible to design the racking resistance of
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opening wall panel whose studs beside the opening are not connected to the foundation or
horizontal members from the shear strength of shear wall without opening which has the
same length and height as the opening wall panel by multiplying the racking resistance
ratio defined by the formula (7).

5.5 Shear resistance and tensile forces of end studs
Fig. 8 shows the maximum lateral forces and tensile forces at the end stud in function of
the opening coefficient. The maximum forces of the wall panel with full restraints decrease
linearly as the decrease of the opening coefficient in both 3P and 4P walls. The maximum
tensile forces showed almost constant values of 30kN regardless of the wall length and
opening area and configuration. The maximum lateral forces of the wall panel with partial
restraints decreased as the decrease of the opening coefficient following the Sugiyama’s
reduction factor for long wall with multiple openings. The maximum tensile forces
decreased slightly as the increase of the opening coefficient within the range of 29 to
31kN.

6 Design proporsal
It is concluded that the racking resistance of plywood-sheathed shear walls with an
opening can be obtained from the following formula.
Q  F  Q0

(8)

where,
F r
F

r
2r

r

1
1 

(Full vertical restraints of studs)

(9)

(Partial vertical restraints of studs)

(10)

; 

a b
LH

; 

l

i

L

Q: racking resistance of wall with an opening, Q0: racking resistance without openings
which has the same size with the opening wall, a, h: length and height of an opening, L, H:
length and height of a wall panel, li : length of side wall.

7 Conclusion
The following conclusions are derived from the racking tests of plywood-sheathed woodframed shear walls and the Finite Element analysis.
Racking resistance of shear wall with an opening and full vertical restraints can be
estimated from that of the shear wall of the same size without openings by multiplying
the reduction factor defined by the formula (9) .
2) Restraints of studs (e.g. hold-down connections) beside the opening can be removed if
the shear wall has an opening of window or door configuration with small walls above
and/or below the opening and the end studs of the wall are connected tightly to the
foundation and horizontal member above or below the shear wall.
3) Racking resistance of shear wall having an opening and partial vertical restraints (in
which vertical restraints beside an opening are removed) can be estimated from that of
the shear wall of the same size without openings by multiplying the reduction factor
defined by the formula (10) .
1)
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4) It is important to consider the loading beam stiffness and the vertical compressive load
over the wall if the wall has an opening and the studs beside the opening are not
connected to the foundation or horizontal members, while these incidents do not affect
on the mechanical properties of shear walls if the studs are fully connected to the
foundation and horizontal members.
5) Maximum tensile forces of the end stud of the wall with full restraints showed almost
constant values of 30kN regardless of the wall length, opening area and configuration.
That of the wall with partial restraints decreased slightly as the increase of the opening
coefficient within the range of 29 to 31kN.
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Presented by P Schädle
A Ceccotti: Congratulations for nice work. H Blass should ask TC250 for a new proposal for
timber construction for EC 8.
A Jorissen: Is it possible to have a uniform test method for timber elements? P Schädle: Yes,
two tests are needed – connector and entire wall.
A Palermo: One should not refer to 1st cycle, only to 2nd and 3rd because of strength
degradation. Were simulated earthquakes reflecting the requirements of EC 8? P Schädle:
Yes.
A Palermo: Why use force-based analysis? P Schädle - test standard in Germany is still force
based.
M Fragiacomo: were tests performed with wall components? P Schädle: No, with entire shear
walls.

Influence of different standards on the determination of earthquake properties of timber shear wall
systems
Patrick Schädle, Hans Joachim Blaß
Timber structures and building construction
Karlsruhe Institute of Technology, Germany

1 Introduction
Shear wall tests on two modern timber construction systems were carried out by Karlsruhe
Institute of Technology (KIT). Regarding test results such as stiffness, horizontal loadcarrying capacity, hysteresis shape and hysteresis equivalent viscous damping ratio, all
results are similar to or even better than the well-known timber frame system. This means
that both systems should also be suitable for the use in seismic active areas.
Innovative systems usually do not fit into the design concepts according to Eurocode 8
(EC8, [1]), thus their behaviour factor cannot be found there. The only approach to classify
systems into a ductility class specified in EC8 is the declaration of a static ductility. This is
insufficient because important characteristics like the energy dissipation and the boundary
conditions of the tests are not taken into account. Since no uniform standard for the determination of seismic properties of timber construction systems exists, several problems are
identified.
Following from the insufficient static-ductility-approach, the ductility classes for the systems would be too conservative. Thus the evaluation of the behaviour factor q for the
tested systems was carried out using a numerical simulation, taking into account the essential properties of the system considered. Difficulties when determining q are described in
this paper since several standards influence the value of the behaviour factor. A possible
solution of this problem is proposed.

2 Experimental study of shear wall systems
Most of today’s timber residential houses are timber frame constructions. A great multitude of studies concerning almost any aspect of construction with timber frame systems
exists. New ideas regarding building physics or simple assembling and finishing timber
construction systems led to innovative constructions. In some cases (X-lam), manufacturing progress led to a general possibility of using innovative materials. The systems studied
and several tests carried out with these are presented in the following.

2.1 X-Lam massive panel system
The X-lam massive panel system is made up of cross-laminated timber panels of 0.625 m x
2.5 m (length x height) with different thicknesses. Crosswise lamination of sawn timber
members results in a closed load bearing layer on the outer panel side, an open grid on the
inner side can be used for installation (Fig. 1 a)). To produce an entire wall, the panels are
mounted between associated top and bottom rails. The outermost vertical boards of each
panel are omitted to attach the so called shear (or connection) boards. These are attached to
1

both panels with mechanical fasteners
(such as staples, grooved coil-nails or
screws) to transfer shear forces between the panels when the wall is
loaded horizontally.

Connection
board transferring shear
forces

The vertical timber boards of the panels overlap on both, top and bottom
side, where they are connected to the
a)
b)
bottom and top rail with the same fasteners that are used for the shear
boards. Openings for doors and windows are spared in the factory, so preFig. 1 a) Close-up view of the bottom of a
assemblage is possible to a great exsingle X-lam massive panel, b) Panel
tent. Wall sizes are primarily limited
with inner finish plus installation and
by transportation requirements; the
outer insulation
erection of buildings thus is very fast.
Ready made installation channels contribute to low costs and high flexibility for the completion of the interior (Fig. 1 b)).
2.1.1

Joints of X-Lam massive panel system

Looking at a timber framed wall, the dissipative zones are firstly the connections between
the sheathing and the framing as well as the hold-downs. Hence, when investigating the
earthquake behaviour of a timber framed wall, these connections should be considered as it
is stated in EC8: “The properties of dissipative zones should be determined by tests either
on single joints, on whole structures or on parts thereof in accordance with EN 12512 [2]”
and it is also stated that “the dissipative zones shall be located in joints and connections,
whereas the timber members themselves shall be regarded as behaving elastically.”
Looking at the X-Lam massive panel system, it is obvious that the dissipative zones are the
fasteners at the connector boards as well as the connections to the top and bottom rails. To

250

uniform vertical load: 10 kN/m

horizontal load
Top rail 9,0 x 25 cm

Connection Boards,
2.0 x 225 x 10 cm each
Attached with
- Staples
- Profiled Nails

2250

2615

4 Elements,
9.0 x 225 x 62.5 cm each

115

2 BMF hold-downs both sides
32 profiled nails 4 x 60 mm each
Bolt 16 mm in foundation

625

625

625

625

2500

Fig. 2 Tension-Compression-Test for the X-Lam massive panel system using 5 connectors
(left), Shear wall test specimen for X-Lam massive panel system (right)
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gain information on the cyclic behaviour of the described joints, a test setup as shown in
Fig. 2 (left) was chosen. This tension-compression test represents the geometry of the
panel and the connector boards. Lateral supports to avoid bending and buckling of the
specimen are not shown in Fig. 2 (left) but were used during the tests. A number of 2,5 and
10 connectors in a row were chosen for the tests to consider potential splitting effects as
well as to gain calibration data for numerical models.
2.1.2

Shear wall tests on X-Lam massive panel system

A test specimen of a X-Lam massive panel shear wall can be seen in Fig. 2 (right). A total
of 25 shear wall tests with the X-Lam massive panel system was carried out, however only
cyclic tests with staples and grooved nails are shown in Table 1, since the application of
screws is very time-consuming and hence not practicable. The numerous mechanical fasteners in combination with the stiffness of the X-lam panels promised favourable results
when subjected to cyclic loading. During the tests the use of 1.83 x 64 mm staples showed
to be most efficient for the quick erection of the panels, 2.8 x 65 mm grooved nails were
used as an alternative.
The behaviour under cyclic loading is strongly affected by the fastener type. While staples
showed pronounced ductile behaviour in all tests, nails tended to break apart at multiple
repeated cycles. Softwood boards can be used when only minor horizontal loads, thus low
shear forces have to be transferred by the connection boards. To avoid splitting caused by
the alignment of fasteners, plywood panels were used. Due to the fact that realistic boundary conditions are
Table 1 Shear wall test matrix for X-Lam massive panel system
postulated in the
standard used for
Connector
Connector
No. Description
Connectors
Hold-downs the
testing
Boards
spacing
(ISO/CD
21581
1 ZYK_0_3 Softwood
Staples 1,53 x 55
a1 = 40 mm
2 KR
[3],
based
on
[4]),
2 ZYK_0_4 Softwood
Staples 1,53 x 55
a1 = 50 mm
2 KR
3 ZYK_0_5 Softwood Grooved Nails 2,8 x 65 a1 = 60 mm
2 KR
commercially
4 ZYK_10_4 Softwood
Staples 1,53 x 55
a1 = 50 mm
2 KR
available
hold5 ZYK_10_5 Softwood Grooved Nails 2,8 x 65 a1 = 60 mm
2 KR
downs, which were
6 ZYK_10_6 Plywood
Staples 1,83 x 63,5 a1 = 50 mm 2 x HTT 22
connected to the
7 ZYK_10_8 Plywood
Staples 1,83 x 63,5 a1 = 50 mm 2 x HTT 22
8 ZYK_10_12 Plywood
Staples 1,83 x 63,5 a1 = 50 mm 2 x HTT 22 panels by ringed9 ZYK_10_9 Plywood Grooved Nails 2,8 x 65 a1 = 50 mm 2 x HTT 22 shank nails, were
10 ZYK_10_10 Plywood Grooved Nails 2,8 x 65 a1 = 50 mm 2 x HTT 22 used. According to
11 ZYK_10_11 Plywood Grooved Nails 2,8 x 65 a1 = 50 mm 2 x HTT 22 the
high loadcarrying capacity
of the wall, two hold-downs on either side of the wall had to be employed in the cyclic
tests.
2.1.3

Outcomes: Comparison between cyclic tests on joints and shear wall tests

Comparing the hysteresis shape for the joints tests and for the shear wall tests (Fig. 3), significant differences are observed. Pinching is more pronounced in the joint tests while the
slope of the pinched part tends towards zero. The unloading part of the curve is nearly vertical in the joint tests, with the hysteresis equivalent damping being high in the first cycles
and getting lower in the following cycles (Fig. 4 (top)). The contrary is observed in the
shear wall tests: Exhibiting lower damping ratios in the first cycles, and increasing in the
following (Fig. 4 (bottom). It is obvious that the hysteresis shape and also equivalent
damping for a connection cannot be used to assess the hysteresis obtained in shear wall
tests.
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Fig. 3 Comparison of hysteresis of X-Lam massive panel system. Hysteresis of joint test
with 5 staples (top), hysteresis of shear wall test with staples (bottom)
The described effect is getting even more pronounced when testing other connectors in e.g.
brittle materials like gypsum wall boards.

2.2 Prefabricated timber wall elements (PFTE)
Prefabricated Timber Wall Elements (PFTE) represents a simple, easy to handle and sustainable construction system. The brick-like elements can be easily transported to the
building site and are easy to handle due to their low weight. In its basic dimensions the
“wooden brick” measures 1,0 m x 0,5 m (length x height) with different thicknesses. (Fig.
5). The wood columns are connected by dove tails to the (inner) chipboard layers. The
overlapping of columns and sheathing provides initial stability. The hollow spaces between
the columns are used for insulation or installation.
When erecting a wall with PFTE, the layers are simply laid by stacking the wooden
“bricks”, where the offset of the outer layers and the offset of the studs of lower and upper
elements slide into the next one (Fig. 5). When the planned wall height is reached, a continuous vertical stud is inserted from the top at least every 3 m of wall length. After finish4
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Fig. 4 Hysteresis equivalent viscous damping ratio for X-Lam joints tests (staples)(top), for
X-Lam massive panel shear walls connected with staples (bottom)
ing erection, the overlapping parts of the sheathing are connected on the inner side of the
building by staples to create a continuous shear wall. The system and several outcomes
were already presented in [5].

2.3 Other novel systems and “conventional” timber framed walls
Several other novel systems were developed recently, probably best-known is the “pure”
X-lam system, which in an excellent manner uses the advantages of timber construction:
Cross-wise lamination nearly prevents swelling and shrinking, the amount of massive timber leads to excellent load-carrying capacities and good climate properties. When building
in seismic active regions, dissipative zones can be designed by cutting the X-lam and to
reconnect the elements using mechanical fasteners.
Several advantages are offered by conventional timber frame constructions. Flexibility in
construction is also given as well as good building physics and sustainability. When sub5
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vertical stud,
2 Screws 6x90mm
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jected to seismic loads,
the behaviour of timber
frame construction is
favourable. Three tests
on timber framed shear
walls were performed at
Karlsruhe and were presented in [5].
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Fig. 5 PFTE (left), Shear wall specimen (right)

3 Determination of earthquake properties of timber systems
3.1 EC8 approach
In terms of using the investigated systems in seismic active areas, EC8, the European code
for the design of structures for earthquake resistance, provides some guidance. Apart from
the general rules for the design of buildings for seismic active zones, specific rules for timber buildings are given.
EC8 includes 3 design concepts where “Depending on their ductile behaviour and energy
dissipation (*) capacity, under seismic actions, timber buildings shall be assigned to one of
the three ductility classes L, M or H as given in Table 2, where the corresponding upper
limit values of the behaviour factors are also given”.
It is obvious that Table 2 does (and maybe cannot and should not) cover all systems. The
question when using an unlisted system is which ductility class applies to the construction
system. Therefore EC 8 states that “In order to ensure that the given values of the behaviour factor may be used, the dissipative zones shall be able to deform plastically for at least
three fully reversed cycles at a static ductility ratio of 4 for ductility class M structures and
a static ductility ratio of 6 for ductility class H structures without more than a 20% reduction of their resistance.” Notice that the specification of a static ductility does not take into
account the energy dissipation of the system as it was requested before (*).
Table 2 Design concept, Structural types and upper limit values of the behaviour factors
for the three ductility classes according to EC8
Design concept and
ductility class
Low capacity to dissipate energy - DCL
Medium capacity to
dissipate energy DCM
High capacity to dissipate energy - DCH

q

Examples of structures

1,5

Cantilevers; Beams; Arches with two or three pinned joints; Trusses
joined with connectors
Glued wall panels with glued diaphragms, connected with nails and
bolts; […]; Mixed structures consisting of timber framing (resisting the
horizontal forces) and non-load-bearing infill
Hyperstatic portal frames with doweled and bolted joints
Nailed wall panels with glued diaphragms, connected with nails and
bolts; Trusses with nailed joints
Hyperstatic portal frames with doweled and bolted joints
Nailed wall panels with nailed diaphragms, connected with nails and
bolts

2
2,5
3
4
5

6

3.2 Cross-reference to EN 12512 – lack of shear wall test standard
As stated in 2.1.1, “Dissipative zones shall be located in joints and connections […]”, and
should be tested according to EN 12512 [2]. The tests described in 2.1.1 are used to determine if the ductility ratio required in EC8 can be fulfilled and if DCH can be reached with
the systems. In the EC8 definitions, the static ductility is defined as the “ratio between the
ultimate deformation and the deformation at the end of elastic behaviour evaluated in
quasi-static cyclic tests.”
Consequently, the definition of the ductility ratio is very important. Discussions on how to
determine “the deformation at the end of the elastic behaviour” – the yield displacement –
are ongoing. Four well-known procedures are 1) the 1/6 method according to EN 12512
(CEN Method), 2) the equivalent energy elastic-plastic method (EEEP), 3) the 0,5*FmaxMethod and 4) the 10-40-90-Method. A detailed description of the methods can be found
in [6].
9.0
TFC

X-Lam

PFTE

8.0

static ductility

7.0
6.0
5.0
Mean Value TFC; 4.5
4.0
3.0

Mean Value PFTE; 4.0
Mean Value X-Lam; 3.0

2.0
1.0
0.0
CEN

EEEP

0.5 Fmax

10-40-90

Fig. 6 Static ductility ratio of three different shear wall systems using four different
methods of determination
This paper is not intended to contribute to any yield-displacement-discussion, however
since the CEN method is specified in EC8 it is interesting to compare the static ductility
using different methods. As can be seen in Fig. 6, the mean values for PFTE and X-Lam
system using CEN method do not match a static ductility ratio of 4 what means that both
systems have to be classified into DCL. Timber frame construction does “only” match
DCM, certainly the test basis for the calculation (having three tests only) is weak. As it
was proven in the past, nearly all kinds of timber buildings can resist strong earthquake
actions, hence the investigated systems should also show better performance. Fig. 6 shows
that the declaration of static ductility according to EC8 plus using the CEN method leads
to (very) conservative results.
At this point it is important to state that the boundary conditions (BC) applied in all
Karlsruhe tests correspond to “Shear cantilever mechanism” as described in [7] and [1].
Because of the lightweight structure of such buildings, rotation of the wall is possible. This
BC is regarded as the conservative one, meaning that using other BC’s may lead to significantly higher values for the static ductility. Until today no uniform standard for the monotonic and cyclic testing of shear wall specimen exists. Since the importance of proper
earthquake design is obvious especially in southern Europe, a uniform test standard is
needed. The proposal of the authors again is to use ISO/CD 21581 [3], which combines in
7

a great manner the freedom of engineering as well as it
is regulative in the right way. One possible addition
would be the definition of a standard vertical load.
Common tests carried out at Karlsruhe use a “standard”
upload of 10 kN/m, which is considered comparatively
small.

3.3 Possible interpretation of test results
Due to the problematic interpretation of the hysteresis
Fig. 7 Two-dimensional model equivalent viscous damping (HED), as shown in (Fig. 4)
it is suggested to determine HED for each cycle and add
it to the hysteresis envelope data. According to ISO/CD 21581, the maximum displacement (umax) gained in a monotonic test is used to calculate the amplitudes of the cyclic test
protocol. As can be seen in Table 3, the HED at 100% of umax gives useful information
about the behaviour what is later verified when calculating the q-value.
Taking into account system properties e.g. in a standardized simulation, it has to be assured that the test data is sufficient and consistent as much as possible. This, again, can
only be reached using a test method which is appropriate for shear wall testing such as [3].

4 Evaluating the q-value of investigated timber systems
The evaluation of the behaviour factor q for all systems is carried out with a model of a
sample house reduced to a two-dimensional frame as shown in Fig. 7. The ratio of design
ground acceleration to scaled ground acceleration at “near collapse” status equals the behaviour factor q. The essential properties
Table 3 HED of investigated systems. Values of the system (ductility and energy dissidetermined at 100% of umax
pation) are taken into account in the simulation. The hysteretic behaviour of the
Hysteresis
Hysteresis
equivalent vis- equivalent vis- shear walls was modelled with DRAINcous damping 1st cous damping 2nd 2DX [8] using the Florence pinching hyscycle
and 3rd cycle
teresis model [9]. This procedure is described in [10], [11], [12]. The behaviour
X-lam, staples 9.6% - 13.4%
8.4% - 10.9%
factors q for a XLAM building in [10]
X-lam, nails
9.6% - 12.7%
9.3% - 11.9%
were calculated numerically with a model
PFTE
13.9% - 15.7%
14.1% - 14.8%
calibration solely based on the hysteresis
Timber frame 10.9% - 12.9%
7.9% - 9.2%
shape gained from cyclic testing. ComparEd
Hysteresis equivalent damping νed =
ing the numerical data with the results of
2π ⋅ E p
the shake table tests, the excellent quality
where Ed = Dissipated Energy, Ep = Potential Energy
of the model can be seen.
To calculate the behaviour factor q, the model will be designed for a certain ground
acceleration using force based design methods according to EC8 [1]. Thereafter the
structure will be excited in each case by ten natural as well as ten artificial earthquakes and
the response of the system will be calculated. The division of the ground acceleration
reached in the simulation and the calculated one represents the behaviour factor q, where
PGAu,eff is the maximal ground acceleration at “near-collapse“ status and PGAu,code is the
maximal ground acceleration given in the correspondent code. The “near-collapse” status
was taken to be 2,5% of storey height (≈ 65 mm), which was reached in all tests. No values
were calculated for timber frame construction system since a data basis of 3 tests is insufficient.
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When subjected to cyclic loads the systems showed favourable characteristics and a large
amount of energy dissipation (see Table 3). The q-values for the PFTE- System only in
three cases are lower than q = 4, while the 5 %-fractile is 3.7 (Table 4). In the chosen configuration the maximum interstorey drift is always reached in the first storey. Regarding
the first floor of a three-storey building, the assumption of an upload of 10 kN/m is again
conservative, since first floor walls usually have higher vertical loads. Because of the
higher amount of energy dissipation when subjected to higher vertical loads a value of q =
4.0 was recommended for the PFTE-system. The q-value for the X-lam massive panel system never falls below a value of q = 3 while the 5%-fractile is 3.3. Therefore a value of
q = 3.0 is recommended for the X-lam massive panel system. Choosing a multiplicity of 20
earthquakes, the statement of q with the 5%-Fractile is once more conservative. Stating q
with the average value would also be possible, however then more importance should be
attached to reliability analysis, which was not considered in this paper.
Comparing the q-values from Table 4 to the hysteresis equivalent damping in Table 3, one
can see that the hysteresis equivalent viscous damping gives valuable information about
the q-values derived with the numerical simulation.

5 Discussion
The research on two innovative timber construction systems is presented in this paper.
Both systems as well as the established timber construction system have been tested under
reversed-cyclic loading and showed a good performance. Since the behaviour of the systems can be classified similar to the well-known timber frame system, this means that they
are well suitable
Table 4 Calculated q-values for the different systems
for the use in
seismic
prone
X-lam
PFTE
X-lam
Earthquake
PGAu,code PFTE
PGAu,eff
q-value
q-value
PGAu,eff
areas.
natural earthquakes 0.35
artificial earthquakes 0.35

1.29 to 3,77 1.10 to 3.38
1.16 to 1.58 1.15 to 1.55
average value
5% fractile
=> suggested q-value

3.7 to 10.8
3.3 to 4.5
5.1
3.7
4.0

3.1 to 9.7
3.3 to 4.8
4.7
3.3
3.0

The classification of the earthPGA u,eff
q=
quake properties
PGA u,code
of the systems
using
current
European standards is not ideal at the moment since there is a major lack of information in
EC8. The first step to correct this would be the establishment of a uniform standard for
shear wall testing like ISO/CD 21581. Thereafter, rules for the interpretation of test results
like the hysteresis equivalent viscous damping or static ductility should be more precise,
and it should be stated that extended methods like a numerical simulation may be used to
evaluate the behaviour factor q. The numerical simulation is more precise than the declaration of a static ductility as given in EC8 because the energy dissipation of the structure is
taken into account. Comparison of different parameters suggests that the assumptions in
EC8 are conservative.
Using a numerical simulation, the properties of the systems subjected to earthquake loading were reproduced and the behaviour factor q was calculated. Market opportunities for
the systems can be seized quicker using these investigations. Based on few and common
tests on shear walls an essential statement regarding the behaviour of the system can be
given. Complex testing can be omitted. Looking at innovative timber systems, design fundamentals can be given in a short time.
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The q-values are verified through the conservative testing on which the model is calibrated. The calculation is carried out using 20 accelerograms. Using this multiplicity of
accelerograms, the calculated value has a broad basis. The chosen methodology may be
widened to a 3d-Model [10] if needed. Torsion effects and other details can be taken into
account. Further reliability analysis is not yet considered in this paper.
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L Daziel: Are the forces measured in the opening where the strap is loaded in compression
only? T Skaggs: No. sometimes in tension and also shear as well. It is also a cycle test. When
in compression, the straps are not mobilized.
R Crocetti: Are straps only on one side (outside)? T Skaggs: Yes, only on the outside
P Schädle: Testing method. How much time does it take for the entire test? T Skaggs: from 2
sec – 2 mins. At slow rate, strap forces are a bit less but this is not due to rate.
G Beattie: Modelling wood and earthquake. I recommend the fast loading.
L Daziel: was there any difference in strap forces for different opening size? T Skaggs: this
effect has not been analyzed yet. It will be available in the future.
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Frank Lam
University of British Columbia, Canada
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Abstract
Wood structural panel sheathed shear walls and diaphragms are the primary lateral-loadresisting elements in wood-frame construction. The historical performance of light-frame
structures in North America are very good due, in part, to model building codes that are
designed to preserve life safety, as well as the inherent redundancy of wood-frame
construction using wood structural panel shear walls and diaphragms. As wood-frame
construction is continuously evolving, designers in many parts of North America are
optimizing design solutions that require the understanding of force transfer between loadresisting elements.
The North American building codes provide three solutions to walls with openings. The
first solution is to ignore the contribution of the wall segments above and below openings
and only consider the full height segments in resisting forces, often referred to as
segmented shear wall method. The second approach, which is to account for the effects of
openings in the walls using an empirical reduction factor, is known as the “perforated shear
wall method”. The final method, which has a long history of practical use with
surprisingly little research and testing, is the “force transfer around openings method”.
This method is accepted as simply following “rational analysis”. Typically walls that are
designed for force transfer around openings result in the walls being reinforced with nails,
straps and blocking in the portions of the walls with openings. The authors are aware of at
least three techniques which fall under the definition of rational analysis. These techniques
result in prediction of the internal forces in the walls as differing by as much as 800% in
extreme cases. This variation in predicted forces is resulting in either some structures
being over-built or some structures being less reliable than the intended performance
objective.
A joint research project of APA – The Engineered Wood Association, the University of
British Columbia (UBC), and the USDA Forest Products Laboratory (FPL) was initiated in
2009 to examine the variations of walls with code-allowable openings. This study
examines the internal forces generated during these tests and evaluates the effects of size of
openings, size of full-height piers, and different construction techniques by using the
segmented method, the perforated shear wall method and the force transfer around
openings method. Full-scale wall tests as well as analytical modelling were performed.
The research results obtained from this study will be used to support design methodologies
in estimating the forces around the openings. This paper provides test results from 2.4 m x
3.6 m (8 feet x 12 feet) full-scale wall configurations, which will be used in conjunction
with the analytical results from a computer model developed by UBC to develop rational
design methodologies for adoption in the U.S. design codes and standards.
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1. Introduction
The North American building codes provide three solutions to walls with openings. The
first solution is to ignore the contribution of the wall segments above and below openings
and only consider the full height segments in resisting forces, often referred to as
segmented shear wall method. The second approach, which is to account for the effects of
openings in the walls using an empirical reduction factor, is known as the “perforated shear
wall method”. The final method, which has a long history of practical use with
surprisingly little research and testing, is the “force transfer around openings method”.
This method is accepted as simply following “rational analysis”. Typically walls that are
designed for force transfer around openings result in the walls being reinforced with nails,
straps and blocking in the portions of the walls with openings. The authors are aware of at
least three techniques which fall under the definition of rational analysis. The “drag strut”
technique is a relatively simple rational analysis which treats the segments above and
below the openings as “drag struts”. This analogy assumes that the shear loads in the full
height segments are collected and concentrated into the sheathed segments above and
below the openings. The second simple technique is referred to as “cantilever beam”. This
technique treats the forces in the openings as a series of moment couples, which are
sensitive to the height of the sheathed area above and below the openings. A graphical
representation of these two techniques are given in Figure 1, the mathematical
development of these two techniques is presented in Martin (2005).
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Figure 1. Representation of the drag strut technique (left), and the cantilever beam
technique (right) for estimating forces around wall openings (Martin, 2005)
Finally, the more rigorous mathematical technique is typically credited to a California
structural engineer, Edward Diekmann and well documented by Breyer et al. (2007). This
technique assumes that the wall behaves as a monolith, and internal forces are resolved by
creating a series of free body diagrams as illustrated in Figure 2. This is a common
technique used by many west coast engineers in North America; however, it can become
tedious for realistic walls that include multiple openings.
Of the three common techniques, the predicted internal forces can vary significantly, based
on wall geometry. In extreme cases discussed below, the differences in the predicted
internal forces may vary by 800%. The purpose of this research is to provide tangible data
for comparison and perhaps improvement to the rational analysis methods.
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Figure 2. Representation of the Diekmann technique (1998) and drawings from Breyer et
al. (2007). Global free body diaphragm of wall with openings (left), beam
behaviour of various sheathed areas (center) and, horizontal and vertical cuts
for establishing internal shears (right, 1 lbf = 4.45 N)

2. Test Plan
In an effort to collect internal forces around openings of loaded walls, a series of twelve
walls were tested, Figure 3. This series was based on North American code permitted
walls, nailed with 10d common nails (3.68 mm diameter by 76 mm long) at a nail spacing
of 51 mm. The sheathing used in all cases was 12 mm (15/32-inch nominal) oriented
strand board (OSB) APA STR I Rated Sheathing. All walls were 3.66 m long and 2.44 m
tall. Wall 1 was based on the narrowest segmented wall (height-to-width ratio of 3.5:1)
permitted by the code, with overturning restraint (hold-downs) on each end of the full
height segments. The window opening of Wall 1 is common to many of the walls in this
plan, at 0.91 m. Walls 2 and 3 are based on the perforated shear wall method, C o = 0.93.
Hold-downs are located on the ends of the wall and no special detailing, other than
compression blocking for Wall 3, were built into the walls. Wall 4 is a force transfer
around openings wall which has identical geometry to Walls 1, 2 and 3, and is to compare
the various methods for designing walls with openings.
Wall 5 has the same width of piers as the first four walls; however, the opening size was
increased to 1.52 m. Wall 6 was common to Wall 4, with the exception that the typical 1.2
x 2.4 m sheathing was “wrapped around” the wall opening in “C” shaped pieces. This
framing technique is commonly used in North America. It is considerably more time
efficient to sheath over openings, and remove the sheathing in the openings area via hand
saw or router. Wall 7 is a segmented wall with height-to-width ratio of the full height
segments to 2:1. Wall 8 is a match to Wall 7 but designed as a force transfer around
openings wall. The window in Wall 9 is increased from 0.91 m to 1.53 m.
Walls 10 and 11 are very narrow wall segments, for use in large openings such as garage
fronts. The two walls are designed with openings on either side of pier, and only on wall
boundary, respectively. Finally, Wall 12 is an examination of a wall with two asymmetric
openings.
Each tested wall was subjected to a cyclic loading protocol following ASTM E 2126,
Method C, CUREE Basic Loading Protocol. The reference deformation, Δ, was set as 61.1
mm. The term α was 0.5, resulting in maximum displacements applied to the wall of +/122 mm. The displacement-based protocol was applied to the wall at 0.5 Hz, with the
exception of Wall 8b, which was loaded at 0.05 Hz.
For walls detailed as force transfer around openings, two hold downs in line (facing seatto-seat) were fastened through the sheathing and into the flat blocking (See Figure 3, Wall
4 and Figure 5 illustrating this detail). The hold-downs were intended to simulate the more
typical detailed flat strapping around openings. The hold-downs were connected via a
calibrated tension bolt for measuring tension forces.
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3.66m.

Wall 2

0.69m.

0.69m.

0.91m.

Objective:
Est. baseline case for
3.5:1 segmented wall

Wall 3

2.44m.

Nail sheathing to blocking
same as edge nail spacing

Objective:
No FTAO, compare to
Wall 1 and 2. Examine
effect of compression
blocking.

Objective:
No FTAO, compare to Wall 1.
Co = 0.93. Examine effect of
sheathing above and below
opening w/ no FTAO. Hold
down removed.

Wall 4
Objective:
FTAO, compare to Wall 1.
Examine effect of straps

2x flatwise
blocking

Wall is symmetric,
sheathing and force transfer
load measurement on right
pier not shown for clarity

Wall is symmetric,
sheathing on right pier
not shown for clarity

Wall 5

Wall 6

Objective:
FTAO, compare to Wall
4. Examine effect of
straps with larger
opening

Objective:
Compare to Wall 4. Examine
effect of sheathing around
opening

Wall is symmetric,
sheathing and force
transfer load
measurement on right
pier not shown for clarity

1.52m.

2x flatwise
blocking

2x flatwise
blocking

Wall is symmetric,
sheathing and force
transfer load
measurement on right
pier not shown for clarity

2'-0"

Wall 7
Objective:
Est. baseline case for 2:1
segmented wall

2x flatwise
blocking

Wall 8
3.66m.
1.22m.

1.22m.

Objective:
Compare FTAO to Wall 7
Wall is symmetric,
sheathing and force
transfer load
measurement on right
pier not shown for clarity

Wall 10

Wall 9

Wall is symmetric,
sheathing and force
transfer load
measurement on right pier
not shown for clarity

0.61m.
Objective:
FTAO for 3.5:1 Aspect ratio
pier wall. No sheathing below
opening. Two hold downs on
pier (fixed case)

1.52m.

Objective:
Compare FTAO to Wall 7
and 8. Collect FTAO data
for wall with larger
opening

2x flatwise
blocking

Wall is symmetric, sheathing
and force transfer load
measurement on right pier not
shown for clarity

Figure 3. Test schematics for various force transfer around openings assemblies
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0.61m.

2.13m.

Wall1

Wall 11

Wall 12

Objective:
FTAO for 3.5:1 Aspect
ratio pier wall. No
sheathing below
opening. One hold
downs on pier (pinned
case)

0.46m.

1.22m.

0.61m.

0.61m.

0.76m.

1.22m.

Objective:
FTAO for asymmetric
multiple pier wall.

Wall is symmetric,
sheathing and force
transfer load
measurement on right pier
not shown for clarity

Figure 3 (continued). Test schematics for various force transfer around openings
assemblies

3. Results
3.1 Global Response
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Figure 4 are hysteric plots of the applied load versus the displacement of the walls. The
response curves are representative for all walls tested. One can observe the relatively
increased stiffness of perforated shear walls (Wall 2) versus the segmented walls (Wall 1);
however, also note the relatively brittle nature of the perforated walls. As one might
expect, the walls detailed for force transfer around openings (Wall 4d and 5d)
demonstrated both increased stiffness and strength over the segmented walls. In addition,
the response of the walls was related to opening sizes, with the larger openings resulting in
both lower stiffness and lower strength.
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Figure 4. Hysteretic behaviour of various walls, typical of the cyclic tests
Table 1 represents the maximum loads resisted by the various walls and calculated load
factors. The expected wall capacity is based on the code listed allowable stress unit shear
multiplied by the length of the wall. For the perforated shear walls, a further factor of C o
was included.
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Table 1. Global response of tested walls
Effective
ASD
Maximum Applied Load to Wall
ASD Unit
Wall
Wall
Load
Shear (1), v
Length (2)
Capacity (3)
negative
positive
average
Factor(4)
(kN/m)
(m)
(kN)
(kN)
(kN)
(kN)
Wall 1a
12.7
1.37
17.4
-23.9
24.4
24.1
1.4
Wall 1b
12.7
1.37
17.4
-25.7
26.3
26.0
1.5
Wall 2a
12.7
1.37
16.2
-33.3
31.6
32.5
2.0
Wall 3a
12.7
1.37
16.2
-43.2
49.1
46.1
2.9
Wall 4a
12.7
1.37
17.4
-62.7
70.2
66.4
3.8
Wall 4d
12.7
1.37
17.4
-70.4
66.0
68.2
3.9
Wall 5d
12.7
1.37
17.4
-49.1
54.9
52.0
3.0
Wall 6a
12.7
1.37
17.4
-47.1
59.2
53.1
3.1
Wall 7a
12.7
2.44
31.0
-54.7
56.8
55.8
1.8
Wall 8a
12.7
2.44
31.0
-66.3
70.6
68.5
2.2
Wall 8b (5)
12.7
2.44
31.0
-66.0
72.1
69.0
2.2
Wall 9a
12.7
2.44
31.0
-66.2
69.4
67.8
2.2
Wall 10a
12.7
1.22
15.5
-31.2
35.3
33.2
2.1
Wall 11a
12.7
1.22
15.5
-29.5
28.1
28.8
1.9
Wall 12a
12.7
1.83
23.2
-76.0
66.7
71.3
3.1
(1)
Typical U.S. tabulated values are based on allowable stress design (ASD) unit shear.
(2)
Based on sum of the lengths of the full height segments of the wall.
(3)
The shear capacity of the wall, V, is the sum of the full height segments times the unit shear capacity.
For “perforated shear walls” (Walls 2 & 3), this capacity was multiplied by Co = 0.93.
(4)
Wall capacity divided by the average load applied to the wall.
(5)
Loading time increased by 10x.
Wall
ID

In general, the segmented walls (Wall 1 and Wall 7) resulted in the lowest load factors of
the walls tested. The perforated shear wall (Wall 2) also performed at a lower level than
the walls specifically detailed with force transfer around openings. Surprisingly, the
compression blocking with no straps (Wall 3a) resulted in a significantly improved
performance over Wall 2. Another general observation is that the larger the wall opening,
the lower the load factors. The wall global behaviour seemed to be insensitive to the
different loading rate (Walls 8a and 8b). Finally, for walls with typical window openings
with sheathing both above and below openings, the walls with the narrowest piers (heightto-width ratios of 3-1/2:1) based on minimum pier width in North American codes, resulted
in higher load factors than walls with full width piers (height-to-width ratio of 2:1).

3.2 Local Response
The internal forces around openings were measured with calibrated tension bolts, as
discussed in the test plan above. Although data is not presented in this paper, the tension
forces in the hold-downs were also collected. Figure 5 illustrates the notation of the force
gages as well as a typical response curve of wall load versus internal force around opening.
The response curves show hysteretic behaviour, which is likely due to cumulative damage
of the wall as well as the orientation of the bolt recording tension forces, which may be
influenced by the differential displacement of the hold-down seats in the vertical direction.
Deflection measurements were taken which could potentially be used to correct the load to
“pure horizontal tension”. However, in the range of the ASD capacity, the internal load
response was relatively linear elastic. Table 2 provides a summary of measured internal
forces at the allowable stress capacity of the walls. Test results on Wall 12 are not
included in this paper due to the need for additional analysis and will be reported in a
future paper.
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Figure 5. Notation of internal force gages (left), and typical response curve (right)

Table 2.

Wall ID

Wall 4a
Wall 4d
Wall 5d
Wall 6a
Wall 8a
Wall 8b (3)
Wall 9a
Wall 10a
Wall 11a
Wall 12a
(1)

(2)

(3)

Internal forces of tested walls at the design capacity (ASD) of the walls as
compared to various predictions of strap forces
Measured Strap
Forces (kN) (1)
Top
Bottom
3.3
6.6
Error (%) (2)
4.2
6.8
Error (%) (2)
7.7
10.5
Error (%) (2)
2.1
2.0
Error (%) (2)
4.4
6.3
Error (%) (2)
3.1
4.4
Error (%) (2)
7.9
8.3
Error (%) (2)
8.2
Error (%) (2)
9.6
Error (%) (2)

Predicted Strap Forced at ASD Capacity (kN)
Drag Strut
Cantilever Beam
Diekmann
Technique
Technique
Technique
Top
Bottom
Top
Bottom
Top/Bottom
5.4
5.4
19.9
12.1
8.7
165%
83%
603%
184%
132%
5.4
5.4
19.9
12.1
8.7
131%
80%
478%
177%
128%
5.4
5.4
27.4
20.6
14.5
71%
52%
355%
197%
139%
5.4
5.4
19.9
12.1
8.7
262%
268%
957%
597%
419%
5.2
5.2
35.4
21.5
8.3
117%
82%
802%
344%
132%
5.2
5.2
35.4
21.5
8.3
167%
116%
1145%
486%
186%
5.2
5.2
35.4
28.1
13.8
65%
62%
449%
340%
166%
5.2
34.8
-41.3
63%
423%
502%
5.2
34.8
-41.3
54%
362%
429%
Further analysis required

Reported strap forces were based on the mean of the “East” and “West” recorded forces at the capacity
of the walls as tabulated in Table 1.
Error based on ratio of predicted forces to mean measured strap forces. For Diekmann method, the
larger of the top and bottom strap forces was used for calculation. Highlighted errors represent underconservative predictions and significant ultra-conservative prediction (arbitrarily assigned as 300%).
Loading time increased by 10x.

As shown in Table 2, the measured strap forces were based in the mean east and west strap
forces for the top of the opening and the bottom of the opening. As demonstrated in Figure
5, the strap forces were symmetric about the y-axis, thus averaging strap forces was
justifiable. Also shown in Table 2 are the predicted strap forces at wall capacity for the
three techniques discussed above. The calculation of these forces is beyond the scope of
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this paper. However, Martin (2005) covers the drag strut and cantilever beam calculations,
and Breyer (2007) covers the Diekmann calculations.
The Diekmann technique assumes symmetric forces at the top and the bottom of the wall;
hence the maximum of the two measured strap forces was used for the error calculation.
Also included in Table 2 is the error, in percent, of the calculated strap forces. There is
shading for predictions that fall below 100% of the observed strap forces, which would be
considered under-conservative. The errors are also shaded when the predictions exceed the
measured forces by three times (300%), which are considered excessively conservative.
Several items may be observed from the test results reported in Table 2. First, in general,
the forces at the bottom of the window openings were higher than the forces at the top of
the window opening in all cases except for Wall 6. The measured strap forces for Wall 6
were the smallest strap forces of any of the walls tested. This is due to the fact that the
forces were transferred through the wrap-around OSB sheathing, thus little demand was
placed on the straps at this low load level. Also, as one would expect, as the openings in
the walls increased, the strap forces increased. In addition, as the width of the full height
pier decreased, the relative magnitude of the strap forces increased. The largest strap
forces, relative to the applied load, were observed for the large garage type openings, Wall
10 and Wall 11. Other observations are that the strap forces are reasonably repeatable
(Walls 4a and 4b, Walls 8a and 8b), and that the strap forces are relatively insensitive to
loading rate (Walls 8a and 8b).
Several observations can also be made about the three methods for predicting strap forces.
First, the drag strut technique, arguably the simplest method for estimating strap forces,
resulted in predicted strap forces that were less than the observed strap forces for nearly
every wall. The cantilever beam technique was, by far, the most conservative method. For
every wall tested, the cantilever beam technique over predicted at least one of the strap
forces by more than 300 percent. It should also be noted that although the cantilever beam
technique decouples the strap forces at the top and the bottom of the window, it always
predicted the strap forces at the top of the wall as higher than the bottom of the wall, which
is based on the underlying assumption of the moment couples, since the height of the
sheathed area above the wall was consistently less than the height of the sheathing below
the opening.
Finally the Diekmann technique provided reasonable predicted results (within 190 percent)
for all walls with the exception of Walls 6, 10, and 11. As discussed above, Wall 6 was an
atypical wall since the sheathing wrapped around the opening, thus the forces were
transferred through the sheathing as opposed to the strap forces. For the large openings, it
is believed that the Diekmann technique was very conservative due to the assumption that
the walls behave as a homogeneous monolith. However, much wood crushing, separation
between ends of header and pier studs and compression between adjacent pieces of OSB
resulted in the observed forces as being significantly less than the predicted strap forces for
all three techniques.

4. Summary and Conclusion
Twelve different wall assemblies were tested to study the effects of openings on both the
global and local response of walls. Several of these assemblies were tested with multiple
replications. The replications showed good agreement between each other, even when test
duration was extended to ten times greater the original duration. In terms of global
response, the segmented wall approach resulted in walls with the lowest load factors (based
on observed global load divided by allowable capacity of the walls), followed by walls
built as perforated shear walls (i.e. no special detailing for forces around openings), and
8

finally the walls specifically detailed for force transfer around openings. In general, as
opening sizes increased, the wall strength and stiffness values were negatively impacted.
An observation that was not expected is that for walls with typical window openings, the
walls with the narrowest piers based on minimum pier width in North American codes,
resulted in higher load factors than walls with full width piers (height-to-width ratio of
2:1).
Of the twelve walls tested, internal forces were collected on eight of the assemblies. For
the walls tested, the measured forces at the bottom of the windows were greater than the
measured forces at the top of the window. Also, as expected, as the window opening
increased and as the pier width decreased, the strap forces increased relative to the global
applied force to the wall. Of these eight assemblies, one can conclude that the drag strut
technique consistently underestimated the strap forces, and the cantilever beam technique
consistently overestimated the strap forces. The Diekmann technique, the most
computationally intensive, provided reasonable strap force predictions for the walls with
window type openings. The Diekmann technique significantly over predicted the strap
forces for large garage type openings.
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Abstract
Wood structural panels, such as plywood and oriented strand board (OSB), have been used
to construct shearwalls with a long history of success. However, most wood panel
shearwalls are designed as lateral load resisting elements and their capability of resisting
uplift forces induced by wind forces has been frequently overlooked. In high wind areas,
such as the Gulf Coast in the U.S., the use of wood structural panel shearwalls to resist
combined shear and uplift forces has gained attention in recent years due to the reduction
in the need for expensive and labor-intensive metal tension straps between studs and the
foundation.
The U.S. building codes and design standards have established provisions for using wood
panel shearwalls to resist combined shear and uplift forces. Unfortunately, the provisions
contained in the U.S. building codes and design standards require a very close spacing, 406
mm (16 in.) on center, for anchor bolts that tie bottom wall plates to the foundation
regardless of the magnitude of the shear and uplift forces. This conservatism was largely
due to the concern over the cross-grain bending failure on the bottom wall plate, which is a
predominant failure mode when subject to combined shear and uplift forces, and the lack
of full-scale wall test data to optimize the anchor bolt spacing as a function of the shear and
uplift forces.
In response to the desire of builders to reduce the costs associated with the unnecessary
close anchor bolt spacings prescribed in the codes and standards, and to promote the
concept of advanced framing of Optimal Value Engineering (OVE) of green building
movement, APA conducted a research with intent to optimize the anchor bolt spacing for
wood panel shearwalls when designed for combined shear and uplift forces. Supported by
the results of 26 full-scale combined shear and uplift tests, the research shows that the
anchor bolt spacing can vary between 406 mm (16 in.) and 1219 mm (48 in.), depending
on the magnitude of the shear and uplift forces. This paper presents the test results from
the research and proposes a change to the design standards.

1. Introduction
Wood structural panels, by definition of the U.S. International Building Code (IBC) [1] and
International Residential Code (IRC) [2], include plywood manufactured in accordance
with Voluntary Product Standard PS1, Structural Plywood [3], and oriented strand boards
(OSB) and plywood manufactured in accordance with Voluntary Product Standard PS2,
Performance Standard for Wood-Based Structural-Use Panels [4]. While most wood
structural panels are specified based on their span rating, the mechanical properties of
wood structural panels have been published by APA – The Engineered Wood Association
in the Panel Design Specification [5]. When used as a lateral force resisting element, wood
structural panels can be designed in accordance with the shearwall design values
established by APA and published in the IBC.
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Most buildings designed for lateral forces induced by wind are usually subjected to
simultaneous wind uplift forces. Shearwalls constructed with wood structural panels have
been used to resist combined shear and wind uplift forces for years in the U.S. For
example, the Southern Building Code Congress International (SBCCI) published SSTD 1099, Standard for Hurricane Resistant Residential Construction [6], which provided not
only the shear resistance, but the wind uplift resistance of wood structural panels. When
wood structural panels are designed to resist combined shear and wind uplift forces, SSTD
10-99 tabulated the wind uplift resistance of wood structural panels with a minimum
thickness of 12 mm (15/32 inch) when used in conjunction with the shear resistance table.
The SSTD 10 wind uplift table was developed based on the principle of engineering
mechanics. It assumes that the nails installed in the shearwall assembly are used primarily
to resist the lateral shear forces. If there are extra nails that exceed the demand for the
lateral shear resistance, they can be used to resist wind uplift forces. The through-thethickness shear and tensile strength of the sheathing are checked, but they typically do not
govern the capacity of the wall. While this principle seems straightforward, a major
concern in this application is the possible cross-grain bending of the bottom wall plates due
to the non-concentric uplift forces acting on one face of the wall. This cross-grain bending
can split the bottom plate, usually 2x4 lumber, and the design value for this property is
unavailable in the code. Therefore, a practical solution to avoid this failure mode is to
specify anchor bolts at a tight spacing with large plate washers that are thick and wide
enough to hold the bottom plates in place without inducing splitting.
Due to the merger of three regional U.S. model building codes into the IBC in 2000,
SBCCI was no longer in existence and the SSTD 10 has not been maintained. In 2005, the
Institute for Business & Home Safety (IBHS) published the Guidelines for Hurricane
Resistant Residential Construction [7] based on the SSTD 10. In the meantime, the
International Code Council (ICC) published the ICC 600, Standards for Residential
Construction in High Wind Regions [8] in 2008 and the American Forest & Paper
Association (AF&PA) also revised the ANSI/AF&PA Special Design Provisions for Wind
and Seismic (SDPWS) [9] at the same year. All of the referenced standards mentioned
above contain provisions for combined shear and wind uplift using wood structural panels.
The SDPWS revisions included the re-calculation of the mechanics-based uplift resistance
using the nail yield model specified in the 2005 National Design Specification for Wood
Construction (NDS) [10] and supported by the research results provided by APA [11, 12].
Tables 1 and 2 show the nominal capacities of wood structural panel shearwalls for the
combined shear and uplift, and uplift only, respectively, in accordance with the 2008
SDPWS.
A substantial restriction exists in the 2008 SDPWS by requiring the anchor bolts be
installed at a maximum of 406 mm (16 inches) on center. This requirement is conservative
in many cases, but was adopted because of the lack of supporting data to justify otherwise.
Further investigation in optimizing the anchor bolt spacing has been conducted by APA
after the publication of the 2008 SDPWS, which allows for varying anchor bolt spacing
based on the magnitude of the lateral shear and uplift forces. This paper provides full-scale
combined shear and uplift test data to support the development of the optimized anchor
bolt spacing for the combined shear and uplift applications using wood structural panels.

2. Optimization of Anchor Bolt Spacing
A number of assumptions were made in the development of the anchor-bolt spacing matrix,
as illustrated in Table 3 and discussed below.
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Table 1. Nominal Uplift Capacity of Wood Structural Panels for Combined Shear and Wind
Uplift(a)
Nail Spacing Required for Shearwall Design (d)
6d @ 152 & 305 mm

8d @ 152 & 305 mm

8d @ 102 & 305 mm

10d @ 152 & 305 mm

Alternate Nail Spacing at Top and Bottom Plate Edges (mm)
152

102

76

152

102

76

152

102

Nominal Uplift Capacity (kN/m)
Nails-Single Row(d)
(e)

Nails-Double Row

76

152

102

76

(b,c)

0.0

2.5

4.9

0.0

3.2

6.3

NP

0.0

3.2

0.0

3.8

7.6

4.9

9.8

14.7

6.3

12.6

18.9

3.2

9.5

15.8

7.6

15.3

22.9

1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft
(a)
Minimum 11-mm (7/16-inch) OSB. The framing species shall have a published specific gravity of 0.42 (spruce-pinefir) or greater. Anchor bolts shall be installed at 406 mm (16 in.) on center.
(b)
For framing with a specific gravity of 0.49 or greater, multiply the listed uplift values by 1.08.
(c)
Where nail size is 6d or 8d, the tabulated uplift values are applicable to 11 mm (7/16 in.) minimum OSB panels.
Where nail size is 10d, the tabulated uplift values are applicable to 12 mm (15/32 in.) minimum OSB or plywood with
a species of plies having a specific gravity of 0.49 or greater. For plywood with other species, multiple the tabulated
uplift values by 0.90.
(d)
OSB panels shall overlap the top member of the double top plate and bottom plate by 38 mm (1-1/2 in.) and a single
row of fasteners shall be placed 19 mm (3/4 in.) from the panel edge.
(e)
OSB panels shall overlap the top member of the double top plate and bottom plate by 38 mm (1-1/2 in.). Rows of
fasteners shall be 13 mm (1/2 in.) apart with a minimum edge distance of 13 mm (1/2 in.). Each row shall have nails
at the specified spacing.

Table 2. Nominal Uplift Capacity of Wood Structural Panels for Wind Uplift Only(a)
6d @ 152 & 305 mm

8d @ 152 & 305 mm

10d @ 152 & 305 mm

Alternate Nail Spacing at Top and Bottom Plate Edges (mm)
152

102

76

152

102

76

Nominal Uplift Capacity (kN/m)
(d)

Nails-Single Row

(e)

Nails-Double Row

152

102

76

(b,c)

4.7

7.0

9.3

6.1

9.1

12.1

7.3

10.9

14.6

9.3

14.0

18.7

12.1

18.2

24.3

14.6

21.9

29.2

1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft
(a)
Minimum 9.5-mm (3/8-in.) OSB. The framing species shall have a published specific gravity of 0.42 (spruce-pinefir) or greater. Anchor bolts shall be installed at 406 mm (16 in.) on center.
(b)
For framing with a specific gravity of 0.49 or greater, multiply the listed uplift values by 1.08.
(c)
The tabulated values are applicable to 9.5 mm (3/8 in.) minimum OSB panels or plywood with species of plies having
a specific gravity of 0.49 or greater. For plywood with other species, multiple the tabulated uplift values by 0.90.
(d)
OSB panels shall overlap the top member of the double top plate and bottom plate by 38 mm (1-1/2 in.) and a single
row of fasteners shall be placed 19 mm (3/4 in.) from the panel edge.
(e)
OSB panels shall overlap the top member of the double top plate and bottom plate by 38 mm (1-1/2 in.). Rows of
fasteners shall be 13 mm (1/2 in.) apart with a minimum edge distance of 13 mm (1/2 in.). Each row shall have nails
at the specified spacing.

a) The “Nominal Unit Shear” values were selected from the shearwall design values of the
SDPWS to cover a range of values from the “Nail Spacing Required for Shearwall
Design” columns in Table 1. An intermediate shear value of 5.8 kN/m (400 plf) with
the SG = 0.50 was added to facilitate utilization for low-shear applications.
b) The “Nominal Unit Uplift” values were selected from 0 to 31.5 kN/m (2,160 plf) with
SG = 0.50, or 29.2 kN/m (2,000 plf) with SG = 0.42 based on a range of values for
uplift-only in Table 2 (note that the tabulated values in Table 2 are based on SG = 0.42).
Intermediate increments were chosen for tabulation purposes.
c) The shear-only values in the table (“Nominal Unit Uplift” value of 0) were calculated
based on the 2005 NDS for 13-mm (½-inch) anchor bolts and single shear (twomember) connection. The table provides for the anchor bolt to be fixed (embedded in
concrete), and values for a compressive load parallel to the grain (Z//) for SG = 0.50
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were used (Z// = 2.9 kN/bolt or 650 lbf/bolt). A duration of load of 1.6 was applied to
the allowable load, yielding:
2.9 kN/bolt x 1.6 = 4.6 kN/bolt
Note that the anchor bolt spacings for shear-only were truncated at 1219 mm (48 inches)
on center as this is the most conservative prescriptive anchor-bolt spacing required in
the 2009 IBC and IRC.
d) Testing conducted previously by APA and others at the upper bound levels of high shear
and high uplift illustrated that anchor bolt spacing at 406 mm (16 inches) on center and
the use of 5.8- x 76- x 76-mm (0.229- x 3- x 3-inch) plate washers between nut and
bottom plate were required to prevent a tension-perpendicular-to-grain (cross-grain
bending) failure of the bottom plate. These prior results were confirmed by this latest
series of tests. As the maximum shear and uplift testing conducted by APA for the other
upper-bound shear and uplift cells of the matrix was successfully completed with an
anchor bolt spacing of 406 mm (16 inches), this value was used for all other upperbound values in Table 3.
e) With values fixed on the left hand side of Table 3 by Item c above and on the right hand
side by Item d, the intermediate values were interpolated based on the “Nominal Unit
Uplift” values. The “missing” upper-bound value in Table 3 for 8d nails at 21.3 kN/m
(1,458 plf) uplift and 14.3 kN/m (980 plf) shear, both SG = 0.50, was assumed to be 406
mm (16 inches). This was later confirmed by Test B5 that will be discussed later.
f) The above model yields the anchor bolt spacings shown in Table 4 by linear
interpolation.
Table 3. Development of anchor bolt spacing (mm) based on lumber framing specific
gravity (SG)
Nominal Unit
Shear (kN/m)
Nail
(Common)

8d @ 102
mm (11mm panel)
10d @ 152
mm (12mm panel)

SG
0.50

0
5.8
9.8
14.3
0
5.8
12.7

SG
0.42
0
5.4
9.0
13.2
0
5.4
11.7

Shears based on
the SDPWS shear
table – Item (a)
above

Nominal Unit Uplift (kN/m)
0

3.2

6.3

9.5

12.6

15.8

18.9

21.3

25.2

28.4

31.5

0

2.9

5.8

8.8

11.7

14.6

17.5

19.7

23.4

26.3

29.2

406

406

406
406
406

Linear interpolation –
Item (e) below

406
406
406

Range based on
Table 1 – Item (b)
below

Shear-only values
based on the NDS
Table 11E – Item
(c) below

406 mm (16 in.)
oc based on
previous testing –
Item (d) below

1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft

3. Material and Methods
3.1 Test Frame
Testing was conducted on a test frame designed for combined shear and uplift testing at the
APA Research Center in Tacoma, WA, as shown in Figure 1. This test frame consists of a
free-standing rigid rectangular steel frame designed to act as a reaction frame for both
horizontal and vertical forces. For this study, the horizontal hydraulic cylinders were set
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up to apply a positive pressure to the assembly (place the wall in shear) and the vertical
hydraulic cylinders were configured to pull upwards (place uplift on the wall). Lateral
restraints were provided by steel box sections with a low friction contact surface placed
near the top of the assembly. Lateral restraints at the base were provided by the assembly
attachment to the rigid base plate. The test frame was designed to permit a number of
different wall configurations from 1219 mm x 2438 mm (4 feet x 8 feet) to 3048 mm x
3658 mm (10 feet x 12 feet). For this study, an assembly size of 2438 mm x 2438 mm (8
feet x 8 feet) was used.
Table 4. Proposed anchor bolt spacing (mm) based on model(a)
Nominal Unit
Shear (kN/m)
Nail
(Common)

8d @ 102
mm (11mm panel)

SG
0.50

0

3.2

6.3

9.5

12.6

15.8

18.9

21.3

25.2

28.4

31.5

SG
0.42

0

2.9

5.8

8.8

11.7

14.6

17.5

19.7

23.4

26.3

29.2

406

406

0

0

1219

1118

1016

914

813

711

610

533

406

5.8

5.4

1219

1118

1016

914

813

711

610

533

406

9.8

9.0

940

864

813

737

686

610

533

483

406

14.3
10d @ 152
mm (12mm panel)

Nominal Unit Uplift (kN/m)

13.2

635

610

559

533

508

457

432

(b)

406

0

0

1219

1118

1016

914

813

711

610

533

406

5.8

5.4

1219

1118

1016

914

813

711

610

522

406

12.7

11.7

711

660

610

584

533

483

432

406

1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft
(a) Shaded cells are outside the range of the SDPWS. Boxed cells were chosen to be tested for model verification. See
Tables 5 and 6 for specific details.
(b) This cell is outside the range of the SDPWS, but was tested for model verification.

2438 mm (8 feet)
2438 mm x 2438 mm
(8 feet x 8 feet)
specimen -2 each 1219 mm x
2438 mm (4 feet x 8
feet) WSP panels

Figure 1. Combined shear and uplift test frame
The test assemblies were attached to the base of the test frame with anchor bolts in
predrilled holes. For unusual anchor bolt spacing, machine clamps were utilized to attach
the test assembly to the base of the test frame. When used, these clamps secured the wall
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through short bolt sections consisting of a bolt head with a 38-mm (1-1/2-inch) shank. The
clamp was placed over the head of the bolt section and attached to the flange of the rest
frame bed. This provided virtually identical restraint conditions as provided by flat plate
washers and anchor bolts.
The vertical and horizontal hydraulic cylinders were set up to provide independent control
along each axis but were linked by a computer to synchronize them to meet their
independent targeted test loads within the same time period. Load data were recorded
electronically as a function of time for motion in both directions.

3.2 Test Assemblies
Combined shear and uplift test assemblies were constructed in accordance with Figure 2
using materials listed in Table 5. Hold-downs sized in accordance with Table 5 were
provided at each end of the specimen and attached to the inside of the double studs with
6.4-mm (1/4-inch) Simpson SDS screws. The targeted assembly capacities are shown in
Table 6. Table 7 illustrates the position of the test assembly in the final anchor bolt
spacing matrix.

3.3 Instrumentation and Installation of Test Assemblies
Simultaneous shear and uplift loads were measured and recorded continuously by
commercial data acquisition software in both the vertical and horizontal directions for the
duration of each test.
Test assemblies were loaded into the test apparatus and anchored to the base in accordance
with the details in Table 5. Anchor bolts of 12.7 mm (1/2 inch) in diameter and 5.8- x 76x 76-mm (0.229- x 3- x 3-inch) plate washers were used to resist the uplift component
along with hold downs to resist overturning. The rectangular plate washers were
approximately aligned with the flat sides parallel to the sheathing. Hold downs were
bolted to the base of the test apparatus in predrilled holes when the holes were present.
When predrilled holes were not available to accommodate the anchor bolt spacing
required, machine clamps were provided at the required locations, as discussed before.
Hold downs were attached to the double end studs in accordance with the hold down
manufacturer’s recommendations with the exception that only sufficient fasteners (6.3- x
76-mm or 1/4- x 3-inch SDS screws) were used to develop the required overturning
capacity resulting from the shear forces on the assembly.
At the top of the test assembly, a 12.7- x 178-mm (1/2- x 7-inch) metal plate was attached.
This plate was attached with metal angles located at 406 mm (16 inches) on center. These
angles were predrilled to provide an attachment pattern and schedule. In lieu of the nails
required to attach the framing anchor, screws were used (#9 x 51-mm or 2-inch square
drive flat-head screws) to facilitate disassembly. The 12.7- x 178-mm (1/2 x 7-inch) plate
was engaged by the vertical loading heads when the uplift force was applied thus putting
tension on the test assembly via the metal angles and framing anchors in a manner similar
to a walls reaction to high wind loads within a structure.
At the edge of the assembly adjacent to the horizontal hydraulic cylinder, a metal bearing
plate was applied at the center over the double top plates. The hydraulic cylinder engaged
the metal plate vial a series of steel rollers. These were used to permit the assembly to
move laterally and rotate during loading without introducing any additional constraints
other than the vertical and horizontal loads applied into the wall system.
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305 mm (12 in.)

Sheathing in
accordance with Table 5

Vertical edge nailing in
accordance with Table 4

Anchor bolts
12.7 mm (1/2 in.) dia.
Plate washer
5.8 x 76 x 76 mm
(0.229 x 3 x 3 in.)

Anchor bolt
spacing in
accordance
with Table 5

Hold down in
accordance with Table 5

Plate nailing in accordance with Table 5

Figure 2. Configuration for shear and uplift assemblies
Table 5. Materials used for test assemblies
Test
Series

Framing

A0
A2
A3
B1
B4
B5
B9
B10
C1(c)
(c)

All
framing
DF #2 or
better,
610 mm
(24 in.)
oc with a
single
center
stud
(SG =
0.50)

Sheathing(a)
(mm)

Nail
(Common)

11
11

8d
8d

11

8d

11
11
11
12
12

8d
8d
8d
10d
10d

11

8d

11
12
12

8d
10d
10d

12

10d

Nail Pattern on
Top and Bottom
Plates
2 rows @ 152 mm
2 rows @ 102 mm
1 row @ 102 mm &
1 row @ 152 mm
1 row @ 152 mm
2 rows @ 76 mm
2 rows @ 76 mm
1 row @ 102 mm
2 rows @ 152 mm
1 row @ 76 mm &
1 row @ 102 mm
2 rows @ 102 mm
2 rows @ 102 mm
2 rows @ 76 mm
1 row @ 76 mm &
1 row @ 102 mm
2 rows @ 76 mm

Type

# SDS
Screws

PHD6
PHD6

7
9

Anchor Bolts(b)
Tested
Dia.
Spacing
(mm)
(mm)
12.7
813
12.7
610

PHD6

12

12.7

813

–

–

PHD6
PHD6

9
16

12.7
12.7
12.7
12.7
12.7

1219
406
406
813
610

12.7

406

Hold Down

–

–

PHD6

11

–

–

12.7
12.7
12.7

610
406
406

PHD5

11

12.7

406

C7
12
10d
12.7
–
–
1 mm = 0.0394 in.
(a) APA Rated OSB Sheathing meeting the DOC PS2.
(b) 5.8- x 76- x 76-mm (0.229- x 3- x 3-inch) plate washers were used between nut and bottom plate.
(c) Multiple tests in this series.

406

C3
C4(c)
C5(c)
C6(c)
(c)

3.4 TEST METHODS
The test assemblies were tested in accordance with Section 14 of ASTM E 72 [13] and
Figure 1. The assemblies were loaded to the targeted loads, as shown in Table 6 in two
minutes.
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Table 6. Targeted assembly capacities (framing SG = 0.50)
Nominal Shear
Target Unit Shear
Target Total Shear
(kN/m)
(kN)
5.8
14.2
9.8
23.8
14.3
34.9

Test Series

A0
A2
A3
B1
–
B4
9.8
B5
14.3
B9
–
B10
12.7
C1(a)
C3(a)
–
C4(a)
C5(a)
C6(a)
12.7
C7
–
1 kN/m = 68.5 lbf/ft, 1 kN = 224.8 lbf
(a) Multiple tests in this series.

Nominal Uplift
Target Unit Uplift
Target Total Uplift
(kN/m)
(kN)
9.5
23.1
15.8
38.4
3.2
7.7

–

3.2
25.2
21.3

7.7
61.5
51.9

31.0

12.6
6.3
25.2
18.9
25.2
28.4
21.3

30.7
15.4
61.5
46.1
61.5
69.2
51.9

–

31.5

76.9

23.8
34.9

–
31.0

–

Table 7. Test assembly location in the final anchor bolt spacing matrix(a)
Nominal Unit
Shear (kN/m)
Nail
(Common)

SG
0.50
SG
0.42

8d @ 102
mm (11mm panel)

10d @ 152
mm (12mm panel)

Nominal Unit Uplift (kN/m)
0

3.2

6.3

9.5

12.6

15.8

18.9

21.3

25.2

28.4

31.5

0

2.9

5.8

8.8

11.7

14.6

17.5

19.7

23.4

26.3

29.2

B1

C5

C7

0

0

(c)

5.8

5.4

(c)

9.8

9.0

(c)

14.3

13.2

(c)

0

0

(c)

5.8

5.4

(c)

12.7

11.7

(c)

C3

C1

A0
A2

B4
(b)

A3

B5
B9
B10

C4
C6

1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft
(a) Shaded cells are outside the range of the SDPWS. Boxed cells were chosen to be tested for model verification.
(b) This cell is outside the range of the SDPWS, but was tested for model verification.
(c) This cell represents the shear-only value.

4. Results and Discussion
Test results of this study are shown in Table 8. The targeted combined shear and uplift
load factor is 2.0. Note that the target uplift and shear values shown in Table 8 are nominal
values. When calculating load factors, the nominal value is divided by 2.0 to yield the
allowable design value. As such, the load factor is calculated in accordance with Eq. 1.
Load Factor 

Test Result

 Nominal Targeted Value 


2.0



(1)

The average load factor shown in Table 8 is calculated based on the average of the uplift
and shear load factor.
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Table 8. Test results (framing SG = 0.50)
Test ID

Shear
(kN/m)
Nominal
Target
5.8

Test Results

Uplift
(kN/m)
Nominal
Test Results
Target
9.5
20.7

Load Factor(a)
Shear

A0
6.5
2.2
A2
2.5
9.8
11.7
15.8
17.8
A3
14.3
18.4
3.2
4.4
2.6
B1
–
–
3.2
10.5
–
B4
9.8
10.3
25.2
24.9
2.1
B5
14.3
20.1
21.3
23.3
2.8
B9
–
–
12.6
19.0
–
B10
12.7
16.4
6.3
8.1
2.6
C1A
25.5
25.2
C1B
25.6
C3A
25.0
18.9
C3B
26.4
C4A
25.8
25.2
C4B
–
–
33.2
–
C5A
30.7
C5B
35.6
C5C
28.4
30.5
C5D
28.9
C5E
29.1
C6A
12.1
23.1
1.9
C6B
12.2
22.7
1.9
C6C
12.7
11.9
21.3
21.8
1.9
C6D
12.6
22.8
2.0
C6E
11.0
20.5
1.8
C7A
46.4
–
–
31.5
–
C7B
50.1
1 kN/m = 68.5 lbf/ft
(a) Load Factors were calculated in accordance with Eq. 1.
(b) Average Load Factor is based on the average of the uplift and shear load factors.

Uplift
4.4
2.3
2.8
6.7
2.0
2.2
3.0
2.6
2.0
2.0
2.7
2.8
2.0
2.6
2.3
2.6
2.2
2.1
2.2
2.2
2.2
2.1
2.2
2.0
2.9
3.2

Average Load
Factor(b)
3.3
2.4
2.7
6.7
2.1
2.5
3.0
2.6
2.0
2.8
2.3

2.3

2.0

3.0

As shown in Table 8, the load factors for those 26 assembly testes in this study are
typically in the range of 2 to 3. One exception is Wall B1, which is uniaxial (uplift-only) at
a very low targeted uplift force. In some critical load cases (high uplift-only or combined
shear and uplift), such as Walls C5 and C6 series, additional replicates were tested to
increase the data confidence.
It should be noted that all tests reported in Table 8 used 12.7-mm (1/2-in.) diameter anchor
bolts, which are different from the current requirements of 15.9-mm (5/8-in.) anchor bolts
specified in the SDPWS and the ICC-600. Test results obtained from this study showed
that the 12.7-mm (1/2-in.) diameter anchor bolts are adequate for use in the combined shear
and uplift applications when the design loads are within the range permitted in the current
U.S. national design standards.

4.1 Failure Modes
The typical failure modes for uniaxial tests, such as Walls B1, C1A through C5E, C7A and
C7B (uplift only), were the nail withdrawal from the top and bottom plates, and panel edge
tear-out, as shown in Figure 3. For biaxial tests (combined shear and uplift), the failure
modes were more complicated. At the high combined loading, such as Walls C6A through
C6E, it was usually a combination of nail withdrawal from the top and bottom plates, panel
edge tear-out, and the bottom plate failure, as shown in Figure 4. The 5.8- x 76- x 76-mm
(0.229- x 3- x 3-inch) plate washers performed adequately to avoid cross-grain bending
failure on the bottom plate in most cases. It is important, however, to pay attention to the
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anchor bolt spacing as the cross-grain bending is a possibility if the anchor bolts are not
properly spaced.

Figure 3. Nail withdrawal from bottom and top plates, and panel edge tear-out from
uniaxial (uplift-only) tests

Figure 4. A combination of nail withdrawal, panel edge tear-out, and bottom plate failure
from biaxial (combined shear and uplift) tests

5. Conclusion
As shown by the results in Table 8, load factors of 2.0 or greater were achieved by the
assemblies selected to verify the model used to develop Table 4. As the anchor bolt
spacings listed in Table 4 may be difficult to construct in the field, Tables 9 and 10 were
developed. Table 9 provides anchor bolt spacings rounded down from Table 4 to 152-mm
(6-inch) increments on center. The anchor bolt spacing of 406 mm (16 inches) on center
were unchanged in Table 9 as this spacing is a commonly used construction spacing
interval in North America, is widely published, and currently exclusively recommended for
combined shear and uplift anchor bolt spacing. For practical use, Table 10 further rounds
the anchor both spacing from Table 4 down to traditional spacing intervals of 406, 488,
610, 813, 914, 1067, and 1219 mm (16, 19.2, 24, 32, 36, 42, and 48 inches) used in the
conventional construction in North America.
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Table 9. Anchor bolt spacing (mm) rounded down to spacing with 152-mm (6-inch)
increments
Nominal Unit
Shear (kN/m)
Nail
(Common)

SG
0.50

Nominal Unit Uplift (kN/m)
0

SG
0
0.42
0
0
1219
8d @ 102
5.8
5.4
1219
mm (119.8
9.0
914
mm panel)
14.3
13.2
610
0
0
1219
10d @ 152
mm (125.8
5.4
1219
mm panel)
12.7
11.7
610
1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft

3.2

6.3

9.5

12.6

15.8

18.9

21.3

25.2

28.4

31.5

2.9

5.8

8.8

11.7

14.6

17.5

19.7

23.4

26.3

29.2

1067
1067
762
610
1067
1067
610

1016
1016
762
457
914
914
610

914
914
610
457
914
914
457

762
762
610
457
762
762
457

610
610
610
457
610
610
457

610
610
457
406
610
610
457

457
457
457

406
406
406

508
508
406

406
406

406

406

Table 10. Anchor bolt spacing (mm) rounded down to common construction spacings
Nominal Unit
Shear (kN/m)
Nail
(Common)

SG
0.50

Nominal Unit Uplift (kN/m)
0

SG
0
0.42
0
0
1219
8d @ 102
5.8
5.4
1219
mm (119.8
9.0
914
mm panel)
14.3
13.2
610
0
0
1219
10d @ 152
mm (125.8
5.4
1219
mm panel)
12.7
11.7
610
1 mm = 0.0394 in., 1 kN/m = 68.5 lbf/ft

3.2

6.3

9.5

12.6

15.8

18.9

21.3

25.2

28.4

31.5

2.9

5.8

8.8

11.7

14.6

17.5

19.7

23.4

26.3

29.2

1067
1067
813
610
1067
1067
610

914
914
610
488
914
914
610

914
914
610
488
914
914
488

813
813
610
488
813
813
488

610
610
610
406
610
610
488

610
610
488
406
610
610
406

488
488
488

406
406
406

488
488
406

406
406

406

406

Results presented in Table 10 have been incorporated into the APA System Report SR-101,
Design for Combined Shear and Uplift from Wind [14], which may be used by design
engineers on a voluntary basis before the provisions can be adopted into the U.S. national
design standards, such as the SDPWS and the ICC-600. Since the installation details are
critical to the combined shear and uplift applications, APA SR-101 also provides many
practical details to ensure the wall assemblies are properly designed and constructed. It
would be prudent to follow the APA SR-101 construction details closely when designing
and constructing wood structural panel shearwalls for the comnbined shear and wind uplift
applications.
While APA SR-101 still recommends the use of 15.9-mm (5/8-in.) anchor bolts as
specified in the SDPWS and the ICC-600, test results obtained from this study showed that
the 12.7-mm (1/2-in.) diameter anchor bolts are adequate for use in the combined shear and
uplift applications when the design loads are within the range permitted in the current U.S.
national design standards.
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Abstract
In timber members exposed to fire a zone of about 35 to 40 mm depth below to the char layer,
although unburned, is heated above ambient temperature. Due to the elevated temperature this zone,
strength properties and the modulus of elasticity of the residual cross-section must be reduced. Two
methods, known as reduced properties method and reduced cross-section method, respectively, are
used in practice. In the first one the strength and stiffness properties of the cross-section, e.g. bending
strength or modulus of elasticity, are multiplied by modification factors for fire, while in the second
one, the residual cross-section is reduced by a so-called zero-strength layer, whereas the strength and
stiffness properties remain unreduced.
For the calculation of the mechanical resistance of wall and floor assemblies in fire consisting of light
timber frame members with rectangular cross-sections of solid timber and cavities filled with
insulation, EN 1995-1-2 gives a design model using the reduced properties method. In order to
simplify the calculation the original data were re-evaluated and expressions for zero-strength layers
were derived to allow the use of the reduced cross-section method. For bending, the zero-strength
layers were calculated to achieve the best fit of bending resistance in the range of load ratios between
0,2 and 0,4. Only for load ratios smaller than 0,2 the results are slightly non-conservative. For axially
loaded members, the zero-strength layers were determined to give the same or lower bending stiffness
than according to the reduced properties method. The axial resistance of studs, however, calculated
using the method of EN 1995-1-1 with properties relevant for the fire situation, is somewhat greater
when the reduced cross-section method is used.

1

Introduction

1.1

General

In timber members exposed to fire a zone of about 35 to 40 mm depth below the char-layer of the
residual cross-section, although unburned, is heated above ambient temperature. This elevation of
temperature gives rise to reduced strength and stiffness properties of the timber in this zone. EN 19951-2 [1] gives design values for strength and stiffness properties for timber members (e.g. beams or
columns) as:
f
f d,fi = k mod,fi 20
(1.1)

γ M,fi

1

S d,fi = k mod,fi

where:
fd,fi
Sd,fi
f20
S20
kmod,fi

γM,fi

S 20

(1.2)

γ M,fi

design strength in fire (bending strength, compressive strength etc of timber members);
design stiffness property (modulus of elasticity Ed,fi or shear modulus Gd,fi) in fire;
20 % fractile of a strength property at normal temperature;
20 % fractile of a stiffness property (modulus of elasticity or shear modulus) at normal
temperature;
modification factor for fire taking into account the reduction in strength and stiffness
properties at elevated temperatures;
partial safety factor for timber in fire (γM,fi = 1).

The 20 % fractile of a strength, and correspondingly of a stiffness property, is derived from the
characteristic (5 % fractile) value as
(1.3)

f 20 = kfi f k

where kfi is dependent on the coefficient of variation of the material. For example, for solid timber
kfi = 1,25, for glued laminated timber kfi =1,15.
For the design procedure for mechanical resistance, for the determination of cross-section properties,
i.e. the determination of strength and stiffness properties, EN 1995-1-2 [1] gives two alternative
methods:
• the reduced cross-section method
• the reduced properties method.
The reduced properties method is a direct application of the general expressions given above for
design values for strength and stiffness properties. For specific structural members modification
factors for fire, kmod,fi, are given (beams, columns, timber frame members in insulated wall and floor
assemblies). The reduced strength and stiffness properties are to be applied to the residual crosssection, i.e. the original cross-section reduced by the depth of the char-layer. In order to simplify the
calculation, notional charring depths are used and the residual cross-section is therefore rectangular.
As an alternative, for beams and columns, the effective cross-section method allows for further
simplification of the design. This method, permitting the designer to use “cold” strength and stiffness
properties (with kmod,fi = 1 in equations (1.1) and (1.2)) and an effective residual cross-section, taking
into account the reduction of strength and stiffness in the heat affected zones by removing a further 7
mm thick layer from the residual cross-section. It is assumed that this zero strength layer is built up
linearly with time during the first 20 minutes of fire exposure, or, in case of a fire protective layer
being applied to the timber member, during the time period until the start of charring.

1.2

Timber frame studs and joists

Designers in practice seem to prefer the reduced cross-section method since it is simpler to use. For
the design of timber frame wall and floor assemblies with cavities filled with insulation, however, EN
1995-1-2 [1] only gives modification factors kmod,fi. The application of the 7 mm zero-strength layer is
not permitted since the results would be unsafe. The modification factors kmod,fi are dependent on the
cross-section properties and state of stress on the fire exposed side, i.e. tension or compression, and the
charring depth. They are given as linear expressions of shape
d
kmod,fi = a0 + a1 char,n
(1.4)
h
with parameters a0 and a1 given for specific member depths h in a number of tables. For simplicity, the
values for b = 38 mm were assumed also for other values of b. For other depths these parameters are
determined by linear interpolation. In [2] more comprehensive data are given for widths of 38, 45 and
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60 mm, and depths of 95, 145, 195 and 220 mm.
The notional charring rate, dchar,n, is determined as
dchar,n = kn dchar

(1.5)

with
k n = 1,5
see Figure 1.1.

2

3

1
4
h

6

dchar

5

dchar,n

2
7

b

a)

b)

b

c)

Key:
1
Solid timber member (stud or joist)
2
Cladding
3
Insulation
4
Residual cross-section (real shape)
5
Char-layer (real shape)
6
Equivalent residual cross-section
7
Char-layer with notional charring depth

Figure 1.1 – Charring of timber frame member (stud or joist): a. Section through assembly. b. Real
residual cross-section and char-layer. c. Notional charring depth and equivalent residual cross-section.
The background of the method given above is given in [3]. In the following section the results of
calculations in [3] are re-evaluated with the aim of deriving zero-strength layers for the application of
the reduced cross-section method to timber frame members with rectangular cross-sections.

2

Zero-strength layers of timber frame members

2.1

General

The effective cross-section used in the following is defined in Figure 2.1, i.e. it is obtained by
increasing the notional charring depth by the zero-strength layer d0:

d ef = dchar,n + d0

(2.1)

No further reduction of the cross-section is done on the wide sides of the cross-section.

3

1

3

5

dchar

2

def

dchar,n

d0

h

6

4

b

b

a)

b)

b

c)

Key:
1
Residual cross-section
2
Char layer
3
Notional (equivalent) cross-section
4
Notional char-layer
5
Effective cross-section
6
Zero-strength layer below char-layer

Figure 2.1 – Definition of charring depth, notional charring depth, effective charring depth and zerostrength layer.

2.2

Members in bending (floor joists)

The modification factors kmod,fi given in [1] were derived in [3]. For simplicity, the non-linear
relationships of kmod,fi versus the relative charring depth dchar/h were replaced by linear trendlines, see
Figure 2.2. It can be seen that the linear relationship is slightly non-conservative in the range of load
levels between 20 and 40 %, which is most relevant in practice. In order to obtain a better agreement,
in the following the zero-strength layer was determined from the relationships of relative bending
moment versus relative charring depth.
1,0
45 × 195

195 tension calc.

k mod,fm,fi

0,8

Linear 195 tension calc.

0,6
0,4 M fi = 0,2
M
M fi
= 0, 4
M

0,2
0,0
0

0,1

0,2

0,3

0,4

0,5

d char/h

Figure 2.2 – Determination of simplified relationship of modification factor kmod,fm,fi versus relative
charring depth for a cross-section of 45 mm × 195 mm [3].
Using the background data of [3], for each of the cross-sections with widths b of 38, 45 and 60 mm
and depths h of 95, 145, 195 and 220 mm the relationship of bending resistance ratio Mfi/M versus
relative charring depth dchar/h were calculated and plotted in Figure 2.3 to 2.4. In the calculations it
was assumed that either the tensile or compressive side was exposed to fire. The temperature in the
timber member was calculated under the assumption that the fire protective gypsum plasterboard
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cladding remained in place after the start of charring. In such scenario, the rate of heat transfer is
slower, the temperature gradient in the timber member is smaller and therefore the reduction of
strength and stiffness is greater compared to the case of unprotected timber members. For the stage
after failure of the cladding, the assumption made is conservative.
1

adv. tens. b = 38 mm
adv. tens. b = 45 mm

0,8

Mfi/M

h = 95 mm

adv. tens. b = 60 mm

0,6

adv. compr. b = 45 mm
adv. compr. b = 38 mm

0,4

adv. compr. b = 60 mm

0,2

d0 (tension)
d0 (compr.)

0
0

0,1

0,2

0,3

dchar/h

Figure 2.3 – Moment resistance ratios versus relative charring depth according to advanced
calculations and reduced cross-section method.
1

adv. tens. b = 38 mm
adv. tens. b = 45 mm

0,8

adv. tens. b = 60 mm

Mfi/M

h = 145 mm

0,6

adv. compr. b = 38 mm
adv. compr. b = 45 mm

0,4

adv. compr. b = 60 mm

0,2

d0 (tension)
d0 (compr.)

0
0

0,1

0,2

0,3

dchar/h

Figure 2.4 – Moment resistance ratios versus relative charring depth according to advanced
calculations and reduced cross-section method.
1

adv. tens. b = 38 mm
adv. tens. b = 45 mm

0,8

Mfi/M

h = 195 mm

adv. tens. b = 60 mm

0,6

adv. compr. b = 38 mm
adv. compr. b = 45 mm

0,4

adv. compr. b = 60 mm

0,2

d0 (tension)
d0 (compr.)

0
0

0,1

0,2

0,3

dchar/h

Figure 2.5 – Moment resistance ratios versus relative charring depth according to advanced
calculations and reduced cross-section method.
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adv. tens. b = 38 mm
adv. tens. b = 45 mm

0,8

Mfi/M

h = 220 mm

adv. tens. b = 60 mm

0,6

adv. compr. b = 38 mm
adv. compr. b = 45 mm

0,4

adv. compr. b = 60 mm

0,2

d0 (tension)
d0 (compr.)

0
0

0,1

0,2

0,3

dchar/h

Figure 2.6 – Moment resistance ratios versus relative charring depth according to advanced
calculations and reduced cross-section method.
By trial and error, zero-strength layers d0 (see Figure 2.1) were determined such that the corresponding
moment resistance ratio curves gave the best fit for load resistance ratios between 0,2 and 0,4. In these
calculations, the charring depth was replaced by the notional charring depth according to expressions
(1.5) and (1.6). Since the influence of the width b is small, the zero-strength layer d0 can be expressed
as a function of depth h:
− For members with the fire exposed side in tension
h
d 0 = 13,5 +
10
− For members with the fire exposed side in compression
h
d 0 = 21,5 +
10

(2.2)

(2.3)

For members with the fire exposed side in tension, for cross-section depths between 95 and 220 mm,
d0 varies from 23 to 35,5 mm, while it is further 8 mm greater when the fire exposed side is in
compression.

2.3

Axially loaded members (wall studs)

For axially loaded members column buckling is the relevant failure mode and therefore bending
stiffness EI is the most relevant design parameter. Therefore, for the cross-sections studied in [3],
d
( EI )fi
relationships of the relative bending stiffness
versus the charring ratio char were determined
EI
h
for the following cases (for the definition of the y and z-axis see Figure 2.7):
• Fire exposure on one side for deflection in the z-direction (Figure 2.8 to 2.9)
• Fire exposure on one side for deflection in the y-direction (Figure 2.11 to 2.12)
• Fire exposure on two sides for deflection in the z-direction (Figure 2.14)
• Fire exposure on two sides for deflection in the y-direction (Figure 2.15).
In these calculations, the linear expressions for the modification factors kmod,E,fi, derived from advanced
calculations in [3], were used.
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z

y

y

z

Figure 2.7 – Definition of axes.
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(EI)fi/(EI)
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b = 38 mm; kmod,E,fi
h = 95 mm

0,6
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0
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Figure 2.8 – Comparison of relative bending stiffness versus relative charring for deflection in zdirection.
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(EI)fi/(EI)
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b = 38 mm; kmod,E,fi
h = 145 mm

0,6

b = 45 mm; kmod,E,fi
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b = 60 mm; kmod,E,fi
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0
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0,1
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Figure 2.9 – Comparison of relative bending stiffness versus relative charring for deflection in zdirection.
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h = 195 mm
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0,2

d0

0
0

0,1

0,2

0,3

dchar/h

Figure 2.10 – Comparison of relative bending stiffness versus relative charring for deflection in zdirection.
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Figure 2.11 – Comparison of relative bending stiffness versus relative charring for deflection in ydirection.
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Figure 2.12 – Comparison of relative bending stiffness versus relative charring for deflection in ydirection.
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(EI)fi/(EI)
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b = 38 mm; kmod,E,fi
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Figure 2.13 – Comparison of relative bending stiffness versus relative charring for deflection in ydirection.
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Figure 2.14 – Comparison of relative bending stiffness versus relative charring for deflection in zdirection and fire exposure on both sides.
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Figure 2.15 – Comparison of relative bending stiffness versus relative charring for deflection in ydirection and fire exposure on both sides.
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Calculating the relative bending stiffness using an effective cross-section, the following expressions
and values give reasonable agreement with the curves obtained from kmod,fi-values:
• For fire exposure on one side for deflection in the z-direction (relevant for buckling about the yaxis perpendicular to the wall):
h
d 0 = 13,5 +
(2.4)
10
(the same as expression (2.2))
• For fire exposure on one side for deflection in the y-direction (relevant for buckling about the zaxis parallel to the wall):
h
d0 = 17 +
(2.5)
4
• For fire exposure on both sides for deflection in the z-direction (relevant for buckling about the yaxis perpendicular to the wall):
(2.6)
d 0 = 25 mm
• For fire exposure on one side for deflection in the y-direction (relevant for buckling about the zaxis parallel to the wall):
d 0 = 44 mm

2.4

Comparison with reduced properties method

2.4.1

Members in edgewise bending

For two cross-sections, 45 mm × 145 mm and 45 mm × 195 mm, the relationships of relative bending
moment resistance versus relative charring depth are shown for members with fire exposure on the
tension side, see Figure 2.16 and 2.17. It can be seen that the linear model for kmod,fm,fi gives moment
resistance values that are slightly non-conservative for relative resistance values greater than 0,2. The
values calculated using a zero-strength layer agree well with the non-linear model for kmod,fm,fi.
1
0,8

Mfi/M

h = 145 mm

adv. tens. b = 45 mm

0,6

d0 (tension)

0,4

kmod,fm,fi linear model

0,2
0
0

0,1

0,2

0,3

dchar/h

Figure 2.16 – Comparison of models
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0,6

d0 (tension)

0,4

kmod,fm,fi linear model

0,2
0
0

0,1

0,2

0,3

dchar/h

Figure 2.17 – Comparison of models

2.4.2

Axially loaded members

Verification of mechanical resistance in fire means, in terms of EN 1995-1-2 [1], that the design
method or model is the same as for the design at ambient temperature, however with material and
cross-section properties that are relevant for the fire exposed members. Applying the reduced
properties method to axially loaded members, different modification factors for fire are applied to
modulus of elasticity and compressive strength. As an approximation, the modification factor for
compressive strength was replaced by the modification factor for bending strength, kmod,fm,fi when the
fire exposed side of the member is in compression. This approximation is justified since the calculated
axial resistance is only slightly sensitive to variations of kmod,fm,fi. Since the reduced cross-section
method cannot assume different zero-strength layers for the same member, the most relevant value of
d0 relevant for bending stiffness was used.

F ax,fi/F ax

Figure 0.1 shows a comparison of both methods, carried out for a timber stud of size 45 mm × 145 mm
protected by gypsum plasterboards which remain in place during the fire. The axial resistance was
calculated according to EN 1995-1-1 [4] with the relevant model parameters taking into account the
effect of charring and reduced strength and stiffness properties. The axial resistance calculated using
the effective cross-section method is between 2,5 and 10 % larger for relative resistance values
between 0,4 and 0,2.

0,7
0,6
0,5
0,4
0,3
0,2
0,1
0

Reduced
properties
method
Reduced
cross-section
method

45 × 145

0

0,1

0,2

0,3

d char/h

Figure 0.1 – Comparison of models: Timber stud protected by gypsum plasterboard
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2.4.3

Conclusions

It has been shown that the reduced properties method for the calculation of the mechanical resistance
of timber frame members (studs or joists) in wall and floor assemblies can be replaced by the reduced
cross-section method using zero-strength layers instead of modification factors for fire. This will
simplify design work. For members in bending, the bending resistance according to the reduced crosssection agrees well with results from the reduced properties method since the zero-strength layers were
determined to achieve the best fit for load ratios in the range between 0,2 and 0,4 which is most
important in practice. Only for load ratios smaller than 0,2 the results are slightly non-conservative.
For axially loaded members the calculated resistance is somewhat greater according to the reduced
cross-section method when the method for axially loaded members given in EN 1995-1-1 [4] is used,
however with properties relevant for the fire situation. Since the zero-strength layer is equivalent to the
modification factors for fire, the difference between the calculated axial resistances is mainly due to
the different weighting of parameters (such as slenderness ratios, relative slenderness ratios, area, etc.)
in the expressions given in EN 1995-1-1.
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Abstract

This paper presents a simple design model using the effective cross-section method for the
structural fire design of CLT, i.e. the determination of the mechanical resistance with respect
to bending (floors).
Performing advanced calculations for a large number of lay-ups of various lamination
thicknesses, using the thermal and thermo-mechanical properties of wood, charring depths
and the reduction of bending resistance of CLT were determined as functions of time of fire
exposure. From these results zero-strength layers were derived to be used in the design model
using an effective residual cross-section for the determination of mechanical resistance.
The model also takes into account different temperature gradients in the CLT in order to
include the effect of slower heating rate when the CLT is protected by insulation and/or
gypsum plasterboard. The paper also gives results from fire-tests of CLT in bending using
beam strips cut from CLT with adequate side protection in order to achieve one-dimensional
heat transfer. Reference tests at ambient temperature were performed to predict the moment
resistance of the beams being tested in fire.

2

Introduction

2.1

General

When EN 1995-1-2 [1] was drafted, it was believed that the reduced cross-section method
could be applied to timber slabs exposed to fire on one side using a zero-strength layer of
7 mm originally calculated for three sided fire exposure by Schaffer et al. [2]. It was not
intended that the reduced cross-section method could be applied to this new type of
construction without further investigation. In a preliminary study [3] on timber decks in
bending, it was shown that the application of a zero-strength layer of 7 mm would give unsafe
results in many applications.
1

2.2

The reduced cross-section method for CLT

For structural fire design EN 1995-1-2 [1] introduces a simplified method for large timber
members exposed to fire on three or four sides, the residual cross-section method. Although,
for unprotected cross-sections, as approx. 40 mm below the char layer are affected by
elevated temperature, the depth of the zero-strength layer, assumed immediately below the
char layer, is only 7 mm which compensates strength reduction in the heated zone of the
member. For the remaining effective residual cross-section ambient strength and stiffness
properties are to be applied.
Since the zero strength layer in general is a function of the temperature profile and the
geometry of the cross-section, appropriate values were derived for the reduced cross-section
method for CLT. In the fire situation the joints between two adjacent CLT panels are assumed
to be capable of transferring shear forces but not bending moments. Therefore CLT panels are
assumed to be supported on two opposite edges resulting in that layers in the transverse
direction are not regarded as load-bearing in the longitudinal direction.
The charring for CLT may show larger depths than the depth of the exposed outer layer of the
CLT which may lead to a zero-strength layer immediately below the char layer which may
also comprise a part of a non load bearing cross layer. This leads subsequently to the need of
higher values for the zero-strength layer in some cases, see Figure 1. The latter explains parts
of the increase of the values for the zero-strength layer for CLT.
Reduction factor k Θ

1
ft
Et
0,5
fv
fc

Ec

0
0

100

200

300

Temperature [°C]

Figure 1: Effective residual cross-section obtained after reduction of original cross-section (left) with charring
depth dchar and zero strength layer d0 (middle) with a schematic temperature profile for unprotected CLT if 7 mm
of a cross layer remain uncharred. Reduction factors for strength and stiffness properties according to EN 19951-2 [1] (right).

The cross-section and the corresponding temperature profile in Figure 1 show that a zerostrength layer of 7 mm would lead, obviously, to unsafe design for CLT panels in this case
since the heated zone reaches already into the next load bearing layer. Table 1 gives selected
results for zero-strength values for CLT in floors exposed on one side. For CLT in walls and
protected CLT see [4]. As given in [1] values for the zero-strength layer of Table 1 rise
linearly during the first 20 minutes of fire exposure.
Table 1: Zero strength layer d0 in mm for CLT where h is in mm.
Exposure on
Tension side
Compression side

3 layers
h
+ 3, 7 (1)
30
h
+ 4, 5 (4)
25

5 layers
h
+ 10 (2)
100
h
(5)
+ 11
20

2

7 layers
h
For h > 175 mm:
+6
35
For h > 175 mm:

(3)
10

3

Determination of model parameters

3.1

Thermal analysis

The thermal analyses were performed using SAFIR 2007 [5] using thermal properties of wood
given by EN 1995-1-2 [1]. The thermal properties of gypsum plasterboard were similar to
those given in [6], however further calibrated to fit test results, see [4].

3.2

Structural analysis

For the structural analysis, a computer program CSTFire, written as a Visual Basic macro
embedded in Excel, was developed, using the temperature output from the heat transfer
calculations and the relative strength and stiffness values given by EN 1995-1-2 [1], i.e.
compressive and tensile strengths, fc and ft, and moduli of elasticity in compression and
tension, Ec and Et. These values are given as bi-linear functions of temperature from 20 to
300°C with breakpoints at 100°C, also taking into account the effects of transient moisture
situations and creep, see Figure 1.The software takes into account the possibility of permitting
ductile behaviour of wood under elevated temperature. Contrary to ambient conditions where
failure on the tension side of a beam is brittle, in the fire situation tensile failure of the
outermost fibres won’t cause immediate collapse of the member since a redistribution of
internal stresses will take place as long as equilibrium is maintained.
Since the reduction of strength and stiffness properties is different for tension and
compression, CSTFire uses an iteration process, increasing the curvature of the member until
the maximum moment resistance is reached. The element size used for the thermal and
structural analysis was chosen as 1 mm × 1 mm.
The calculations were conducted assuming material properties that are representative for
timber deck plates used in practice, using a bi-linear stress-strain relationship. Since the
values of tensile and compressive strength of solid timber given in design or product
standards, e.g. EN 338 [7], are values related to the whole cross-section and were determined
on the assumption of a linear relationship between stress and strain until failure, the use of
these values in a finite element analysis would not be correct [6]. Therefore, compressive
strength values were determined using the data from Thunell [8] dependent on density and
moisture content as shown in [5]. For the timber slabs assumed here the compressive strength
was fc = 30 N/mm2, while the tensile strength was taken as ft = 27 N/mm2, that is the ratio of
ft/fc is 0,9. The results of simulations of cross-laminated timber slabs were taken from [4].
These calculations were made assuming ft/fc = (0,92). Since the ratio has only a small
influence on the results, it can be neglected for practical application. For layers with the grain
direction perpendicular to the longitudinal direction of the plate (cross-layers), the modulus of
elasticity was assumed to be zero, while these layers were assumed to be completely effective
with respect to shear stiffness, i.e. complete composite action of the longitudinal layers was
assumed. This assumption is justified by the slenderness ratios of CLT occurring in practice.
For deck plates of thickness 150 mm and a span of 5,5 m, the slenderness ratio is 30. Due to
shear deformations the maximum bending stress is increased by about 3 % [9]. Since the
slenderness ratio in fire – due to charring – is somewhat greater than under ambient
conditions, the increase of bending stresses due to shear deformations would be less than 3 %.
This influence is neglected in the model presented here.
The calculations were carried out for members in bending with depths from 45 to 315 mm,
layer thicknesses from 15 to 45 mm and layer numbers from 3 to 7, both for unprotected and
protected CLT, and both for the fire-exposed side in tension or compression. Both regular and
irregular lay-ups were studied, i.e. regular lay-ups with equal layer thicknesses of longitudinal
3

and cross-layers, and irregular ones where layer thicknesses of longitudinal and cross-layers
were different. In all cases, however, all longitudinal layers had the same thickness and the
lay-ups were symmetrical.

3.3

Results
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In the following, for unprotected CLT with five layers of 20 mm thickness, the results of the
computer simulations are shown as relationships between the bending moment ratio Mfi/M
and time t and charring dchar, respectively and zero-strength layer d0 and time and charring
dchar, respectively, see Figure 2.
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Figure 2 – Results for CLT with 5 layers of thickness 20 mm with the fire-exposed side in tension (left) and
compression (right); results given as function of time (left) and charring (right). The yellow bars indicate
charring of bondlines. The black broken bars indicate the 20 and 40 % levels of bending resistance.

For the examples shown here, during the first charring phase when charring takes place in the
first layer, the bending resistance is reduced to approximately forty percent of ambient
resistance. During charring in the second (non load-bearing) layer the bending resistance falls
under forty percent: the decay is very slow, but increasing considerably before the char front
has reached the second bond line and the next load bearing layer, respectively. At that stage
the bending resistance has dropped to twenty-five to twenty percent, depending on the state of
stress on the fire-exposed side. When the fire-exposed side is in compression, the reduction of
bending resistance is greatest. The charts also show the corresponding zero-strength layers d0
that should be applied to the cross-section to get the same results using ambient strength and
stiffness properties for the effective residual cross-section. Since the value of d0 varies
considerable with time (or charring depth dchar), in order to simplify the design model, the
largest value within the bending resistance interval between 20 and 40 percent was chosen. In
Figure 2 these values are marked as rings: For the CLT panels shown, d0 = 10,5 mm for the
fire-exposed side in tension and d0 = 15,9 mm for the fire-exposed side in compression.
From the charts can be seen that, for the most relevant stage of relative resistances from 0,2 to
0,4, d0 = 7 mm given by EN 1995-1-2 [1] for beams and columns would give nonconservative results in comparison with the results from the simulations.
This calculation was carried out for a large number of lay-ups with three, five and seven
layers. The data for d0 where the plotted as functions of the depth h of the CLT plate
depending on the number of layers, for five layer CLT see Figure 3.
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The trendlines, somewhat modified and simplified, are given for unprotected CLT with five
layers where the fire-exposed side is in tension and compression as:
h
+ 10
100

(2)

and
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h
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20
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Figure 3 – Same CLT as before but protected, exposed side in compression, results given as functions of
charring depth dchar (left). Determination of linear expression for zero-strength layer d0 vs. plate depth for
unprotected CLT (right).

The simulations for protected CLT were carried out for a large number of regular lay-ups and
protective claddings consisting of one layer (12,5 mm or 15,4 mm thick) or two layers 12,5 +
15,4 mm thick gypsum plasterboard considering different failure times. Long protection times
lead to small temperature gradients where ambient temperature is reached in larger depths
which may result in higher values for d0. Contrary char ablation which exposes following
layers directly to fire without a protective char layer would lead to high gradients which may
lead to lower values for d0. It can be assumed that the presented functions for d0 would lead to
conservative design in these cases, a decrease of d0 should not be considered since char
ablation may be a local effect.

4

Tests

In order to verify the model by tests, two five layer CLT products currently being on the
market were chosen. The width of all specimens was 150 mm. The specimens of series M had
layers of equal thickness (regular lay-up), i.e. the total thickness was 95 mm, while the lay-up
of series S with a thickness of 150 mm was irregular, see Figure 4. Series M was produced
without joints in lamellas, series S had no finger joints in the lamellas on the exposed side to
avoid influence of finger joints on bending resistance in fire [10].
The width and length of the specimens chosen was governed by the test conditions in the fire
situation. Both are considerably smaller than required for testing of CLT products. EN 789
[11] requires a span of 32 times the depth of the CLT panel, while the minimum width
required by the standard is 300 mm. A sample of each product was subdivided into two
groups, one of which was tested in fire (series MF and SF) while the other was tested at
ambient conditions (series MR and SR) in order to provide data for the prediction of the
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ambient bending moment resistance of the specimens to be tested in fire. All test specimens
were conditioned at 20°C and 65 % relative humidity before reference and fire tests.

4.1

Reference Tests under ambient conditions

The ambient reference tests were carried out as four-point ramp load tests. For series SR the
span was 2,7 m and the two point loads were acting at the third points (0,9 m + 0,9 m +
0,9 m). For series MR, in order to reduce the risk of shear failure, the distances were chosen
to be equal as in the fire tests (0,9 m + 1,5 m + 0,9 m), see Figure 5. The number of reference
tests was 10 (series MR) and 15 (series SR), respectively.
Two different failure modes were observed, either tensile failure in the outer lamella or shear
failure in one or two of the cross-layers. The results are shown in Figure 4. In series MR one
out of 10 specimens failed due to shear failure while the rest failed due to tensile failure. In
Series SR seven specimens failed due to tensile failure and eight specimens due to shear
failure. Since shear failure was not expected in the fire tests and is not a relevant failure mode
in the simulations and the design model, the results of series SR and MR were evaluated with
respect to the relevant failure mode “failure of tensile lamella”. The parameters of a
lognormal distribution have been estimated by using the censored using the Maximum
Likelihood Method [12].

Series M (MR and
MF)
19+19+19+19+19

1
0,9
0,8
0,7
0,6
0,5
0,4
0,3
0,2
0,1
0

Series S (SR and
SF)
42+19+28+19+42

0

Mean Value [N/mm2]
Standard Deviation [N/mm2]

MR
58,72
5,12

20

40

60

80

100

120

f m [N/mm2]

SR
50,24
14,40

SR Bending Failure

SR Shear Failure

MR Bendin g Failure

MR Sh ear Failure

SR Lo gNormal

MR LogNormal

Figure 4 – Build up of the two testet series M and S, results from ambient reference tests for series MR and SR
plotted together with the corresponding probability distributions (LogNormal, parameters obtained with censored
maximum likelihood).

4.2

Fire tests under standard fire exposure

Fire tests of specimens in bending were performed for the following cases:
• Unprotected timber; fire-exposed side in tension (tsw);
• Unprotected timber; fire-exposed side in compression (csw);
• Protected timber; fire-exposed side in tension (tsw);
• Protected timber; fire-exposed side in compression (csw).
In order to simulate the thermal conditions in a CLT plate in fire, i.e. the one-dimensional heat
flux, and consequently one dimensional charring, the edges of the beam specimens were
protected by a first layer of 20 mm thick pieces of wood with the grain in longitudinal
direction and a second layer of 15 mm thick pieces of gypsum plasterboard type F, all of them
fixed with nails. These layers were discontinuous in order to prevent composite action, with
gap widths of 1 mm. Where the CLT beams were protected, 150 mm long pieces of gypsum
plasterboard type F were screwed to the bottom face of the beams with 1 mm gaps between
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the pieces. The supports of the specimens were located on the furnace walls outside the heated
zone of one metre, see Figure 5. The loads could be applied in upward or downward direction.
A measuring device was placed on top of the specimens for measuring the deflection within a
gauge length of 900 mm.
The load was applied prior to the fire test, then the furnace was started and the load was kept
constant until the CLT could not bear the applied load any more. Unlike the failure modes
observed during the ambient reference tests, failure in fire was preceded by extensive
deflections.

Figure 5 – Test furnace, location of test specimen and loading equipment.

At bending failure or when the load could not be held constant, the burners were turned off,
the specimen removed from the furnace and the fire in the wood extinguished with water. The
time elapsed from turning off the burners to extinguishing the fire was normally from 1 to 1,5
minutes.

4.3

Test results

From each of the test specimens, at five locations, photographs were taken of the crosssection after the fire test, see two examples shown in Figure 6. Specimen SF 11 (left) was
unprotected while specimen SF 12 (right) was protected. Especially for protected beams it
was difficult in some cases to achieve one-dimensional heat flux and charring over the whole
width of the beams, due to opening of wide gaps between the bottom and side protection.
The photographs taken of the residual cross-sections were used to record the borderline of the
shape using the software AutoCAD. From these data, the area, second moment of area and the
section modulus were determined. Since the charring depth was not equal over the width of
the beams, the area was used for the calculation of the mean charring depth for a crosssection. For the determination of the second moment of area, only load-bearing layers (with
the grain in longitudinal direction) were considered.
Comparisons of test results with the simulations using the dimensions of the test beams are
shown in Figure 7 and Figure 8 with relationships of the bending resistance ratio versus
charring depth.
For each test, the bending moment resistance was predicted using the results from the
reference tests at ambient temperature. The graphs also show the relative bending resistance
obtained using the simplified model for the zero-strength layer, and the value that would be
obtained applying a zero-strength layer of d0 = 7 mm as given in EN 1995-1-2 [1]. Since the
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model was fitted to give best results in the range of a relative bending resistances between 0,2
and 0,4, the values are only shown for this interval.
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Figure 6 – Examples of residual cross-sections after fire test (left, middle), recorded deflection and load for an
excluded test (SF05) and included test (SF16) (right).

In general, the test results agree fairly well with the simulations. Some deviations are,
however, noticeable. A more in-depth analysis of the specimens after fire tests showed that
some specimens exhibited local deficiencies of charring depth, caused by char ablation or
other (excluded test results are marked with not filled dots in Figure 6).
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Figure 7 – Comparison of test results for unprotected CLT with simulation and the simplified design model for
series MF (left column)and series SF (right column). Exposed side in tension (tsw) at the top row and exposed
side in compression (csw) below.

This may have caused lower bending resistances of some tests shown in Figure 7 (SF,
unprotected, tsw). Such local deficiencies are more effective in narrow beams; it can be
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argued that CLT of sizes used in practice are less vulnerable to local defects. Furthermore the
load and deflection measurements were used to detect outliners see Figure 6.
The university of Trieste performed one full scale test with CLT of series S, including eight
reference tests and a fire test with a free span of 5,0 m. In the fire test the CLT was loaded
with 21,6 % of the load bearing capacity. The result confirms the value of the model scale
tests and the simulation result with a failure at ca. 100 minutes, see Figure 8.
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Figure 8 – Comparison of test results for protected CLT with simulation and design model for series MF (left
column)and series SF (right column). Exposed side in tension (tsw) at the top row and exposed side in
compression (csw) below.

The simplified model for the zero-strength layer normally gives conservative results
compared with the simulations, except for protected CLT. Non-conservative deviations are
due to the assumption that the cladding would fall off after some time; during the fire tests,
however, the protective cladding remained in place during the fire tests. The assumption of a
zero-strength layer equal 7 mm gives unsafe results, especially when the fire-exposed side is
in compression.
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Conclusions

It has been shown that the complex performance of CLT exposed to fire can be described by
advanced computer simulations, using the thermal and thermo-mechanical properties of wood
given by EN 1995-1-2 [1] and that the simulation results are verified by test results from fire
tests. In order to present a user-friendly easy-to-use design model for members in bending, the
concept of the reduced cross-section method given in [1] was adopted and zero-strength layers
determined for consideration of the reduced strength and stiffness properties at elevated
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temperatures. The simplified model gives reliable results, while the adoption of the zerostrength layer equal to 7 mm, as given in EN 1995-1-2 [1] for beams and columns, normally
gives non-conservative results.
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Introduction

Timber-concrete composite floors are a combination of timber joists and concrete topping,
creating a flooring system best utilising the advantages each material has to offer. Timber
is used as the main tensile load bearing material due to its high strength-to-weight ratio,
while concrete is used in floor slabs for its advantages in stiffness and acoustic separation.
The strength of the system is dependent on the connection between timber and concrete,
thus the connection must be strong, stiff, and economical to manufacture, to ensure that the
flooring system is economically viable. The benefits in aesthetics, sustainability and
economical savings due to fast erection time will undoubtedly be a significant factor to
their widespread use in the future. Timber-concrete composite structures are not a new
technology, and arose in Europe in the early twentieth century as a means of strengthening
existing timber floors by the addition of a concrete slab. Due to the many advantages they
possess over traditional timber floors, they are now being used in new construction [1-3].
This is currently under investigation in many parts of the world such as Sweden [1-3], the
United States [4], Germany [5, 6], Switzerland [7] and New Zealand [8-11].
There are many different types of composite flooring design, the main two categories
being either solid timber slab type designs or beam type designs.
Beam type designs consist of timber beams (either sawn timber, glulam or LVL) being
used as floor joists, upon which a solid membrane (usually a plywood sheathing or steel
deck) is fixed and a concrete slab is cast above. The forms of connections between the
timber and concrete are extremely varied, some of which are glued, non-glued, and
notched connections [8]. Glued connections consist of a form of steel reinforcement
(rebars, punched metal plates, steel lattices) which is glued into the timber members and
continues out into the concrete slab. Non-glued connections can consist of screws partially
screwed into pre-drilled holes in the timber, inclined steel bars driven into tight holes, or
shear studs screwed into the timber member. Notched connections consist of a notch cut
out of the timber member which the concrete is cast into, and a stud can be incorporated in
the notch for better performance. A number of these different types of connections have
been investigated by Ceccotti [12], Lukaszewska et al. [1, 2] and Yeoh et al. [10].
Solid timber slab designs are generally composed of a solid timber decking from nailed
timber planks with a concrete slab cast directly on top. Slab type floors generally utilise a
grooved connection, the concrete is cast into grooves or trenches in the top of the timber
1

decking which allows a large shear area of concrete to timber to be utilised, resulting in a
very stiff and complete composite connection. Kuhlmann and Michelfelder [5] have
conducted extensive research on the strength and stiffness of grooved timber slabs.
The type of composite floor under study was a semi-prefabricated beam type system
comprising of "M" panels that were built with laminated veneer lumber beams sheathed in
plywood as permanent formwork for the concrete. The plywood had holes cut to
accommodate the shear connection between the beams and the concrete slab. Both notched
connections and toothed metal plates were used in this research. The panels can be
prefabricated off-site then transported to site and craned into position, allowing the
concrete slab to be cast in-situ.

2

Timber-Concrete Composite Floors in Fire

With the development of any new structural system, it is important to assess the fire safety
of the system to ensure it can be used safely for its intended purpose. This is vital for
timber systems, as a fire safety assessment can be a deciding factor in determining success
or failure in the international market. Many countries have strict regulations and guidelines
regarding the use of timber materials, hence it is important to have conducted fire safety
tests on the system to ensure it can meet a required level of fire safety.
In the past, research has been conducted on the fire performance of many different types of
timber-concrete composite floors, for instance Frangi and Fontana [13] have conducted fire
tests on both beam and slab type composite floors. However the differing types of
composite systems available in terms of material composition and structural design mean
that different aspects of these systems will govern failure in fires. It is therefore important
to identify what differences are present between tested and untested systems to determine
what degree of scrutiny is required when researching the fire performance of a new system.
This generally applies to beam type floors, as the fire performance of solid timber slab
floors can generally be simplified down to the charring rate of the timber decking due to
the one dimensional surface presented to the fire, as was found by Frangi and Fontana [13]
when they fire tested a solid timber slab floor.

3

Test Specimen Details

The specimen construction and testing was carried out at the Building Research
Association of New Zealand (BRANZ), located in Porirua, New Zealand. The full scale
testing involved two floor units tested under scaled loads, the dimensions of each floor unit
being identical apart from the beam depth and design load. A 300 mm deep LVL beam
floor was designed with a nominal span of 5 m, and a 400 mm deep LVL beam floor was
designed with a nominal span of 7 m. Although smaller and larger sizes of beams are
available, and the floor spans can be designed up to 11 m, the floor designs tested were
limited by the loading capabilities of the full scale furnace at BRANZ. A modification on
the usual number of connections also had to be made to accommodate the 4 m span of the
furnace, having only four notches or eight plates per beam, as opposed to the usual six
notches or twelve plates. The general design of the composite floors used in the testing was
based on the semi-prefabricated system under development at the University of
Canterbury.
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Each floor unit consisted of two 4.6 m long double Laminated Veneer Lumber beams
spaced 1200 mm apart and fixed together with type 17 self-drilling screws. Two different
connection types were used in each test specimen. The result of previous short and long
term testing by Yeoh [10] and O’Neill [14] was a 50 mm deep by 300 mm long rectangular
notch cut into each beam, with a 16 mm coach screw installed 100 mm into the centre of
the notch. A detail of this notch type is shown in Figure 1(a). The other connection tested
was toothed steel plates pressed between the double beams, protruding into the concrete
slab. This is shown in Figure 1(b).
A 17 mm thick plywood sheathing was nailed to the top of the beams providing permanent
formwork for the concrete topping. Upon this a 65 mm thick 30 MPa concrete topping was
cast in the forms and through the steel reinforcement, filling the notched connections and
through the steel plate connections. The addition of a concrete slab greatly enhances the
acoustic separation of the floor, and also provides a more rigid floor diaphragm. For testing
purposes the slab was separated at 1200 mm centres over the beams to ensure that each set
of beams would act independently once the plywood had burned through.
concrete
concrete

65

33

50

plywood

ply

50
200
Coach Screw
L 200, Ø 16

100

17
136

86
LVL beam
400x63

400
Plate
Double LVL
400x63

300

4

(a)

333

45

(b)

Figure 1: Design Detail of the Connections (dimensions in mm)
Thermocouples were placed in critical areas to allow for temperature data to be recorded at
points of interest. The set of thermocouples to measure the temperature distribution
through the beams were installed between the double beams. Thermocouples were also
installed in the concrete, the connections, various composite interfaces and on the steel
mesh. Six potentiometers were fixed to the loading rig and drawn down to the slab surface
to measure the vertical displacement of the floors. These were approximately in line with
the centrelines of the beams and spaced at third points across the floors.

4

Furnace Testing

4.1

Observations

The primary objective of the full scale testing was to investigate the failure behaviour of
timber-concrete composite floors when exposed to fire. The failure mode of the floors was
an important part of this as it would identify the critical component of the floor that
governs the design for fire safety, whether it was a failure in the beams, the concrete slab
or the connections between the two. Other important areas of interest were the charring
behaviour of the timber beams, the spalling behaviour of the concrete, the fire damage
about the connections and the performance of the plywood sheathing. The test fire was the
ISO 834 standard test fire [15]. Due to their combustibility, timber beams cannot be scaled
down in size as their fire behaviour is dependent on the actual cross-section present. This
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required that the loads on the floor units be scaled up in such a way that similar stresses
were induced in the load bearing members of the floor and the same bending moment at
the midspan of the floors was obtained. Design loads for the test specimens were based on
a live load of 2.5 kPa and the self weight of the floor only with no additional superimposed
dead load.
The 300 mm beam floor failed at 75 minutes in the timber beam under the ISO 834 design
fire and applied design load, and is shown in Figure 2 directly after furnace testing. The
side with notched connections failed first, and the testing was terminated. The 400 mm
beam floor test was stopped shortly after 60 minutes to assess the damage at that time and
to provide insight into how the beams were charring before complete destruction. The
initial and remaining section sizes are shown in Table 1. Measurements represented in the
tables were taken from intermediate regions in the beams as the char depth across the
beams was very uniform along the beams from inspection of the charred remains.

Figure 2: The Underside of the 300 mm Floor after Figure 3: Residual Section of
Furnace Testing
the 400 mm Floor

5.2

Char Damage

Calculated average charring rates for each floor are shown in Table 2. The charring rate for
the 400 mm floor beams were slightly higher than the 300 mm floor beams from both
directions, and this was attributed to a deeper layer of char providing better insulation on
the smaller floor beams, as deeper layers of char will reduce the charring rate of the timber.
The deeper floor beams also exhibited centreline separation at the midline to a much
greater degree than the smaller beams, allowing further charring to penetrate the bottom
surface.
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Table 1: Residual Beam Sizes Before and After Furnace Testing
Test Specimen

300 mm
400 mm

Size Before Furnace
Testing (mm)
Width
Depth
126
300
126
400

Size After Furnace
Testing (mm)
Width
Depth
44
130
52
255

Burn Time
(min)
75
60

Table 2: Calculated Average Charring Rates for the Floor Beams
Test Specimen
300 mm
400 mm

Side Charring Rate
(mm/min)
0.55
0.62

Bottom Charring
Rate (mm/min)
2.27
2.42

Overall Charring
Rate (mm/min)
1.12
1.22

The charring rate on the sides of the LVL beams was found to be 0.58 mm/min on average,
lower than reported values of 0.72 mm/min based on research conducted by Lane [16] on
similar LVL at the BRANZ facilities. This was most likely due to the double-tee
configuration of the floor beams such that convection of flames and hot gases throughout
the space was slightly impeded, and the nearest beam was spaced far enough away that reradiation off this surface was not significant.
The charring rate on the underside of the beams was very high, being on average four
times as large as the charring rate from either side of the beams. The majority of this
charring occurred in the latter stages of burning once the residual section had been reduced
to such a size that the central area of the timber beams had increased above the initial
ambient temperature, thus increasing the rate of heating and burning of the remaining
section.
Another important observation was the separation of the double beams after significant
burning, that is each beam tended to splay outwards which induced extra charring on the
insides of the beam sections and exposed the connections to further fire damage (Figure 3).
This phenomenon was primarily caused by uneven drying of the timber beams and loss of
integrity of fixing around the fasteners holding the beams together, and would have had a
greater impact on the floor performance in the latter stages of testing when the residual
section was smaller and closer to failure.
This means that slender beam members are obviously much more susceptible to structural
failure earlier in fires as the core heating would be more rapid than a larger timber
member. An inherent advantage of structural timber members is that much more
redundancy can be designed into members without a major increase in material costs,
when compared to other structural materials such as steel and concrete. Larger beam
member sizes (especially width-wise) in the case of timber-concrete composite floors serve
to drastically increase expected fire resistance. The overall charring rates shown in Table 2
are the average charring rates for three sided exposure for each beam.
It should be noted that the heat flow within the furnace was not entirely uniform across the
floor unit, in that the action of pumping of fuel into the compartment via the sides of the
furnace and extracting hot gases through the bottom at the centre of the compartment
tended to induce hotter burning in the central region of the furnace. This was observed on
the residual beam sections after furnace testing, as the char damage was more prevalent on
the side of the beam facing the centre of the furnace. It was also reflected in the spall
patterns on the underside of the concrete, as it was much more prevalent in the middle of
the floor units compared with the edges.
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5.3

Vertical Displacement

Average vertical displacement measurements of the potentiometers on the top of the slab at
mid-span can be seen in Figure 4 and Figure 5.
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Figure 4: 300 mm Floor Displacement Figure 5: 400 mm Floor Displacement
Results
Results
From these measurements it is clear the 300 mm floor sections sagged for the first 23
minutes of testing due to applied loads and reduction in timber beam cross section.
However, it can be seen for both sides of the floor that vertical displacement begins to
decrease back towards the initial rest position. This behaviour is concurrent with the
almost complete burning through of the plywood sheathing, and is probably due to heating
of the underside of the concrete slab.
As a significant thermal gradient was introduced across the depth of the concrete, the
bottom of the slab expanded due to the temperature increase. This behaviour was
restrained by the LVL beam however due to the connections and resulting composite
action, therefore a thermal bowing action was induced in the concrete slab that tended to
hog the entire floor. This thermal bowing aided in resisting gravity loads imposed on the
floors, and was essentially similar to the thrust force that can be developed via axial
restraint [17]. This behaviour was more apparent on the side of the floor with plated
connections, as the reduction in slip modulus due to fire exposure was much less than for
the notched connections as the plates were well insulated from fire and therefore the effect
of slab elongation was more significant. This resulted in less floor displacement, a more
marked thrust force being developed and better fire resistance overall.
As seen for both floors tested, the displacement up to structural failure was less than 1/20
of the span (200 mm) and the rate of increase of displacement was low. Some common
structural requirements specify deflections of less than 1/20 of the span or a limiting rate of
deflection when deflection is 1/30 of the span [17], and on comparison the test floors were
within these ranges. It should also be noted that for the 400 mm floor displacement
measurements diverged at approximately 5 minutes. This was most likely attributed to the
higher loads this floor, and coupled with a fast initial charring of plywood it is very likely
that the plywood fractured at this time allowing each side of the floor specimen to separate
along the structural gap.

6

Spreadsheet Design Tool

The spreadsheet design tool has been developed as a tool to aid in the understanding of
how certain timber-concrete composite systems can perform in fires, and to provide a fast
method of estimating the expected fire resistance time of a floor under user defined load
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conditions and floor geometries. Design equations used for evaluating the strength of the
composite floor in the spreadsheet was based on methods presented in Chapter 25 of the
Timber Design Guide [8], which was developed in accordance with the Australian/New
Zealand AS/NZS 1170 loading standard [18] and the New Zealand Timber Structure
Standard NZS 3603 [19]. The spreadsheet tool, however, can be easily modified to
incorporate the Eurocode 5 equations [20]. Due to the modular nature of the semiprefabricated system, the most likely method of construction is to be craned in place and
simply supported for their lifetime; hence the spreadsheet currently only takes into account
a simply-supported floor. However, as the spreadsheet has been written to be relatively
user friendly, modifications to allow the evaluation of different forms of support conditions
can be easily made without a breakdown of the spreadsheet coding. The general design
methodology of the spreadsheet is as follows:
The load combination for the floor system under fire is:
(1)
G and Q being the permanent and imposed loads, respectively. The design bending
moment at midspan, shear force at the supports and shear force at the span/4 from the
supports are then calculated, L being the span length:
(2) (3) (4)
The timber strength capacity at midspan is also found for tension and bending:
(5) (6)
where φ is the strength reduction factor, k1 is the laod duration factor, k4 and k5 are the load
sharing factors, k8 is the reduction facor for flexural buckling, ft and fb are the tensile and
bending strength, At and Z are the cross-sectional area and section modulus, respectively.
The effective flexural stiffness of the composite is evaluated by first calculating the
concrete gamma coefficient γc [19] to evaluate the slip between the composites:

(7) (8) (9)
(10)
where E, A, I signify the modulus of elasticity, cross-sectional area, and second moment of
area of the concrete (subscript c) and timber (subscript t), respectively, sef is the effective
spacing among connectors, estimated as sef=0.75smin+0.25smax, smin and smax signifying the
minimum and maximum spacing of connectors along the span length of the beam,
respctively, H is the distance between the centroids of concrete and timber, KSLS is the slip
modulus of the connector, and (EI)ef is the effective flexural stiffness of the composite
section to allow for the flexibility of the connection. The timber stress σt due to the axial
force is then calculated, along with the timber axial force Nt* and bending moment Mt*:
(11) (12)(13)
The combined bending and tension ratio of the composite floor is then found:
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(14)
To evaluate the shear strength of the floors, the timber design shear strength can be found,
and compared with the demand of shear force at the supports:
(15 (16)
The connection profile used in the spreadsheet is a 300 mm long by 50 mm deep nocth
with an incorporated 16 mm coach screw implanted in the centre. From previous work
conducted at the University of Canterbury on the shear strength of notched connection
types, the shear strength at ultimate limit state QK was found [11,14]:
(17)
The demand of shear force in the connection at maximum shear, and at the span/4 from the
supports is then calculated:
(18) (19)
The connection design shear strength must exceed the shear force demand:
(20) (21)
It should be noted that strength reduction factors k for the connection design strength and
for other strength evaluations are different. These can also change depending on the
situation, as in fire conditions the strength reduction factor is specified by NZS 3603 [19]
as 1.0 for shear and bending, whereas it would be 0.9 for LVL in normal conditions.
To incorporate the effects of fire conditions into the spreadsheet the major portion of the
calculations are set to run in a quasi steady state analysis. That is, mechanical properties of
the floor are evaluated iteratively over a number of equal time intervals (in this case each
minute) during which time t the effects of fire reduce the residual size of the timber beam
and, consequently, the cross-sectional area At,res and second moment of area It,res to use in
the aforementioned equations. No reduction in timber properties (strength f and modulus of
elasticity Et) was assumed inside the residual cross-section. Charring is based on an initial
charring rate vc = 0.55 mm/min, which is increased when the beam width drops to 60 mm.
This bi-linear relationship was derived from full scale testing where increased bottom
surface charring occurred during the latter stages of burning, and further details can be
found in the relevant thesis [21].
A degradation of the slip modulus KSLS and shear strength QK of the notched connection
was assumed over the time of exposure to the fire t, based on the reduction of the vertical
bearing area inside the notch at the timber-concrete interface due to timber charring:
KSLS(t)/KSLS=(bt-2vct)/bt

QK(t)/QK=(bt-2vct)/bt

(22) (23)

The spreadsheet requires the input of floor geometry, material properties, loading
conditions and corresponding safety factors, and outputs an expected fire resistance time
for the floor to fail. The spreadsheet was used to derive a number of resistance span tables
for varying spans of these composite floors with regard to the varying section sizes
available, and different combinations of live and superimposed dead loads. An example of
this is shown in Table 3 for timber-concrete composite beams with the notch type
connection discussed before and displayed in Figure 1(a).
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Table 3: FRR Span Table from Spreadsheet Design Tool for Notched Connections

Beam
Dimensions
(mm)
200x45x2
240x45x2
300x45x2
360x45x2
400x45x2
450x45x2
600x45x2
200x63x2
240x63x2
300x63x2
360x63x2
400x63x2
450x63x2
600x63x2

Fire Resistance Time (min)
SDL = 0.5 kPa, Q = 2.0 kPa
Span (m)
4

5

6

7

8

9

10

11

12

39
43
48
70
74
80
-

37
41
46
50
68
72
77
81
-

39
44
47
62
66
71
76
79
-

40
43
46
66
71
74
78
-

39
42
52
67
70
74
84

39
48
67
70
80

-

42
74

39
71

45
67
77

Using a better form of connecting the double beams together, such as adhesives or fully
threaded screws would serve to reduce the splaying effect previously mentioned and
increase the expected fire resistance.

7

Conclusions

A design method has been proposed for timber-concrete composite floor systems with
different types of connections. With the input of floor geometry, material properties,
loading conditions and corresponding safety factors, the design method outputs an
expected fire resistance time for the floor to reach structural failure. It was used to derive a
number of resistance span tables for varying spans of these timber-concrete composite
floor systems with regard to section sizes available and different combinations of live and
superimposed dead loads. Two full-scale floors were fire tested. The reduction in section
size of the timber beams due to charring governed the failure of the floors. Due to the
composite action achieved by the connections, the floor units were able to withstand
prolonged exposure to the test fire, well exceeding one hour. The effect of reduced section
properties due to elevated timber temperatures was found to have a small impact on the
overall performance of the test floors. Test data and visual observations aided in the
development of an analytical model that is able to predict the expected fire resistance of
these floors, taking into account some major time dependent variable properties, loading
conditions, material properties and floor geometries.
In conclusion this research has shown that the fire performance of unprotected timberconcrete composite floor is excellent. A large degree of safety is possible without risking
structural collapse, and this research should serve as a guideline to the expected
performance. Further means of fire protection to these floors such as passive protection
(fire rated suspended ceilings, gypsum plasterboard encasement) or active protection
(sprinkler systems) will serve to further increase the fire resistance of these floors.
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COMPARISON OF API, RF AND MUF ADHESIVES USING A
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ABSTRACT: Tests were done using MGP15 slash pine (i.e. non-standard) with an aqueous polymeric isocyanate
(API), a resorcinol (RF) and a melamine-urea (MUF) adhesive to AS/NZS4364:2007 (Int)[1], for hydrolytical stability,
shear block strength, delamination and creep. The API was found to have a durability intermediate between that of the
RF and the MUF adhesives. The draft standard needs to be improved by deletion of the hydrolytic test that involves
water bath and oven treatment of specimens. The delamination test could also be deleted as it gives information that is
essentially the same as the boil/freeze/dry shear block test. The creep test needs modification to prevent specimens
buckling.
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1 INTRODUCTION 123
An interim version of AS/NZS 4364 has been published.
This standard is for use by manufacturers to classify
glues for durability. Previously it was specific to
phenolic and aminoplastic adhesives which are the
traditional resorcinol and melamine-based adhesives but
it has been amended to include a test for creep. This test
was introduced with polyurethane and isocyanate
adhesives in mind as these are believed to be susceptible
to creep at elevated temperatures. The standard gives
options from American and European standards and the
tests selected from AS/NZS4364 were:
•

Hydrolytic stability, using the method of ASTM
4502.

•

Resistance to shear in the dry and wet states by
compression.

•

Hydro-mechanical response or resistance to
delamination during exposure to wetting.

•

Resistance to creep under static shear loading
during exposure to high humidity, heat and
combined heat and moisture.

2 SPECIMEN PREPARATION AND
TESTING
Timber supplied for the tests was 600mm lengths of
MGP15 [2] radiata and slash pines in 90x35mm
1
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dimension. To achieve members of the required size,
some initial lamination using resorcinol adhesive was
necessary.
Briefly, the tests involve the following:
2.1 HYDROLYTICAL TESTS
280 modified conventional shear block specimens are
made, each consisting of two pieces of timber 38mm
along the grain, 25mm across the grain and 8mm thick,
glued together with a 6mm overlap. Groups of 50 of
these specimens are placed in water baths at
temperatures of 60, 70, 77.5, 85 or 100 °C, or in ovens at
120, 130, 145, 160 or 170 °C. Groups of 10 specimens
are removed at intervals, reconditioned to EMC (except
the water bath specimens are tested wet), and tested in
shear.
2.2 SHEAR BLOCK TESTS
90 conventional shear block specimens are made, each
consisting of two pieces of timber 45mm along the grain,
50mm across the grain and 20mm thick, glued together
with a 5mm overlap. 30 specimens are tested dry, 30 are
wetted by vacuum/pressure soaking, and 30 are
subjected to 7 boil/dry/freeze cycles with a final boil
cycle. They are tested in shear in the condition they are
when the conditioning is complete
2.3 DELAMINATION TESTS
6 specimens are made, each consisting of 6 laminations
19mm thick, 140mm across the grain and 75mm along
the grain. The specimens are subjected to three cycles of
vacuum/pressure
wetting
and
oven
drying.
Delamination in the gluelines on the end grain surfaces
is measured.

2.4 CREEP TESTS

Slash pine, resorcinol, wet series
1.05
Relative strength

6 specimens are prepared as described in AS/NZS4364.
These are placed under a constant compressive load
using a spring loaded cage. Two loaded specimens are
conditioned at 20°C and 95% relative humidity (RH) for
7 days then loaded (treatment A), two are conditioned at
20°C and 65% RH then loaded at 70°C and ambient RH
for 7 days, (treatment B) while two are vacuum/pressure
soaked, wrapped in clear flexible film to prevent
moisture loss and loaded at 50°C for 28 days, (treatment
C). Creep in the gluelines is measured.
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Figure 4: Resorcinol adhesive, wet tests

3 RESULTS
3.1 HYDROLYTICAL TESTS

Slash pine, API, dry series
1.10

Slash pine, MUF, dry series
1.05
Relative strength

The relative decrease in strength in shear strength is
shown in Figures 1 to 6 for the three adhesives in the dry
and wet conditions.
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Times to 75% of control strength were calculated from
the regressions fitted to the strength/time data. The
regressions were forced to an intercept value of unity as
shown in Figures 7 to 9.
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and wet estimates for intermediate moisture contents
because the moisture condition for the wet tests is
unknown. Therefore this test is not recommended.
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Table 1: Estimation of times to 25% strength loss at20°C
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3.2 SHEAR BLOCK TESTS
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Figure 9: Arrhenius plot for melamine-urea adhesion

Table 1 gives the times to 25% strength loss at 20°C as
predicted from the Arrhenius plots. These results are not
credible because a life of 310 million years is not
believable, even for solid wood. Also, MUF yielded
better life predictions than did RF. There is a further
problem when it comes to interpolating between the dry

The median strengths and median and lower quartile
wood failure results from the shear block tests are given
in Table 2. Table 2 shows that the MUF adhesive could
not withstand the boil/dry/freeze treatment, otherwise all
three adhesives passed these tests.

Table 2: Shear block results summary

Strength, MPa
Median

Wood failure, %

Standard

Lower quartile

Standard

Median

Standard

API
Dry

13.50

10

100

85

100

75

Vac/press soak

4.52

5.6

100

85

100

75

Boil/dry/freeze

3.08

3.5

100

85

100

75

13.88

10

100

85

100

75

Vac/press soak

5.92

5.6

100

85

100

75

Boil/dry/freeze

2.40

3.5

100

85

100

75

13.71

10

100

85

100

75

Vac/press soak

5.61

5.6

100

85

100

75

Boil/dry/freeze

0

3.5

0

85

0

75

RF
Dry

MUF
Dry

3.3 DELAMINATION TESTS
The observed delamination results are given in Table 3

Table 3. Delamination results summary
Maximum delamination in any one bond
line, mm
Adhesive
Max

API

RF

MUF

64

20

130

The maximum delamination permitted in any one
glueline is 1% of the total glueline length, i.e. 13mm,
so none of the adhesives passed but the use of a nonstandard species would have had an effect. However it
is apparent that the RF performs better than API which
performs better than MUF.

of the specimens in the water bath tests. The
observation that the MUF adhesive gave longer
predicted life than the RF adhesive is also a puzzle.
There is an alternative method specified in ASTM D
4502 where the specimens are placed in sealable aging
jars above saturated salt solutions and subjected to
heat. This may be more realistic in that the specimens
are not subjected to liquid water and thus the treatment
is more representative of actual environmental
condition. It is recommended that this test be deleted
from the draft standard.
4.2 SHEAR BLOCK TESTS
These tests are simple to perform and give definite
answers.

3.4 CREEP TESTS
Under conditions A and B all the specimens of all
adhesives showed zero creep but under condition C
they collapsed as shown in Figure 10. The API-glued
specimens showed some failure in the gluelines while
the RF- and MUF-glued specimens showed failure only
in the timber adjacent to the gluelines

4.3 DELAMINATION TESTS
These tests are also simple to perform and gave
answers which agreed with those from the shear block
tests.
4.4 CREEP TESTS
It appears that this test may need modification to
ensure that the specimens cannot buckle under
treatment C.
4.5 COMPARISON BETWEEN TESTS
The standard aims to define accelerated tests to
determine how adhesives will perform under three
service class conditions of:
• Service class 1:
Indoor, subject to
seasonal fluctuations of temperature and
humidity but not subject to wetting.
• Service class 2:
Indoor or outdoor,
subject to seasonal fluctuations of
temperature and humidity but protected
from direct sun and rain.
• Service class 3:
Outdoors or in
ground contact subject to outdoor climate.

Figure 10: The API creep specimens that collapsed
under 50°C conditions.

The specimens that collapsed showed no creep, i.e.
where the gluelines were intact there was no
displacement of the knife cuts that had been made
across the gluelines prior to loading. The specimens
that had survived treatment A were given treatment C
and these collapsed. The specimens from treatment B
were given treatment C but in the loading cage shims
were inserted to prevent buckling. These specimens
survived.

4 DISCUSSION
4.1 HYDROLYTICAL TESTS
These tests are not difficult to do but they are very
time-consuming and give unrealistic answers. As
commented earlier, the analysis requires an assumption
to be made as to what is the relevant moisture content

The tests do not enable a decision to be made as to
whether an adhesive is suitable for Service Classes 1
and 2, only whether or not it is suitable for Service
Class 3. This is a deficiency in the draft standard that
needs to be addressed.
Another problem with these tests is that a variety of
species may be used. This brings in an unnecessary
unknown effect. In these tests slash pine was used so it
begs the question as to whether or not the results were
affect by the timber. If results are to be compared
internationally then the same species of timber must be
used for all adhesives.
The shear block tests and the delamination tests both
ranked the adhesives as RF being more durable than
API which was more durable than MUF. Both the API
and MUF were affected by treatments that used water
baths rather than high humidities. The shear block and
delamination tests can be considered to provide the

same information and therefore one of these could
arguably be deleted.
The creep test was introduced specifically for
adhesives like API and PUR which do not set hard and
are believed to creep under conditions of high
temperatures. The creep tests conducted in this study
show that the details of the equipment need to be
modified to prevent buckling. Apart from that, under
treatment C, the API appeared to fail in the gluelines as
well as in the wood adjacent to the gluelines, while the
RF and MUF appeared to fail in the wood only. This
test is very time-consuming, mainly because of the
intricacy of the specimens. A simpler specimen design
is desirable.

5 CONCLUSIONS
•

The hydrolytical test involving ovens and water
baths should not be an option in the draft standard
because it is open to different interpretations, is
very time-consuming, and gives unrealistic
answers.

•

The shear block and delamination tests are quick
and simple to do and give answers that are
essentially equivalent which suggests that one of
the tests could be deleted.

•

The creep test needs modification to prevent
specimens buckling.

•

The API adhesive showed durability intermediate
between that of RF and MUF.

•

The durability of both the API and the MUF
adhesives were significantly reduced in the
presence of liquid water.

•

The API and MUF may have performed better at
high temperatures if they were subjected to water
vapour rather than liquid water. This is a matter
for further research
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Introduction

High quality data on building performance is needed as timber is increasingly used for
medium and large commercial, industrial and multi-residential structures in New Zealand
and around the world. Timber buildings 6 to 9 storeys high have been constructed in
Germany, England, Canada and Sweden. In New Zealand we expect that a 3 storey posttensioned building in Nelson will be the trailblazer for taller structures here. Performance
based standards require an understanding of building response at a range of serviceability
levels as well as for life safety.
Large scale earthquake shake table experiments, such as those undertaken in the USA,
Italy and Japan, provide very good initial response data for timber structures (Filiatrault,
Christovasilis et al. 2010). Multi-storey timber structures in seismic regions are designed
for structural ductility with the response analysis based on assumptions for damping which
will be different from the laboratory to fully fitted out buildings. It is important that
monitoring is used to collect in-situ performance data, particularly in seismic areas, to
provide a solid basis for standards for a range of fully finished structures.
For long span structures the timber deformation is a significant serviceability design
parameter so the long term deformations need to be predictable. Monitoring provides
understanding of the reliability of these design values.
Instrumentation of buildings takes considerable effort and standardisation is necessary to
maximise the comparability of data. Timber has a smaller research base than the major
structural materials so early standardisation of approach and instrument parameters will
maximise the international usefulness of a performance database. Monitoring is discussed
in reference to the GNS Science GeoNet network and the Nelson Marlborough Institute of
Technology (NMIT) timber building in Nelson and is used to pose the challenge as to how
to develop a standard approach for wider application.

1.1

GeoNet Network

GNS Science collects and manages real-time monitoring and data collection on geological
hazards in New Zealand. Their accelerograph network enables the study of ground motion
characteristics in our highly seismic context.
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There are national scale and regional scale
networks, and a structural monitoring
programme. The national scale network
comprises a National Strong-Motion Network
and a well distributed National Seismograph
Network giving a total of over 220 recording
locations.
The performance-based earthquake engineering
approach aims for ‘safer’ structures that can
perform satisfactorily to match the expectation
of owners and engineers including reference to
socio-economic variables including dollar loss
and down time of facilities. The relationship of
structural responses to earthquakes such as
floor accelerations, inter-storey drift and
damage to the socio-economic parameters
needs to be established on the basis of reliable
data. In this regard, instrumentation in
buildings will enable improved understanding
of performance of buildings and to verify the
design assumptions.
Figure 1. New Zealand strong-motion recording sites. Green symbols are National Strong-Motion Network
sites and red symbols are National Seismograph Network sites

Since 2007 the structure monitoring programme has seen modern instrumentation systems
implemented in 4 buildings in Wellington (GNS Science Avalon, Wellington Hospital,
BNZ CentrePort, and Victoria
University) and in Christchurch
(Canterbury University Physics
Building).
Currently,
several
buildings are at different stages in
their instrumentation process.
Figure 2 shows the proposed
locations
and
the
facilities
considered for instrumentation.
Details on the GeoNet building
instrumentation programme can be
found elsewhere (SR Uma et al,
2010 NZSEE)
Figure 2. Active faults in the country and proposed GeoNet locations and facilities for seismic
instrumentation

Figure 3 illustrates the typical network configuration adopted in building instrumentation.
Seismic sensors are distributed within the building and a GPS unit is configured for precise
timing. A central datalogger collects the data from the distributed sensors through ethernet
wiring and stored data is continuously transmitted to GeoNet data Centre through a
dedicated IP connection. The system was designed to be robust, moderate cost, low
maintenance and protected against component obsolescence.
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Ethernet wiring

GPS Receiver

Networking Room

Figure 3. Schematic of typical
components (CSI Ltd)

GeoNet Data
Centre

Dedicated IP Connection
CUSP-M Central Unit

Figure 4a. GNS Science –the first instrumented
building to be completed

Ethernet Patch
Panel

CUSP-M Sensors

Figure 4b Photograph of GNS Science building

Figure 4a shows the building layout of GNS Science office at Avalon, Lower Hutt with
sensor locations marked on two of the seismically separated sections of the building. The
data from this building can be obtained by approaching GeoNet.
The locations and azimuth for each sensor are available from the GeoNet DELTA
database, accessed via the GeoNet website (GNS Science, GeoNET). Direct Access is
available with identification numbers given to the sensors are identical to that given in the
website. Further details on instrumentation of GNS Science building can be obtained
elsewhere (SR Uma et al., 2010 – Science report).
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The NMIT Building

In New Zealand a 3 storey timber building is under construction for the Nelson
Marlborough Institute of Technology (NMIT). The preliminary design concept won a
Ministry of Agriculture and Forestry (MAF) competition for $1M of funding for a
government owned timber building at a commercial scale. Subequent competitive MAF
funding was obtained to install instrumentation into the building investigating the wind and
seismic dynamic response and long term deformations.
The NMIT building complex has 3 separate sections, the Media building, Workshop
building and the 3 storey Arts building. The building architects are Irving Smith Jack,
Aurecon are the overall project engineers who also undertook the structural design. An
independent specialist peer review was done for the structure.
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Figure 5. NMIT Arts complex - workshop building on the left, media building on the right, arts at the back

The workshop building is a simple single storey timber structure, the media building is an
LVL portal frame which has an epoxy dowel moment connection. It has a haunched rafter
member to allow for airconditioning ducts.

2.1 Arts building
The NMIT Arts building is a 3-storey
Pinus Radiata LVL frame structure that
resists lateral load with post tensioned
shear walls. The shear walls use the
Pres-lam® system proposed by the
University of Canterbury (Newcome et
al., 2010, NZSEE, Newcome et al., 2010
WCTE) and developed within the
Structural Timber Innovation Company
(STIC) research consortium.
Figure 6. Arts building LVL structural members
showing the coupled shear walls (Model by Design Base)

The walls are built in two panels that are designed to rock from side to side in a major
seismic event with each panel edge lifting up to maximum of 50mm. The pairs of panels
are coupled with energy dissipating (yielding steel) devices to limit damage during a
severe event.
The 12m high shear walls are two parallel panels 3.0m wide and 189mm thick. The walls
were made by laminating three 63mm thick LVL sections leaving a 600mm void for the
full wall height. As shown in figure 6 an
opening near the top of the wall allowed the
post tensioning of the four 32mm Macalloy
rods, an opening at the bottom allowed for a
connecting coupler. A post tensioning load of
340kN per rod was applied after the floors were
poured.
A cylindrical connection transfers the lateral
loads from the structure to the shear wall while
minimising moment transfer at maximum
deformation.
Figure 7. Shear walls showing the cylindrical shear connector with Teflon spacer, slotted location bolts,
and U shaped yielding steel energy dissipaters
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The floor of the building was constructed using the local proprietry Potius system which
uses a 32mm LVL floor with integral LVL beams 360mmx90mm which are top hung from
the main frame beams. The concrete floor topping was poured over a polyethylene sheet,
the initial concrete pour was stopped short of the main beams, this means the floor is noncomposite and concrete shrinkage does not impact on the deformation. The topping for the
main beams was poured later with shear studs for composite action in the frame direction.
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NMIT Structural Monitoring

The 3 storey NMIT Arts building in Nelson is a regular frame structure that is monitored
for changes in the post tension, compression deformation, joint deformation, rocking uplift,
energy dissipater deformation, wind loads, ground accelerations as free field, and floor
accelerations at different locations of the building. The building is seismically separated
from the other parts of the complex. The portal frame Media building is monitored for joint
rotation and long term deformation near mid span. Both buildings have reference
temperature and humidity measurements.
The responses include rocking uplift of shear walls, deformation in energy dissipating
devices, and floor accelerations. Wind related parameters are captured using a weather
station on the roof of the building.

3.1 Seismic
instrumentation
GNS
Science
is
primarily
monitoring seismic response of the
building. Triaxial accelerometers
are placed on all three floors and in
the roof to measure accelerations.
Figure 8 only shows the ground
floor plan with 3 acceleration
sensors located to capture ground
motions input to the building.
Figure 8. Accelerometers placed in ground floor of the building.(Base plan by Irving Smith Jack)

Note that the upper floors are also provided with
sensors vertically aligned across the floor levels as
much as possible. The locations of LVL shear walls
are circled in Figure 8. The details of
instrumentation in these walls are illustrated in
Figure 9, where mainly the uplift of the walls while
rocking and the deformation of U-shaped metallic
energy dissipating devices are of interest. LVDT
(linear variable differential transducer) are used for
this purpose. Due to practical constraints only two
LVDTs could be placed at two far ends of the wall.
LVDTs are placed within the dissipation devices at
all three levels to monitor their deformation history.
Figure 9. GNS Science typical configuration of LVDT’s in a LVL shear wall. (Base illustration by Aurecon)
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3.2

Long term and floor monitoring

The University of Auckland (UoA) are installing a complementary array of instruments for
the NMIT Arts building. The overall objective is to understand the dynamic and long term
response of the structure and particularly for the post tensioned walls. The installation also
is being used to monitor dynamic floor performance; in timber structures this is often
problematic.
Temperature and humidity is monitored which will be important in understanding the
material performance leading up to and during a major wind or seismic event.

Figure 10. University of Auckland overall instrumentation plan

Figure 10 shows the UoA instrumentation on all levels of the Arts and Media buildings.
The temperature and humidity gauges, are designated TH, small deformation gauges - D,
larger LVDT deformations - LVD, Loadcells - LC. Long term instruments are monitored
every 30 minutes, dynamic instruments are monitored at 200Hz including the vertical floor
accelerometers - VA, the amplified loadcells - DLC, and the floor LVDT’s –DLVD.
A detailed analysis of the floor dynamics was undertaken by Varun Kohli (Kohli,V. 2010)
which has identified the locations of maximum dynamic displacement of the floors and
recommended optimal sensor placement.
3.2.1 Shear Wall Stress and Compressive Deformation
As noted above the Pres-lam® post tensioned shear walls are the key innovation in the Arts
building. The long term change in
post tensioning is monitored and
the compressive deformation and
creep under high stress. As shown
in figure 11, custom made 450kN
loadcells were installed to
monitor the tension in the rods.
Given that there is no reference
point at the top of the wall the
vertical deformation is measured
from a hanging weight and will
be temperature compensated.
Figure 11. University of Auckland
conceptual illustration of Loadcells and vertical displacement measurement.
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3.2.2 Floor Deflections
The long term floor sag is monitored using a baseline system for the measurement
reference (Stanton et al., 2003). As shown in figure 12a and 12b, a catenary wire is hung
over a pulley, in between the 750mm deep frame members, with a 40kg mass to maintain
constant tension so temperature compensation is not necessary. Also between the beams, a
small trolley (Figure 12c) reduces dynamic wire flutter for the LVDT contact. A separate
system monitors deformation for the 6m span Potius floor system.

Figure 12a. Long term reference system
onto baseline wire

Figure 12b. Detail of pulley and
weight between beams

Figure 12c. LVDT setup
onto the trolley

3.2.3 Media Portal Frame Deformations
The media building has four simple portal frames that are a modest span. As shown in
figure 13 the instrumentation uses linear deformation gauges (“portal” type gauges) to
determine crushing and joint rotation with a vertical LVDT connected to a baseline wire to
monitor deformation. Clearance limits mean that a trolley could not be used.
In the detail view in figure 13 the LVDT will pass through the “Gib” gypsum board ceiling
in order to have adequate clearance to measure the expected deformation.

Figure 13. Media portal frame instrumentation for joint rotation and deformation. The mid span detail is
also shown. The baseline reference wire is shown in red.
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Preliminary Dynamic Testing

In-situ testing of the NMIT building is being performed to determine design parameters
from testing a ‘real building’ under construction. Canterbury University developed a Direct
Displacement Design procedure for the design of the post-tensioned shear walls. The
damping values used in this procedure are based on the laboratory testing of light-frame
timber buildings and are quite conservative. This testing aims to determine more realistic
design parameters for damping.
The research needs to be undertaken within the normal construction context so has to cope
with considerable variability in building configuration. The dynamic performance of the
building can only be examined within the linear range. This linear range is significant
because the serviceability limit state dominates much of the design. The dynamic
properties of the NMIT building are being evaluated during different stages of
construction; ambient vibrations are being measured using portable accelerometers. The
influence of the structural and non-structural components will be analysed to quantify the
difference between the stiffness and damping values of the bare frame, bare frame with the
concrete floors, with cladding, with the stairway and the completed building.
The data from the ambient testing will be processed using the stochastic subspace
identification method to find modal frequencies, stiffness and damping values (Peeters and
Roeck 2001). Forced vibration testing may also be performed, as timber buildings show
amplitude dependence for both fundamental frequencies and damping values (Camelo
2003). The results from the testing will be updated into a finite element model of the
building. An updated model will build a more accurate understanding of the performance
and provide a model that can be used to interpret dynamic measurements once the building
is complete.

5

Standards for Performance Based Design and Monitoring

5.1

Existing Requirements and Minimal Seismic Monitoring

Because of the valuable data obtained from buildings instrumented at the time of the 1994
Northridge earthquake in the USA, the Uniform Building Code 1997 required owners to
install a minimum of 3 sensors into all buildings over 10 storeys high, or over 6 storeys
high if they have an aggregate floor area greater than 60,000 square feet. (Celebi, M. 2000)
With the increase in high rise timber construction there is an opportunity to specify
appropriate instrumentation schemes and enable timber building owners in seismic zones
to install a consistent reliable base level of instrumentation. Standards would make it cost
effective for equipment manufacturers to propose simple base level systems at a moderate
and predictable cost.

5.2

Comprehensive Building Monitoring

Based on the experience in the USA it is anticipated that much will be learnt from the
response of instrumented timber buildings. Opportunities should be actively sought for
such instrumentation and wherever possible the data should be consistent with other
building installations around the world.
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For comprehensive monitoring systems such as those installed by GNS Science the layout
of instruments needs to account for the key features and building geometry in every
different building. Ideally a dynamic analysis would be undertaken to determine optimal
locations within the architectural constraints.
Guidelines for consistent data montoring would need to include specifications for the
accuracy, precision, responsiveness and stability, and data capture rates needed over the
lifetime of the system. Suggested requirements are:
•A minimum number of accelerometers to adequately specify building dynamic
response, based on building type, size and ground conditions; locations and
orientations of all sensors need to be fully documented;
•A free field accelerometer that is measuring the input ground motions away from the
building; if possible this sensor should be on bedrock;
•Additional sensor types, where practical, to measure inter-storey drift and slow
deformation;
•Meteological data, where practical, such as wind speed should be recorded; where
wind is measured the best and minimum anemometer positions should be specified;
•Installed accelerometers with a minimum sensitivity of 50 - 100 g so ambient
vibrations can give indicative building performance with the maximum acceleration
recorded at least 2 g;
•Accelerometers should be sampled at 200 samples per second with a minimum
effective resolution of 17 to 19 bits (100 – 115 db);
•Synchronous accelerometer array event triggering should be employed on all sensors,
with a data length long enough (up to 5 minutes depending on event size) to give
good numerical results;
•The ability to record continuously on site for a period of time to ensure full operation
and provide data for research;
•Building drawings be made available with adequate detail to allow independent
engineers and researchers to develop and calibrate models for further analysis;
•It is desirable to have data communications to a data centre for data collection and
system monitoring
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Discussion and Conclusions

More data on real building responses to earthquake and strong wind events will mean
better verification of design assumptions. The impacts, effects and costs of high level
serviceability events would significantly contribute to better performance based design.
This requires a number of buildings to be available to collect useful data. GNS Science
have experience with modern installations and a comprehensive but modest plan for New
Zealand wide installations. A compatible international programme would significantly
strengthen such a database, particularly for timber structures 4 storeys or higher.
At the time of writing instrumentation is only partly installed in the NMIT buildings. The
timescale for design and installation was very tight to fit the realities of construction
project scheduling. The project has considerable complexity as well as design parameters
to be determined. At the University of Auckland it became clear that a set of guidelines
and standards for would have made for better early decisions. In the longer term such
standards including resolution and sampling rates would mean direct comparability
between projects.
9

We recommend that key parameters used in our studies be promoted to others proposing
instrumentation, that guidelines be developed with international collaborators, and these be
used to form the basis for future monitoring standards.
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Introduction
Experimental determination of the characteristic value of the properties used to calculate
the load-bearing capacity of timber connections involves 3 steps. There is a standard which
covers each step:
1. Selection of timber specimens (ISO 8970 = EN 28970)
2. Performing the tests according to the standard relevant for the property
3. Deriving the characteristic value (EN 14358)
This paper is discussing step 1 and 3 which are general for estimation of all properties. The
standards are not referring to or in accordance with the principles in EN 1990, Basis of
design.
Examples are given for withdrawal of threaded connector nails, where the tests should be
carried out according to EN 1382. It is assumed that the withdrawal load-bearing capacity
can be expressed as

Fax = b(ρ /ρ0)c d lthr

(1)

where
d
lthr
ρ
ρ0

c
b

nail diameter
length of the threaded part of the shank
timber density
a reference density
a power determining the dependency on the density
the withdrawal strength fax at density ρ0

The parameters b and c should be estimated from the test results.

1

Present method
The present version of ISO 8970 from 1994 is focused on using timber with density as
close as possible to the characteristic density for the strength class the results should be
used for. It provides a choice between two methods.
According to Method 1 the densities of the test specimens shall be chosen not too much
higher than the characteristic value for the strength class the results are aimed for, e.g. 350
kg/m3 for strength class C24. The idea of this method is to use the results without
correcting for the density. The method is quite difficult to use as timber with density below
and around 350 kg/m3 is very difficult to find.
Higher densities can be used with Method 2, but the measured values should then be
corrected to the characteristic density by means of a power c on the density. How this
power should be chosen is not very accurately described.
EN 14358 provides a straightforward method for estimating the characteristic load-bearing
capacity or strength from test results. But it will be the characteristic capacity for the
characteristic density, rather than the characteristic capacity for the natural distribution of
the density. This means that the estimated characteristic capacity becomes quite
conservative.
On the other hand the coefficient of variation obtained from the measurements only
reflects the variations represented by the specimens used for the tests. In principle, a series
of e.g. withdrawal tests could be performed with timber specimens cut from the same
board so the variation becomes very small. When a more random sampling is used, as most
test institutes will probably do, the coefficient of variation increases so the results are safe.
But it is quite impossible to know how safe and to which degree the problems of the two
standards outweigh each other.

ISO 8970:2010 proposal
The first step towards a better method is taken by the 2010 proposal for a new ISO 8970
where the average density of the specimens should be near to the mean value for the
strength class in question and all densities within some limits. The results are not to be
corrected for density, which means that all specimens can be chosen so that their density is
just below the upper limit. They could still be taken from the same board so it is possible
to obtain a very small coefficient of variation, which reflects neither the variation of
strength between specimens with the same density nor the variation in density for the
strength class.
If the specimens represent the natural variation of properties, the characteristic capacity
can be estimated correctly by EN 14358, but this is very difficult to ensure. The mean
value approach therefore needs to be accompanied by a new method to derive
characteristic values from the test results which especially takes the variation of the density
into account. Such a method is given in Annex D of EN 1990. Its use for timber
connections is discussed below.
The proposal offers no solution to the problem of choosing the power c if the estimated
capacity should be used for another strength class.
In the following a suggestion for improvement is given.
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Suggestion for selection of specimens
Ideally the timber specimens to be used for testing should be selected so that the density
variation covers the relevant span for the timber strength classes for which the results
should be valid. This span could be from the lower characteristic density of the lowest
class to the mean value of the highest. But since specimens with density below 350 kg/m2
are almost impossible to find, a realistic range for structural timber might be 370 - 470
kg/m3 - the latter just above the mean value for C30 (460 kg/m3). The median of the range
- 420 kg/m3 - equals the mean density for C24 which could be a reasonable reference
density for all capacities.
The specimens should be about evenly distributed over the density range, i.e. not
representing the real distribution for the strength class. Such data would permit for
estimating the mean value of the capacity for a given density, expressed as the capacity at
a chosen reference density and the power c to correct to other densities. Then the variation
of the density should be added to the variation of the mean value obtained from the tests.
The latter is usually termed model uncertainty and should represent the variability of other
parameters than the density that would affect the capacity, such as the width of the growth
rings and the species, because it is unrealistic to quantify the influence of these parameters.
In principle, this requires a random sampling, but because these parameters tend to be
correlated to the density it might be sufficient to ensure that the density of the specimens is
distributed over the required range. It could be required that the timber should originate
from different saw mills to ensure a sufficiently random sampling.
If reliable values of the power c are supplied in Eurocode 5 or in other standards, fewer
tests are needed. The specimens still need to be randomly sampled except their density, but
it is easier to ensure the randomness when different densities are represented. The required
range of densities could be narrowed when c is predefined - in order to ease the sampling but there is no reason to maximize the range.
If there is doubth about the value of c for example for a connector where only a few tests
are carried out, a safe choice will be to use a lower limit (e.g. c = 1) when estimating the
load-bearing capacity for a higher strength class than focused on in the test and an upper
limit (e.g. c = 2) when the capacity for a lower strength class is calculated.

Deriving the characteristic capacity
Section D8 of EN 1990 describes a method to derive the mean value of the capacity x as a
function of a basic parameter t and how the characteristic value can be determined. In the
following it is assumed that the model can be written as
x = b tc
(2)
where b and c should be estimated. The method can also be used for more complicated
models.

The estimated values are
xest,i = b tic
(3)
where ti is the values of the basic (deterministic) variable. t could be a product of several
basic variables. The observed values are called xobs,i.
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EN 1990 states that b should be chosen so that the least square best-fit of the slope of the
straight line through the pairs [ xest ; xobs ] is 1 which means that
b=

Σxobs xest
Σxest 2

(4)

The model error is defined as δ i = xobs ,i / xest ,i . c is chosen (by trial-and-error) so that the
standard deviation sΔ of Δi = ln δ i is minimized. For practical use the coefficient of
variation of δ can be taken as
Vδ ≈ sΔ

(5)

But there is also a variation of the basic variables, which is not accounted for in Vδ because
the model is applied with known values of the basic parameters. The total variation of xest
can for practical purposes be estimated as
Vx 2 = Vδ 2 + VT 2

(6)

where VT is the coefficient of variation of t c. It is related to the variation Vt of t as
VT 2 = cVt 2

(7)

If t is a product of two basic variables u and v it yields that
Vt 2 = Vu 2 + Vv 2

(8)

The variation of the basic variables must be taken from prior knowledge, e.g. from
specifications or standards.
The 5% characteristic value of x can now be determined. For practical application the
expression in EN 1990 can be rewritten as
⎛
⎞
V 2
V 2
xk = bt c exp ⎜ −1, 64 T − kn δ − 0,5Vx 2 ⎟
Vx
Vx
⎝
⎠

(9)

where t is the mean value of the basic parameter and kn is a factor depending on the
number n of tests used to estimate Vδ (e.g. k10 = 1,92; k30 = 1,73). The factor approaches
1,64 when n gets large. It is presupposed that the variation of the basic variables is well
determined so kn = 1,64 is used for VT. The last term is a correction because x is assumed to
be LogNormal-distributed.
The statistical basis for Annex D is Bayesian statistics and is different from the basis for
EN 14358, which uses classical statistics with a 75% confidence interval. The equivalent
of kn in EN 14358 is higher than in Annex D so using Annex D will increase the
characteristic value.

fax,k for connector nails
Two test series have been carried out with ITW GALVPLUS ® connector nails with
dimensions as shown in Table 1. The dimensions are defined as:
l
lthr
lp
lg

total length of nail
length of threaded part
length of point
lthr + lp
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Table 1. Properties of the connector nails used for withdrawal tests.
d

l

lthr

lp

lg

4 mm

35 mm

24 mm

5 mm

29 mm

4 mm

40 mm

28 mm

5 mm

33 mm

4 mm

50 mm

39 mm

5 mm

44 mm

4 mm

60 mm

49 mm

5 mm

54 mm

Series 1
Series 1 was designed to fulfil the requirement to use Method 1 in ISO 8970:1994. 10
specimens were used and two 50 mm nails were inserted in each specimen, one tangential
and one radial to the growth rings as required in EN 1382. The penetration length was
larger than lg so the entire threaded length was embedded. The observed withdrawal
strength parameter is calculated as
fax,obs = Fax,obs/(d lthr)
The observations are given in Table 2 and shown in Figure 1.
Table 2. Observed withdrawal capacities and strengths for Series 1.
ρ, kg/m3

fax,obs, N/mm2

Fax,obs, N
tangential

radial

tangential

radial

345

1516

1546

9,8

10,0

350

1741

1674

11,3

10,8

376

1885

2273

12,2

14,7

394

2390

2452

15,5

15,9

398

2283

2495

14,8

16,1

419

2005

2210

13,0

14,3

420

2095

1972

13,6

12,8

421

2340

2020

15,1

13,1

423

2948

2517

19,1

16,3

426

3046

2598

19,7

16,8

20

f ax,obs , MPa

18
16
14
12
All observations
Method 2 observations
c = 1,9
c = 0,9

10
8
340

360

380

400

420

440

460

3

Density, kg/m

Figure 1. Observed withdrawal strengths versus density. The curves represent
the best value of c for all observations (c = 1,9) and for the observations used
for Method 2 (c = 0,9).
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Table 3. Estimates of the characteristic withdrawal strength using different methods.
fax,k (C24)

Coeff. of Var.

ρmean

n = 20

9,6 MPa

19,4 %

397 kg/m3

Method 2#

n = 16, c = 1

9,9 MPa

13,2 %

410 kg/m3

#

n = 16, c = 2

8,3 MPa

14,0 %

410 kg/m3

Method 1
Method 2

New ISO*

n = 16

11,5 MPa

13,8 %

410 kg/m3

Annex D

n = 20, c = 1

10,9 MPa

18,2 %

397 kg/m3

Annex D
n = 20, c = 2
11,0 MPa
20,1 %
397 kg/m3
#
The four observations with the two specimens with the lowest density are disregarded in order to fulfill
the conditions for using Method 2.
* The four observations with the two specimens with the lowest density are disregarded in order to approach
the idea behind the new ISO.

Table 3 gives the estimate for fax,k using Method 1 and Method 2 in the old ISO-standard,
the new ISO-standard and the above proposed new method based on Annex D in EN 1990.
Method 1 requires no correction so the calculation of the characteristic value is
straightforward. In Figure 1 it is seen that fax is clearly increasing with the density. The
power best describing the dependency is c = 1,9 ("best" meaning the power which
minimizes coefficient of variation of the corrected values).
When using Method 2, the observations from the specimens with the lowest density must
be disregarded in order to fulfilthe requirements. The remaining 16 observations shall be
corrected to the characteristic reference density taken as 350 kg/m3. The best power for
correcting those 16 observations is about c = 0,9. This demonstrates that estimating c from
a limited number of tests is very uncertain. In Table 3 the characteristic value is given for
both c = 1 and c = 2.
c = 1 - which is often assumed to be the best value - ends up giving a slightly higher
characteristic value than Method 1, mostly because the variation is much smaller after
correction. Using c = 2 - as Eurocode 5 says for smooth nails - gives a smaller value
because the fit to the observation is not as good as using c = 1.
The new ISO requires no correction and differs mainly from Method 1 by requiring
densities around the mean value (420 kg/m3 for C24) instead of close to the characteristic
density (350 kg/m3 for C24). This will naturally give a higher characteristic strength, in
case 20%. But if the specimens were chosen with densities near to the upper boundary, an
even higher characteristic value could have been obtained. It is therefore obvious that the
new ISO cannot replace the old without any other alterations of the chain to determine the
characteristic strength.
Table 3 also shows the result of using Eq. (9) with c = 1 and c = 2 on all 20 observations.
The equations are used with ti = ρ i /420 kg/m3, xobs = Fax,obs/(d lthr) and Vt = 11%. The latter
is the coefficient of variation of the density within a given strength class implicitly given in
EN 338 when the density is LogNormal-distributed and ρmean/ρk = 420/350 = 1,2. The
intermediate calculations necessary to use Eq. (9) are given in Table 4, and Figure 2 shows
the observed values versus the estimated.
For the actual observations it is obvious that c = 2 gives the best model (smallest Vδ), but
the characteristic value ends up being almost the same for c = 1 and c = 2. This is due to
the increase of VT when using c = 2. It suggests that the model is robust and it makes little
difference if the value is prescribed as e.g. c = 1 in a standard.
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From Table 3 is seen that the characteristic strength gets higher using the proposed method
derived from Annex D in EN 1990 than when using the present method. The increase is
somewhat due to no longer determining the characteristic strength for the characteristic
density but for the natural variation of the density and is therefore a just increase.
It should be noted that the density of the test specimens is not at all evenly distributed over
the relevant range as suggested above. The proposed method is not very sensitive to the
distribution, but the possibility - perhaps unintentionally - of influencing the results when
choosing the specimens is minimized when the densities are evenly distributed over the
relevant range.
The method is also well suited for testing assemblies where no knowledge of c is available
in advance. The larger span of densities included in the tests, the better the determination
of c.
Table 4. Estimation using Eq. (2) to (9) for all data in Table 2.
Vδ (Eq 5)

VT (Eq 7)

Vx (Eq 6)

fax,k (Eq 9)

1

2

15,1 N/mm

14,5 %

11,0 %

18,2 %

10,9 N/mm2

2

15,8 N/mm2

12,7 %

15,6 %

20,1 %

11,0 N/mm2

c

b (Eq 4)

20

18

f ax,obs , MPa

16

14

12
c=1

10

c=2

8
8

10

12

14
f ax,est , MPa

16

18

20

Figure 2. Observed versus estimated values of fax for c = 1 and c = 2. Ideally the points
should lie on the line with slope 1.
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Series 2
Series 2 was aimed at determining the influence of the length of the nail so tests with four
nail lengths were carried out. Each nail length was tested 18 times. In order to reduce the
uncertainty related to the wood properties, all tests were carried out with timber from three
pieces so that each nail length was tested 6 times with each piece. These pieces were from
another source than the used for Series 1 and assumed to be of low quality.
Apparently there is doubt weather fax should be calculated using the actual threaded length
lthr or lg which includes the point. The tests in Series 2 confirm the authors' belief that the
point should not be included as this ensures an fax,k which is independent of the nail length.
Figure 3 shows the observations corrected to ρ0 = 420 kg/m3 using c = 1 when using lthr
(upper) and lg (lower).

20

20

18

18

16

16
f ax (lg )

f ax (lthr )

For the three longer nails it is clearly seen that a constant fax is obtained when using lthr.
For the shortest nail the strength seems to be slightly lower. An analysis of variance on
these and other data shows that it is on the border of being statistically significant that the
shorter nail has a smaller fax than the longer. The figure also demonstrates that after
correcting for density there is still a considerable model uncertainty due to the variability
of other parameters.

14

14

12

12

10

10

8

8

20

25

30

35

40

45

50

20

55

25

30

35

40

45

50

55

Threaded length = l g , mm

Threaded length = l thr , mm

Figure 3. Observations normalized with lthr or lg. fax is corrected to ρ0 = 420 kg/m3 using
c = 1.
Eurocode 5 requires that the load-bearing capacity of threaded nails should be reduced if
the pointside penetration depth is smaller than 8d and the capacity is zero at 6d. Since
Eurocode 5 uses the same symbol for the penetration depth of the point and the threaded
length in the pointside member, it is not clear which length should be compared to 8d and
6d.
If the penetration depth of the point is meant, the short nail with a length of 35 mm has a
penetration length just below 8d = 32 mm. This is in good accordance with Eurocode 5 as
the observed reduction of the capacity seems to start just at the length where Eurocode
starts to require reduction.
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If lthr is meant the 35 mm nail which has lthr = 6d gets no withdrawal strength and for the
40 mm nail with lthr = 7d the strength should be halved. These lengths are widely used in
Europe for fastening connectors and there is no experience that indicates it should be
nesseary with such a large reduction.
Figure 4 shows the observed load-bearing capacity Fax for both Series 1 and 2 (excluding
the shortest length) versus the estimated Fax,est = 13,9 MPa d lthr (ρ/420)1. (For more
complex data it is advantageous to plot the load-bearing capacity rather than the strength
parameter). The characteristic strength becomes fax,k = 10,4 MPa and Vδ = 12,6%. The best
value for density correction is close to c = 1.
The strength is somewhat smaller than 10,9 MPa or 11,0 MPa as obtained from Series 1
alone, see Table 4. The difference illustrates the importance of selecting timber from
different sources in order to minimize the effect of those properties that cannot be
quantified but affects the strength.

3600
3200

Fax,obs , N

2800
2400
2000
1600
All excl. 35 mm
1200

Series 1
35 mm nail

800
800

1200

1600

2000

2400

2800

3200

3600

F ax,est , N

Figure 4. Observed versus estimated values of Fax for Series 1 and Series 2 together (the
shortest nails are not included in the estimate).

Conclusions
The present method for estimating strength properties of fasteners based on ISO 8970:1994
suffers from several drawbacks. It aims at determining the characteristic strength for
timber with the characteristic density, which is too safe. For Method 1 it is quite difficult to
find test specimens with sufficiently low density, and for Method 2 it is not clear which
power should be used to correct for variations in density. Both methods are quite
dependent on how the specimens are chosen, even though the standard gives no guidance
except for the density.
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The new ISO 8970:2010 focusses on determining the strength property at the mean value
of the density but allows the test specimens to have the same density, so the influence of
variation of the density is ignored. This causes unsafe values when estimating the
characteristic strength as before using EN 14358.
Instead it is proposed to select test specimens so their densities are evenly distributed over
the relevant range of densities, perhaps even requiring that timber from different sources is
used. The observed values then have to be corrected to a reference density proposed as 420
kg/m3 (mean value for C24). The correction should preferably take place using a power c
fixed in a standard, but if c is to be determined from the observations, the estimate will be
much better when the observations represent a wide range of densities. If fixed values of c
are used, they shall of course be identical in the test standards and in Eurocode 5 when the
strength for another strength class than C24 is determined by calculation.
There is no single safe choice for c. When shifting to a higher strength class a lower bound
is the safe value, but when shifting to a lower class it should be the upper bound. That
might be usilized when sufficient information to fix a single value is not available.
When a model for the mean value of the load bearing capacity is established, the
parameters including the variation of the model error can be estimated using Annex D in
EN 1990. The Annex also offers a method to include the effect of the natural variation of
the density (and other parameters such as dimensional tolerances). Simplified equations are
presented and their use illustrated for two test series with connector nails.
The examples suggest that the proposed method is quite robust but the selection of test
specimens still is important. The characteristic withdrawal strength becomes higher when
using the present method but lower if the new ISO 8970 is used together with EN 14358.
This is desirable as the old and new ISO 8970 were believed to be too safe and unsafe,
respectively.
It is demonstrated that a constant withdrawal strength fax for different nail lengths can be
obtained only if it is determined using a threaded length not including the point. The tests
also suggest that the minimum length of threaded nails required by Eurocode 5 should be
taken as the real penetration length, not the threaded length as it might be read.
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Distances for Self-tapping Screws
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Timber Structures and Building Construction
Karlsruhe Institute of Technology (KIT), Germany

1

Introduction

In recent years self-tapping screws have been increasingly used for connections or
reinforcements in timber engineering. Most self-tapping screws can be arranged
maintaining only small spacings and distances without risking a consequential splitting
failure of the timber member. To avoid significant crack growth and splitting failure
minimum values for spacings, end and edge distances as well as for the corresponding
minimum timber thickness have to be determined. These requirements are important for
the design of joints with self-tapping screws and have to be defined in technical approvals
or to be examined regarding structural design codes [1] [2]. Fig. 1 shows typical splitting
failure due to too small spacings and distances. The determination of spacing, edge and
end distance requirements for self-tapping screws requires numerous and comprehensive
insertion tests. Yet the results of such tests cannot be transferred to other types of screws or
even to screws of different diameter because of differences in shape or geometry. To
reduce the effort of insertion tests a new method was developed which allows the
estimation of required spacings, distances and timber thickness.

Fig. 1: Typical splitting failure caused by the insertion of self-tapping screws
1

2

Conventional insertion tests

Concerning spacing and distance requirements self-tapping screws are usually treated like
nails without pre-drilled holes. Often, self-tapping screws may be arranged with smaller
spacings, end and edge distances than currently specified in the German design code
DIN 1052 [1] or in EN 1995-1-1 [2] without risking a splitting failure. Fig. 2 shows the
minimum values which are provided by the German design code DIN 1052 [1]. For many
types of self-tapping screws reduced spacings and distances are possible as e.g. for nails
with predrilled holes. This particularly depends on the shape of the screw tip and head and
on the existence of special features decreasing the torsional resistance to insertion. Fig. 3
shows the great variety of screw tips and heads.
As yet insertion tests (here called “conventional insertion tests”) are carried out in order to
determine suitable spacings and distances. For a conventional insertion test the examined
self-tapping screw is inserted without pre-drilling as usual in practice. The screw head
should be flush with the timber surface. The test specimens have to be made of sawn
timber of higher density. After the insertion the crack growth has to be evaluated. To
identify possible combinations of spacings, end distances and cross-sections it is necessary
to test different configurations iteratively. Table 1 shows the results of 326 conventional
insertion tests with five types of self-tapping screws of four manufacturers [3]. The tests
were carried out with different configurations so that altogether 1125 screws were used. It
was the aim of the tests to determine the minimum timber thickness necessary to avoid
undue splitting by arranging the self-tapping screws with the same spacings, end and edge
distances as for nails with predrilled holes (last column of the table given in Fig. 2).

a2
a2

a2
a2
a1 a1

a1 a1

α

α

a3,t

a3,c
a 4,c
α

a4,t

Spacing
or
distance
a1
a2
a3,t
a3,c
a4,t
a4,c

without predrilled
holes1)
d < 5 mm
d ≥ 5 mm
(5+5 cos α) d
5d

with
predrilled
holes

(5+7 cos α) d (3+2 cos α) d
5d
3d

(7+5 cos α) d (10+5 cos α) d (7+5 cos α) d
7d
10 d
7d
(5+2 sin α) d
5d

(5+5 sin α) d
5d

(3+4 sin α) d
3d

1) for timber of a characteristic density ρk ≤ 420 kg/m³

Fig. 2: Minimum spacings, end and edge distances according to German DIN 1052 [1]

Fig. 3: Different tips and heads of self-tapping screws
2

The mean density (at normal climate, 20°C/65% RH) of all specimens made of European
spruce (Picea abies) or fir (Abies alba) was ρm = 484 kg/m³ and the mean moisture content
um = 12,0 %. The determined minimum timber thickness for each screw type and diameter
is given in Table 1. The test results show that the intended spacings and distances are
possible for all types of examined self-tapping screws. For some types of screws minor
restrictions concerning the end distance a3,c and the spacing a1 need to be set. The
determined corresponding minimum timber thickness is very different depending on the
screw type and diameter. The reasons for these discrepancies are differences in screws’
geometry or in special features decreasing the torsional resistance e.g. the shape of the
screw tips and their effects of pre-drilling. In consequence the results of conventional
insertion tests cannot be transferred to other types of screws or even to screws of different
diameter. Furthermore the evaluation of insertion tests is ambiguous because it is only
based on externally visible cracks. For these reasons the extent of insertion tests and the
effort involved in these tests is large.
Table 1: Results of conventional insertion tests with five types of self-tapping screws
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ρmean

Producer /
Type

d
mm

kg/m³

A

5

487

51

24

4,8 · d

a3,c ≥ 12 · d; a1 ≥ 5 · d

A-2

5

483

56

30

6·d

a3,c ≥ 12 · d; a1 ≥ 5 · d

A

8

477

35

80

10 · d

-

A

10

497

12

100

10 · d

a3,c ≥ 12 · d; a1 ≥ 5 · d

A

12

449

42

96

8·d

a3,c ≥ 12 · d; a1 ≥ 5 · d

B

8

497

13

40

5·d

a3,c ≥ 12 · d; a1 ≥ 5 · d

C

6

504

51

42

7·d

-

C

8

484

44

64

8·d

-

D

8,9

494

22

127

14,3 · d

a3,c ≥ 12 · d; a1 ≥ 5 · d

End distance and
spacing restrictions

tmin
mm

ntest

Test method for determining screw-specific influences

In order to reduce the effort involved in determining suitable spacings, end and edge
distances as well as the corresponding timber thickness for self-tapping screws it was the
objective of a research project [4] to develop a calculation method which allows an
estimation of the splitting behaviour of timber during the insertion process. Therefore the
influences which are important for the splitting behaviour have to be taken into account.
They may be classified into three groups: Material-specific influences (e.g. wood species,
density, width of growth rings and their orientation, moisture content), geometry-specific
influences (spacings, end and edge distances in relation to the screw diameter, position and
number of screws), fastener-specific influences (e.g. shape of the screw tip, screw head,
further features to decrease the torsional resistance). By using a numerical calculation
model on the basis of the Finite Element Method almost all of the material-specific and
geometry-specific influences on the splitting behaviour can be covered. But so far it is not
possible to model the insertion process directly using the Finite Element Method,
particularly with regard to the screw-specific influences.
In order to determine the fastener-specific influences on the splitting behaviour a new test
method was developed for measuring forces affecting the member perpendicular to the
grain during the insertion process [4]. Fig. 4 shows the test set-up. For the test a two-part
specimen of solid wood, glued laminated timber or laminated veneer lumber is required.
3

The two-part specimen is made of one cross-section by sawing it parallel to the grain, as
shown in Fig. 5. The two parts of the test specimen are connected with bolts which are
used as measuring elements. These measurement bolts are tightened with a defined force.
A strain gauge is bonded into a hole drilled at the centre of the measurement bolt. By
calibrating the strain gauge bonded in the measurement bolt it is possible to measure axial
forces. The examined screw is driven into the interface of the two parts of the test
specimen. For the insertion process a screw-testing machine (Fig. 4) is used, so that the
rotation speed is constant. Furthermore it is possible to measure the screw insertion
moment and to control the penetration depth. The screw is inserted using a template to
avoid an inclination of the screw. After the insertion the indentation depth of the root of
the screw thread should be similar on both parts of the test specimen, as shown in the
example of an opened test specimen in Fig. 5.
b
nut M8
calotte

d
d
self-tapping screw
drill hole Ø 9 mm
measurement bolt M8
steel plate 3/24/74 mm with 2 drill holes Ø 9 mm
mp 1

mp 2

h/2
mp 3

mp 4

h

mp 5

mp 6

Fig. 4: Test set-up with position of measurement points (mp) 1 to 6

Fig. 5: Two-part test specimen connected with measurement bolts (middle) made of one
cross section (left), opened specimen after the test (right)
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The test method allows displaying the forces acting on the test specimen, measured at the
measuring points, over the penetration depth during the insertion process. The positions of
the measurement bolts (measuring points) 1 to 6 are marked in Fig. 4. To compare the
splitting behaviour of screws from three manufactures (A, B, C) three test series with
altogether 97 tests were carried out. In each series screws of the three different types (A, B,
C) with 8.0 x 200 mm in dimension were tested. The parameter of the specimens and the
test results are presented in Table 2. It was possible to determine significant forcepenetration depth curves for the different types of screw. Fig. 6 shows the results of one
test series (series 1). In order to compare the test results directly specimens with the same
material properties were used in the different sub-series (e.g. 1-A, 1-B, 1-C). This was
realised by using one scantling for the production of several specimens, which were
allocated to the different sub-series.
For further comparisons the mean total force Fm,tot is defined. This is the sum of all
measured forces (Fmp,i) exerted on the six measurement bolts (i = 1 to 6) over the
penetration depth (lpd), divided by the nominal screw length (lsr,nom):
Fm,tot =

l pd

1
l sr,nom

with
Fm,tot

∫ (F

mp,1

( x) + .. + Fmp,i ( x) + .. + Fmp,n ( x) ) dx

mean total force in N
force at the measuring point i in N

Fmp,i

in N

(1)

0

lpd
total penetration depth in mm
lsr,nom nominal screw length in mm

Instead of the nominal screw length lsr,nom the forces can be set in relation to the real screw
length lsr,real or the total penetration length lpd.
To facilitate a comparison between the test results of the different series the mean total
force for screw type A is used as a reference value, as shown in Table 2. The chosen
comparison of indices also allows contrasting the results of the new test method with the
minimum timber thickness determined by conventional insertion tests. A visualisation of
this comparison is given in the bar chart in Fig. 7. It shows the good correspondence
between the results of the two test methods. Thence the method allows a direct evaluation
of a screw’s effect on the splitting behaviour by comparing it with the results of parallel
tests involving reference screws whose influence on the splitting behaviour has already
been established.

Series

Table 2: Results of tests with screw types A, B and C, 8.0 x 200 mm, series 1 to 3

1

2

3

Screw
type

A
B
C
A
B
C
A
B
C

E0,dyn,m

Number
of tests

Specimen
dimensions
d/b/h
absolute usable
mm
10
10
10
14
10
10
13
10
10

9
8
7
9
10
10
6
7
8

24/80/180

24/80/200

24/80/200

ρmean
kg/m³

E0,dyn,m
N/mm²

453
454
460
378
391
387
506
507
502

12511
12659
13102
10249
11195
11195
13691
13688
13898

Mean value of the dynamic MOE from longitudinal vibration
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Mean
total force

Minimum
timber thickness

Fm,tot CoV Index
N
%
%
1646
886
1466
1003
595
908
1689
1013
1576

9,67
10,0
10,9
12,1
15,8
11,7
5,49
8,06
12,5

100
54
89
100
59
91
100
60
93

tmin
mm

Index
%

10 · d
5·d
8·d
10 · d
5·d
8·d
10 · d
5·d
8·d

100
50
80
100
50
80
100
50
80

F in N per mp (w/o prestress)

Series 1 - Type A
1.100
1.000
900
800
700
600
500
400
300
200
100
0
-100

mp 1+2
mp 3+4
mp 5+6
mp 1-6

0

20

40

60

80

100

120

140

160

180

200

160

180

200

160

180

200

Penetration depth in mm

F in N per mp (w/o prestress)

Series 1 - Type B
1.100
1.000
900
800
700
600
500
400
300
200
100
0
-100

mp 1+2
mp 3+4
mp 5+6
mp 1-6

0

20

40

60

80

100

120

140

Penetration depth in mm

F in N per mp (w/o prestress)

Series 1 - Type C
1.100
1.000
900
800
700
600
500
400
300
200
100
0
-100

mp 1+2
mp 3+4
mp 5+6
mp 1-6

0

20

40

60

80

100

120

140

Penetration depth in mm

Fig. 6: Forces at the measurement points (mp) over penetration depth for screw types A, B
and C, mean values of sub-series (1-A, 1-B, 1-C)
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Mean total force

Minimum timber thickness

100%

Index

80%
60%
40%
20%
0%

A

B

C

A

B

C

A

B

C

A

B

C

Screw type

Fig. 7: Bar chart of indices of mean total force Fm,tot and minimum timber thickness tmin for
Series 1 to 3
The following parameters were examined systematically to analyse their influence on the
forces acting on the timber during the insertion: geometry of the specimen (width b, height
h, depth d as defined in Fig. 5), number of measurement bolts (6, 8, 10), screw length, ratio
between screw length and specimen height, insertion speed, pre-stress of measurement
bolts. Furthermore the following influences on the splitting forces or mean total forces
were the focus of parameter studies: type and diameter of screws, density of the specimen,
angle between screw axis and grain direction, angle γ between screw axis and growth ring
tangent (Fig. 8) and moisture content of specimen.
The tests performed with specimens of sawn timber are not sufficient to determine the
influences of the angle γ between the screw axis and the growth ring tangent. In the case of
these specimens the angle γ varied between 0° and 90° depending on the position in
specimen height. For an explicit analysis of the influence of γ special specimens of glued
laminated timber produced in the laboratory from one lamella (Fig. 8) are used. For these
specimens the angle γ is nearly constant over the full height.

γ

γ

Fig. 8: Specimens to determine the influence of γ
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Numerical and experimental analysis of split areas

4.1 Numerical model
Knowing the size of the resulting split area is important to evaluate the risk of splitting
during the insertion process and hence to determine the required minimum timber
thickness and minimum spacings, end and edge distances. Therefore a numerical model
was developed to calculate the resulting crack area. For the numerical analysis the finite
element program ANSYS 11.0 is used. Taking advantage of the symmetry conditions in
the finite element model the timber member is modelled with volume elements. Fig. 9
shows a schematic sketch of the finite element model. In order to model the insertion
process an equivalent moving load is used. The tensile strength perpendicular to the grain,
which represents a relevant factor for splitting, is simulated by using non-linear springelements whose material behaviour was determined on the basis of tests using CTspecimens (Fig. 10) carried out by Schmid [6]. Therefore the tests with CT-specimens
were calculated by using a two-dimensional FE model. Because of the symmetry only half
the specimen was modelled and the spring elements were placed in the crack area. The
parameters of the springs’ force-deflection curve were varied until the best fit between test
results and FE-calculation of the CT-specimens was reached. Fig. 10 shows a comparison
of force-deflection curves of the test and of the FE-calculation for one CT-specimen
(Fi02b). Altogether 47 CT-specimen made of Picea abies were used to calibrate the spring
elements. The calculations resulted in the stress-deflection curve given in Fig. 11.

top view

A

B

b/2

equivalent moving load

A

B
aa1,c(t)
3,c(t)

sectional view A-A
load in position 1

sectional view B-B

load in posision n

h

b /2

Fig. 9: Schematic sketch of the FE-model used to calculate split areas
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250

Test result
FE calculation

F in N

200
150
100

F
50
0

vL

0,0

0,5

1,0

1,5

2,0

2,5

3,0

v L in mm

Fig. 10: CT-specimen and test set-up [6] (left), force-deflection curve of one test with a
CT-specimen (Fi02b) and of the corresponding calculation

f t,90 in N/mm²

1,5

u pl

1,0
0,5
0,0
-0,5

ue

u gr

-1,0
-1,5
-0,02

0,02

0,06

0,10

0,14

0,18

0,22

u in mm
Fig. 11: Stress-deflection curve of the spring elements

4.2 Modelling the insertion process
So far it is not possible to model the insertion process directly using the Finite Element
Method. To solve this modelling problem the forces exerted on the timber during the
insertion process were meant to be determined on the basis of tests of the new method
described in chapter 3. For this purpose the tests are simulated with a three dimensional
finite element model. The insertion of the screw is modelled by an equivalent moving load
(Fig. 8). This load has to be determined iteratively. Therefore the function of the load q(xsr)
is varied until the best fit between the force-penetration depth curves of calculations and
test results is reached for each pair of measuring points. Fig. 8 (right) shows a comparison
between calculated force-penetration depth curves and the test results for measuring points
1 to 6.
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F in N per mp (prestress included)

q (xsr)

xsr

Test result:
FE calculation:

1000

mp 3+4
mp 3+4 (cal.)

mp 5+6
mp 5+6 (cal.)

900
800
700
600
500
400
300
200
100
0
0

lsr
lSr

mp 1+2
mp 1+2 (cal.)

20

40

60

80

100

120

140

160

180

200

Penentration depth in mm

Fig. 12: Schematic representation of an equivalent moving load for screw type C to
simulate the insertion process (left) and comparison of calculated forcepenetration depth curves and test results for screw type A (right)

4.3 Determining the size of split areas by experimental studies
The calculation model which is used to determine the split areas has to be calibrated and to
be verified. To that purpose the cracks were visualized in insertion tests by dyeing the
relevant areas. Lau [5] used this method in a similar way for tests with nails. For these tests
the screw is driven into and through the timber. The screw should be inserted using a
template to avoid an unwanted inclination of the screw. Friction effects reducing the
splitting tendency should be eliminated. After the insertion the screw is unscrewed. The
screw has produced a hole in the timber. This hole is sealed where the screw tip exits the
specimen at the timber surface, e.g. by using a tape. Subsequently a low-viscosity dye is
filled into the hole. The dye is distributed by capillary action into the cracks and colours
the split area. After the dye has dried, the coloured split areas are made visible by opening
the specimens along the split surface. At the opened specimen the size of the split area
caused by the insertion of the screw can be quantified e.g. using a digital measuring
projector. Fig. 13 shows a typical split image of a specimen with black lines showing the
borders of the split area.
Dimensions in mm

25
20
15

Screw axis

d = 8 mm

10

t = 100 mm

5

a3,c = 7·d

0

a4,c = 3·d

-5

Screw head

Screw type A

-10

ρ = 464 kg/m³

-15

Asplit,tot = 1454 mm²

-20

End grain

-25

Fig. 13: Opened specimen with red coloured split image, black lines indicating the borders
of the split area
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4.4 Simulation results and verification
The FE model described in 4.1 is used to calculate the split area for an individual
specimen. Therefore it is necessary to adapt the material properties of the volume elements
and the spring elements to take into account the specimen’s parameters. Additionally the
equivalent moving load has to be adjusted. Influences on the equivalent moving load are
covered by correction factors:
qcorr ( xSr ) = q ( xSr ) ⋅ kρ ⋅ kr ⋅ k γ ⋅ kspl

(2)

with
kρ

correction factor for density

kr

correction factor for insertion speed

kγ

correction factor for the angle between screw-axis and mean growth ring tangent

kspl

split area calibration factor

On the basis of test series with the new test method for screw-specific influences presented in chapter 3 - it was possible to determine the factors kρ and kr :
⎛ ρ ⎞
kρ = ⎜
⎟
⎝ ρ ref ⎠

2

(3)

with

ρ

density of the specimen in kg/m³

ρref

density of the specimen used to determine mean total forces in kg/m³

⎛ U ⎞
kr = ⎜
⎟
⎝ U ref ⎠

0,063

(4)

with
U

mean insertion speed in rpm,

Uref

insertion speed (rpm) at the tests for mean total forces

An exact calculation of kr is only possible if the rotation speed can be measured e.g. using
a screw-testing machine with a known constant and load-independent rotation speed. For
customary electric screw drivers the rotation speed under loading is not known and
depends on the torsional resistance.
The correction factor for the angle between screw-axis and mean growth ring tangent
kγ can be derived by using the special test specimen shown in Fig. 8. As long as kγ is not
identified exactly for a screw type by these tests kγ = 1,0 is assumed.
The factor kspl is used to cover further influences and is determined in the process of the
model calibration. For the calibration all known parameters and correction factors are
calculated and included in the model. By comparing the calculated split areas with the
result of calibration test series the factor kspl is derived. Because of the still existent
imprecision of the factors kr and kγ the correction factors kr, kγ and kspl were merged to form
the factor kcorr for the calculations presented here. kcorr is determined by using calibration
test series as shown in equation (5).
⎛ρ ⎞
kcorr = kr ⋅ kγ ⋅ kspl = 1,35 ⋅ ⎜ ref ⎟
⎝ ρ ⎠

0,8

(5)
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With equation (5) the equivalent moving load (2) can be calculated as following:
qcorr ( xSr ) = q ( xSr ) ⋅ kρ ⋅ kcorr

(6)

Fig. 14 illustrates the resulting split area for one specimen (B.1-01) in comparison to the
simulated split area. The results of test and simulation correspond in shape and size.
To verify the calculation model calculated split areas are compared with test results. Fig.
15 shows test results over simulated split areas for three series and three types of screws in
each series. The simulated crack areas mostly proved to correspond with the test results.
0
4

ARi,3

Test B.1-01: screw type B, d = 8 mm
Coordinates: screw head (0;0), screw tip (0;24)
a3,c = 5 ⋅ d = 40 mm; a4,c = 3 ⋅ d = 24 mm
t = 24 mm; ρ = 462 kg/m³
Measured split area: Asplit,tot,test = 408 mm²
Simulated split area: Asplit,tot,sim = 432 mm²

ARi,1
End grain

8
12
16
20
24
22 18 14 10

6

2

-2 -6 -10 -14 -18 -22 -26
Dimensions in mm

Border of split area ARi,1,test
Border of split area ARi,3,test
Border of simulated split area ARi,1,sim
Border of simulated split area ARi,3,sim

Fig. 14: Split area of test and of calculation for one specimen

6000
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A split,tot,test in mm²

5000

1.B
1.C

4000

2.A

3000

2.B
2.C

2000

3.A
3.B

1000

3.C

0
0

1000

2000

3000

4000

5000

6000

A split,tot,sim in mm²

Fig. 15: Measured split areas of tests vs. simulated split areas for nine series
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5

Conclusions

To estimate the splitting behaviour of timber during the insertion process a new calculation
method was developed. It represents a combination of a FE calculation and a new test
method. The FE model allows the calculation of the resulting crack area for screws in
different end distances as well as for different cross-sections of timber. In the finite
element model the tensile strength perpendicular to the grain that represents a relevant
factor for splitting was simulated by using non-linear spring-elements whose material
behaviour was determined on the basis of tests using CT specimens.
In order to determine the fastener-specific influences on the splitting behaviour a new test
method was developed for measuring forces affecting the member perpendicular to the
grain during the insertion process. This method also allows a direct evaluation of a screw’s
effect on the splitting behaviour by comparing it with the results of parallel tests involving
reference screws whose influence on the splitting behaviour has already been established.
For the calibration and verification of the model the crack area was visualized in insertion
tests by means of dyeing the relevant areas. The simulated crack areas mostly proved to
correspond with the test results.
Using the new method reduces the effort of conventional insertion tests and offers a basis
for a realistic calculation of the load carrying capacity of joints in the case of failure by
splitting.
In the continuation of the research project the parameters influencing the splitting
behaviour like e.g. the angle between screw axis and tangent to the annual rings will be
determined in greater detail. Besides the influences of the angle between screw axis and
grain direction will be examined. In addition, parameters to facilitate the evaluation of the
splitting behaviour and their limits (e.g. limits for the dimension of split areas) will be
derived.
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Dependant versus independent loads in structural design
T. Poutanen1

Abstract
In current structural codes loads are sometimes assumed correlated and sometimes noncorrelated. Occasionally, when the load includes more than two loads, both assumptions
may be applied in the same load combination.
Permanent loads G (e.g. permanent loads of multi storey buildings) are always assumed
correlated in the serviceability and in the failure design.
A permanent load and a variable load are always assumed non-correlated in the failure
design but correlated in the serviceability design.
Variable loads Q are assumed correlated except in the case of two variable loads where
a constant combination factor is applied. This denotes an approximate non-correlated
combination as the combination factor is variable.
The current hypothesis is that all loads are non-correlated and combined independently.
However, the code literature includes no explanation as to why the loads are often assumed correlated.
This paper establishes that two loads may be correlated or non-correlated. The loads
may be proportions of a third load and therefore correlated or correlated for some other
reason. On the other hand, most loads are non-correlated.
This paper illustrates that loads are combined dependently in structural design if the
strength or deflection constraint is considered and independently if these constraints are
not considered.
The author has set out in a previous paper 4 how correlated and non-correlated loads
are combined independently. However, the conclusions of the paper 4 are wrongly
based on an assumption that all loads are correlated.
A method of combining non-correlated and correlated loads dependently has not previously been published. This paper includes results of a Monte Carlo calculation and
concludes that the independent combination seems to be a good and safe approximation
to combine dependent loads.
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Introduction

Dependent and independent loads are named in this paper correlated and non-correlated
loads to avoid misunderstanding with dependent and independent load combination.
The current structural load combination theory holds that loads are independent, i.e.
non-correlated and combined independently. However, in current codes loads are sometimes combined without a combination factor, which corresponds to correlated loads
and either a dependent or independent combination. If the load combination includes
more than two loads the overall combination may be a mixture of correlated and noncorrelated combinations.
If two loads are combined non-correlated, the combination load should include an explicit or an implicit combination factor . If the loads are correlated, no combination
factor is applied.
In current codes two permanent loads, Gi and Gj, are always combined without a combination factor denoting that two permanent loads, as well as all permanent loads, are
currently calculated correlated.
When one permanent load G and one variable load Q are combined, no combination
factor is applied. These loads are assumed correlated in the serviceability state but in the
failure state a fictitious combination factor exists as the material safety factors are reduced corresponding to the combination factor
i.e. the loads are assumed noncorrelated and combined independently.
When two variable loads Qi and Qj are combined and if there are two variable loads
only, a constant combination factor
is applied, i.e. the loads are assumed noncorrelated and combined independently in the serviceability and in the failure state.
However, the combination is made approximately as the combination factor
is variable and depends on the proportion of the combined loads and the current material.
If the action includes more than two variable loads, each added load should have a new
combination factor, which is less than the previous one, if the loads are assumed noncorrelated. However, in current codes the new added load does not alter the combination
factor i.e. the third, the fourth etc. load is assumed correlated.
This paper explains that the loads may be correlated or con-correlated and may be combined regarding or disregarding the constraint of strength or deflection i.e. dependently
or independently.

1.1

Probability theory

According to the probability theory events A1 and A2 are independent if and only if 3 :
P A1

A2 = P A1 .P A2

(1)

This is expressed in verbal form as: two distributions, 1 and 2, are independent if a selected value of distribution 1 does not affect the probability of the value of distribution
2.
Assume that distribution 1 is a permanent load and distribution 2 a variable load. Consequently, a value x1 of the permanent load effects on the probability of x2 of the variable load as the total load must be less than the strength (or in the serviceability design a
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corresponding limit e.g. the deflection); that is, the permanent and the variable loads are
not independent i.e. they are dependent.
One may argue against this view, claiming that the loads are independent as the combination defines the constraint. However, this argument means that the strength is infinite
during the combination, which is not true. When the loads are combined, a finite constraint exists and the definition of the independent distribution is valid.

1.2

The rule of combining loads

The basic rule in structural engineering to combine loads dictates that the loads must be
combined to obtain the maximum load. If the correlation or the combination of the loads
is imprecise, the option resulting in a bigger load should be selected. Correlated loads
result in a bigger combination load than those non-correlated, and the independent combination results in a bigger load than the dependent combination.

1.3

Monte Carlo

If the Monte Carlo simulation is used to combine two or more loads and corresponding
to the quantile of the load, each load i has its free seed number 0…1 which is converted
to the actual load 0… from the selected distribution function and the proportion of the
load i, it will correspond to non-correlated loads and independent combination and the
current load combination hypothesis.
If one seed number is used for all loads, it corresponds to correlated loads and independent combination.
If the loads are non-correlated and combined dependently, the Monte Carlo simulation
is modeled as follows: Each load i is given a random seed number between 0 and Sf
where Sf is the target survival probability corresponding to the quantile of the load. The
related load value is calculated from the actual distribution function resulting in a load
between 0… i.xmax,i, where i is the proportion of the load i in the total load and xmax,i is
the maximum load when the load i acts alone at the target survival probability.
If one seed number 0…Sf is given for all loads, it corresponds to correlated loads and
dependent combination.

2

Options

There are four options to combine loads in structural design:
1. The current theory assumes that the loads are non-correlated and combined independently. Such combination is an unambiguous abstraction defined by the convolution
equation and has been disclosed in detail e.g. in an earlier paper by the author [4].
2. If non-correlated loads are combined dependently, a method to combine these loads
has not yet been published. Some Monte Carlo results presented in this paper show
that the independent combination seems to be a good and safe approximation.
3. Some loads in structural design are correlated. They may be proportions of another
load or are correlated for some other reason, e.g. the loads may be equal. These loads
are combined in an opposite way as they are divided: the combination quantile is obtained by adding up the partial quantiles. This combination method is referred to here
as “the quantile sum method”. These loads follow the same distribution function and
3

do not cross (or cross in the infinity).
If this combination method is applied to two distributions, which cross, and the distributions are combined in proportions and 1 - , = 0…1, the combination distribution of the proportion loads crosses the crossing point of the partial distributions in
all proportions of .
The quantile sum method is difficult to calculate, and thus we can use an alternative
simpler method here called “the crossing point method”. This method has been explained in the author’s earlier paper [4]. The main idea of this method is that the
loads are combined by using the convolution equation, but the deviation is changed
to make the combination distribution cross the crossing point of the partial distributions. The quantile sum method and the crossing point method obtain equal results if
the partial distributions relate to the normal distribution function. If the distribution
functions are other than normal, the methods deviate slightly, e.g. if one load follows
normal distribution and the other gumbel, the maximum deviation is less than 1.5 %.
From the actual design point of view both methods may be considered equal and
called “correlated independent combination”.
4. Correlated loads may also be combined dependently. Such a combination method has
never before been published. This paper includes some Monte Carlo results and concludes that the independent combination is a good and safe approximation.
There may also be other options e.g. some loads may fall between options 2 and 3, i.e.
the correlation between the loads lies between 0 and 1. If such loads exist, surveillance
data should confirm the correlation. As the correlation data is missing, the assumption
of non-correlated and correlated loads as explained above is feasible.
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Correlated loads

Some loads in structural design are correlated as they are proportions of another load or
the loads are correlated due to other reasons. The loads are combined simply by adding
up the characteristic or design values without combination factors. This can be demonstrated by use of an example:
Assume a brick has a normal permanent load distribution of N(x, , ) = N(x, 1, 0.1)
and it is divided into two equal parts. Thus, either part has the distribution of
N(x, 0.5, 0.05). Assume there is an ideal adhesive to glue the parts to attain the original
brick. It is obvious that the combination of the parts is equal to the distribution of the
undivided brick. If the parts are combined according to correlated distributions, the original combination is obtained, and if combined non-correlated the distribution is
N(x, 1, 0.071).
This example is analogous to the loads of structural design. The snow load of a roof
girder, for instance, can be divided into two parts acting on the right and the left side of
the girder. According to the example, these loads must be combined correlated.
In the author’s view, the example is analogous to the imposed loads of a multi storey
building too, as the loads on the floors are proportions of the total imposed load on the
house. Regardless of whether the loads are distributed to the floors randomly, the loads
are correlated and combined without combination factors. The total load acting on the
vertical supporting structures on the first floor is the total imposed load on the house.
The current codes apply in this case a combination factor , which is incorrect.
Permanent loads of a multi storey house are combined without the combination factor
in current codes. These loads are correlated, or at least nearly correlated, as they are
the same loads. When one load has a high value all others have the same or at least ap4

proximately the same high value as the values arise from the same origin. These loads
are combined correctly, i.e. without a combination factor , in current codes.

4

Non-correlated loads

Most loads in structural design are non-correlated. As will be demonstrated later, the
independent load combination is a good and safe approximation in combining such
loads.

5

Demonstration

Four options – independent and dependent combination with correlated and noncorrelated loads – to combine loads are demonstrated adapted to the current eurocode
with the subsequent basis:
– the design point is set at unity
– permanent load G and variable load Q is combined in the proportion 0.3/0.7, = 0.7,
i.e. the combination load includes 30 % G and 70 % Q
– target reliability is = 3.826, corresponding to survival probability Sf = 0.99993496
– coefficient of variation of G is VG = 0.0915 (corresponding to
= 1.35, = 3.826,
VM = 0) safety factor is G = 1.35, design point value is dG = 0.5
– coefficient of variation of Q is VQ = 0.4, safety factor is Q = 1.5, design point value
is dQ = 0.98 i.e. it is so called “50-year value”
– coefficient of variation of material M is VM = 0.2, (the material is e.g. glue lam), design point value is dM = 0.05
The calculation results are presented in Table 1.
Table 1
Material safety factors M calculated for the eurocode load combination = 0.7
(variable load 70 % of the total) in four ways: ND = Monte Carlo calculation of non-correlated
dependent loads, M,NI = non-correlated and independent calculation according to current hypothesis, M,CI = correlated and independent calculation, M,CD = correlated and dependent calculation

Coefficient of variation
VM
0.1
0.2
0.3

Material safety factor
ND

0.97
1.01
1.12

M,NI

M,CI

M,CD

1.002
1.024
1.127

1.078
1.092
1.188

1.04
1.07
1.17

The Monte Carlo values of Table 1 has been calculated assuming that the load case
= 0.7 has the target reliability, = 3.826. This is not precisely true in the current eurocode as Q = 1.5 corresponds to less reliability than the target. Therefore the Monte
Carlo values are inexact. We see in this Table that the material safety factors calculated
by using the Monte Carlo method dependently are almost the same, ca 1…3 % less, as
the values calculated independently i.e. the independent calculation seems to be a
feasible and safe method to combine loads in structural design.
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Correlated loads result in ca 7 % higher values than those non-correlated.
The calculation result is also presented in Figure 1 where the lines are drawn as follows:
– permanent load G at the serviceability state with 0.5 value at the design point: solid
black line
– permanent load G at the failure state i.e. G/1.35: solid thick black line
– proportion load of the permanent load G at the failure state i.e. 0.3G/1.35: dash-dot
black line
– variable load Q at the serviceability state with 0.98 value at the design point: dashed
red line
– variable load Q at the failure state i.e. Q/1.5: dashed thick red line
– proportion load of the variable load Q at the failure state i.e. 0.7Q/1.5: dash-dot red
line
– material property M at the serviceability state with 0.05 value at the design point:
dash-dot blue line
– material property M at the failure state derived by using the Monte Carlo method
calculated dependently and non-correlated i.e. 1.01M, dash-dot thick blue line
– material property M at the failure state calculated independently and non-correlated
according to the current theory i.e. 1.024M, solid blue line
– material property M at the failure state calculated dependently and correlated i.e.
1.07M, dashed blue line
– material property M at the failure state calculated independently and correlated i.e.
1.092M, dotted blue line
– combination load GQi of 0.3G/1.35 and 0.7Q/1.5 calculated non-correlated and independently according to the current hypothesis: solid brown line
– combination load GQd of 0.3G/1.35 and 0.7Q/1.5 calculated correlated and independently: dotted brown line
1

Q

0.3G/1.35

G

G/1.35

Q/1.5

0.5

0.7Q/1.5
M
1.01M
1.024M
1.07M
1.092M

GQi GQd
0

0

0.25

0.5

0.75

1

1.25

1.5

1.75

Figure 1
Demonstration of independent/dependent correlated/non-correlated load
combination 30 % permanent load 70 % variable load of the eurocode, load-material property at
the horizontal axis, cumulative frequency at the vertical axis.
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Discussion

As seen in Table 1 the Monte Carlo calculation for dependent combination and the independent calculation deviates slightly, 1…3 % with independent calculation being
safe. Therefore we may consider the independent calculation feasible to combine loads.
The eurocode includes combination rules 6.10a,b and 6.10a,mod which come from independent load combination and denote a fictitious combination factor . These combination rules are questionable and in the author’s view wrong, at least in some cases, as
they denote a second consideration of independent loads after considering them first
when defining material safety factors i.e. the combination factor
is considered twice:
= 1. This safety factor is
The Finnish eurocode has the material safety factor for steel
at least almost correct, if the combination rule 6.10 is used, but with rule 6.10a,mod, the
factor
= 1 is unsafe in comparison with the target reliability.
The correlated and independent load combination is simple and safe, and therefore we
may investigate as to if this method can be used to simplify the codes.
The eurocode is rather complicated even if it includes a rather significant reliability error i.e. the excess safety margin is ca 65 % is some load cases. This error can be mainly
attributed to two factors: material safety factors are constant i.e. not dependent on the
load proportion of the permanent and variable load and the design point value of the
variable load is constant i.e. not dependent on the coefficient of variation of the variable
load. Various options to simplify the code and improve its accuracy may be clarified as
follows:
An easy way to make the code simpler is to delete the load factors i.e. set
There are several alternative methods to achieve this.

G

=

Q

= 1.

– Firstly, we may increase characteristic variable load values in the load tables by 11 %
(1.5/1.35 = 1.11) when the material safety factor Q becomes 1.35 i.e. the same as G.
Then we may divide the design equation by 1.35 when the G = Q = 1 state is obtained. This option corresponds to changing the characteristic variable load to a 103year load from the 50-year load. This method needs no other changes to the code.
The design results are precisely the same as in the current eurocode.
– The second method is to make the material safety factors variable and dependent on
the load proportion of variable load to all loads . The current eurocode is based on
G = 1.35, Q = 1.5, M. Precisely equal calculation results are obtained if the calculation is based on G = 1, Q = 1, MM = 1.35(1 + 0.15 ) M, where MM is a modified
material safety factor corresponding to G = Q = 1.
– The third method is to set G = Q = 1 and calculate M–factors accordingly. Loads
tables and all other factors are kept intact. The overall accuracy remains unchanged
and the calculation results are approximately equal to results obtained by using the
current eurocode but the accuracy of the steel design is decreased somewhat and the
design accuracy of all other materials is increased.
If the M –factors are made variable the calculation accuracy increases by ca 20 % and
all materials have about equal design accuracy. The design work does not increase significantly as in all cases of glue lam and concrete, VQ 0.2, M –factors are constant in
all load cases. M – factors are also constant in all cases of sawn timber VQ 0.3 when
> 0.5 i.e. in all normal cases. The design work increases only in some cases when
designing steel VQ
0.1, as the M –factor depends on the load proportion when
> 0.5.
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The third option to make the code more accurate is to make the design point value dp of
the variable load variable. The coefficient of variation of the variable load VQ fluctuates
from ca 0.2 to ca 0.5 but the current eurocode is based on a constant value ca 0.4 and
dp = 0.98. If the design point value were set variable dp = 0.96…0.98, the calculation of
VQ = 0.2 loads would be much more accurate. The design work would not increase. The
only change would be to adjust the load tables for variable loads with VQ < 0.4.
These options would decrease the greatest excess safety of the current eurocode from ca
65 % to less than 15 %.
If the combination factors
were deleted it would simplify calculation considerably.
The excess reliability due to this reason would normally be less than 5 % but in an extreme case, e.g. with low permanent load and equal wind and snow load, up to ca 20 %.
Such load cases are rare and the excess reliability is tolerable. Therefore the option
= 1 is feasible. The approximation
= 1 allows us to simplify the code further and
disregard some minor load cases e.g. wind friction.
If
= 1 option is selected, the permanent and the variable load should be combined
non-correlated as this combination does not increase the design work.
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Conclusion

The current practice in combining loads is inconsistent as it does not differentiate between correlated and non-correlated loads and assumes all loads to be non-correlated.
Some loads, e.g. the permanent and live loads of multi storey buildings, are correlated
and these loads should be combined without a combination factor . Live loads are
combined currently with a combination factor i.e. wrongly according to this study, but
permanent loads are combined without a combination factor i.e. correctly.
Loads may be combined dependently or independently. Independent combination results in a bigger load and therefore this method should be used in structural design.
If the eurocode is changed to apply correlated and independent load combination i.e.
= 1 and at the same time subsequently changed, load safety factors are deleted, i.e.
G = Q = 1, material safety factors are made variable, design point values of variable
load are made variable, the overall accuracy i.e. the maximum excess reliability, would
be less than in the current eurocode with less design work.
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